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ABSTRACT: Newly developed solution techniques were used for the beam to column connections of the steel 
structures after the 1994 Northridge and 1995 Kobe earthquakes. Two significant methods, the use of reduced beam 
sections and strengthened beam to column connections, are the methods most frequently studied in recent years.   
In this study, an experimental procedure was performed to prevent the damages occurring at the beam to column 
connections of the buildings during an earthquake. For this purpose, four test specimens of beam to column 
connections were produced.  While the first specimen was a strengthened beam to column connection, the second and 
third were weakened specimens with 40% and 45% ratios, respectively. Additionally, an extra reference specimen (the 
fourth) was produced to compare the test results.  Additionally, a calculation of the analytical force and moment 
capacities of the test specimens, and the experimental and analytical results were evaluated.  The use of reduced beam 
sections and strengthened beam to column connections favorably affected the behavior of the frame system in a manner 
that the failure formation occurred not at the connection members but at the end-sections of the beams. 

Keywords: Steel frame, steel beam to column connection, seismic behavior of beam to column connections, 
weakened beam cross-section. 

 
 
1.  INTRODUCTION 
 
Unexpected failures were observed at the beam to column connections of the buildings after the 
Northridge (1994) and Hyogo-ken Nanbu, Kobe (1995) earthquakes (Hatipoglu 1).  
 
Rigorous post-earthquake investigations have revealed many factors contributing to the failure. The 
high stress concentration at the welded web and flanges and the vulnerability of the connection to 
the large ductility demand are considered to be two critical factors causing such failures 
(Pachoumis et al. 2, FEMA 350 3, Engelhardt et al. 4, Tsai et al. 5, Plumier 6).  
 
A number of improved beam-to-column connection design strategies have been proposed (FEMA 
350 3), many of which have shown to exhibit satisfactory levels of ductility in numerous tests. 
Two key concepts have been developed to provide a highly ductile response and reliable 
performance, and strengthening the connection and/or weakening the beam framing into the 
connection to avoid damages to the respective column (Pachoumis et al. 7).  
 
Reduced beam section connections have been shown to exhibit satisfactory levels of ductility in 
numerous tests and has found broad acceptance (Bruneau et al. 9; Chen et al. 10; Plumier 11; 
Zekioglu et al. 12; Engelhardt et al. 13; Jones et al. 14; Uang et al. 15; Lee et al. 16). In 
reduced beam section connections, a portion of the beam flanges at a short distance from the 
column are strategically trimmed to remote stable yielding at the reduced section, and to effectively 
protect the more vulnerable beam-to-column groove welded joints (Lee et al. 8). 
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Some design parameters are recommended by FEMA 350 3 and FEMA 351 17 regarding the 
location and reduction rate of a reduced beam section, based on the local performance of tested 
beam-to-column assemblies. In Europe, also, following the spirit of the above-mentioned 
recommendations, in Eurocode 8, Part 3, the designs of such connections are presented. The values 
for the geometrical parameters recommended in Eurocode 8 are also recommended in FEMA 350 
3, due to the lack of experimental studies on European profiles. Thus, the effectiveness of these 
recommendations is questionable. Recent experimental research (Pachoumis et al. 2) confirmed 
the need for readjustment of the geometrical characteristics for the design of a radius-cut reduced 
beam section. 
 
Although the concept of weakening the beam to strengthen the steel frame can be thought as 
meaningless, experimental studies on this subject presented a high level of performance for this type 
of beam to column connection (Hatipoglu 1). 
 
In this study, three test specimens were produced and tested under reversed-cyclic loading to prevent 
the problems experienced at the beam to column connections of the typical forehead-panel beam to 
column connection. While the first specimen had beam strengthening (N4), the other two had 40% 
(N2) and 45% (N3) circular weakening in accordance with FEMA 350 3 and Eurocode 8, 
respectively. Additionally, a reference specimen (N1) was produced and tested to compare the 
results. At the end of the tests, the obtained values were evaluated and compared with each other 
(Hatipoglu 1). 
 
 
2.  EXPERIMENTAL PROGRAM  
 
2.1  Method 
 
In this study, four beam to column connections with different connection characteristics were 
produced and tested under reversed-cyclic vertical loads applied at the beam ends. The required 
loading and displacement data were recorded during the tests using a computer-aided data 
acquisition system.   
 
2.2  The Material and Cross-section Characteristics 
 
In this study, four different test specimens produced in the laboratory were tested under 
reversed-cyclic vertical loading applied at the beam-ends. The columns (IPE400 profile) had 400 
mm height and 180 mm width, while the column flange and web had the dimensions of 13.5 mm 
and 8.6 mm, respectively. The beams (IPE270 profile) had a height of 270 mm and a width of 135 
mm, with a 10.2 mm beam flange and a 6.6 mm beam web. 
 
The coupon specimens used for the tests, which were obtained by cutting the profiles to determine 
the mechanical properties of the profiles, were subjected to an axial tensile test. The mechanical 
properties obtained as a result of the tensile tests are given in Table 1 (Hatipoglu 1). 
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Table 1. Mechanical Characteristics of IPE Profiles Used for the Tests  
 

Mechanical Characteristics  

Yield stress        (fy)   (N/mm²) 302 

Ultimate stress     (fu)   (N/mm²) 448 

Young’s modulus  (E)   (N/mm²) 203000 

 
 
2.3  The Characteristics of the Test Specimens 
 
In this study, the aforementioned four specimens having different cross-sections and beam to column 
connections were tested under reversed-cyclic vertical loading. The first specimen was the reference 
specimen (N1), whose beam cross-section was not subjected to any weakening or strengthening 
process. The beam cross-sections of the second and third specimens were weakened circularly in 
accordance with FEMA 350 [3], Eurocode 8 18, and the Turkish Earthquake Code 19, in a manner 
that the top and bottom flanges of the second specimen (N2) were subjected to 40% weakening, while 
the third (N3) had 45% reduction. Finally, the fourth specimen (N4) was strengthened using a 
stiffness panel at the beam-end (Hatipoglu 1). The properties of the test specimens and the beam to 
column connection photographs are presented in Figure 1.  
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Figure 1. Properties (in mm) of the Test Specimens and Beam to Column Connections 

 
 

2.4 Experimental Set-up 
 
Four different beam to column connection specimens, which were designed in a manner that they 
could be loaded from the beam-ends, were tested in this study. Due to the fact that the 3 m column of 
the specimen was fixed to the rigid wall securely, any rotation or shifting at the supports of the 
system was prevented.  Furthermore, the 2 m beam was connected to the mid-span of the column 
with a 63×20×3 cm flange plate using filled welding and M18 bolts. During the formation of the 
connection, maximum welding thickness was applied to prevent failure not at the welding site, but at 
the beam. Continuity plates and stiffness plates were used at the beam to column connection to 
strengthen the column panel region. Additionally, a reversed cyclic load was applied at the beam-end 
using a hydraulic jack and a pump, and recorded by the aid of a load cell. The test mechanism can be 
seen in Figure 2.  
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Figure 2. Experimental Set-up 

 
2.5   Measurement Mechanism and Loading Program Used in the Tests 
 
The measuring system of the test mechanism was built taking the test data for each beam to column 
connection from the same points of the specimens to the greatest extent possible. The displacement 
measurements were performed with the assistance of four linear variable differential transformers 
to understand the behavior of the beam to column connection by determining the displacements at 
the beam-ends and at the mid-points of the columns. Additionally, the measurement of force (F) 
applied by a hydraulic jack was recorded using a load cell (Figure 3).  

 
Figure 3. Measurement Mechanism Used in the Tests (in mm) 

 
The loading program used in the tests is given in Table 2 where the rotation () is calculated 
dividing the displacement () measured at the beam-end during the test by LVDT-1 to the beam 
span length (L=2000 mm).  
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Table 2. Loading Protocol 
 

Load step Rotation (L
(Radian) 

Number of cycles 
(nj) 

Displacement () 
(mm) 

1 0.00375 2 7.5 
2 0.00500 2 10 
3 0.00750 2 15 
4 0.01000 4 20 
5 0.01500 2 30 
6 0.02000 2 40 
7 0.03000 2 60 
8 0.04000 2 80 
9 0.05000 2 100 
10 0.06000 2 120 

 
 
3.   ANALYSIS ON THE EXPERIMENTAL RESULTS  
 
The experimental results were evaluated in consideration of the properties of the test specimens 
appropriate to the objective of this study. Therefore, the test specimens were compared to each 
other in terms of strength envelope, stiffness reduction, and energy consumption capacity 
(Hatipoglu 1).  
 
The strength envelopes of the aforementioned specimens are given in Figure 4 where force (F) 
denotes the force applied at the beam-end using a hydraulic jack and a pump, and recorded by a 
load cell, and the displacement () indicates the displacement obtained at the beam-end by LVDT-1 
shown in Figure 3. 
 

 
 

Figure 4. Strength Envelopes of the Test Specimens 
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As seen in Figure 4, the maximum average horizontal load-bearing values were determined as 
96.95 kN (N1), 85.48 kN (N2), 82.83 kN (N3), and 101.60 kN (N4) respectively. When the N1 
specimen that was not weakened or strengthened was considered as the reference, the N2 specimen 
was weakened with 40%, the N3 specimen was weakened with 45%, and the strengthened N4 
specimen carried 12% less, 15% less and 5% more load, respectively. The displacement value of 
100 mm and the drift ratio (/L) of 0.05 corresponding to the maximum loading value were reached 
for all the test specimens. After the boundary states of yielding and buckling were performed at 
these levels for the beam cross-section, the failure boundary states for the specimens were reached 
by the ruptures that occurred at the welding of the connection points. 
Stiffness degradation diagrams obtained by the tests of the aforementioned specimens are given in 
Figure 5, where the stiffness value for each cycle was calculated using the following equation in 
which the forces (F1, F2) and the displacements (1, 2) were obtained from the Force-Displacement 
diagram. 

21

21

 




FF
Rigidity                                                (1) 

 
The drift ratio was obtained by dividing the displacement () at the beam-end to the span length   
(L = 2000 m) of the beam.   
 

 
Figure 5. Stiffness Degradation Diagrams of the Test Specimens 

 
As seen in Figure 5, although the first cycle stiffness values were calculated as 2.57 kN/mm (N1), 
2.17 kN/mm (N2), 1.99 kN/mm (N3), and 2.91 kN/mm (N4), they decreased in the progressive 
cycles. The stiffness degradation occurred slightly more rapidly for the N2 and N3 specimens 
(having weakened cross-sections) in comparison to the other specimens. If the initial stiffness value 
of specimen N1 was taken as the “reference”, the specimens N2, N3, and N4 would have 16% less, 
23% less, and 13% more initial stiffness values, respectively. As observed at the end of the tests, the 
specimens of drift ratio level (/L=0.100) had stiffness values below 1 kN/mm. The final stiffness 
values for this level were obtained as 0.811, 0.630, 0.775, and 0.971 for specimens N1, N2, N3, and 
N4, respectively.  
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The energy consumption was determined by calculating the areas inside the hysteretic 
load-displacement loops for each cycle, disregarding displacements beyond which lateral strength 
reduction was reached. In Figure 6, the cumulative energy consumption values were plotted against 
the corresponding cumulative drift ratio (/L) that was calculated by successive summation of 
peak displacement ratios. 

 

 
Figure 6. Diagrams of the Energy Consumption Capacities of the Test Specimens 

 
As seen in Figure 6, the cumulative consumed energy values of the test specimens were obtained as 
32,590 kNmm, 22,194 kNmm, 41,817 kNmm, and 42,374 kNmm, when the cumulative drift ratio 
(Σ/L) was 0.484. When the reference specimen N1 was considered, the specimens N2, N3, and N4 
consumed 32% less, 28% more, and 30% more energy, respectively. The cause of less energy 
consumption for specimen N2 was due to the presence of a welding problem in this specimen 
earlier than the others (welding rupture). 
 
 
4.   ANALYTICAL STUDY 
 
The test specimens were modeled using actual dimensions and material properties. However, after 
performing the supporting process of the columns and the application of F (force) at the beam-end 
according to the test mechanism, the static analysis of the system was executed and the 
cross-sectional influences were obtained. The force-bearing and moment-carrying capacities for the 
yielding and plastic boundary states of the test specimens were determined by the aid of the 
cross-sectional characteristics, material properties, and the cross-sectional influences of the 
specimens, which were obtained from the static analysis.  
 
The moment bearing capacities can be calculated by using Eqs. 2 and 3 for yielding (elastic) and 
failure (plastic) states depending on the geometrical and strength characteristics of the beam 
cross-sections.  
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My= fy × We                              (2) 
 

Mp= fy × Wp                              (3) 
 
In these expressions; 
fy: The yielding stress (302 N/mm2) of the material with which the test specimens were produced. 
My: The maximum moment carried by the beam for yielding (elastic) state. 
Mp: The maximum moment carried by the beam for failure (plastic) state. 
We: The strength moment calculated for elastic state. 
Wp: The strength moment calculated for plastic state. 
 
Additionally, the reductions applied at the beam flange cross-sections were taken into account in 
determining the strength moments.   
 
The force-moment relationship of the beam as a result of the static analysis can be expressed as in Eq. 
4;  
 
M = F × L’i                           (4) 

 
In these expressions; 
M: the maximum moment occurred at the beam under the force F, 
F: the force acting at the beam-end 
L’i : is the beam span length, i.e. it is the distance between force and the column surface for N1 
specimens (L’1), it is the distance between force and the weakest cross-section at which reduction 
was made at the beam for N2 (L’2) and N3 specimens (L’3), and it is the distance between force and 
the end-point of the stiffness plate for N4 specimens (L’4), as given in Figure 1. 
 
Since M = Mr for boundary states, the following expression can be written using the Eqs. 2, 3 and 4. 
 
After substituting Eq. 2 into Eq. 3, load F can be determined using Eq. 4 for the boundary states. 
 

i
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i
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
                           (6) 

 
 Analytical calculations for yielding state: For the yielding state, the yielding stress and the 

elastic strength moment of the cross-section were used as stated above for the calculation of the 
yielding force Fy and the yielding moment My. 

 
 Analytical calculations for plastic state: For the plastic state, the yielding stress and the plastic 

strength moment of the cross-section were used as stated above for the calculation of the 
yielding force Fp and the yielding moment Mp. Eq. 7, given similarly both in TEC 19 and 
FEMA 350 3, was taken as the base during the plastic moment calculation. 
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Mp = 1.1 × Da × Wp × fy                           (7) 
 
The increasing coefficient, Da , in this expression varies between 1.1–1.2 depending on the material 
class and member type.  
 
The calculations were carried out for each test specimen according to the principles explained above, 
and the analytical results were presented in Table 3 together with the experimental results.    

 
Table 3. Analytical and Experimental Force-bearing Capacities of the Test Specimens 
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Exp. 
Fmax 

Exp. 
 Fmax/ 
Anal.  

Fp 

(10)/(8 

(1) (2) (3) (4) (5) (6) (7) (8) (9) (10) (11) 

N1 429 484 2000 130 64.78 193 96.47 1.49 96.95 1.00 

N2 282 330 1810 85 46.94 132 72.59 1.55 85.48 1.18 
N3 264 311 1810 80 44.00 124 68.59 1.56 82.83 1.21 

N4 429 484 1920 130 67.51 193 100.54 1.49 101.60 1.01 

 
 

5. RESULTS 
 
The following results were obtained from the experimental and analytical studies.  
 
1. As a result of the tests, the maximum shear force carried by the beam was 101.60 kN for 
specimen N4, and thus, specimen N4 carried 5% more shear force ( moment), in comparison to the 
reference specimen, N1. The specimens N2 and N3 carried 12% and 15% less shear force, 
respectively, than that of the reference specimen N1 (Table 4).  
 
2. When the initial stiffness values were considered, the maximum stiffness value was 2.57 kN/mm 
for specimen N4. Specimens N4, N2, and N3 had 13% more, 16% less, and 23% less initial 
stiffness values, respectively, in comparison to the stiffness value of specimen N1 (Table 4).  
 
3. When the consumed energy values were considered, specimen N4 had the maximum consumed 
energy of 42,374 kNmm. Specimens N4, N3, and N2 consumed 30% more, 28% more, and 32% 
less energy, respectively, when compared to that of the reference specimen N1. Specimen N2’s 
lower energy consumption was due to the welding problem N2 faced earlier than the other 
specimens (Table 4).    
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Table 4. Results Obtained from the Experimental Studies 
Experimental Results 

Specimen Fmax 

 
(kN) 

Max. 
Stiffness 
(kN/mm) 

Stiffness degradation 
(Final stiffness/Initial stiffness) 

Cumulative consumed 
energy 

(kN×mm) 
N1 96.95 2.57 0.811 / 2.57 = 0.32 32590 
N2 85.48 2.17 0.630 / 2.17 = 0.29 22194 
N3 82.83 1.99 0.775 / 1.99 = 0.39 41817 
N4 101.60 2.91 0.971 / 2.91 = 0.33 42374 

 
4. When comparing the experimental and analytical results: 
  The maximum shear force values obtained and calculated for specimens N1 and N4 were 
almost the same. Moreover, the experimental shear force values obtained for specimens N2 and N3 
(having reduced cross-sections) were 20% more than the values obtained by the analytical solution.   
 During the analytical calculations, the “Da” coefficient was taken as 1.2, and the actual 
cross-sectional characteristics were used for the reduced cross-sections. The formula proposed for 
plastic calculations presented much closer results to the exact values for the other specimens, but a 
lower amount of deviation was observed for the reduced cross-sections. Therefore, a reevaluation 
of the formula used for the analytical calculations of the reduced cross-sections can be considered.  
        
5. When the failure types of the test specimens were considered, yielding occurred at the top and 
bottom flanges of the steel beam during the further cycle stages at maximum stress levels. Buckling 
occurred at the flanges and moved through the beam body in the subsequent stages. At this time, 
the damage formation at the welding was observed. In particular, the rupturing of the flange 
weldings during the test on specimen N2 was experienced earlier than expected. This state did not 
have a significant effect on maximum shear force and moment values, but caused less stiffness and 
energy consumption than expected. 

 
 

6.   CONCLUSIONS 
 
The following conclusions were obtained in light of the experimental and analytical studies.  
 The strengthening of the beam cross-section at the beam to column connection using a stiffness 

panel increased the beam shear force and also the moment capacity.   
 The use of a stiffness panel at the beam to column connection increased the initial stiffness, and 

the reduction at the beam-cross section decreased the initial stiffness by 20%.  
 As a general expression, both strengthening the cross-section using a stiffness panel and making 

a reduction at the beam cross-section increased the consumed energy by nearly by 30%, which 
favorably affects the performance of this type of system under seismic conditions.  

 According to the results obtained by the analytical solution, the bearing shear force values of 
the test specimens for failure boundary states (plastic states) were 49-55% larger than those for 
the yielding boundary states for all the specimens.      

 
The use of reduced beam sections and strengthened beam to column connections favorably affected 
the behavior of the frame system in a manner that the failure formation occurred not at the connection 
members, but at the end-sections of the beams. Additionally, the use of a strengthened beam to 
column connection considerably increased the force and moment carrying capacities, initial stiffness, 
and energy consumption capacities of the steel frames. Therefore, the use of reduced beam sections 
and strengthened beam to column connections can be suggested for the steel frame constructions 
under the risk of earthquake forces. 



12      Investigation of the Behavior of Weakened and Strengthened Steel Column-Beam Connections under Seismic Effects 

ACKNOWLEDGEMENT 
 
This study was supported by Scientific Research Projects Office of Selcuk University in the scope of 
Project No: 10201032. The experimental data used for the study was provided from the Master of 
Science dissertation titled “Weakened and Strengthened Type Steel Column-Beam Junctions to 
Investigate the Behavior under Earthquake Loading” (Hatipoglu 1). 
 
 
REFERENCES 
 
1  Hatipoglu, E.T., “Weakened and Strengthened Type Steel Column-Beam Junctions To 

Investigate The Behavior Under Earthquake Loading”, Master of Science Dissertation, 
Selcuk University, Institute of Graduate and Applied Sciences, Konya, Turkey, 2011. 

2  Pachoumis, D.T, Galoussis, E.G., Kalfas, C.N. and Efthimiou, I.Z.,”Cyclic Performance of 
Steel Moment-resisting Connections with Reduced Beam Sections-experimental Analysis 
and Finite Element Model Simulation”, Engineering Structures, 2010, Vol. 32, pp. 
2683-2692. 

3  FEMA 350, “Recommended Seismic Design Criteria for New Steel Moment-frame 
Buildings”, Washington (DC), 2000. 

4  Engelhardt, M.D. and Husain, A.S., “Cyclic-loading Performance of Welded Flange-bolted 
Web Connections”, J. Struct. Eng., 1993, Vol. 119, No. 12, pp. 3537-3549. 

5  Tsai, K.C., Shun, W. and Popov, E., “Experimental Performance of Seismic Steel Beam to 
Column Moment Joints”, J. Struct. Eng., 1995, Vol. 121, No. 6, pp. 925-931. 

6   Plumier, A., “Behaviour of Connections”, J. Constr. Steel Res., 1994, Vol. 29, pp.95-119. 
7  Pachoumis, D.T., Galoussis, E.G., Kalfas, C.N. and Efthimiou, I.Z., “Reduced Beam 

Section Moment Connections Subjected to Cyclic Loading: Experimental Analysis and 
FEM Simulation” Engineering Structures, 2009, Vol. 31, pp.216-223. 

8  Lee, C.H. and Chung, S.W., “A Simplified Analytical Story Drift Evaluation of Steel 
Moment Frames with Radius-cut Reduced Beam Section”, Journal of Constructional Steel 
Research, 2007, Vol. 63, pp. 564–570.  

9  Bruneau, M, Uang, C.M. and Whittaker A., “Ductile Design of Steel Structures”, New 
York: McGraw-Hill; 1998. 

10  Chen, S.J., Yeh, C.H. and Chu, J.M., “Ductile Steel Beam-to-column Connections for 
Seismic Resistance”, Journal of Structural Engineering ASCE, 1996, Vol. 122, No. 11, pp. 
1292–1299. 

11  Plumier, A., “The Dogbone: Back to the Future”, Engineering Journal AISC, 1997, Vol. 34, 
No. 2, pp.61–67. 

12  Zekioglu, A., Mozaffarian, H., Chang, K.L. and Uang, C.M., “Designing after Northridge”, 
Modern Steel Construction AISC, 1997, Vol. 37, No. 3, pp. 36–42. 

13  Engelhardt, M.D., Winneberger, T., Zekany, A.J. and Potyraj, T.J., “Experimental 
Investigations of Dogbone Moment Connections”, Engineering Journal AISC, 1998, Vol. 
35, No. 4, pp. 128–139. 

14  Jones, S.L, Fry, G.T. and Engelhardt, M.D., “Experimental Evaluation of Cyclically 
Loaded Reduced Beam Section Moment Connections”, Journal of Structural Engineering 
ASCE, 2002, Vol. 128, No. 4, pp. 441–451. 

15  Uang, C.M. and Fan, C.C., “Cyclic Stability Criteria for Steel Moment Connections with 
Reduced Beam Section”, Journal of Structural Engineering ASCE, 2001, Vol. 127, No. 9, 
pp. 1021–1027. 



                                           A li Koken and E. Tuba Hatipoglu                                          13  
 

16  Lee, C.H, Jeon, S.W., Kim, J.H. and Uang, C.M., “Effects of Panel Zone Strength and 
Beam Web Connection Method on Seismic Performance of Reduced Beam Section Steel 
Moment Connections”, Journal of Structural Engineering ASCE, 2005, Vol. 131, No. 12, 
pp. 1854–1865. 

17  FEMA 351, “Recommended Seismic Evaluation and Upgrade Criteria for Existing Welded 
Steel Moment Frame Buildings”, Washington (DC), 2000. 

18  EC 8. “Part 3: Design of Structures for Earthquake Resistance, Assessment and 
Retrofitting of Buildings”, EN 1998-3, June 2005. 

19  Turkish Earthquake Code (TEC), Ankara, Turkey, 2007. 
 
 
 



                                Advanced Steel Construction Vol. 10, No. 1, pp. 14-32 (2014)                            14 

STEADY STATE RESPONSE AND STABILITY OF AN 
ELASTICALLY RESTRAINED TAPERED BEAM 

 
M.S. Abdel-Jaber1, A.A. Al-Qaisia2,*, M. Abdel-Jaber3 and R.G. Beale4 

 
1Associate Professor, Department of Civil Engineering, The University of Jordan, Amman, Jordan 

2Professor, Department of Mechanical Engineering, The University of Jordan, Amman, Jordan 
3 Associate Professor, Department of Civil Engineering, Faculty of Engineering and Technology, 

Applied Science University, Amman, Jordan 
4 Reader, Department of Mechanical Engineering and Mathematical Sciences, 

Oxford Brookes University, Oxford, United Kingdom  
*(Corresponding author: E-mail: alqaisia@ju.edu.jo) 

 
Received: 4 June 2012; Revised: 2 July 2012; Accepted: 8 October 2012 

 
ABSTRACT: An analytical method for the study of the nonlinear forced vibrations and their stabilities of an 
elastically restrained tapered cantilever beam due to a direct periodic excitation is developed. The method of 
harmonic balance is used to study the steady state frequency response of the beam system for different values of 
physical parameters such as the root translational and rotational stiffness and the beam taper ratio. Results are 
presented for the first three modes of vibration. The stability of the frequency response for some selected values of 
the physical parameters is investigated, i.e. the regions on the frequency response curves at which the solution may 
bifurcate and then culminate into chaos. The qualitative features of the solutions are studied and identified using 
phase plane, Poincare maps and Fast Fourier Transform. The results are presented, discussed and conclusions on the 
elastically restrained tapered beam nonlinear dynamics are drawn. 

Keywords: Forced vibration, tapered beam, elastically restrained, stability, period doubling, chaos 

 
 
1.  INTRODUCTION 
 
Beams with continuous changes in cross sectional area along with the beam axis, i.e. tapered 
beams, have been extensively used in many civil and mechanical engineering structures such as; 
such as offshore structure piles, oil platform supports, oil-loading terminals, tower structures, 
bridges, lighting standards, rotating tapered blades and moving/rotating arms.  Tapered beams are 
also increasingly being used in the construction industry, due to their particular specifications and 
unique ability to combine efficiency, economy and aesthetic architectural needs.  They have the 
capability to optimise weight and strength despite the cost of fabrication of tapered members. 
 
Since tapered beams can model many engineering structures that require variable stiffness along the 
beam axis “length”, designs and analyses of such structures have attracted considerable interest and 
many researchers have directed their efforts and much research have been devoted towards the 
mathematical modelling and dynamic behaviour. 
 
Studying the dynamic analysis and vibrational behaviour of tapered beams enables the pre-
determination of undesirable behaviour such as resonance, large vibration levels and unstable 
vibration behaviour. The results of which will help designers and engineers predict the dynamic 
behaviour and enable them to impose suitable vibration control strategies to achieve optimum and 
safe behaviour. 
 
Having realized the vital role of the accurate mathematical modelling of tapered beams and having 
recognized their importance in studying dynamic behaviour researchers published many studies and 
reported analysis to deal with calculating natural frequencies and modes shapes either for small or 
large amplitude vibrations.  Broad surveys and literature on these subjects can be found in [1-14].  
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In fact, most of the previous research in this direction has been oriented towards the calculation of 
linear natural frequencies and mode shapes, with different end conditions and with attached inertia 
elements at the free end of the beam. 
 
In general, tapered beams may have relatively high flexibility due to their high aspect ratio and as 
they are usually subjected to various excitation loads such as wind loads, wave loads, etc., the 
prediction of their steady state response, nonlinear forced vibrations and stability of these large 
amplitude vibrations is extremely important for design, control and analysis. 
 
The objective of the present work is to extend the analysis and the results obtained in [13, 14] by 
studying the non-linear, planar, large amplitude forced vibrations of an elastically restrained tapered 
beam for the cases of a double taper beam and a single taper “wedge shaped beam”. The 
mathematical model is derived using the Lagrange method and the resulting continuous equation is 
discretised using the assumed mode method. The inextensibility condition [14-17] is used to 
determine the axial shortening due to transverse deflection in the formulation of the kinetic energy 
of the beam and the nonlinear curvature is used in the potential energy expression. 

 
Abdel-Jaber et al. [13, 14] undertook a complete study into the non-linear natural frequencies of an 
elastically restrained tapered cantilever. Their results documented a parametric study into the 
frequency-amplitude nonlinear relation under different physical parameters and combinations. The 
tapered beam system results have shown that, for the first and second modes the behaviour is 
changed from a hardening type to a softening type when the taper ratio is increased, whilst the third 
mode is always of a softening type regardless the value of the taper ratio (a hardening behaviour 
leads to an increase in the natural frequency of the beam when the vibration amplitude increases 
and a softening behaviour to a decrease in natural frequency). For a given value of taper ratio the 
authors showed that the nonlinear natural frequency of a double tapered beam is higher than that of 
a single tapered beam. The authors also produced results for the effect of the stiffness of the 
connection between the cantilever and the ground on the nonlinear natural frequency; it was shown 
that the nonlinear natural frequency changes from a softening to a hardening behaviour depending 
upon combinations of the physical parameters of the connection stiffness and the vibration 
amplitude. 
 
As the physical properties of cantilever beam systems such as connection stiffness may change 
during operation studying the steady state response under periodic excitation is extremely 
important.  
 
In the light of the above review, the objective of this work is to extend the analyses in [13, 14] and 
to analyze the periodic steady state response of the nonlinear oscillator which describes large 
amplitude planar vibrations of an elastically restrained tapered beam, under different values of root 
translational and rotational flexibilities. Furthermore, the stability of the obtained solutions is 
investigated and discussed to determine for a selected range of system parameters the regions of 
period doubling bifurcations and chaos on frequency response curves. 
 
To the authors’ knowledge, despite its physical importance, studies dealing with forced vibrations 
and their stability of tapered beams are not commonly available. 
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2.  DERIVATION OF THE EQUATION OF MOTION 
 
For the system shown in Figure 1 a complete derivation of the equation of motion is presented in 
[14] and for the sake of brevity it will not be presented here.  
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(a) Schematic for the tapered beam                   (b) The deformed inextensible beam 

Figure 1. Beam Schematics 
 
The rotational and translational stiffnesses of the elastic restraint at the cantilever root are denoted 
by rK  and tK  respectively. The Lagrangian of the system under consideration is given by: 
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   is the normalized, self-similar (i.e. independent of the motion amplitude) assumed mode 

shape of the beam and  ˆq t  is an unknown time modulation of the assumed deflection mode 

  . A dot is used to denote a derivative with respect to the non-dimensional time. 
 
For a double tapered beam 2

1
*
1  AA  and 4

1
*
1  II  and for a single tapered wedge beam 

 1
*
1 AA  and 3

1
*
1  II . As can seen i , 4,..,1i  are functions of the system physical parameters, 

so that any variation in any physical quantity such as the root flexibility will be reflected in the 
calculated values of i . 
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To study the forced planar response of the beam system, a periodic excitation  ˆQ t  is assumed to 

act only in the y direction, the beam transverse direction. Upon the application of the 
Euler-Lagrange equation 
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where Q  is the generalized force, which can be determined from the principle of virtual work, 

 W Q y   . Assuming    0
? cosQ t F t  , the discrete beam nonlinear equation becomes 

 
     t̂cosFqqqqq2qq 05

22
2

3
43

2
1     (7) 

 
where  c5    for a concentrated load which is assumed to act at an arbitrary point c  along 

the beam span and  
1

5 d 


  for a distributed load acting from   to the end of the beam. It 

is to be noted that some of the coefficients i  in Eqs. 2-5, increase sharply and attain relatively 

large values at higher modes of the beam. Therefore, for convenience, Eq. 7 is scaled and converted 
to the dimensionless form 
 

   tcosFqqqqqqq 03
3

2
22

1                                  (8) 

 

where   t̂t
21

13
2   and 

1

2
1 

  , 
3

4
2

2


   and 

3

5
3 

   are dimensionless coefficients. 

 
For the stability analysis the damping of the beam system is assumed to be viscous, with damping 
coefficient  , which can be added to the system, also the excitation level for convenience is 
rescaled such that 003 FF  . The equation of motion takes the form: 
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1                                          (9) 

 
Eq. 9 describes the non-linear, planar, flexural free vibration of the inextensible elastically 
restrained tapered beam. In this equation, the terms 2

1 qq  and 2
1 qq   are inertial non-linearities 

due to the kinetic energy of the axial motion which arise as a result of using the inextensibility 
condition and they are of a softening type. The non-linear term 3

2q  is due to the potential energy 
stored in bending and arises as a result of using non-linear curvature and it is of a hardening static 
type.  
 
 
3.  ANALYSIS 
 
Approximate analytical solutions for the periodic steady state response, having the same period as 
the excitation, of the nonlinear oscillator described by Eq. 9 are obtained using the harmonic 
balance method (HB). To simplify the analysis a new time t T   is introduced so that Eq. 9 
becomes 
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where dots are derivatives with respect to the new time T . 
 
3.1 Steady State Solution, Harmonic Balance Method (HB) 
 
According to the Harmonic Balance method, an approximate single term solution (SHB) of Eq. 10 
should contain sine and cosine terms, but with the same harmonic. To avoid this, an unknown phase 
  can be introduced to the excitation, and Eq. 10 takes the form 
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In this way, one may introduce a fundamental harmonic response containing a single trigonometric 
term only, which takes the form 
 
  T cos A Tq       (12) 

 
where A is the steady state response amplitude. Substituting Eq. 12 into Eq. 11, neglecting any third 
harmonics which arise, and equating coefficients of first harmonics the following equations are 
obtained: 
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To eliminate the unknown phase , the steady state frequency response is obtained by squaring and 

adding Eq. 13 to Eq. 14 and solving for 2 , for a given value A. 
 
The accuracy of the solution obtained from the SHB approximation can be improved by adding 
higher harmonics in the assumed solution given in Eq. 12. In this paper one more term is added to 
this equation, whereby the two-term approximation (2THB) to the steady state solution of the Eq. 
11 with odd nonlinearities in the form 
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Substituting Eq. 15 into Eq. 12 and following the same procedure, i.e. neglecting higher-order 
harmonics, the following coupled nonlinear algebraic equations for A1, A3, B3 and the phase   are 
obtained: 
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A steady state solution of the system can be obtained by solving the nonlinear equations given in 
Eq. 12 and Eq. 13 for the SHB and by the nonlinear equations given in Eqs. 16-19 for the 2THB 
using a numerical procedure. For the sake of brevity, a detailed procedure for solving such 
nonlinear systems is not given in this paper but is presented in [15-17]. 
 
 
4.   STABILITY OF STATE SOLUTIONS 
 
The stability analysis of the approximate harmonic balance solutions given in Eq. 11 and Eq. 14 
may be carried out by introducing a small perturbation  Tv  to the assumed solution in Eq. 12 by 
substituting 
 

 TvTcosA)T(u                (20) 
 
into Eq. 10. This leads to the following non-linear variational equation 
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The stability is governed by the linearised version of Eq. 21. In addition, the excitation term on the 
right-side is deleted, because it has no influence on stability, this leads to the following Hill’s type 
equation: 
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By virtue of Floquet theory, a particular solution of the linearised variational equation, is sought in 
the form [17]: 
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   TeTv T                     (23) 
 
where   is defined as the characteristic exponent and  T  is a periodic function with periods 

T and T/2 since the dimensionless frequencies of the sine and cosine terms in Eq. 22 are 2, this 
introduce the periods T and T/2. The solution of  T  is stable (respectively, unstable) if the real 

part of   is negative (positive); and the real part of   is zero on the boundary between stable 
and stable regions. In addition, some results are presented for the case of asymmetric solution and 
their stability by substituting 
 
   TvTcosAATu 10                            (24) 

 
where oA  is a constant bias and 1A  is the amplitude. The results are of importance because they 

give good indication about the region at which the steady state solution bifurcates and causes 
period doubling and then chaotic behaviour. 
 
For a full detailed procedure regarding the stability analysis either using single term as the one 
assumed in Eq. 20, two terms or biased solution as in Eq. 24, the readers are invited to consult 
reference [17]. 
 
 

5.  RESULTS AND DISCUSSION  
 
The steady state frequency response of the non-linear, single mode, temporal equation of motion Eq. 
9 of the elastically restrained tapered beam as shown in Figure 1, was calculated analytically using 
the harmonic balance method and with an excitation level oF ,  for different values of the physical 

system parameters rK , tK ,  ,   where rK  is the  rotational stiffness and  tK  is the 

translational stiffness  of the elastic restraint at the cantilever root;   is the taper ratio defined by 

1

2

b
b  and   is the damping coefficient. Here and for the sake of convenience the beam root 

stiffnesses are introduced in terms of their flexibilities, lKEIC r1r   and 3
t1t lKEIC  . For 

example, for a clamped end 0CC tr  . 

 
To calculate the parameters 1  and 2  given in the nonlinear Eq. 9, for selected values of the 

physical parameters, the integrals in Eqs. 2-5 defining the coefficients i  were evaluated 

numerically. 
 
The results show that for a given value of   the nonlinear natural frequency of a double tapered 
beam is higher than that of a single tapered beam. In addition, the effect of the beam’s root 
flexibility, was shown in [14] to have a significant role in the behaviour and dynamics of the beam, 
i.e. the behaviour was changed form a softening to a hardening behaviour depending on 
combinations of the physical parameters of the beam’s root flexibilities rC and tC . 

 
The nonlinear frequency response of the beam due to excitation are dominated by the two 
competing non-linearities - softening “  22

1 qqqq   ” and hardening “ 3
2q ” nonlinearities, and the 

behaviour of the elastically restrained tapered beam considered in this paper is either hardening or 
softening depending on the ratio 21  [9], which are calculated from values of i  given in Eqs. 

2-5. 
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In Table 1, some numerical values for the ratio    21 /   are presented for different values of rC  

and tC  and for the first three modes of vibration. 

 
Table 1. Sample numerical values for the ratio    21 /   

for different values of rC  and tC  of the first three modes 

 
   Rotational Flexibility rC   
   0Cr   1Cr   5Cr   10Cr   

0Ct   0.36 8 56 611.1 

5.0Ct   2.36 8.70 33.4 299.2 

1Ct   2.45 11.09 30.11 176.74 

 
 

First 
Mode 

Translational 
Rotational 
Flexibility 

tC  
5Ct   2.57 30.87 46.6 93.47 

0Ct   1.35 1.476 1 2.468 

5.0Ct   0.61 8.7 9.44 9.54 

1Ct   0.51 4.9 16.46 24.225 

 
Second 
Mode 

Translational 
Rotational 
Flexibility 

tC  
5Ct   0.44 5.11 34.0 209.9 

0Ct   2.95 2.48 2.4697 2.468 

5.0Ct   1.63 1.80 1.40 1.28 

1Ct   1.63 1.78 1.35 1.22 

 
Third 
Mode 

Translational 
Rotational 
Flexibility 

tC  
5Ct   1.63 1.76 1.32 1.19 

 
 
As an example and to shed more light on the nonlinear dynamics of a tapered beam, results for 
forced vibration are obtained and presented in Figure 2 for selected values of the physical 
parameters rC , tC ,   and  . In Figure 2(a), results of the steady state frequency response are 

obtained for the first mode of vibration for 0tC  , 0.1  , 0.1   and for the indicated values 

of rC . These results show that the frequency response of the first mode is bent towards the right, 

i.e. the frequency exhibits a hardening behaviour, when the value of 0rC  , and the frequency 

exhibits a softening behaviour “ bend to the left” for other values of rC . This is due to the fact that 

when 1 2/     1.6    the behaviour is of hardening type and when 1 2/     1.6    is of a 

softening type [16, 18]. For the second mode, the behaviour is of hardening type for all values of 

rC  except the case 10rC  (see Figure 2(b)). In Figure 2(c) the behaviour of the third mode is of 

softening type, for all values of rC  and tC . Note that in this case the curves for 

1, 5 and 10r r rC C C    have coalesced onto the same curve.  
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(c) Third mode 

Figure 2.  Steady State Frequency Responses for 0.1, 0 and 0,1,5,10t rC C     

( 0rC           , 1rC         , 5rC          and 10rC          ) 

 
The stability analysis of the nonlinear oscillator described in Eq. 9 was verified near the principal 
resonance zone for selected values of system parameters 0F , 1 , 1  and  , using computer 

simulation and with the aid of Time histories, Phase Plane, Poincare Map and Fast Fourier 
Transforms (FFT). 
 
Results for a softening type oscillators, i.e. 6.121  , are presented in Figure 3 with the 

parameters 0F , rC , tC ,   and  chosen to be 5, 0.5, 10, 0.1 and 0.1 respectively of the second 

mode of vibration of the elastically restrained tapered beam. 
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Figure 3. Steady State Frequency Response (SSFR), First Order Stability (1st Stab.),  

Second order Stability (2nd Stab.), Biased Solution and Its Stability.  
     0 5F  , 5.0Ct  , 10Cr   and 1.0   for the second mode: 

( SSFR          , 1st Stab.         , 2nd Stab.        , Ao            , A1 
and ○○○○○○○○ unstable Ao and A1) 

 
In Figure 3, using the HB method, the steady state response first and second order unstable regions 
are obtained using a single term only, in addition to the biased solution and its stability given in Eq. 
24. It is known that the first order unstable region intersects the steady state response curve at the 
vertical tangency point. In the same figure the biased solution and its stability are also shown. The 
dynamics behaviour was verified numerically and steady state numerical solutions were obtained in 
the resonance area. The steady state response curve enters the second unstable region at 4.1 , 
and the biased solution is unstable at 06.178.0  , at which there is a possibility of period 
doubling bifurcation PDB, i.e. the PDB can occur also for 40.1  in addition to range predicted 
by the stability analysis of the biased solution. Numerical simulations have shown that, by 
increasing the frequency, the PDB is first observed at 99.0  followed by T3  and T9  
attractors at 04.1  and 055.1  respectively, and they develop into chaos at 11.1 . The 
first chaotic zone observed is in the range 29.111.1   and then ends by a T3  attractor. The 

T3  attractor disappears and chaos returns in the range 15.209.2  , followed by period 
doubling at 3.2   and higher period doubling, i.e. T4  at .35.2  These period doublings 
do not develop into chaos. Further investigations showed that a PDB was observed in the range 

05.395.2   and the periodicity returns to the system for 1.3 . In Figures 4-9 the time 
histories, phase planes, Poincare maps and FFT are shown for different values of   and for the 
parameters ( o 5, 0.5, 10, 0.1, 0.1t rF C C       ).  
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        (c) Poincare map                     (d) Fast Fourier Transform 
 

Figure 4. Time history, Phase Plane, Poincare map and Fast Fourier Transform (FFT).  
     0 5F  , 5.0Ct  , 10Cr  , 1.0    and 1.3  periodic (1T) for the second mode 
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Figure 5. Time history, Phase Plane, Poincare map and Fast Fourier Transform (FFT).  
     0 5F  , 5.0Ct  , 10Cr  , 1.0    and 1.0   periodic doubling (2T) for the second mode 
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Figure 6. Time history, Phase Plane, Poincare map and Fast Fourier Transform (FFT).  
     0 5F  , 5.0Ct  , 10Cr  , 1.0    and 9.1  higher period doubling (4T)  for the 

second mode 
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Figure 7. Time history, Phase Plane, Poincare map and Fast Fourier Transform (FFT).  

     0 5F  , 5.0Ct  , 10Cr  , 1.0    and 08.1  (3T attractor) for the second mode 
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Figure 8. Time history, Phase Plane, Poincare map and Fast Fourier Transform (FFT).  
     0 5F  , 5.0Ct  , 10Cr  , 1.0    and 1.1  (6T attractor) for the second mode 
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Figure 9. Time history, Phase Plane, Poincare map and Fast Fourier Transform (FFT).  

     0 5F  , 5.0Ct  , 10Cr  , 1.0    and 29.1  (Chaotic behaviour) for the second mode  

 
Results presented in Figure 3 and with the aid of computer simulations (Figures 4-9) show that, as 
one may expect, the resonance curves of the asymmetric solution intersect those of the symmetric 
solution near the region of chaotic motion, which lies in the zone where the principal resonance 
curves of the symmetric solution may enter the second unstable region. Results for a hardening type 
oscillator, i.e. 1 2 < 1.6  , are presented in Figure 10 with the parameters 0 35F  , 5rC  , 

1tC  , 0.1   and 0.1  , for the third mode of vibration of the tapered beam under 

consideration. In this figure, the steady state response, first order and second unstable boundaries, 
biased solution and stability of the biased solution ”Asymmetric” are also presented for the 
nonlinear oscillator with hardening characteristics. The first order unstable region intersects the 
response curve at the point of vertical tangency and the second unstable region has two boundaries; 
the first one is located at the super-harmonic resonance zone at 635.06.0   and the second 
intersects with the response curves at 42.2 . From the figure, the asymmetric solution 
intersects with symmetric one at 60.1 , i.e. before the steady state response enters the second 
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boundary of the second unstable region. In addition the biased solution is unstable at 
19.291.1  , at which there is a possibility of period doubling bifurcation (PDB). Results 

obtained, but not shown for the sake of brevity, indicated that the PDB and chaos may occur inside 
the regions 635.06.0  , 42.2  and 19.291.1  , at which the PDB may develop into 
higher period doublings and then culminates into chaos.  
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Figure 10. Steady State Frequency Response (SSFR), First Order Stability (1st Stab.), Second order 
Stability (2nd Stab.), Biased Solution and Its Stability.  3    0 5F  , 1Ct  , 5Cr   and 02.0   

for the third mode: Steady State Frequency Response (SSFR), First Order Stability (1st Stab.), 
Second order Stability (2nd Stab.), 

( SSFR         ,  1st Stab.         , 2nd Stab.        , Ao            , A1 
and ○○○○○○○○ unstable Ao and A1) 

 
 
6.  CONCLUSIONS 
 
The present work has studied the steady state frequency response of an elastically restrained 
cantilever tapered beam. The nonlinear uni-modal equation of motion was taken from [14]. The 
steady state responses under a sinusoidal excitation were obtained for different values of physical 
parameter; rotational flexibility rC , translational flexibility tC , taper ratio  , damping   and 

excitation level 0F . The steady state frequency response curves are presented for the first three 

modes of vibration using the method of harmonic balance. 
 
It was shown that the variation of rC  and tC  is associated with a qualitative change in the 

dynamics behaviour of the steady state response. 
 
It has been shown that the frequency response curves of the asymmetric solution intersect those of 
the symmetric solution before the symmetric solutions penetrate into the second unstable region, 
regardless the characteristic type of the nonlinear equation of motion, i.e. softening or hardening. In 
addition, it has been shown that at the point of intersection between asymmetric and symmetric 
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solutions, i.e. when 0A  in the biased solution has non-zero real value, the symmetric solution 

bifurcates into an asymmetric one and the PDB appears in this area and in some cases the PDB 
developed into chaos. 
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ABSTRACT: The resistance of bolted lap shear connections in bearing is traditionally evaluated by considering an 
equal distribution of internal forces amongst the bolts. In fact, such an assumption may only be seen as the result of a 
plastic redistribution of the internal forces, what requires shear ductility in the vicinity of the bolts. In the present 
paper, ductility requirements are proposed that ensure that, in the presence of real geometric imperfections, plastic 
resistance can be attained. 

Keywords: Shear bolted connections, equivalent bolt zone component, available deformation capacity, required 
deformation capacity, ductility criteria 

 
 

1.  INTRODUCTION 
 
A connection can be classified as a Shear Bolted Connection when the forces transferred between 
the elements induce predominantly shear in the bolts. Two types of shear connections, also called 
lap connections, may be found: single and double overlap connections. The difference consists in 
the number of shear planes that cross the bolt shanks (Figure1). In the case of single lap 
connections, the eccentricity of the loading generates secondary bending actions in the bolts and as 
result tension load is also applied to the bolts. Consequently, the shear resistance of the bolt may be 
affected. According to 0, the loss of shear capacity is up to 10%, being higher for longer bolts. 

F
F

F

F

2F

 
Figure 1. Single and Double Overlap Connections 

 

In shear bolted connections, two different elements may be distinguished: connectors (bolts) and 
connected elements (plates). The term plate is used to refer to column flanges, beam flanges, beam 
webs, splice plates, etc. 
 
The behaviour of shear bolted connections in bearing is known [2] to be divided in three stages: i) 
initially, load is transferred without deformation until the small friction developed by the hand 
tightened bolts is overcome; ii) subsequently, because of the hole clearance, free slip occurs until 
the bolts are in contact with the connected parts; iii) finally, bolt and plate are in contact, the load 
and deformation increase up to failure. The level of deformation depends on the type of failure 
governing the connection behaviour. Neglecting the small friction developed between the plates 
and the negligible bending of the bolt, four different resistance and deformation modes should be 
considered: 
 Bearing of the plate and/or bolt; 
 Shear in the plates; 
 Tension in the plates; 
 Shear in the bolt shanks. 
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From these, the behaviour of a shear bolted connection can be defined by the response of two 
different parts: bolt zone, where bearing and shear forces develop; and the plate between holes 
where direct forces develop in the plate. The work presented in this article focuses on the bolt zone; 
so the failure of the connection by excess of tension in the connected plates is here not considered. 
 
The performance of a bolted connection is complicated and both the stress distribution in the 
connection and the forces in the bolts depend on the stiffness of the bolts, and the connecting steel 
elements. Consequently, an exact theoretical analysis is not possible. The design of shear bolted 
connections in bearing can then performed by means of reliable empirical formulae available in 
classical books [2]-[5], design guides[6]-[7] or in design codes [8]-[10], The present work is carried 
out within the scope of European Standards; therefore, [8] is used as a basis. In section 2 of this 
paper, the design approach prescribed by this Standard is further discussed. 
 
In bolted lap shear connections in bearing, the load to be transferred between the plates is 
distributed non-uniformly amongst the bolt-rows (Figure 2a), Owens [2]. If sufficient deformation 
is provided around each connector, a full plastic redistribution of forces may be noticed, otherwise 
failure is reached by lack of ductility and the maximum external force to be transferred is lower 
than the one corresponding to a full plastic distribution. Schematically, the different stages of forces 
distribution in a shear bolted connection may be represented as in Figure 2. 

 
a) None of the bolt rows yield; 

 
 

b) Outer bolt rows yield (elastic resistance of the connection); 

 
c) Progressive yielding of bolt rows from outside to inside 
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d) All bolt rows yield (full plastic resistance of the connection) 
 

Figure 2. Different Stages of Force Distribution in Shear Bolted Connections 
 
In [11], Ju et al. showed that in the nonlinear range the maximum load achieved by the connection 
is almost linearly proportional to the number of bolts in the connection. In part 1-8 of Eurocode 3 
[8], a full plastic distribution of forces can be assumed as long as the connection length is limited. A 
similar prescription is given in the AISC design manual [9]. However, for long steelwork joints of 
normal proportions this behaviour will be insufficient to produce an equal load distribution. The 
end-bolts will reach their deformation limit and fail before the remaining ones have been fully 
loaded. This will result in progressive failure at an average shear value per bolt below the 
single-bolt shear resistance. Tests have shown that the influence of the length of the joint, rather 
than with the number of bolts, is a dominant parameter [7]. Accordingly, the codes 
[8]-[10]prescribe a reduction factor for high connection lengths. 
 
Pietrapetrosa el al.[12] approached the subject by only considering fitted bolts. Their study showed 
that, inside the limits given by the code and by practical guidance, sufficient ductility to achieve a 
full plastic distribution of internal forces is available. However, the common practice is the use of 
non fitted bolts and the presence of geometrical imperfections (bolt /holes misalignment)is also a 
reality. Consequently, the lack-of-fit will increase the demands of ductility as some bolts bear 
before the others, as verified by Wald et al.[13]. They showed that for certain values of gap in some 
bolt rows, failure was first attained in the extreme bolts and therefore a full plastic resistance was 
not reached. According to [2] and [7], the reduction of shear resistance is up to 50% of that if equal 
distribution of load was observed. 
 
Based on the principles of the component method, it is the objective of the present paper to derive 
general formulae to determine the deformation capacity required in the bolt zone components in 
order to reach, in actual shear bolted connections, full plastic resistance. To this end, the maximum 
geometrical imperfections were evaluated according to the hole clearances and fabrication 
tolerances. Then, the component based mechanical model proposed in [12] for shear bolted 
connections is used. Furthermore, the behavioural characterization of the activated components is 
obtained by means of numerical, experimental and analytical data. Finally, the required and 
available deformation capacities on the bolt zone are derived and ductility requirements are 
proposed. 
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2.   EUROCODE 3 DESIGN PROCEDURE FOR BOLTED CONNECTIONS  
IN SHEAR 

 
Part 1.8 of Eurocode 3 [8] is dedicated to the design of joints in steel structures. It prescribes the 
component approach for the evaluation of the mechanical properties of the joints, Jaspart [14] and 
Weynand et al, [15]. However, the analysis of shear bolted connections is not specifically treated, 
although the code gives recommendations for the evaluation of the stiffness and resistance 
properties of several individual components. According to the principles of the component method, 
it is up to the designer to identify the relevant components and to assemble them according to a 
representative mechanical model in order to be able to predict the response of the whole 
connection. 
 
According to the classification system for joints in Eurocode 3 part 1.8 [8], the connections 
considered here belong to category A: Shear Bolted Connections – Bearing Type. These ones resist 
by transferring forces through plate/bolt contact and bolt shearing. Non preloaded bolts are used 
and the small friction resistance between the contact surfaces is neglected. Considering the 
resistance and deformation modes listed in the introduction and that are relevant for shear bolted 
connections, among the list of individual components presented in Table 6.1 of part 1.8 of 
Eurocode 3 [8], the following should be considered: bolt in shear (Component 11), plate/bolt in 
bearing (Component 12) and plate in tension (Component 9). Furthermore it is then assumed that 
the failure mode of a bolt zone (i.e. a zone where a shear force is locally transferred from one plate 
to another) is associated to that of the weakest component. Through this procedure, the resistance 
and stiffness properties of the bolt zone may so be evaluated. It is noted, however, that part 1.8 of 
Eurocode 3 gives no information on the deformation capacity of these components. Table 1 
summarises the characterization of the relevant components. 
 
The evaluation of the response of a shear bolted connection (Figure 3a) by assembly of the relevant 
components is accurately obtained using the mechanical model of Figure 3b, Pietrapetrosa el al. [12] 
and Gresnigt et al. [16]. In this simple rational model, with higher practical interest than any 
sophisticated FE model, each individual component is modelled through extensional springs. In the 
bolt zone, one observes that three springs act in series: the bolt in shear (Sb); and twice the 
plate/bolt in bearing (Spi). Assembling these three springs into an equivalent spring Seq (describing 
the bolt zone response) leads to the simplified model of Figure 3c where the components at the bolt 
zone are represented by a so-called equivalent bolt zone component (Table 1). It should be noted 
that this model neglects the secondary bending actions that may develop in the case of single lap 
joints. Though, these bending actions have decreasing effect with the increasing of the length of the 
joint [17]. Furthermore, often the connected members are prevented from significant bending 
because of the presence of webs and therefore, the tensile component on the bolt is of minor 
importance. Nevertheless, the bending action can be indirectly introduced by affecting the 
components response. For the previous reasons, this is not the case in the present work and the 
secondary bending actions are disregarded,  
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Table 1. Eurocode 3 Expressions to Evaluate the  
Characteristic Resistance (Rc) and the Stiffness (Sc) of the Basic Components 

 Sc Rc 
Plate in 
tension 

(Component 
9) 

 
 
 
 

Spl = EA/pb 
Rpl=min(A fy; 0,9 

Anetfu) 

Bolt in 
shear 

(Component 
11) 

 
 
 
 
 

Sb = 8 d² fub/dM16 Rb = vfubAb 

Plate in 
bearing 

(Component 
12) 

 
 
 
 

Sp = 12 kb kt d fu Rp = k1bfu d t  

Equivalent 
component 

 
 
 
 

Seq =  
(Sb

-1 + Sp1
-1 + Sp2

-1)-1 
Req = min(Rb, Rp1, 

Rp2) 

E Young Modulus 
A gross area of the plate 
Anet net area of the plate 
pb pitch distance ( to load transfer) 
eb end distance ( to load transfer) 
fy yield strength of the plate 
fu ultimate strength of the plate 
t  thickness of the plate 
Ab shear area of the bolt (nominal or 
 stress area) 
fub ultimate strength of the bolt 
 

d    diameter of the bolt 
d0    diameter of the bolt hole 
dM16 nominal diameter of a M16 bolt 
e2    edge distance ( to load transfer) 
p2 pitch distance ( to load transfer) 
kb = min(kb1;kb2) 
kb1 = 0,25 eb/d + 0,5  but kb1  1,25 
kb2     = 0,25 pb/d + 0,375     but 
kb2 1,25 
kt     =1,5 t / dM16 

but kt< 2,5 
v    = 0,5 or 0,6 
b    = min(eb/3d0; pb/3d0 – 0,25 ; 
fub/fu; 1,0) 
k1    = min(2,8 e2/d0 – 1,7; 1,4 p2/d0 – 
1,7; 2,5) 

 
 

 
a) Shear connection with three bolts 

 

 
b) Actual mechanical model 
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c) Simplified mechanical model 

 
Figure 3. Mechanical Models 

 
For shear connections with more than one bolt zone “in length”, two recommendations given by the 
code are relevant. The first is related to the resistance of connections with a limited number of bolt 
zones along the length (EN1993-1-8: 3.7 [8]): 
 

 
, , , , , ,

, , , , , ,min min( ; )

v Rd i b Rd i Rd b Rd i

Rd Rd i Rd i v Rd i b Rd i

if F F i F F

if not F n F with F F F

    



 

                  (1) 

 
where: 
- FRd is the resistance of the whole connection; 
- n is the number of bolt zones “in length; 
- i  indicates the bolt zone number; 
- Fb,Rd,i  and Fv,Rd,i are, respectively, the bearing and the shear resistances of bolt zone i. 

 
The second rule is related to long joints where the shear resistance should be reduced if the 
connection length (Lj) exceeds 15d. In this case, the following reduction factor (βj) should be 
applied to the shear resistance (Fv,Rd) of the bolts (EN1993-1-8: 3.8 [8]): 
 

0.175.0
200

15
1 


 LF

j
Lf but

d

dL
                                            (2) 

 
Similar limitations to the shear resistance of the bolted connection are given in [9] and [10].  
 
 
3.   EVALUATION OF THE GEOMETRICAL IMPERFECTIONS/LACK OF FIT 
 
As in every construction type, imperfections related to fabrication have to be considered in steel 
structures. As far as the response of shear connections is concerned, the discrepancy between the 
nominal and the actual values of bolt diameters, hole diameters and positions (pitches and end 
distances) may affect the behaviour of the connections as the geometrical imperfections will lead to 
a non simultaneous transfer of forces between the bolts, as it would be the case for “perfect” 
connections (for instance, connections with fitted bolts). 
 
Values of tolerances are given in the European Standard for the Execution of Steel Structures and 
Aluminium Structures, EN 1090-2 [18], in ISO/DIS 4759-1 [18] and in ISO286-2 [20]. Based on 
these values, the lack of fit in bolted connections may be quantified. However, due to the multiple 
parameters involved, this task is complex. In order to simplify, and have in consideration the 
evaluation of the maximum required deformation in a bolt zone, some assumptions are established 
in order to get the “worst situation” (i.e. the one for which the highest demand in terms of ductility 
is required from a bolt zone): 
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 Possibility to have different values of actual hole diameters in every plate; 
 Possibility to have different hole deviations in every plate, and consequently different 

values of pitch and end distances in every plate; 
 The bolt initially in contact with the plates is one of the outer bolts (henceforth this bolt will 

be designated as FBW [First Bolt Working], while the notation RB [Rest of the Bolts] will 
be used for all the others), this allows to maximise the requested deformation capacity for 
the FWB bolts; 

 The “worst situation” results from the combination of all these possibilities. Even if this is 
not the more realistic pattern, it could anyway happen; and for sure it is the one leading to 
the highest request in terms of ductility. 

 
Using the values for tolerances from the standards (EN1090-2: 6.6 and D.2.8 [18]) and the previous 
assumptions, several connection layouts may be drawn to identify the “worst case”, as illustrated in 
Figure 4. A detailed description on how these values were obtained is given in [21]. 
 

 
Figure 4. Connection Layout Considering the Presence of Geometrical Imperfections 

 
Analysing several situations, as different bolt diameters, one obtains the gaps to be considered in a 
bolted connection that respect the previous assumptions. Table 2 presents maximum gaps that may 
be observed in a connection layout according to the bolt diameter used. The main factors which 
distinguish the different values obtained are the hole clearance and the tolerances allowed by 
standards, for different bolt diameters. 
 

Table 2. Gaps in Bolted Connections 

2, 3 or more bolts 
Bolts 

FBW gap RB gap Max. Gap 

M12-M14 0.00 3.08 3.08 

M16 0.00 4.54 4.54 

M18-M24 0.00 4.66 4.66 

M27 1.00 5.66 4.66 

over 1.00 5.78 4.78 

 
 

RB RB FB

F 

F 
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4.   RESPONSE OF THE INDIVIDUAL COMPONENTS 
 
As mentioned before, two different individual components interact in the bolt zone: the bolt in 
shear and the plate/bolt in bearing. In order to analyse shear bolted connections, the behaviour of 
these components has first to be predicted. Hereafter, code recommendations and results of former 
investigations are used to achieve it. 
 
4.1  Bolt in Shear 
 
In Moscow, Karmalin et al.[22] have performed numerous experimental tests on bolts in shear. 
Resistance, stiffness and deformation capacity of bolts subjected to shear have been measured for 
M16, M20 and M24 with grades 5.8, 8.8 and also for bolts with a minimum tensile strength equal 
to 1100MPa (high strength). The tested specimens consisted of single bolted connections with 
two-shear planes, see Figure 5.Table 3 presents the test results. 

 
Figure 5. Test Set-up of Moscow Experiments 

 
Table 3. Moscow Test Results 

Ru,b [kN] δu,b [mm] 
Bolts Grade 

M16 M20 M24 M16 M20 M24 

5.8 63 – 72 97 – 110 137 – 150 2.9 – 3.4 3.4 – 3.8 4.1 – 4.4

8.8 81 – 93 124 - 141 175 – 193 2.2 – 2.5 2.6 – 3.0 3.1 – 3.5

High-strength 126 – 150 195 - 220 275 - 308 1.6 – 2.0 1.8 – 2.2 2.1 – 2.7

 
Based on the EC3 part 1.8 [8] expressions (see Table 1) and on these experimental results, 
expressions to determine the ultimate deformation capacity, ultimate resistance and 
strain-hardening stiffness of bolts in shear have been derived. With the aim to refer explicitly to 
Eurocode 3, the here-above listed parameters are expressed as a function of the initial stiffness (Sb) 
and of the nominal resistance (Rb)(see Table 1). Table 4 presents these expressions. A detailed 
derivation being found in Henriques thesis [21]. 
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Table 4. Ultimate Resistance, Ultimate Deformation Capacity and Strain-hardening Stiffness 
for the “Bolt in Shear” Component 

δu,b 
Bolts Grade 

M16 M20 M24 
Sst,b Ru,b 

5.8 
4.7 

Rb/Sb 
5.5 Rb/Sb 6.7 Rb/Sb Sb/2.5 1.58 Rb 

8.8 
3.0 

Rb/Sb 
3.5 Rb/Sb 4.2 Rb/Sb Sb/7.0 1.05 Rb 

High-strength 
2.6 

Rb/Sb 
2.9 Rb/Sb 3.4 Rb/Sb Sb/1.5 1.44 Rb 

 
4.2  Plate/Bolt in Bearing 
 
Bearing problems are complex as they deal with contact between two bodies. The development of a 
numerical model for the simulation of bearing phenomena was carried out using the Lagamine 
code[23], a software developed at the ArGEnCo Department of the University of Liège. Available 
tests made in other universities were used to calibrate the numerical model: tests on shear bolted 
connections at the University of Ljubljana [24] and at the Technical University of Delft [25].  
 
The idealized numerical model consisted in a plate with a hole fixed in one edge (width edge) and 
free in all the others. In the hole was placed a rigid element which simulated the bolt. This element 
is “pulled” against the plate in the opposite direction of the supports. Figure 6 illustrates the 
idealized model. 

 
Figure 6. Idealized Model for Bearing 

 
The plate was modelled using 3D volume elements (BLW3D) available in LAGAMINE. This 
element is defined by 8 nodes and 1 Gauss integration point. The bolt was modelled as a rigid body 
(FOUNDATION). As in the experiments, double overlap connections have been tested, only part of 
the external plates has been modelled. The confinement effect provided by these plates has been 
simulated, but only in the region where its influence is relevant, see Figure 7. For these plates the 
same type of 3D volume elements has been used. Finally, to model the contact, plane elements 
(CIF3D) able to simulate three-dimensional mechanical contact problems were used. This element 
is composed by 4 nodes and 4 Gauss integration points. Two contact zones have been defined: bolt 
– plates contact; main plate – external plate contact. 
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Figure 7. Model with Cover late 

 
One of the main objectives was to be able to model bearing failure; this goal was not completely 
achieved. As one can see, as an example, in Figure 8, for one of the tested specimens, the numerical 
model can rather well approximate the whole connection behaviour, but no reliable failure criterion, 
indicating when the simulation should be stopped, has been finally identified. Further related 
investigations are therefore still needed. 
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Figure 8. Simulation of A2020 Specimen [25] and Comparison with Tests 

 
As a consequence, the characterization of the plate/bolt in bearing behaviour is based hereafter on 
the existing knowledge: the elastic stiffness and the nominal resistance are determined using code 
recommendations(see Table 1), while, for the other parameters (strain-hardening stiffness, ultimate 
resistance and ultimate deformation), expressions from previous works ([14], [12] and [21]) are 
used. 
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4.3  Plate in Tension 
 
Although present research work focuses on the bolt zone and on its capability to redistribute forces, 
the deformability of a plate in tension has an important influence on the distribution of forces 
amongst the bolts. The stiffness of the plate in tension has therefore also to be predicted; an 
expression is provided in Table 1. 
 
 
5.   ASSEMBLY OF THE BASIC COMPONENTS 
 
In this section, the individual basic components are assembled with the objective to derive the 
available ductility of the equivalent bolt zone components and the ductility required to allow a full 
redistribution of internal forces in shear bolted connections. 
 
5.1  Available Deformation Capacity of the Equivalent Bolt Zone Component 
 
The deformation available in the equivalent bolt zone component is obtained through the 
“association” of the two basic components: the bolt in shear and the plate/bolt in bearing. Each 
basic component is characterized and the deformation capacity evaluated according to the previous 
sections. Subsequently assembly is done according to their resistance and deformability. The 
complete behaviour of the equivalent bolt zone component is then obtained.  
 
The derivation of formulae to determine the available deformation capacity of the equivalent 
component depends on several factors such as: single or double overlap connections, plates with 
equal or different responses (different thickness, different steel properties), and the relation between 
the resistances of the individual components. So, many cases may be obtained. Figure 9 
exemplifies one of these cases and Table 5 presents a list of expressions for several common cases. 
A comprehensive list of cases can be found in Henriques [21]. 
 

 
 

Figure 9. Assembly of the Individual Component Responses 
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Table 5. Derived Expressions to Determine the Available Deformation Capacity 

Plates with equal mechanical and geometrical properties 

Single Overlap Connections Double Overlap Connections 
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5.2  Required Deformation Capacity in Actual Shear Bolted Connections 
 
The required deformation capacity is the deformation which should be reached in the most loaded 
bolt zone in order to get a full plastic redistribution of forces in the connection. In the work done by 
Pietrapertosa el al.[12] expressions to determine the required deformation of the equivalent bolt 
zone component for fitted bolts have been proposed. Based on that study, similar expressions for 
actual connections, taking into account the presence of geometrical imperfections, are here 
proposed. The derived expressions should consider the most demanding situation that has been 
assumed before; i.e. the case where one of the extreme bolts is in contact while the others are not. 
Several cases have been analysed and it has been concluded that the most demanding case is 
obtained when the middle bolt zone (or middle bolt zones in the case of even number of bolt rows) 
is (are) the last one(s) to reach its (their) maximum resistance. Figure 10 shows the deformed shape 
and the distribution of internal forces for a connection with 5 bolt rows. 
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Figure 10. Connection with 5 Bolt Rows 

 
Expressing the compatibility of displacements, the following equations are found: 
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Solving the system of equations, the plastic deformation in bolt zone 1, 2, 3 and 4 is determined: 
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Finally, the required deformation for the equivalent bolt zone component is obtained: 

p

eq
gap

eq

eq
req EA

R

S

R 4
 

                                        (8) 
 
This analysis has been extended to other cases (different number of bolt rows) and the following 
general expression has been obtained: 
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At the same time, a numerical model, based on the use of the Liège home-made nonlinear FEM 
software FINELG[26], allowed validating all the analytical results. The numerical model is based 
on the simplified model presented in Figure 3c. This simple model avoids the contact problems, 
which are always difficult to manage; the numerical model is then defined by modelling the plate in 
tension behaviour through the use of beam elements and the bolt zone by means of springs. Using 
the numerical model, analytical expressions and numerical results are compared: in Figure 11, the 
required deformation capacity to the bolt zone component calculated through expression (8) and the 
numerical model, for a connection with 5 bolt rows; in Figure 12, the plastic deformation achieved 
by each bolt zone when the last one reaches Req by means of expressions (7), again for a case with 
5 bolt rows. 
 
The different cases analysed correspond to the different values of defined gap. The values 
considered for the gap varies proportionally to the conventional limit of elastic deformation of the 
equivalent bolt zone component and are the following: δgap = δel (case 1); δgap = 1.1*δel (case 2); 
δgap = 1.2*δel (case 3); δgap = 1.3*δel (case 4). In Figure 12, only case 1 is represented as the results 
for the other cases are the same. 

 
Figure 11. Comparison of Required Deformation between Numerical Model and Formulae 

 

 
Figure 12. Comparison of Plastic Deformation between Numerical Model and Formulae (case 1) 
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6.   DUCTILITY REQUIREMENTS FOR BOLTED SHEAR CONNECTIONS 
 
In order to determine ductility requirements that a connection should satisfy so as to ensure a full 
plastic redistribution of the internal forces amongst the bolt zones, reference will obviously be 
made to the expressions derived before for the available and required ductility in bolt zone 
components; hence, such ductility requirements are for sure dependent on all the geometrical and 
mechanical parameters that influence the two previously mentioned values of ductility: 
 Steel grade of the plate; 
 Bolt grade; 
 Geometrical properties of the connection [t, b, e1, e2, p1, p2, d, d0]; 
 Number of bolt rows (n1 – in the direction of loading) and number of bolt lines (n2 – in the 

perpendicular direction of loading). 
 
The ductility criterion which is expressed below and which constitutes the main outcome of the 
study is based on an intensive parametrical study where all the above-listed geometrical and 
mechanical parameters have been considered, but for single overlap connections only (what is not 
really restrictive). As mentioned before, situations where tension plate failure is relevant have been 
omitted.  
 
The problem is dependent on many basic parameters (listed above). Therefore, fundamental 
parameters which embody all these and simplify the task by avoiding multiple sub-criteria have 
been defined.  Two fundamental parameters have been defined in view of the derivation of a 
ductility criterion, as illustrated in Figure 13. 

av/ req

Sufficient Ductility

Insufficient Ductility

1

Rp,b/Ru,b

 
Figure 13. Two Fundamental Parameters 

 
The parameter on the vertical axis represents the ratio between the available and the required 
deformation capacities. This ratio reflects the sufficient or insufficient ductility exhibited by the 
equivalent bolt zone component. The second fundamental parameter represents the ratio between 
the nominal resistance of the plate/bolt in bearing component and the ultimate resistance of the bolt 
in shear component. These two parameters embody all the important mechanical and geometrical 
parameters listed before. 
 
This being, the influence of each basic parameter was analyzed and “ductility functions” were 
obtained. Figure 14 presents the results of the parametrical analysis in which the following 
variation of the basic parameters have been considered: 
 Steel grade: S235 and S355; 
 Bolt diameters: M16, M20 and M24; 
 Spacing, end and edge distances: max and min of e1, e2, p1 and p2; 
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 Width of the plates: max and min values e2 and p2 as well as max and min values of b taken 
into account; 

 Thickness of the plate: the variation of t is made in order to cover the whole ranges of 
Rp,b/Ru,b; 

 Finally, the number of bolt rows and lines varies: n1, from 2 to 10, and n2, from 1 to 5. 
 

 
Figure 14. Parametric Analysis Results 

 
One can observe that the variation of the fundamental parameter Rp,b/Ru,b , close to the boundary 
between sufficient and insufficient ductility (δav/δreq=1) is small, from 0.94 to 0.99. So, a safe and 
simplified ductility criterion may be suggested as follows: 
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Figure 14 clearly identifies the plate/bolt in bearing as ductile component and the bolt in shear as a 
brittle one. When the plate/bolt bearing is the strongest component and its contribution to the 
deformation of the equivalent component is small, insufficient ductility is exhibited by the 
equivalent bolt zone component to reach a complete plastic redistribution in the connection. 
 
In order to apply the criterion, some practical cases have been considered and the results have been 
compared with the present Eurocode 3 rules. This comparison considered two situations, one where 
the criterion is verified and another where it is not. The obtained results are presented in Figure 15. 
In the horizontal axis is represented the length of the joint, according to the code, and in the vertical 
axis the reduction factor βLF for long joints. The analysed cases consider the variation of the 
connection length by varying the number of bolt rows (number of bolts along load direction). All 
the other properties were kept constant. The number of lines of bolts is 2 (number of bolts over the 
transversal direction of the applied load).   
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The results confirm that if the condition expressed in (10) is verified, the available ductility is 
sufficient to achieve a full plastic resistance of the connection even in joints that exceed the limit 
imposed by the code. One can also observe that, in the case of a low contribution by the plate/bolt 
in bearing component to the deformation of the equivalent one, the available ductility is clearly 
insufficient and the maximum load the connection is able to transfer is considerably reduced.  
 
The comparison with Eurocode 3 criterion shows a significant difference. The code establishes as 
main condition the length of the joint while the proposed criterion is based in the contribution of 
the basic components to the available deformation of the equivalent bolt zone component. For cases 
where ratio Rp,b/Ru,b is smaller than 0.94 (high contribution of the plate/bolt in bearing) the code 
approach is conservative while for higher values of this ratio the code is on the unsafe side. 

 
Figure 15. Comparison with the Eurocode 3 Criterion 

 
 
7.   CONCLUSIONS 
 
The present work proposes a criterion to check whether sufficient ductility for a full plastic 
redistribution of internal forces may be contemplated in actual shear connections with non 
preloaded bolts. It is based on the presence of geometrical imperfections in the connection layout 
which can lead to situations where some bolts bear before the others. 
 
All the aspects inherent to shear bolted connections have been approached: the evaluation of 
geometrical imperfections according to the standards for tolerances; the characterization of the 
individual component response; the derivation of expressions to determine the available 
deformation capacity in the bolt zone component; the required deformation in the bolt zone 
component for a full plastic redistribution of forces. 
 
From the analysis of several layouts it has been verified that geometrical imperfections should be 
applied in order to minimize the gap in one of the external bolt zone which starts transferring load 
first and maximize the gap in all the others. The values proposed vary according to the bolt 
diameter; however the general configuration of the connection is the same. These values define 
extreme situations that can be observed in a connection layout obeying to the standards 
recommendations for tolerances. 
 



50                     Ductility Requirements for the Design of Bolted Lap Shear Connections in Bearing 

Empirical functions to characterize the behaviour of bolts in shear have been proposed. These 
functions confirmed that ductility decreases with the increase of the bolt grade. Tri-linear laws have 
been proposed using Eurocode design functions. The ultimate deformation of bolts in shear is 
evaluated using these design functions; thus, a lack in the code could be filled and the deformation 
capacity of the bolt in shear estimated. 
 
The expressions proposed to determine the available deformation capacity of the equivalent 
component, show that the available deformation depends on the level of contribution of the two 
components. The application of these expressions shows the expected results: high deformation is 
available if the plate/bolt in bearing has high contribution to the global deformation while the 
opposite is observed if the bolt in shear is the leading basic component. The presented expressions 
include a limited group of situations considered as the most usual ones. Based on these, any other 
situation can be derived. 
 
In the work of Pietrapertosa et al. (2004)[12] the evaluation of required deformation capacity in 
shear bolted connections with fitted bolts has been done. Using the same principles, this evaluation 
has been extended to actual shear bolted connections and the effect of geometrical imperfections 
introduced. Higher deformation capacity is obviously required. The obtained expression is similar 
to the one presented by the referred authors; the modification consists in the addition of the gap 
presented by the last bolt zone to reach its yield strength Req.  
 
Through the evaluation of the available and required deformation capacity in the equivalent bolt 
zone component a ductility criterion has been derived. The proposed criterion, equation (10), is 
simplified by the use of two fundamental parameters which involve all basic ones that need to be 
taken into account. One considers the sufficient or insufficient deformation capacity presented by 
the equivalent component  reqav / , while the other takes into account the participation of each 

basic component in the global deformation of the equivalent bolt zone component  b,ub,p R/R . 

 
The application of the proposed criterion showed considerable differences between the code 
criterion and the proposed one. This fact shows that geometrical imperfections may have a relevant 
effect in the connection behaviour if the bolt in shear component is the “weakest”. Actually, in 
these cases the transferred force is considerably smaller than the one determined according to the 
code provisions, as observed in Figure 15. This situation should then be further investigated in 
future works. At the same time the evaluation of the imperfections in the connection layout should 
be better analysed. The values here obtained (based on the “worst” layout of imperfections) seem to 
be too severe for the case of “weak” bolts, as seen in Figure 15. 
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ABSTRACT: Shear wall panels, including cold-formed steel frames and its attached sheathing, are common lateral 
load resisting systems of cold-formed steel structures. In this paper, the finite element method is used to study the 
lateral performance of shear wall panels. The finite element model is validated against experimental results of other 
researchers.  Using the validated model, a parametric study is described to determine strength, drift and seismic 
behavior of the shear wall panels. Based on the results, it is concluded that the initial stiffness and ultimate lateral 
strength are dramatically affected by the thickness of the frame members, type of sheathing material, edge screw 
spacing, height of the frame, while some parameters such as field screw spacing have a minor effect on the initial 
stiffness and the ultimate lateral strength. In addition, this study looks into the earthquake performance of the shear wall 
panels and presents the corresponding ductility factor and force reduction factor (R-factor) of shear wall panels. 

Keywords: Cold-formed steel, shear wall, light steel framing, racking performance, lateral strength, drift ratio, R 
factor 

 
 
1.  INTRODUCTION 
 
Light-weight construction leads to saving in materials, transportation and installation costs. On the 
other hand, it reduced dead load and decreases its earthquake load demand. Light Steel Framing 
(LSF), in addition to being light, is a structural system with potential for industrial production and 
pre-fabrication which can meet qualitative and quantitative demands of an advanced construction 
industry. In earthquake prone areas, an important consideration in the performance of LSF is its 
behavior against seismic loads. The main component to resist earthquake forces in a light steel 
building is shear wall. Shear walls in LSF are cold-formed steel frames braced by diagonal steel 
straps or sheathed with steel sheets or shear panels. The most common types of shear panels are 
made from wood-based or gypsum-based materials; panels are generally connected to the frame 
members by self-drillings screws. 
 
During the two last decades, some experimental and theoretical studies have been conducted in 
relation with seismic behavior of shear wall panels. Determination of lateral strength and ductility 
of the shear walls, as the fundamental characteristic of seismic design, has been the main scope of 
these studies. Serrette et al. [1,2] conducted a series of tests on shear wall panels in cold-formed 
steel framing with different sheathing materials, such as gypsum wall board (GWB), oriented strand 
board (OSB), and plywood. Their results contributed to the development of the Standard for Cold-
Formed Steel Framing-Lateral Design published by the American Iron and Steel Institute [3]. 
Rogers et al. [4] performed tests of shear wall panels with American and Canadian wood-based 
sheathing materials. The objective was to develop design guidelines for seismic application of shear 
wall panels to be adopted for the National Building Code of Canada. Fulop and Dubina [5] 
conducted a series of tests for determining the lateral strength of shear wall panels. They proposed a 
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simplified model for determining the lateral strength of shear wall panels by replacing the sheathing 
with a pair of equivalent cross-bracing [6]. In 2006, Xu and Martines [7] employed analytical 
methods for the determination of lateral strength and drift of shear walls. In order to obtain accurate 
results, effective parameters such as material properties, geometric dimensions, screw spacing and 
construction details were considered in the analytical methods. Recently Pan and Shan [8] have 
experimentally studied the structural strength of cold-formed steel wall frames with sheathing 
under monotonic shear loading. Three different kinds of sheathing material, GWB, calcium silicate 
board, and OSB were adopted in the test specimens. The ultimate strength, stiffness, energy 
absorption, and ductility ratio were studied for each test specimen. 
 
While experimental testing is the best method for evaluation of the lateral behavior of shear walls 
in cold formed steel structures, the evaluation of all structural parameters is either not possible by 
experiments or is too costly. Therefore, in this study, finite element analysis using ANSYS the 
general purpose finite element program, which has capabilities in the modeling of material and 
geometric nonlinearity, is employed for the evaluation of the racking performance of the cold-
formed steel shear wall panels. In order to achieve a higher level of reliability, the finite element 
results are compared with the results of recent experimental tests [1,2,3,4,5] conducted on the 28 
shear wall panels. Using the verified finite element model, a parametric study on racking 
performance of shear wall panels is performed and lateral load-displacement curves of some walls 
with different parameters such as member thickness and screw spacing are drawn. Finally, the force 
reduction factor (R-factor) of all walls is determined so as to investigate the effect of the above-
mentioned parameters on the seismic behavior of shear wall panels. 
 
 
2.    NONLINEAR BEHAVIOR AND R-FACTOR 
 
It is well known that in the event of an earthquake, lower lateral forces are generated in a structure 
that can accommodate larger nonlinear displacements prior to collapse in comparison with a 
structure that behave elastically. This is shown in Figure 1 as the envelope of load-drift for a typical 
structure. In practice, force reduction factor (in the limit state or ultimate strength seismic codes) is 
defined as the ratio of the demand load of the elastic structure, Ve to the design load of the inelastic 
structure, Vsy. This factor can be calculated from two components of ductility reduction factor, Rµ 
and Over-strength factor, Ω. 
 

 RR   (1)  
 

 
Figure 1. Envelope of Load-drift Curve 
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Rµ is the ratio of the demand of the elastic structure to that of the inelastic structure. 
 

  V
V

y

eR   (2) 

 
Rµ is proportional to the structure ductility factor, µ. The ductility factor can be determined by 
dividing the maximum displacement of the nonlinear structure Δmax to displacement of yielding 
point of ideal model, Δy (Figure 1).  
 

y max   (3)  
 
Different relations have been presented for determination of the ductility reduction factor, Rµ, in the 
literature. On the basis of the natural period of the structure, T, Newmark and Hall [9] developed 
the following relations in terms of μ for the ductility reduction factor. 
 

 sec5.0 TR 
  (4) 

 sec5.01.012  TR   (5) 
 sec03.01  TR  (6)  

 
The over-strength factor results from the strength that the structure undergoes beyond the design 
strength (Vsy) and can be expressed by Eq. 7. 
 

   VV syy   (7) 

 
 
3.    FINITE ELEMENT MODEL  
 
The numerical model for the cold formed steel shear walls were developed using the nonlinear 
finite element program ANSYS.  
 
Lateral behavior of shear wall panels is dependent on the performance of steel frame and sheathing. 
The steel frame is composed of studs and tracks. The element type in ANSYS which used to model 
the studs and tracks is SHELL181 (Figure 2). In the case of cold formed steel members in a shear 
wall frame, several types of nonlinearity such as post local or distortional buckling, large strain 
adjacent to the screw connections and large displacement are probable. SHELL181 element is well-
suited for large displacement and rotation, and/or large strain nonlinear applications for analyzing 
thin to moderately-thick shell structures. It is a four-node element with six degrees of freedom at 
each node: translations in the x, y, and z directions, and rotations about the x, y, and z axes. In the 
modeling of frame members, an elastic-perfectly plastic bilinear stress-strain curve is used to 
simulate martial nonlinearity of steel. Figure 3 shows the dimensions and FE modeling of a sample 
back-to-back stud section.  
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Figure 2. SHELL181 Element 

 

  
(a) (b) 

Figure 3. Back-to-back Double Stud; a) Section Parameters, b) Finite Element Model 

 
For compatibility, SHELL181 element was used to model the sheathing of the shear walls, as well. 
The sheathings were made of gypsum or wooden based materials such as Oriented Strand Board 
(OSB), Canadian softwood plywood (CSP), Douglas-fir plywood (DFP) and Gypsum wall board 
(GWB). The stress-strain curve of sheathing material is simulated by a bilinear curve with an initial 
module of elasticity and the secondary module equal to12 percent of initial one. Specifications of 
the sheathing material of shear wall panels are presented in Table 1 which given from Xu and 
Martinez [7]. 

 
Table 1.Specifications of Sheathing Materials [7] 

Type of Sheathing 
materials 

Ultimate stress  
(MPa) 

Initial Modulus of 
Elasticity 
(MPa) 

Poisson's 
ratio 
 

OSB 4.2 9917 0.30 
Ply wood (CSP) 4.0 7376 0.25 
Ply wood (DFP) 4.5 10445 0.30 
GWB 2.5 1290 0.20 

 
All screw connections between different members of the shear wall are modeled by "Coupling" in 
ANSYS. When we couple two or more Degrees of Freedom (DOFs) together in the finite element 
model, we force these DOFs to take on the same value. A set of coupled DOFs contains a prime 
DOF, and one or more other DOFs. Coupling will cause only the prime DOF to be retained in the 
analysis' matrix equations, and will cause all the other DOFs in a coupled set to be eliminated. The 
value calculated for the prime DOF will then be assigned to all the other DOFs in a coupled set. 
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In this study, coupling is used to connect sheathing to the frame in the location of screws, as shown 
by green signs in Figure 4. Furthermore, all nodes of the top track were coupled to one prime node 
at the corner of the track which provided a displacement control reference as illustrated by the 
green lines in Figure 4. In order to permit the buckling of studs, the prime node of the top track was 
restrained only in the perpendicular direction to the plane of panel. Screws which utilized to joint 
two studs together and make one double stud are simulated by coupling, as well. The finite element 
modeling of a double stud is seen in Figure 5 and screw connection of two studs is shown by green 
signs. 
 
It should be mentioned that the coupling technique cannot model the relative displacement of 
adjacent members in the screw position, although the relative rotation can occur. Relative 
displacement can be modeled by using a spring element having stiffness equivalent to the screw 
rotation of a single shear screw lap joint. Nevertheless the authors could not achieve good 
convergence when the spring elements of ANSYS used to model screw connections. 
 

 
Figure 4. Connection of Track to Stud by Coupling in Three Directions of X, Y and Z 

 

 
Figure 5. Finite Element Model of a Double Stud  

 

To assess racking performance of the shear wall panels, a pushover analysis is carried out. An 
incremental racking displacement is applied to the prime node of the top track and the 
corresponding racking force is recorded which creates a displacement control method. Both 
geometry and material nonlinearities are included in the finite element push over analysis. ANSYS 
employs the "Newton-Raphson" approach to solve nonlinear problems. Before each solution, the 
Newton-Raphson method evaluates the out-of-balance load vector, which is the difference between 
the restoring forces (the loads corresponding to the element stresses) and the applied loads. The 
program then performs a linear solution, using the out-of-balance loads, and checks for 
convergence. If convergence criteria are not satisfied, the out-of-balance load vector is re-
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evaluated, the stiffness matrix is updated, and a new solution is obtained. This iterative procedure 
continues until the problem converges. 
 
A mesh size sensitivity study is performed to evaluate the optimum size of elements in the FE 
model of shear walls. Figure 6 illustrate Load-Displacement curves for a cold-formed steel shear 
wall with 1.2*2.4 m dimensions sheathed by a plywood panel with 12.5 mm thickness. The 
sheathing panel is divided by square elements and the frame members are composed of shell 
elements whose larger dimensions is equal to element size of the sheathing, as shown in Figure 4. 
The load-displacement curves in Figure 6 are drawn for four sheathing mesh sizes of 150, 100, 50 
and 25 mm. the maximum shear force of the wall for these mesh sizes is 16351, 17851, 18818 and 
19301 N, respectively. It means by changing the element size from 50 mm to 25 mm, the maximum 
load will change 2.5 percent. Thus, in this study the size of sheathing elements has been chosen 
equal to 50 mm as an optimum size that give a good accuracy and an acceptable analysis time. 
 

 
Figure 6. Mesh Size Sensitivity 

 
 
4.    VERIFICATION OF THE SHEAR WALL MODEL 
 
In order to evaluate the system behavior, a push-over analysis with geometry and material 
nonlinearity was performed on different specimens. For this purpose, it was necessary to consider 
different drifts on the wall and record the corresponding lateral force. This procedure had to be 
continued until the structure reached its maximum lateral strength for a certain drift.  In this section, 
the results of these analyses are compared with the experimental results of other researchers. 
Comparison of the experimental and FEM results for shear wall panels are presented in Table 2 
through 4. Moreover, in order to have a better understanding, the ratios of the finite element results 
to the test results are included. 
 
The experimental results of references [1,2,3,4,5] are used to validate the accuracy of the presented 
numerical method. For the purpose of the analyses, the geometric gross properties of the steel studs 
were determined on the basis of cross-sectional dimensions presented in the literature. Unless 
specified differently for individual cases, the yield strength, Young’s modulus and Poisson's ratio of 
steel are considered to be 230 MPa, 203 GPa and 0.3 respectively. The standard nomenclature 
including member size (both depth and flange width), style, and material thickness is used to 
introduce frame members. For example 92S41-1.12mm introduce a stud with 92 mm depth, 41 mm 
flange width and 1.12 mm material thickness. The following material properties for the sheathing 
material are also utilized in the study: the modulus of elasticity for OSB, DFP and CSP are 9917 
[10], 10,445 and 7376MPa [11], respectively. For gypsum wall board (GWB), the modulus of 
elasticity is 1290MPa [12]. A schematic view of a studied shear wall panel is illustrated in Figure 7. 
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Figure 7. Schematic View of Shear Wall Panel 

 

Table 2 compares the current numerical results with the test results of Rogers et al. [4] for lateral 
strengths and lateral displacements. The sheathing materials are OSB, DFP and CSP with 
thicknesses of 11, 12.5 and 12.5 mm, respectively. The C-shape cold-formed steel studs were 
92S41-1.12mm (362S162-44 mils), spaced 610mm (24 in) center by center. Double C-shape back-
to-back studs were placed at the ends of the panel. The sheathing was attached on one side of the 
panel using No. 8 (diameter=4.06 mm) screws. The spacing of screws within the panel was 305mm 
(12 in) and their spacing at the edges of panel as listed in Table 2.  
 
It is apparent from Table 2 that the maximum difference between numerical and experimental 
results of the shear wall panels for lateral strength and ultimate lateral displacements is 22% and 
19%, respectively.  
 

Table 2. Comparison between Numerical and Experimental Results [4] 
Shear wall panels 
description 
(Steel stud: 92S41-1.12 
mm) 
 

Sheathing 
material and 
thickness 

Edge 
screw 
spacing 
(mm) 

Lateral strength 
(kN) 

 Ultimate lateral displacement 
(mm) 

 Test 
[4] 

FEM Ratio 
FEM/ 
Test 

 Test 
[4] 

FEM Ratio 
FEM/ 
Test 

152 16.10 16.66 1.03  41.1 35.4 0.86 
102 23.52 22.36 0.95  39.5 37.5 0.95 

OSB  
11 mm 
One side 76 28.64 24.14 0.84  40.7 48.5 1.19 
         

152 19.50 20.73 1.06  54.8 48.0 0.88 
102 29.01 28.86 1.00  60.6 55.2 0.91 

DFP  
12.5 mm 
One side 76 36.20 29.52 0.82  58.2 58.8 1.01 
         

152 15.48 18.81 1.22  50.7 45.5 0.90 
102 20.23 23.93 1.18  60.6 53.5 0.88 

Wall length and height: 
1219 mm, 2438mm. 
Sheathing length and height:  
1219mm, 2438mm. 

CSP  
12.5 mm 
One side 76 30.59 26.13 0.85  61.0 63.6 1.04 

          
152 7.62 6.69 0.88  78.4 78.3 1.00 OSB 11 mm 

One side 102 11.21 10.94 0.98  78.0 83.1 1.07 
         

152 7.43 7.54 1.02  103.3 95.3 0.92 

Wall length and height:  
609mm, 2438 mm.  
Sheathing length and height:  
609 mm, 2438 mm. CSP 12.5 mm 

One side 102 10.97 11.65 1.06  107.0 102.3 0.96 
          

152 33.16 40.18 1.21  50.5 42.3 0.84 CSP 12.5 mm 
One side 102 49.98 50.16 1.00  55.6 49.3 0.89 

Wall length and height:  
2438mm, 2438 mm.  
Sheathing length and height: 
(2) 1219 mm, 2438mm. 

 76 64.11 66.96 1.04  64.1 59.9 0.93 

         
Average    1.01    0.95 
Standard deviation    0.12    0.09  
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Table 3 provides a comparison between the numerical lateral strengths of shear wall panels with 
OSB sheathing published in the Standard for Cold-Formed Steel Framing-Lateral Design by AISI 
[3]. The length and height of the shear wall panels are 1219mm (4 ft) and 2438mm (8 ft), 
respectively. The steel stud size is 89S41 mm and four different stud thicknesses listed in the 
standard are 0.838mm (33 mils), 1.092mm (43 mils), 1.372mm (54 mils), and 1.727mm (68 mils). 
Double studs are utilized for the end studs. OSB sheathing was attached on one side of the panel 
using No. 8 or No. 10 screws at every 305mm (12 in) in the field. The spacing of tow edge screw is 
102mm (4 in) and 152mm (6 in). As cited in Table 3, there is good agreement between the 
numerical and experimental results for the shear wall panels' lateral strength. 
 

Table 3. Comparison between Numerical and Experimental Results [3] 
Shear wall panels 
description 
 

 Stud 
thickness 
(mm)  

Sheathing 
material and 
thickness 

Edge 
screw 
Spacing  
(mm) 

Lateral strength (kN) Ultimate 
lateral 
displacement 
(mm) 

 AISI 
[3]  

FEM Ratio 
FEM/ AISI 
[3] 

 FEM 

152.4 12.46 13.81 1.11  31.8 0.838  
101.6 16.28 17.71 1.09  40.1 
152.4 14.68 16.62 1.13  32.8 1.092  

OSB  
11.1 mm  
One side 

101.6 21.97 21.58 0.99  42.4 
 152.4 16.73 19.63 1.17  31.4 

 

1.372  
 101.6 25.09 23.62 0.94  42.7 
 152.4 21.92 23.63 1.08  24.4 

Steel stud: 89S41mm  
Wall length And height: 
1219mm, 2438mm.  
Sheathing Length And height:  
1219mm, 2438mm. 
 

 1.727  
 101.6 32.88 25.64 0.78  41.2 

         
Average    1.04     

Standard deviation    0.13      
 
The numerical and experimental results for lateral strengths and displacements, conducted by 
Serrette et al. [2] are compared in Table 4. Dimensions of shear wall panels were 1219mm (4 ft) × 
2438mm (8 ft). OSB sheathing was fastened on one side or both sides of the panel using No. 8 or 
No. 10 screws. The screw spacing at the edge and within the sheathing was 51mm (2 in) and 
305mm (12 in), respectively. The framing steel studs used in the experiment was 89S41 mm and 
had thicknesses of 1.37mm (54 mils), and yield strengths of 407MPa (59 ksi). Single studs spaced 
at 610 mm (24 in) were placed at the middle while double studs were used at the ends of the shear 
wall panels.  
 
Table 4 compares the numerical and experimental results for lateral strengths and lateral 
displacements conducted by Fulop and Dubina [5] and Serrette [1] as well. In first case, OSB 
sheathing was placed on one side of the panel, and the steel studs spaced 610mm (24 in) were 
employed at the middle. Contrary to the previous experiments, the shear wall panel had lengths and 
heights of 3600mm (≈12 ft) and 2440mm (8 ft), respectively. 
 
In second case, the length and height of the shear wall panel were 2438mm (8 ft) and 2438mm (8 
ft), respectively. The GWB sheathing was fastened to both sides of the panel with No. 6 screws. 
The screw spacing on the edge and field of the panel was 152mm (6 in) and 305mm (12 in), 
respectively. Steel studs were 150S32 (600S125) with thickness of 0.88mm (33 mils). The studs 
were spaced 610mm (24 in) at the centre, and the sheathing was attached to the studs using No. 6 
screws. The value of lateral strength in Table 4 is the average of lateral strength of four specimens. 
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Table 4. Comparison between Numerical and Experimental Results [2,5,1] 

Shear wall panels 
description 
 

Sheathing 
material and 
thickness  

Edge screw 
Spacing 
(mm) 

Lateral 
strength (kN) 

 Ultimate lateral 
displacement (mm) 

 Test FEM Ratio 
FEM/ 
Test 

 Test  FEM Ratio 
FEM/ 
Test 

OSB 11 mm 
One side 

51 83.81 64.75 0.77  - 75.0 - 

       
 

Steel stud: 89S41-1.37 mm.  
Walls length and height:  
2438mm, 2438 mm. 
Sheathing length and height:  
(2) 1219 mm, 2438mm, [2]. 

OSB 11 mm 
Both side 

51 148.62 125.98 0.85 
 

- 75.2 - 

 
OSB 10 mm 
One side 

 102  78.76 74.93 0.95  2.9 45.3 1.06 Steel stud: 150S41-1.5mm.  
Wall length and height:  
3600 mm, 2440 mm. 
Sheathing length and height:  
(3) 1200 mm, 2440mm, [5]. 
 

  

GWB 12.7 mm 
Both side 

 152  26.64 25.8 0.97  40.0 45.0 1.13 

 

 

Steel stud: 150S32-0.88mm. 
Wall length and height:  
2438 mm, 2438mm. 
Sheathing length and height:  
(2) 1219 mm, 2438mm, [1]. 

  
 
It should be mentioned that the difference between the experimental and FEM results can be 
attributed to some factors such as accuracy of measuring tools and experimental errors including, 
imperfection of shear wall panels, cracking of wood and gypsum panels, etc. On the other hand, it 
seems difficult to construct a model which is completely compatible with several experimental 
results. Thus, the current model constructed by the finite element method is reasonably accurate. 
 
 
5.    PARAMETRIC STUDY OF SHEAR WALL PANELS 
 
Using the above mentioned FE model, the effects of several parameters such as the thickness of 
framing members, details of track to stud connections, screw spacing and yield properties of steel on 
the lateral response of the frames (in particular the R factor) are examined. After plotting the 
load-displacement curve for each of the frames, the ductility and lateral strength can be determined. 
In order to idealize the envelope of load-displacement curve, the presented method in the FEMA 356 
[13] is employed (Figure 8). A sample of idealized force-displacement curve is shown in Figure 9. 
This curve has been plotted for specimen No.3 of Table 5.  
 

 
Figure 8. Idealizing Force-Displacement Curve [13] 
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Figure 9. A Sample of Idealized Force-Displacement Curve of a Shear Wall Panel 

 
In order to calculate the ductility reduction factor (Rµ), Eq. (5) is used. Because, a range between 0.1 
and 0.5 sec for period T, in one and two story cold-formed steel frames with plaster panels is logical 
[14]. After computing Ω and Rµ, force reduction factors of each frame can be determined. 
 
In general, three factors may contribute to the over strength factor; these are the design over-
strength (ΩD), the material Over-strength (ΩM) and the system over-strength (ΩS). In those 
structures where the lateral strength is dominant, e.g. structures with bracing or shear walls similar 
to the cold formed structures of this study, the design over-strength is small and its factor can be 
considered as 1.0. Material over-strength is a strength that structural materials may possess beyond 
the design material strength. Design regulations normally work based on the nominal strengths 
which are reduced by the strength reduction factors (Φ). The strength of a structure made of these 
materials is significantly higher than that considered in the design. Φ in AISI Lateral Design [3] is 
assumed to be 0.6, so ΩM can be considered equal to 1.67. System Over-strength mainly depends on 
the indeterminacy of structure. For instance in the moment resisting frame, the sequence of plastic 
hinge leads to increase in the structure strength. In this paper, by ignoring the shear strength of the 
plaster boards in the lateral design of light steel structures, the system over-strength is 
conservatively considered 1.0. Therefore, by the multiplication of ΩD, ΩM and ΩS, over strength 
factor, Ω, will be equal to 1.67. 
 
In this section, unless specified differently for individual cases, the length and height of the shear 
wall panels are 1219mm (4 ft) and 2438mm (8 ft), respectively. The designation of cold-formed steel 
studs is 92S41-1.12mm. OSB sheathing (with 11 mm thickness) is fastened on one side of the panels. 
The screw spacing at the edge and within the sheathing is 102mm (4 in) and 305mm (12 in), 
respectively. The yield strength, Young’s modulus and Poisson's ratio of steel are considered to be 
230 MPa, 203 GPa and 0.3 respectively. 
 
5.1   Thickness of Frame Members  
 
The thickness of the frame members is an important parameter in the performance of shear wall 
panels. In order to examine the effects of thickness on the lateral strength and displacement, four 
shear wall panels with stud and track thickness of 0.838, 1.092, 1.372, 1.727 mm are considered. The 
framing members are 89S41 mm. The screws spacing at the edge and within the sheathing are 51mm 
(2 in) and 305mm (12 in), respectively. The load-displacement curves of the shear walls are 
illustrated in Figure 10 and the values of ductility and force reduction factors of the frames for 
different frame members’ thickness are presented in Table 5. As the thicknesses of frame members 
increase, the ultimate load of studs increases which in turn results in increase of lateral strength of the 
frame. 
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Figure 10. Effect of Frame Members’ Thickness on the Racking Performance of Shear Wall Panel  

with OSB Sheathing and Dimension of 1.2×2.4 m 
 
 

Table 5. Values of Ductility and R-factor of Shear Wall Panel with 
Different Thickness of Frame Members 

No Thickness 
(mm) 

Δy (mm) Δmax 
(mm) 

μ Rμ R Vu 
(kN) 

1 0.838 3.82 35.04 9.17 4.16 6.95 15.10 
2 1.092 4.38 35.61 8.11 3.90 6.51 18.75 
3 1.372 3.56 30.09 8.44 3.98 6.65 20.60 
4 1.727 3.62 32.05 8.83 4.08 6.80  23.43  

 
5.2   Wall Height 
 
To examine the effect of wall heights, seven specimens with heights of 2, 2.4, 2.7 and 3 m and 
lengths of 1.2 and 2.4 m are investigated (Figure 11). One DFP sheathing (with thickness and 
length of 12.5 and 1219 mm respectively) was fastened on one side of the panels with length of 
1219 mm and two CSP sheathing (with thickness and length of 12.5 and 1219 mm respectively) 
were fastened on one side of the panels with length of 2438 mm. The values of ductility and force 
reduction factor for different frame heights are presented in Table 6. 
 

 
(a) 
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(b) 

Figure 11. Effect of Frame Height on the Racking Resistance of Shear Wall Panels with Length of; 
a) 1.2m, b) 2.4m 

 
 

Table 6. Values of Ductility and R-factor of Shear wall Panels with Different Wall Height 
No Frame width 

(m) 
Frame height  
(m) 

Δy 
(mm) 

Δmax 
(mm) 

μ Rμ R Vu 
(kN) 

1 3.0  .33 60.95 14.04 5.20 8.68 15.74 
2 2.7 4.01 60.95 15.16 5.41 9.03 18.43 
3 2.4 5.32 60.95 11.43 4.67 7.80 26.80 
4 

1.2  

2.0 7.83 60.95 7.77 3.81 6.36 28.67 
         

5 3.0 5.61 50.09 8.92 4.10 6.85 42.77 
6 2.4 6.44 51.07 7.93 3.85 6.43 51.37 
7 

2.4 

2.0 4.86 50.93 10.47 4.46 7.45 59.98  
 
In general, lateral strength decreases as frame height increases. This is due to the increase in the in-
plane flexural moment of shear panels, and studs respectively and the local displacement at the 
place of screws. The average decrease of both frames was 29 percent as the frame height increased 
from 2438 to 3000 mm. The ductility, however, normally increases with the increase in the height 
of the braced span and this is mainly due to the increase in the flexural deformation of shear panel.  
 
5.3   Spacing of Field and Edge Screws  
 
It is evident that stud strength can be significantly increased by using sufficient number of 
connection screws which essentially decreases the effective length coefficient. Screws connecting 
the frame and the shear panels play a valuable role in laterally supporting the studs. Hence, to 
evaluate the effect of connection screws, twelve shear wall panels with lengths of 1219 and 2438 
mm and height of 2438 mm are investigated. DFP and CSP sheathings with thickness of 12.5 were 
fastened on one side of the panels with length of 1219 mm and two 2438 mm, respectively. Figure 
12 shows load-displacement curves of the walls for three edge screw spaces and Figure 13 illustrate 
these curves for three field screw spaces. The values of ductility and force reduction factor of the 
walls are presented in Tables 7 and 8. 
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(a) 

 
(b) 

Figure 12. Effect of Edge Screw Spacing on the Racking Resistance of Shear Wall Panels  
with Dimensions of; a) 1.2m × 2.4m, b) 2.4m × 2.4m 

 
Table 7. Values of Ductility and R-factor of Shear Wall Panels with  

Different Spacing of Edge Screws 
No Frame  

dimensions 
(m) 

Field 
screw 
spacing 
(mm) 

Edge screw 
spacing 
(mm) 

Δy 
(mm) 

Δmax 
(mm) 

μ Rμ R Vu 
(kN) 

1 305 152 4.37 49.17 11.23 4.63 7.73 20.71 
2  102 8.18 55.65 6.79 3.54 5.91 24.45 
3 

1.2 × 2.4 

 76 7.83 60.02 7.65 3.78 6.31 29.63 
          
4 305 152 5.59 42.46 7.59 3.76 6.28 39.97 
5  102 6.66 41.00 6.1  3.36 5.61 50.31 
6 

2.4 × 2.4 

 76 5.76 60.65 10.52 4.47 7.46 64.23  
 

As can be seen from Table 7, decreasing the spacing of edge screws from 152 to 102 and 76 mm in 
the frame with length of 1219 mm is accompanied by 18.1% and 43.1% increase in the lateral 
strength, respectively. The corresponding increase in the frame with length of 2438 mm is 25.8% 
and 60.7%. This means that the average increase in the lateral strength of both frames was 22% and 
52% when the edge screw spacing decreases from 152 to 102 and 76 mm, respectively. By a 
decrease in the spacing of edge screws, shear forces and axial forces can be distributed more 
uniformly on the panel members and edge members, respectively. As a consequence, the chances of 
the occurrence of any local failure decreases which leads to an increase in the lateral strength of the 
frame. In addition, screw connections provide supports for studs and tracks which help with the 
buckling issues.  
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(a) 

 
(b) 

Figure 13. Effect of Field Screw Spacing on the Racking Resistance of Shear Wall Panels  
with Dimensions of; a) 1.2m × 2.4m, b) 2.4m × 2.4m 

 
 

Table 8. Values of Ductility and R-factor of Shear Wall Panels with  
Different Spacing of Field Screws 

No Frame 
dimension 
(m) 

Edge screw 
spacing  
(mm) 

Field screw 
spacing  
(mm) 

Δy (mm) Δmax 
(mm) 

μ Rμ R Vu 
(kN) 

1 152 305 5.92 42.54 7.18 3.65 6.10 23.87 
2  102 6.15 43.16 7.00 3.60 6.01 24.15 
3 

1.2 × 2.4 

 51 5.79 43.70 7.53 3.75 6.26 24.44 
          
4 102 305 8.26 53.45 6.46 3.45 5.76 39.36 
5  152 8.35 53.95 6.45 3.45 5.76 40.20 
6 

2.4 × 2.4 

 51 8.50 55.57 6.53 3.47 5.79 40.49  
 
Since field screws do not have a notable contribution in the transfer of lateral loads, the effect of 
spacing of these screws is minor. Decrease in the spacing of field screws from 305 to 51 mm will 
result in an increase equal to 2.4% and 2.9% in the lateral strength of frames with the length of 
1219 and 2438 mm, respectively. Accordingly, the number of field screws shall be limited to a 
minimum to reduce construction costs.  
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5.4   Yielding Stress of Frame Members 
 
Mechanical properties of cold-formed sections are different to those prior to cold forming of the 
sections. This usually shows with an increase in the yielding point and tensile strength and a 
decrease in the ductility. The average yielding point of cold-formed steel sections is normally 10-15 
percent and at maximum 20 percent larger than that prior to cold forming. Accordingly, models 
with yielding stress of 230 and 300 MPa have been constructed and studied. As it is shown in 
Figure 14, 30 percent increase in the yielding stress of frame members has a minor effect on the 
initial stiffness and racking resistance. 
 
To examine the effect of the yielding stress on the frame members, four shear wall panels with 
dimensions of 1.2m × 2.4m and 3.6m × 2.4m are investigated (Figure 14). The framing steel studs 
used in the experiment were 92S41-1.12mm (362S162-44 mils) for panels with length of 1219 mm 
and 150S41-1.5mm (590S162-59 mils) for panels with length of 3600 mm. The values of ductility 
and force reduction factor of the shear walls are presented in Table 9. 
 

 
(a) 

 
(b) 

Figure 14. Effect of Yielding Point on the Stiffness and Racking Resistance of Shear Wall Panels  
with Dimensions of; a) 1.2 m × 2.4m, b)3.6m × 2.4m 

 
Since the sections are thin and lateral load bearing members do not experience yield even at the 
ultimate displacement, therefore, in these specimens, the steel type may not have a large effect on 
the lateral strength and ductility of the frame. For example, by increase in the yielding stress of 
frame members from 230 to 300Mpa, lateral strength of frames with the length of 1219 and 
3600mm increases 1.4% and 3.3%, respectively.  
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Table 9. Values of Ductility and R-factor of Shear Wall Panels with  
Different Yielding Stress of Frame Members 

No Frame dimension 
(m) 

Yielding stress 
(MPa) 

Δy 
(mm) 

Δmax 
(mm) 

μ Rμ R Vu 
(kN) 

1 230 6.15 37.55 6.09 3.34 5.58 22.29 
2 

1.2 × 2.4 
300 6.15 37.31 6.06 3.33 5.56 22.60 

         
3 230 4.34 45.26 10.41 4.45 7.43 70.92 
4 

3.6 × 2.4 
300 3.59 45.35 12.61 4.92 8.22 73.27  

 
 
6.    FAILURE MODES 
 
In the current study, the behavior of shear wall panels subjected to in-plane lateral loading is 
considered. The failure of shear wall panel at ultimate strength state occurs when the panel has no 
further strength to resist lateral loads. According to the results obtained from experiments, the 
predominant failure mode of shear wall panels is associated with the sheathing failure [2,4,15]. As 
observed in the experimental studies, for most of the common sheathing materials such as plywood, 
OSB, and GWB, failure is often initiated by rupture of the sheathing at the location of screws, and 
in some cases the sheathing is separated completely from the frame. However, in cases in which the 
thickness of the steel studs is relatively small, the failure of the shear wall panels may be initiated 
by buckling of steel studs even though the studs are braced by the sheathing. Moreover, the 
buckling of steel studs occurs when sheathing is employed on the both sides of the frame. By 
applying the sheathing on both sides of the frame, or doubling the sheathing thickness, the panel 
lateral strength can be increased. This, in turn, increases the compressive force on the studs and 
may lead to overall buckling of the studs. 
 
All failure mechanisms of shear wall panels that occur in laboratory can not be observed using 
finite element modeling. Two types of failure mechanisms that can be observed in these modeling 
are as follows: 
Local buckling of the cold-formed steel section at the bottom of the compression stud is a common 
event in practice. Figure 15a shows this failure mode in the experimental tests of Lange and 
Naujoks [16] and Figure 15b indicate the similar failure in the finite element model. 
 

 
 

(a) (b) 

Figure 15. Local Buckling at Bottom of Stud; a) Experiment [16], b) The Present Finite Element Model
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Another failure mode is the overall buckling of studs under compression loads created from the 
racking force. This phenomenon is shown in Figure 16. Indeed, the maximum compression load is 
applied to the end studs of a frame due to their distance from the center of frame. Hence, some 
types of buckling are primarily observed in the end studs before the middle studs, as the local 
buckling is seen at the bottom of end stud in Figure 15. Nevertheless, when the double studs is used 
at the ends of frame and single stud at the middle, overall buckling may occur in one of middle 
studs before end studs, as observed in Figure 16. 
 

 
Figure 16. Overall Buckling of Stud 

 
As shown in Figure 17a, in the test [16] tensile stress at the corner of the wall panel cause diagonal 
cracking within the sheathing. This will be followed by the collapse of shear wall sheathings. The 
extreme tensile stress can be observed at the corner of sheathing in the finite element model, as 
well. (Figure 17b) 
 

 
 

(a) (b) 

Figure 17. Tensile Fracture of Sheathing at the Corner of Frame;  
a) Experiment [16], b) The Present Finite Element Model 
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7.    CONCLUSION 
 
Using finite element model, this paper investigates the lateral performance of shear walls panels in 
cold formed steel frames. In order to validate the model, the finite element results, compared with 
the results of 28 specimens from some experimental studies. After validation, the FE model was 
used to perform a parametric study on the racking behavior of sheathed light steel frames.  
 
The following conclusions are drawn from the results of the parametric study on 34 walls:  
 
1. The stiffness and the racking resistance decreased as the frame height increased. This is due to 
the increase in the in-plane flexural moment of shear panels. In a similar manner, the ductility 
increased with the increase in the height of the braced span and this was mainly due to the increase 
in the flexural deformation of shear panel. 
 
2. It was found that the field screws do not have a notable contribution in the transfer of lateral 
loads. Contrary to field screws, a decrease in the spacing of edge screws created a significant 
change in the stiffness and lateral strength. Average increases in the lateral strength of frames was 
22% and 52% when edge screw spacing decrease from 152 to 102 and 76 mm, respectively 
 
3. As expected thickness of the frame members is important in the racking performance of system. 
The predominant failure mode in walls made with thick members is failure in the sheathing 
materials or the connections, while in walls with thin member, buckling of studs can dominates. By 
increasing the frame members’ thickness, the ultimate load of studs increases which consequently 
results in an increase in the lateral strength of the frame. 
 
4. Varying the yielding stress of steel members had a low effect on the initial stiffness and racking 
resistance of the system. 
 
5. Ductility reduction factor, Rµ, has varied from 3.3 to 5.5 with the average of 4.0 in the specimens 
of the present study. Choosing a value of 1.67 for over-strength factor, in cold-formed steel 
shear walls, force reduction factor (R-factor) vary between 5.5 and 9.1 with the average of 6.8.  
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ABSTRACT: The main purpose of this paper is to study the fire resistance and failure mode of the square hollow 
section (SHS) T-joint at elevated temperatures under axial compression. Experimental tests on two full-scale square 
tubular T-joints with different geometries are carried out. The specimens are set to sustain constant compressive 
loading at brace end during the heating process. The environmental temperature around the specimens is in 
accordance with ISO 834 heating curve. The temperature on the tube surface and the deforming process of the two 
T-joints are both measured till the failure of the specimens. The experimental results show that the failure process of 
both specimens includes three stages. The final failure mode of both specimens is local buckling on the chord surface 
near the brace/chord intersection while there is no clear global deformation on the T-joint surfaces. In comparison, 
the T-joint specimen with smaller brace-to-chord diameter ratio has a more gradual and longer time of deforming 
process before final failure, which shows the geometry of the tubular joint has an effect on the failure mechanism. 

Keywords: SHS tubular T-joint, fire resistance, experimental study, axial compression, failure mode 

 
 
1.  INTRODUCTION 
 
Tubular structures can be found easily in industry buildings, long-span bridges, railway stations and 
towers for their characteristics of light weight, high strength and easy fabrication. In these 
structures, tubular joints are the critical parts due to high stress concentration at the weld toe caused 
by discontinuous stiffness and residual stress produced by welding process. A typical tubular joint 
is consisted of a chord member and several brace members. For hollow section joints, failure often 
occurs on the chord surface near the brace/chord intersection as the radial stiffness of the chord is 
much weaker than the axial stiffness of the brace. In addition, the material properties of steel are 
quite sensitive to high temperature. In general, the elastic modulus and the yield stress of steel both 
reduce extremely at an elevated temperature which makes the joints fail easier. Therefore, it is 
considerably important and necessary to study the mechanical behavior of tubular joints under fire 
condition.  
 
Considerable work has been carried out on the fire resistance of beams, columns and beam-column 
joints in building structures [1-9]. However, there is relatively less research work on tubular joints. 
For tubular T-joints, the mechanical behavior under various loading conditions at room temperature 
has been studied experimentally and numerically in the literature, and such work can be found in 
Refs [10-14]. Studies on mechanical performance of tubular joints under fire condition mostly 
focus on the phases of loading at constant-high temperature and post-fire loading to failure. Among 
these studies, Liu et al. [15-16] studied the ultimate bearing capacity of circular tubular T-joints 
with and without stiffened rings at elevated temperatures using finite element method. It was found 
that the bearing capacity of the joint decreased as the temperature increased and that the static 
strength has been improved obviously after reinforcing the joint with several rings. In addition, the 
number of reinforced ring in design is recommended to be 1 or 3. Nguyen et al. [17-18] carried out 
both experimental and parametric studies on the static strength of several CHS T-joints subjected to 
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brace axial compression at different elevated temperatures. It was found that the ultimate bearing 
capacity of the joint decreased obviously as the temperature increased and parameters β and γ have 
more significant effects on the static strength of the joints. An experimental and parametric study 
on the post-fire behavior of circular hollow section T-joints was conducted by Jin et al [19]. 
Residual strengths of the joints after fire exposure and the influence of geometric parameters were 
studied. The results indicated that the failure of the joints is due to local buckling of the chord 
member near the brace/chord intersection, and parameter β has more significant effect on 
load-bearing capacity of the T-joint than γ when the joint endures same elevated temperature. Very 
scarce research work on tubular joints under heating state of fire has been conducted in recent years. 
Yu et al. [20] carried out an experimental investigation to study the mechanical behavior of an 
impacted steel tubular T-joint under fire condition. The joint specimen was impacted first and then 
heated up under constant loading. The experimental results showed that local buckling failure 
occured on the chord wall and that the critical temperature of the impacted joint is higher than the 
one without impact loading. However, all above research work is only focused on circular tubular 
T-joints and there is considerably less research work on fire resistance of square hollow section 
T-joints. Thus, it is necessary to conduct further investigation on the mechanical behavior of SHS 
tubular joints under fire condition. This study is thus carried out to analyze the fire resistance of 
SHS tubular joints through experimental tests. 
 
 
2.    EXPERIMENTAL TEST ARRANGEMENTS 
 
2.1    Test Specimens 
 
Two square hollow section T-joints named SP-T1 and SP-T2 respectively are tested. Figure 1 shows 
the appearance of a T-joint specimen. The brace member is directly welded onto the upper surface 
of the chord member by using penetration weld, and the brace is profiled around the intersection 
before welding to ensure the welding quality. For convenience to apply axial load at brace end, an 
end plate, 300mm×300mm×20mm (length by width by thickness), is welded on the brace end. Two 
end plates with four bolt holes, 450mm×400mm×20mm (length by width by thickness), are welded 
on two chord ends to connect the specimen to supports. Figure 2 shows the schematic view and 
definitions of some symbols for T-joint specimen. The geometric dimensions of the specimens are 
listed in Table 1. As is shown in Table 1, the two T-joints have same geometrical dimensionless 
parameters except for the ratio of brace diameter to chord diameter of the specimen, β. The values 
of this parameter are 0.4 and 0.8 for the two specimens respectively. This design is then to 
investigate the effect of parameter β on fire performance of the T-joints directly through 
experimental results. In addition, the outer length (b0) of the two specimens is constant which 
means the heating height of the braces in furnace is equivalent. As the critical part of the joint is the 
area near the brace/chord intersection, the two T-joint specimens are heated locally around this 
region. The heating lengths of brace and chord in electric heating furnace are 400mm and 895mm 
respectively. All the square steel tubes and end plates are fabricated with Q235B steel which is 
commonly used in Chinese construction industry. The tensile coupon specimens are designed and 
tested according to China code of metallic material--tensile testing at ambient temperature (GBT 
228-2002). The tensile test rig is shown in Figure 3. The measured steel material properties are 
listed in Table 2, and they are the fundamentals in future numerical study. In Table 2, the yield 
stress and the ultimate tensile stress are defined as fy and fu respectively, and E denotes the elastic 
modulus. 
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      Figure 1. Appearance of a T-joint Specimen           Figure 3. Material Tensile Test Rig 
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Figure 2. Schematic View and Definition of Symbols for T-joint Specimen 
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Table 1. Geometrical Dimensions of T-joint Specimens 
Specimen b0 (mm) b1 (mm) t0 (mm) t1 (mm) l0 (mm) l1 (mm) α β γ τ 

SP-T1 200 80 5 5 2000 1000 20 0.4 20 1.0 
SP-T2 200 160 5 5 2000 1000 20 0.8 20 1.0 

 
Table 2. Results of Material Tensile Tests 

Tube diameter (mm) fy (MPa) fu (MPa) E (MPa) 
80 399.5 463.9 187432 
160 364.5 518.8 183834 
200 320.7 442.8 202607 

 
 
2.2   Test Rig 
  
The experimental tests of T-joints are carried out in a specially designed electric heating furnace. To 
heat specimens uniformly, the resistance coils, which are placed on the inner wall of the furnace 
and are used to produce heat when electric current is flowing in them, are arranged evenly in the 
furnace. The air temperature in a space of 900mm×600mm×700mm (length by width by height) 
can be heated up to 1200 ℃. Compared with gas/oil furnace, electric heating furnace has several 
advantages. Firstly, the air temperature in heating process can be controlled accurately by 1 ℃. 
Secondly, the test cost is much lower. During the experimental tests, the air temperatures near the 
surfaces of square tubular T-joint is necessary to agree with ISO 834 standard heating curve. Before 
experiments, the furnace is tested several times, and the final temperature versus time curve 
obtained from testing is compared with ISO 834 standard heating curve, and the comparison is 
shown in Figure 4. As shown in Figure 4, the air temperatures around T-joint surfaces in furnace 
agree with the standard curve reasonably well except for the beginning stage. However, the 
temperatures near resistance coils are higher than air temperatures. In order to satisfy the standard 
fire condition, convection and radiation should be taken into consideration separately for electric 
heating furnace. In future finite element modelling, the air temperature in furnace will be used for 
convection and the resistance coils temperature will be used for radiation. 
 

0 6 12 18 24 30 36 42 48 54 60
0

100

200

300

400

500

600

700

800

900

1000

T
em

p
er

at
u

re
 (
℃

)

Time (min)

 ISO 834 standard heating curve
 air temperature near T-jonit surfaces

 
 

Figure 4. Comparison of Temperature Versus Time Curves  
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Besides electric heating furnace, the test rig includes support and loading devices. The whole test 
rig is shown in Figure 5. Each support is consisted of two I-section beams, two end plates and 
several slats. The end plates of the chord are connected to the support by four bolts. Actually, the 
support can not supply enough stiffness to constrain axial expansion and rotation of chord during 
the heating process. Therefore, the boundary condition can not be regarded as fixed constraint in 
finite element modelling. The main part of the loading device is a jack. The maximum compressive 
force provided by the jack is 300 kN. Before heating the square tubular T-joint, an axial 
compressive load is applied by the jack at the brace end while the freedoms in other directions of 
brace end are free.   
 

 
 

Figure 5. 3D View of Test Devices 
 
2.3    Measuring Method and Instruments 
 
For each SHS T-joint specimen, the displacements at three points are measured during the tests 
including two on chord and one at brace end. The positions of the two points on the chord are 
shown in Figure 6. The brace end displacement is measured by LVDT directly while the 
displacements of points Dc-1 and Dc-2 can not be measured directly because of the high 
temperature in furnace. Therefore, an indirect method to obtain the displacement is adopted by 
using two fixed pulleys and a piece of molybdenum wire. The schematic is shown in Figure 7. One 
end of the wire is fixed on the iron rod which is welded at the measure point and the other end of 
the wire is connected with a LVDT. The two pulleys are used to arrange the LVDT conveniently by 
changing the direction of the molybdenum wire. A weight of 250g is tied at the end of LVDT to 
keep molybdenum straight during the experimental tests. The axial applied load is measured by 
force sensor which is connected with a computer. As shown in Figure 8, the temperatures at three 
points on each T-joint specimen are tested by using K-type nickle-chromium thermocouples. The 
measure point on brace wall is 200 mm away from the chord upper surface. In addition, the 
temperatures of air and resistance coils are also measured during the tests. All the temperatures can 
be shown on screen of control box of the heating furnace. The control box is shown in Figure 9.  
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Figure 6. Arrangement of Displacement            Figure 8. Arrangement of Temperature  
            Measure Points                                 Measure Points 
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Figure 7. Schematic of Indirect Measure Method         Figure 9. View of Control Box of  
                                             Heating Furnace 
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Figure 10. View of the Fixed Thermocouple 
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To measure tube surface temperature accurately, thermocouple should not expose to air and be 
affected by temperature of air in the furnace. Hence, the end of the thermocouple should be packed 
with fire-resistant cotton which is shown in Figure 10. Before fixing thermocouple, a bolt is welded 
on the measure point. A thermocouple is firstly placed near the bolt and covered by a layer of 
fire-resistant cotton. A thin steel plate and a nut are then used to fix thermocouple. Afterwards, the 
above two steps are repeated to ensure the thickness of the cotton. 
 
2.4    Test Procedure 
 
Figure 11 shows a specimen in heating furnace. The fire resistance tests of SHS T-joint specimens 
include two main steps: loading stage and heating stage. Before heating the joint, a constant axial 
load was applied at the brace end. The axial load ratio n is about 0.5, which means the pre-load is 
half of the ultimate bearing capacity of corresponding SHS T-joint at ambient temperature. The 
ultimate strengths of SP-T1 and SP-T2 obtained from finite element analyses by using ABAQUS are 
46kN and 154kN respectively. The static strengths are determined by deformation limit provided by 
Zhao [21]. The pre-loads at brace end are then determined to be 23kN and 77kN respectively. The 
finite element models are built using solid elements to generate the meshes of the two joints. 
Geometrical and material nonlinearity are both taken into consideration in the models. The 
mechanical properties of steel material can be found in Table 2, and the stress-strain relationship is 
defined as ideal elastic-plastic model. As it is very mature for calculating the ultimate strength of 
tubular joints by using finite element method, this technique is not described in details in this study. 
The pre-load is kept for several minutes before heating stage to ensure the specimen is in a stable 
state. Thereafter, the SHS T-joint is heated locally according to a predefined heating curve. During 
the heating process, the temperatures of the air in the furnace and of the heating wires are plotted 
together as shown in Figure 12. It can be seen that the temperature of the air is lower because there 
is a heat transfer process between the air and the heating wires. However, the temperature increase 
is regular for both the air and the heating wires.  
 

 

 
 

Figure 11. View of a Specimen in Heating Furnace 
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   (a) SP-T1                                              (b) SP-T2 

Figure 12. Heating Curves of T-joint Specimens 
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Figure 13. Applied Load Versus Temperature Curves 
 
Figure 13 shows the actual applied load versus chord average temperature curve. The applied load 
is steady in most heating time. However, there is also smaller change of the loading value during 
the experimental tests. The reason is that the hydraulic device is not sensitive to tiny changes of 
pressure, and hence it can not react unless the change value of load is big or small enough. In 
addition, as the brace end is not constrained, the brace can move up firstly due to expansion of steel 
and then move down due to the compressive displacement of the chord surface.  
 
 
3.    RESULTS AND ANALYSES 
 
3.1    Failure Mode 
 
In general, local buckling failure of chord is observed for both specimens SP-T1 and SP-T2, which 
is shown in Figure 14. The main reason is that the transverse stiffness of chord is much lower than 
the axial stiffness of brace when the specimen is subjected to axial external load at brace end. For 
the first specimen SP-T1, there is no obvious deformation on the brace wall. Additionally, the 
bottom surface of the chord has clear bulge deformation. The reason may be that residual 
deformation caused by welding exists. In this case, the bottom surface of the chord is not flat, and 
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such deformation may occur if the bottom surface has an initial convex deflection. Hence, initial 
deformation should be taken into consideration in future finite element modelling. For the second 
specimen SP-T2, minor deformation occurred on the brace wall near the weld toe while there is no 
clear deformation on the bottom surface of the chord.  
 
As the elastic modulus is deteriorated severely at elevated temperature, the flexural stiffness of the 
top surface of the chord reduces greatly. The existence of high stress concentration around the weld 
on the chord surface causes failure to occur in local region near the weld toe. In high temperature, 
such failure is especially easier because the deterioration of the flexural stiffness of top surface of 
the chord. Figure 14 shows local failure around the weld toe is much dominant for the T-joints at 
elevated temperature. The chord, however, has very minor global flexural deformation during the 
heating process.  
 

       
(a) SP-T1 

 

         
(b) SP-T2 

 
Figure 14. Failure Mode of the Specimens 

 
3.2   Displacement Versus Temperature Curves 
 
To reduce measurement error caused by expansion of molybdenum wire during heating the T-joint, 
the elongation of a molybdenum wire with a 250 g weight in fire condition is tested before the 
experimental tests. The heated length of the wire is 900 mm. The results obtained from testing are 
shown in Figure 15. It is clear that a total displacement of approximate 1.7mm occurs in the 
molybdenum wire. This displacement should be extracted from the total displacement of the 
specimen.   
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(a) SP-T1                                          (b) SP-T2 

Figure 16. Corrected Displacement Versus Temperature Curves of T-joint Specimens 
 
After eliminating the influence of the molybdenum wire, the curves of displacement versus 
temperature for both specimens obtained from experimental tests are plotted in Figure 16. A 
negative displacement denotes a compressive deformation. It can be seen from the curves that there 
are three stages in failure process of T-joint specimen in fire condition. In the first stage, the initial 
displacement caused by pre-load decreases slightly as the temperature increases. In this stage, 
expansion of the specimen in heating process is dominant, and such expansion will definitely 
reduce the compressive deformation. As the brace end is not fixed in its axial direction, the brace 
has a tensile deformation due to expansion, which can reduce the compressive displacement of the 
brace. It can also be seen that the decrease of the compressive displacement of the brace has an 
approximately linear relationship with the increase of the temperature in this stage. 
 
In the second stage, the displacements begin to increase gradually after the temperature exceeds 
certain value. In this stage, the expansion of the steel can not compensate for the deterioration of 
the steel stiffness and steel strength, and hence expansion is not still dominant. The deterioration of 
steel mechanical properties becomes a key factor to cause the specimens to deform gradually. In the 
last stage, the displacements increase abruptly and drastically which means the failure of T-joint 
specimens.  
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However, there are some differences between the two specimens. For the first specimen, it can be 
seen that a larger expansion displacement occurs in the first stage. Additionally, the failure process 
of the first specimen seems to be more gradual. Figure 16(b) shows the displacement of the second 
specimen increases suddenly in a much faster way after temperature exceeds 500℃. This means the 
failure occurs in a much shorter time for SP-T2. Further study is necessary to be conducted for 
studying the effect of joint geometry on the failure mode. 
 
3.3  Displacement Versus Time Curves 
 
The displacement versus time curves for specimen SP-T1 and SP-T2 obtained from experimental 
tests are plotted in Figure 17. As shown in Figure 17, the curves can also be divided into three 
stages. In the first stage (time less than 200 seconds), the displacement is almost unchanged because 
the material property of the steel in this time has minor change. In the second stage (200 seconds ~ 
600 seconds for the first specimen, and 200 seconds ~700 seconds for the second specimen), a 
positive displacement occurs and its value increases with the increase of temperature. This positive 
displacement is due to the expansion of the chord tube in transverse direction in higher temperature. 
In the third stage (after 600 seconds for the first specimen, and after 700 seconds for the second 
specimen), the compressive displacement for both specimens increases. However, the displacement 
of the first specimen increases quite gradually while it increases sharply for the second specimen. It 
can be seen from Figure 17(b) that the displacement increases to 40 mm in the third stage within 
100 seconds for the second specimen. For the first specimen, however, such time increases to be 
more than 800 seconds, which means the deformation of this specimen has an accumulating 
process. 
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(a) SP-T1                                                (b) SP-T2 

Figure 17. Displacement Versus Time Curves of T-joint Specimens 
 
The relationship between the displacement and the heating time can be explained from Figure 14. 
As seen from the final failure mode of the specimens after heating process, most deformation is 
caused by the top surface of the chord around the brace/chord intersection. From the view of the 
cross section of the specimens after tests, the top surface of the chord can be simplified to be a plate 
supported by the two side walls of the chord tube. The top surface of the chord inside the brace tube 
can not deform due to the constraints of the brace member. The remaining top surface of the chord, 
however, has a bending deformation when the joint is subjected to compressive loading at brace 
end. For the first specimen, the value of  is smaller than that of the second specimen, which means 
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a larger region of the top surface of the chord behaves as a bending plate, as shown in Figure 14(a). 
The two side walls of the chord tube provide elastic support for the top surface, and they deforms 
cooperatively. As the bending deformation of the top surface of the chord is an accumulating 
process, the displacement increases gradually. However, for the second specimen, as seen from 
Figure 14(b), a much bigger value of  causes most top surface of the chord to be inside the brace 
tube. Therefore, the deformation of the top surface is restricted by the brace. There is much minor 
bending deformation of the top surface of the chord. The two side walls of the chord tube can be 
still considered as supports to the top surface although the top surface can not bend easily. When 
the temperature increases to certain value, the deterioration of the steel material causes the stiffness 
of the tube wall to reduce greatly, and the two side walls of the chord fail suddenly. This is why the 
displacement of the second specimen increases sharply after the heating time exceeds certain value.  
 
 
4.   CONCLUSIONS  
 
Experimental study for fire resistance of square hollow section T-joints has been provided in this 
paper. The failure process and the failure mode for the tested specimens have been studied. From 
experimental observation, it is found that local buckling failure occurred on the chord surface near 
the brace/chord intersection for both specimens. The failure process of the joints includes initial 
expansion of the steel material, a deforming process caused by severe deterioration of the steel 
materials and a quick failure of the specimen after temperature exceeds certain value. However, the 
geometry of the tubular joint has a remarkable effect on the failure process.  
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ABSTRACT: Seismic responses of straight line type and broken line type transmission tower-line systems subjected 
to non-uniform seismic excitations are studied in this paper. Three-dimensional finite element models of the straight 
line type and broken line type transmission tower-line coupled systems are established, respectively. Based on power 
spectral density function, coherency loss function and code for design of seismic of electrical installations, spatial 
variation of seismic ground motions are synthesized. Using nonlinear time history analysis method, the influence of 
wave passage effect, coherency loss effect and different local site effect on the seismic response of two type 
transmission tower-line systems are investigated, respectively. The results show that the assumption of uniform 
ground motion could not provide accurate responses of the two type transmission tower-line systems. Non-uniform 
seismic excitations increase the axial force of transmission tower, and the vertical displacement and tension force of 
transmission lines. Neglecting these effects will underestimate the response of the two type transmission tower-line 
systems. The effect of non-uniform ground motions should be considered in seismic design for the straight line type 
and broken line type transmission lines practical engineering. 

Keywords: non-uniform seismic excitations, transmission tower-line system, nonlinear time history, wave 
passage effect, coherency loss effect, local site effect 

 
 

1.  INTRODUCTION 
 

Due to the influence of buildings and other important regions, or to prevent the collapse of 
straight line type, transmission lines are often arranged as a broken line type in practical 
engineering. Because of the importance of an angle tower, it is necessary to study the seismic 
response of the broken line type transmission line (Yin et al. [1]). With the voltage and capacity of 
transmission line improving, the height of transmission tower and the span of transmission line 
increase, and the spans of most transmission lines are larger than 100 m. The ground motions at the 
bottom of all towers are different because of the difference in arrival times of seismic waves at 
different supports, the coherency loss effect owing to reflections and refractions of the waves in the 
heterogeneous media of the ground, and the local site effect due to different local soil properties 
(Zerva and Harada [2]).  

 
In recent decades, the transmission tower-line systems were often destroyed during earthquake, and 
many studies about the seismic responses of transmission lines have been conducted. Ghobarah et 
al. (Ghobarah et al. [3]) investigated the effect of multi-support excitations on the lateral responses 
of overhead power transmission lines, and transmission towers were modeled by space truss 
elements and the cables were modeled by straight two node elements. Li et al. [4, 5, 6] have 
completed a number of investigations on seismic problems of coupled system of long-span 
transmission towers. Tian et al. [7] synthesized multi-support time histories of earthquake ground 
motion and analyzed the power transmission tower-line system under multi-support excitations 
considering traveling-wave and coherency loss effect, and the results showed that it was necessary 
to consider multiple support excitations in transmission tower-line system analysis. In all these 
studies, the transmission tower-line systems were assumed to the straight line type structure. There 
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is no study about the seismic response of the broken line type structure, not to mention the seismic 
analysis of this type structure under non-uniform seismic excitations. 
 
Based on the above research, seismic response of the broken line type transmission tower-line 
system subjected to non-uniform seismic excitations is performed using nonlinear time history 
analytical method. In order to compare with the seismic response of the broken line type structure, 
the response of the straight line type system is also analyzed. According to a practical engineering, 
the finite element models of two types are established, respectively. The transmission towers are 
modeled by beam elements, while the transmission lines are modeled by cable elements that 
account for the geometric nonlinear of cable structures. Non-uniform seismic ground motions are 
simulated considering power spectral density function, coherency loss function and code for design 
of seismic of electrical installations. The influence of wave passage effect, coherency loss effect 
and different local site effect on seismic response of the straight line type and broken line type 
transmission tower-line systems are investigated, respectively.  
 
 

2.   STRUCTURAL MODEL 
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Figure 3. Three-dimensional Finite Element Model of Three Towers and 
Four-span Lines Coupled System 

Figure 1 shows the tower size. The tower is 58.1 m high, and its weight is approximately 30 t. The 
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structural members of the tower are made of angle steel with the elastic modulus of 206 GPa. The 
schematic diagram of transmission line is shown in Figure 2. It can be seen from the Figure 2 that 
the angle  of the broken line type and straight line type transmission tower line systems are 150o 
and 180o, respectively. The direction of seismic wave propagation can be seen in Figure 2. Using 
SAP2000 software, three-dimensional finite element tower-line system is established according to a 
practical project. Figure 3 shows the three-dimensional finite element model of three towers and 
four-span lines coupled system, and the straight line type and broken line type of transmission 
tower line system are established, respectively. The tower is modeled by 1883 space beam members 
and 727 nodes, and the connections of members are rigid. It has been approved that the numerical 
results of transmission tower according to beam element are close to the test results (Deng et al. 
[8]), so the beam element are selected for the simulation of transmission tower. The types of 
transmission ground line and conductor are JLB40-150, LGJ-400/35 and LGJ-240/30, respectively. 
The upper 8 cables are ground lines and lower 48 cables are two bundled conductor. The spans to 
adjacent towers are all 400 m. The base points of the transmission tower are fixed to the ground and 
the connections between transmission towers and lines are hinged by insulators. The transmission 
lines from upper to down are numbered ①, ②, ③, ④, ⑤, ⑥ and ⑦, respectively.  
 
The initial axial force and large deformation effect of cable are taken into consideration. Under self 
weight, the cable spatial configuration is a catenary. Based on the coordinate system illustrated in 
Figure 4, the mathematical expression used to define the initial geometry of the cable profile is 
given in the following form (Shen et al. [9]) 
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Figure 4. Coordinates of a Single Cable under Self-weight 
 
 
3.   SIMULATION OF SPATIALLY VARYING GROUND MOTIONS 
 
The ground motion cross power spectral density function of spatial ground motions at point i  and 
j  on the ground surface can be written as 

 

     ,ij g ij ijS S d                                                        (2) 

where,  gS   is a power spectral density function.  ,ij ijd   is an empirical coherency 
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function. 
 
3.1  Power Spectrum Density Function 
 
Clough-Penzien model is selected (Clough and Penzien [10]), and its power spectral density 
function can be expressed as 
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in which 0S  is a scale factor depending on the ground motion intensity, g  and g  are the 

predominant frequency and damping ratio of the first filter, f  and f  are those of the second 

filter. Reference (Tian and Li [11]) gives the parameters of Clough-Penzien model according to the 
Code for Design of Seismic of Electrical Installations (GB 50260-96 [12]). 
 
3.2  Coherency Loss Function 
 
In this paper, the coherency loss function is derived from recorded strong ground motions at 
SMART-1 array by Hao et al. (Hao et al. [13]; Hao [14]). The coherency loss function between 
ground motions at two points i  and j  on ground surface is 
 

   , , i d vij app

ij ij ij ijd d e                                                        (4) 

 
where, app  is the apparent wave propagation velocity and the exponential function represents the 

influence of the wave passage effect.  ,ij ijd   can be expressed as 
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in which l

ijd  and t
ijd  are the projected and vertical distance in the wave propagation direction 

between points i  and j  on ground surface, respectively.  1   and  2   are functions 

with the form 
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where, the constant a , b , c , d, e, g, 1 and 2 can be obtained by least-squares fitting the 
coherency function of recorded motions. The constants in coherency function are a =3.58310-3, 
b =-1.81110-5, c =1.17710-4 d=5.16310-3, e=-7.58310-6, g=-1.90510-4, 1=1.10910-4, and 
2=6.73010-5, which were obtained by processing recorded motions during event 45 at the 
SMART-1 array. In order to compare the change of the coherency loss, different degrees of 
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coherency loss are selected according to the previous study (Bi et al. [15]). 
 
3.3  Simulation of Non-uniform Ground Motions  
 
A stochastic approach based on random vibration analysis is used, and the simulated ground motion 
time history is iterated to be compatible with the response spectrum defined in Code for Design of 
Seismic of Electrical Installations. The transmission tower-line system is assumed to be located in 
the medium firm soil with peak longitudinal ground acceleration 0.4 g. The intensity of the 
transverse component and vertical component, as stated in the code, are 0.85 and 0.65 times of the 
longitudinal component, respectively. According to Penzien and Watable’s research (Penzien and 
Watabe [16]), the three components of ground motions along a set of principal axes are 
uncorrelated. In this study, the three components of the ground motion are assumed to be directed 
along the principal axes. Based on the above method, multi-support and multi-component ground 
motions time histories are generated. Figure 5 gives acceleration time histories of all base points of 
transmission tower in the three-dimensional direction.  
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Figure 5. Acceleration Time Histories of All Base Points of  

Transmission Tower in Three-dimensional Direction 
 
 
4.   NUMERICAL ANALYSIS AND DISCUSSION 
 
Seismic responses of the straight line type and broken line type transmission tower-line systems 
subjected to spatially varying ground motions are analyzed using nonlinear time history analysis 
method. The geometric nonlinearity is taken into account due to large deformation, and the effect of 
P   is also considered. The damping ratios of the tower and line are assumed to be 0.02 and 0.01, 
respectively. The HHT method is applied in the numerical integration. In order to obtain reliable 
calculation results, three independent numerical calculations are carried out using the three sets of 
independently simulated spatial ground motions as input. Mean value are obtained from the three 
numerical calculation results. 
 
4.1  Analysis Case 
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A total of 17 cases, seismic excitations of spatially varying ground motions are shown in Table 1. 
Firm, medium firm, medium soft and soft sites are denoted by F, MF, MS, S, respectively. Case 1 is 
the uniform excitation, because apparent velocity, coherency and soil condition are infinite, 
completely correlated and medium firm site, respectively. In order to investigate the effect of wave 
passage influence on the structural response, the coherency and soil condition of case 210 are 
highly correlated and medium firm site, respectively. To research the effect of coherency loss 
influence on the structural response, the apparent wave and soil condition of case 6, 1114 are 
1000m/s and medium firm site, respectively. To study the effect of local soil condition influence on 
the structural response, the apparent wave and coherency of case 6, 1517 are 1000m/s and highly 
correlated, respectively. 
 

Table 1. Analysis Cases of Non-uniform Seismic Excitations 
Soil condition 

Case 
Apparent 
velocity 

Coherency 
1# tower  2# tower 3# tower 

Case 1 infinite Perfectly MF MF MF 

Case 2 200 m/s Highly MF MF MF 

Case 3 400 m/s Highly MF MF MF 

Case 4 600 m/s Highly MF MF MF 

Case 5 800 m/s Highly MF MF MF 

Case 6 1000 m/s Highly MF MF MF 

Case 7 1200 m/s Highly MF MF MF 

Case 8 1600 m/s Highly MF MF MF 

Case 9 2000 m/s Highly MF MF MF 

Case 10 3000 m/s Highly MF MF MF 

Case 11 1000 m/s Uncorrelated MF MF MF 

Case 12 1000 m/s Weakly MF MF MF 

Case 13 1000 m/s Intermediately MF MF MF 

Case 14 1000 m/s Completely MF MF MF 

Case 15 1000 m/s Highly F MF F 

Case 16 1000 m/s Highly MS MF MS 

Case 17 1000 m/s Highly S MF S 
 

4.2  Effect of Wave Passage 
 
To study the effect of apparent velocity, nine different velocities of wave propagation are 
considered in the analysis, 200 m/s (Case 2), 400 m/s (Case 3), 600 m/s (Case 4), 800 m/s (Case 5), 
1000 m/s (Case 6), 1200 m/s (Case 7), 1600 m/s (Case 8), 2000 m/s (Case 9) and 3000 m/s (Case 
10), to cover the range of practical propagation velocities in the engineering. In all these cases, the 
coherency loss and soil condition of ground motion are assumed to be highly correlated and the 
medium firm site, respectively. 
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Table 2. Comparison of Displacements at the Top of Tower under  
Different Traveling Wave Velocities 

Straight line type Broken line type 
Case 

Longitudinal Transverse Longitudinal Transverse 

Case 1 1.00 1.00 1.00 1.00 

Case 2 6.56 1.10 4.20 1.37 

Case 3 6.18 1.06 3.26 1.31 

Case 4 3.68 1.11 2.65 1.34 

Case 5 2.53 1.37 2.03 1.37 

Case 6 1.68 1.03 1.61 1.48 

Case 7 1.37 1.04 1.58 1.22 

Case 8 1.44 1.05 1.42 1.11 

Case 9 1.36 1.05 1.33 1.13 

Case 10 1.46 1.10 1.30 1.05 
 

The response of the structure under uniform excitation is normalized. The normalized 
displacements at the top of 2# tower under different traveling wave velocities are given in Table 2. 
It can be seen from the table that the longitudinal displacements of the straight line type and broken 
line type have a decreasing tendency with the increasing wave velocity, but those all larger than that 
under uniform excitation, and the amplification of the straight line type is larger than that of the 
broken line type. For the transverse displacement, the difference between the straight line type and 
the broken line type is very large, and the amplification of the broken line type is greatly larger than 
that of the straight line type. 
 
The maximum values of the axial force of 2# transmission tower under different traveling wave 
velocities are shown in Figure 6. It can be seen from the figure 6 that the variations of the two type 
models are similar. The axial forces increase gradually with the decrease of the traveling wave 
velocities. The maximum axial forces of two type models appear when the velocity is 200 m/s, and 
the axial forces are 3.7 and 2.2 times as the cases under uniform excitation, respectively. The axial 
forces considering wave passage effect are larger than those under uniform excitation. The change 
of the axial force of the straight line type system is very little when the velocity exceeds 1000 m/s, 
but the axial forces of the broken line type system decrease gradually with the increasing velocity. 
 
Figure 7 shows the maximum value curves of the vertical displacements of transmission lines under 
different traveling wave velocities. Owing to the effect of the broken line, the shapes of the vertical 
displacements have changed. The variations of the two type models considering wave passage 
effect are similar. With the decrease of traveling wave velocities, the vertical displacements of 
transmission lines increase and are amplified strongly. The vertical displacements of transmission 
lines decrease with the increasing wave velocity. When the velocity exceeds 1000 m/s, the 
variations of the displacements of two type models are very little but all displacements are larger 
than those under uniform excitation. 
 
As shown in Figure 8, the maximum value curves of tension forces of transmission lines under 
different traveling wave velocities are given. It can be seen from the figure 8 that the tension forces 
of two type models considering wave passage effect are larger than those under uniform excitation. 
The maximum tension forces of transmission lines of the two type models can be obtained when 
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the velocity is 400 m/s, and the others velocities have different influence on the two type models. 
With the increasing velocity, the tension forces decrease gradually and are close to the response of 
structure under uniform excitation. Neglecting the wave passage effect of ground motion, the 
tension forces of transmission lines of the two type models could be underestimated by more than 
160%. 
 
According to the variations of the displacement and internal force responses of transmission tower 
and transmission lines considering the change of traveling wave velocity, the wave passage effect 
has a significant influence on the straight line type and broken line type structures. The responses of 
the two type models are very large when the wave velocities are low, and the responses of the two 
type models decrease gradually with the increasing wave velocity and are close to the cases under 
uniform excitation. Different traveling wave velocities have different influence on the responses of 
the two type models. Therefore, the traveling wave velocity can not be ignored for the straight line 
type and broken line type systems. 

0 10 20 30 40 50 60
0

500

1000

1500

A
xi

al
 f

or
ce

(k
N

)

Height(m)

 Case1   Case4
 Case2   Case5
 Case3   Case6

                      Case7  
                      Case8
                      Case9 
                      Case10

          
0 10 20 30 40 50 60

0

600

1200

1800

A
xi

al
 f

or
ce

(k
N

)

Height(m)

 Case1   Case4
 Case2   Case5
 Case3   Case6

                      Case7  
                      Case8
                      Case9 
                      Case10

 
(a) Straight line type                        (b) Broken line type 

 
Figure 6. Axial Forces of Tower under Different Traveling Wave Velocities 
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Figure 7. Vertical Displacements of Transmission Lines under Different Traveling Wave Velocities 
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Figure 8. Tension Forces of Transmission Lines under Different Traveling Wave Velocities 
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4.3  Effect of Coherency Loss 
 
To investigate the effect of coherency loss, uncorrelated (Case 11), weakly (Case 12), 
intermediately (Case 13), highly (Case 6), and completely correlated (Case 14) ground motions are 
considered, respectively. It should be noted that the correlation as low as uncorrelated does not 
usually occur at short distances, unless there are considerable changes in the local geology from 
one support to the other. In all these cases, the apparent velocity and soil condition of ground 
motion are assumed to be 1000 m/s and the medium firm site, respectively. 
 
The response of the structure under uniform excitation is normalized. Table 3 shows the normalized 
displacements at the top of 2# tower under different degrees of coherency loss. The longitudinal 
displacement of the straight line type system increases with the decrease of the degree of coherency 
loss, but the variation of the broken line type system’s displacement is little with the change of the 
degree of coherency loss. The transverse displacement of the straight line type has an increasing 
tendency with the decrease of the degree of coherency loss, and its amplification varies 
significantly. The transverse displacement of the broken line type system has changed 
indistinctively with the degree of coherency loss varying. 
 

Table 3. Comparison of Displacements at the Top of Tower under  
Different Degrees of Coherency Loss 

Straight line type Broken line type 
Case 

Longitudinal  Transverse Longitudinal Transverse 

Case 1 1.00 1.00 1.00 1.00 

Case 11 1.61 0.97 1.38 1.28 

Case 12 1.68 1.03 1.61 1.48 

Case 13 2.40 1.30 2.20 1.35 

Case 6 3.16 1.51 2.38 1.39 

Case 14 5.03 1.54 3.04 1.36 

 
Figure 9 shows the maximum values of axial force of 2# transmission tower under different degrees 
of coherency loss. It can be seen from the figure that the responses of two type models have an 
increasing tendency with the decrease of the degree of coherency loss. The maximum axial forces 
appear when the coherency loss is uncorrelated, and the axial forces of two type models are 3.7 and 
2.2 times as the cases under uniform excitation, respectively. The degree of coherency loss has a 
significant influence on the variation of transmission tower’s axial forces, and the axial forces have 
a decreasing tendency with the degree of coherency loss increasing.  
 
As shown in Figure 10, the maximum value curves of the vertical displacements of transmission 
lines under different degrees of coherency loss. Two type models have an increasing tendency with 
the decrease of the degree of coherency loss. The change of coherency loss has a great influence on 
the vertical displacement of transmission lines for the straight line type system, but the vertical 
displacements of transmission lines are affected insignificantly by the change of coherency loss 
except for uncorrelated and weakly correlated. 
 
The maximum value curves of tension forces of transmission lines under different degrees of 
coherency loss are shown in Figure 11. The change of coherency loss has little influence on the 
tension force of transmission line for the straight line type system, so the change of coherency loss 
can be ignored. The tension forces of transmission lines are affected slightly by the change of 
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coherency loss except for uncorrelated and weakly correlated for the broken line type system. 
Neglecting the coherency loss effect of ground motion, the tension forces of transmission lines of 
two type models could be underestimated by more than 80% and 120%, respectively. 
 
The variations of the displacement and internal force responses of transmission tower and 
transmission lines considering the change of coherency loss can be obtained from the above 
analysis. The change of the degree of coherency loss has a great influence on the responses of the 
two type models except for the tension forces of transmission lines for the straight line type. The 
responses of structures are affected insignificantly by the change of coherency loss except for 
uncorrelated and weakly correlated for the broken line type system, but the correlation as low as 
uncorrelated and weakly occur at long distances, so the change of coherency loss could not be 
considered at short distances. Neglecting the coherency loss effect of ground motion could 
underestimate the responses of the straight line type and broken line type systems. 
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Figure 9. Axial Forces of Tower under Different Degrees of Coherency Loss 
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Figure 10. Vertical Displacements of Transmission Lines under  
Different Degrees of Coherency Loss 
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Figure 11. Tension Forces of Transmission Lines under Different Degrees of Coherency Loss 
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4.4  Effect of Local Site 
 
In order to research the effect of local site, MF-MF-MF (Case 6), F-MF-F (Case 15), MS-MF-MS 
(Case 16) and S-MF-S (Case 17) are considered. In all these cases, the apparent velocity and 
coherency of ground motion are assumed to be 1000 m/s and highly correlated, respectively. 
 
The response of the structure under uniform excitation is normalized. Table 4 shows the normalized 
displacements at the top of 2# tower under different site conditions. The longitudinal displacements 
of the straight line type and broken line type structures increase with the degree of the difference of 
the site condition increasing. The change of site condition has little influence on the transverse 
displacement of two type models, but the amplification of the broken line type system is larger than 
that of the straight line type system. 
 

Table 4. Comparison of Displacements at the Top of Tower under Different Site Conditions 

Straight line type Broken line type 
Case 

Longitudinal  Transverse Longitudinal  Transverse 

Case 1 1.00 1.00 1.00 1.00 

Case 6 1.68 1.03 1.61 1.48 

Case 15 2.20 1.03 1.77 1.39 

Case 16 1.62 1.04 1.62 1.36 

Case 17 2.32 1.07 1.94 1.54 
 
Figure 12 shows the maximum values of axial force of 2# transmission tower under different site 
conditions. The site condition has obvious influence on the response of the straight line type system, 
and the axial force of the tower in the different sites is larger than that in the same site. The site 
condition has a significant influence on the response of the broken line type system, and the 
response increases with the degree of the difference of the site condition increasing. 
 
As shown in Figure 13, the maximum value curves of the vertical displacements of transmission 
lines under different site conditions are given. The great differences of site conditions magnify 
strongly the vertical displacement of transmission line for the straight line type system, but the 
change of vertical displacement is little when the difference of site conditions is small. The vertical 
displacement increases gradually with the degree of the difference of site condition increasing for 
the broken line type system. 
 
The maximum value curves of tension forces of transmission lines under different site conditions 
are shown in Figure 14. The tension forces of the two type models increase gradually with the 
degree of the difference of site condition increasing, but the amplification of the straight line type 
system is larger than that of the broken line type system. Neglecting the local site effect of ground 
motion, the tension forces of transmission lines of two type models could be underestimated by 
more than 100% and 70%, respectively. 
 
The variations of the displacement and internal force responses of transmission tower and 
transmission lines considering different site conditions can be obtained from the above observations. 
The two type models have an increasing tendency with the degree of the difference of site 
conditions increasing. The change of the site conditions has a greater influence on the response of 
the straight line type system than that of the broken line type system. Therefore, it is necessary to 
consider the local site effect of ground motion, especially for the straight line type system. 
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Figure 12. Axial Forces of Tower under Different Site Conditions 
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Figure 13. Vertical Displacements of Transmission Lines under Different Site Conditions 
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Figure 14. Tension Forces of Transmission Lines under Different Site Conditions 

 
 
5.   CONCLUSIONS 
 
The effect of non-uniform ground motions on the response of the straight line type and broken line 
type transmission tower-line systems have been investigated in this paper. The influence of wave 
passage effect, coherency loss effect and different local site effect on the system are considered, 
respectively. Based on the numerical results and analysis, the following conclusions are drawn: 
 
(1) The wave passage effect has a significant influence on both the straight line type and broken 
line type models. Neglecting the wave passage effect in analysis, the structural responses would be 
underestimated. The traveling wave velocity can not be ignored for the straight line type and 
broken line type systems. 
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(2) The change of the degree of coherency loss has a great influence on the response of structures 
except for the tension forces of transmission lines for the straight line type system. The responses of 
structures are affected insignificantly by the change of coherency loss except for uncorrelated and 
weakly correlated for the broken line type system. Neglecting the coherency loss effect of ground 
motion, the responses of the straight line type and broken line type systems would be 
underestimated. 
 
(3) The two type models have an increasing tendency with the degree of the difference of site 
conditions increasing. It is necessary to consider the local site effect of ground motion, especially 
for the straight type system. 
 
This study demonstrates that the non-uniform seismic excitations are very important to not only the 
straight line type transmission tower-line system but also the broken line type transmission 
tower-line system. In order to obtain a general conclusion, more studies should be investigated 
about broken line type transmission tower-line system. 
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ABSTRACT: Concrete-filled steel tubular (CFST) arches with corrugated steel web (CSW) are a new developing 
type of arches, which combine the high strength of CFST and good shearing resistance of CSW. This paper studies 
the behaviour of CFST arches with CSW (or CFST-CSW arches) under in-plane and out-of-plane loading conditions. 
A series of experiments was conducted. The displacement and strain of CFST-CSW arch models under different 
loading schemes were measured. These experiments enabled the direct assessment of the load-deflection and failure 
mode of the CFST-CSW arches. The effectiveness of this new arch type verified by comparison of a reinforced 
concrete arch model with CSW in terms of the ultimate load and failure mode. 

Keywords: Concrete-filled steel tube (CFST), Corrugated steel web (CSW), Arch, Load-carrying capacity, Failure 
mode 

 
 
1.  INTRODUCTION 
 
A concrete-filled steel tube (CFST), which consists of a thin-walled steel tube and a concrete core, 
fully utilizes the geometric efficiency and mechanical characteristics of both components. The 
concrete infill is confined by the steel tube, resulting in a triaxial state of compression and 
increasing the strength and ductility of the concrete. On the other hand, the concrete core improves 
the local and global buckling capacity of the steel tube (Zhao et al. [1]). Given these merits, CFST 
has been widely used in columns, piers, and arches where compression is dominant (Zhong [2], 
Bradford et al. [3], Roeder et al. [4], Pi et al. [5]). 
 
To enhance the bending stiffness and stability, laced CFST structures (named as truss rib in CFST 
arches), which utilize two or more CFST members tied together by either laced steel hollow tubular 
members or battened members, are used as columns or arches (Bode [6], Chen and Wang [7]). 
More than 200 CFST arch bridges have been constructed in China because of their low fabrication 
costs and fast erection. Among them, 33 bridges with spans greater than 200 m adopt CFST truss 
ribs (Chen and Wang [7]). One example is the 460 m span Wuxia Yangtze River Bridge, which is 
the longest CFST arch bridge in the world (Mu et al. [8]). However, for most of the long span 
CFST arches with quite slender ribs, buckling is one of the major concerns in the design. Moreover, 
there is no prescriptive code or guidance available for the strength design of CFST arches. Research 
of laced CFST structures is also limited. Ou et al. [9] performed an experimental study of the 
ultimate load of the laced CFST column. They found that the shear effect resulting from laced 
members or battened members reduced the ultimate load when the column is slender. Experimental 
investigation by Chen and Huang [10] showed that when the CFST truss girder was subjected to 
bending, the failure of joints considerably reduces the ultimate load. Furthermore, the welding 
intersection between the laced tube (or tubular web) and chords generally governs the fatigue life, 
which is also critical in construction and quality control. 



100                       Ex perimental Study of Concrete-filled Steel Tubular Arches with Corrugated Steel Webs 

In recent years, the corrugated steel web (CSW) has been commonly employed in steel girders and 
prestressed concrete girders because CSW not only enhances shear stability, but also reduces the 
self-weight (dead load) (Elgaaly et al. [11], Johnson and Cafolla [12], Chan et al. [13], Li et al. 
[14]). The CFST structure with CSW was proposed, motivated by the Val de Maupre Viaduct, in 
which the steel tubular web members in a truss system were substituted for CSW without 
tube-to-tube welding intersection (Brozzetti [15], Chen and Wang [16], Wei et al. [17]). 
 
The combination of the CFST and CSW forms a new structure component (briefly referred to as 
CFST-CSW), whereas some new issues such as buckling of the CSW, ultimate load-carrying 
capacity, and failure modes under different loading conditions have not been sufficiently studied. 
Gao and Chen [18] carried out experiments on a CFST-CSW beam under bending. The results 
indicated that the flexural rigidity and ultimate load-carrying capacity of the CFST-CSW beam 
considerably improved compared with the CFST truss beam. Furthermore, Gao and Chen [19] 
conducted experiments on a CFST-CSW column. The results demonstrated that the mechanical 
behavior of the CFST-CSW column is similar to the CFST laced columns. Compared with CFST, 
CFST-CSW columns have a small shear deformation, indicating that CSWs have good shear 
resistance. 
 
This paper extends the previous studies on CFST-CSW structures and applies it to arches. Three 
CFST-CSW arch models were tested in the laboratory, in which in-plane and out-of-plane loadings 
were applied. The structural responses, including displacement and strain under different loading 
conditions, were measured and analyzed. The ultimate load-carrying capacity and the failure mode 
of the CFST-CSW arches were investigated, as well. 
 
 
2.  EXPERIMENTAL INVESTIGATION 
 
2.1  Physical Models 
 
Three CFST-CSW arches with identical geometric dimensions but under different loading schemes 
were designed and tested. The first two models, ACSW-1 and ACSW-2, were tested under in-plane 
loading with different vertical loading schemes. The former was loaded symmetrically at 5/12 and 
7/12 of the span, whereas the latter was loaded at 2/3 and 5/6 of the span, as shown in Figure 1(a) 
and Figure 1(b), respectively. During the test of the third arch model, ACSW-3, five in-plane 
vertical loads were applied simultaneously with a lateral load at the arch crown. The magnitude of 
the lateral load (P/10) was 2% of the total vertical loads (5P), as shown in Figure 1(c).  
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(a) ACSW-1             (b) ACSW-2              (c) ACSW-3 

 
Figure 1. Arch Models and Loading 

 
One typical arch model is shown in Figure 2. The arch has a parabolic profile. It has a rise of 1.556 
m and a span of 6.223 m (measured from the center of both springings), giving a rise to span ratio 
of 1/4. Its uniform cross section is 300 mm deep and 275 mm wide. The arch consists of four 
CFSTs connected by two continuous vertical CSWs and two series of transverse bracings. Each 
tubular chord is 75 mm in diameter with a thickness of 1.8 mm. The 2 mm thick CSW was welded 
continuously to the top sides of the bottom tubular chords and bottom sides of the upper tubular 
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chords along the arch axis. The geometrical size of the CSW is shown in Figure 2(c). The 
transverse bracings are steel tubes with 40 mm in diameter and 2 mm in thickness, and welded at a 
uniform spacing of 195 mm in both top and bottom chords. The average yield stress of the steel was 
tested to be 335 MPa, and the average ultimate strength was 417 MPa. The Young’s elastic modulus 
of steel was 210 GPa. The average ultimate strength of concrete was 44 MPa with the Young’s 
modulus of 34.7 GPa. 
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(b) Cross-section                     (c) CSW 
 

Figure 2. Configuration of the Arch Model (unit: mm) 
 
The arch models were fixed on two stiffened steel pedestals at ends. Supports were made up of 
triangular steel plates placed on a reinforced concrete block anchored to the ground. The supports 
restricted the horizontal displacement and rotation of the arch springing, simulating the fixed 
support conditions. 
 
The load step was designed according to the preliminary analysis of the arch. At each load step, the 
loading was kept constant for at least three minutes to stabilize the response. The load P was 
applied gradually using hydraulic jacks on loading frames. The load jacks were driven by several 
oil-pumps that were mechanically coupled to ensure synchronization. The operating capacity of 
each jack was approximately 600 kN. Two overhead braced steel frames provided the required 
support for the jacks. Load cells, one at each jack location, were used to measure the applied loads. 
The magnitude of the applied loads was determined from the predefined nominal strains. The 
minimum load per jack was 5 kN, which corresponds to a minimum nominal strain of 
approximately 30 με. Additionally, at the end of each jack, a ball-and-socket joint was provided to 
allow for unrestrained longitudinal displacement at the loading point. 
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2.2  Instrumentation 
 
The positioning of strain gauges and linear voltage displacement transducers (LVDT's) for the 
models is illustrated in Figure 3. A total number of 234 or 13 sets of electronic resistance strain 
gauges were positioned at L/12 intervals along the arch (sections a to g and a’ to f ’). Three types of 
strain gauges were used. Uniaxial strain gauges were used in the longitudinal direction for the 
connection of the CSWs and chords (points 5, 6, 5’, and 6’), biaxial strain gauges were used on the 
chord to record longitudinal strains and circumferential strain (points 1 to 4 and 1’ to 4’), and strain 
gauge rosettes were installed on the CSWs to measure the shear (points 7 to 9 and 7’ to 9’). For 
ACSW-1, seven LVDT's were attached to the bottom chord of the arch at positions L/12, L/4, 5L/12 
and the crown (i.e., points A, C, E, F and their symmetric locations), to measure the in-plane 
deflections of the arch. For ACSW-2, the LVDT's were installed at points A, B, D, F and their 
symmetric locations of the bottom chord. For ACSW-3, five LVDT's were attached to the bottom 
chord of the arch at points B, D, F and their symmetric locations to measure the vertical deflections, 
and five more LVDT's were attached to the same positions to measure the lateral deflections. A 
commercial data acquisition system DH3816 was used to record the readings of the strain gauges, 
LVDT's, and load cells. 
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Figure 3. Positions of Strain Gauges and LVDT's in One Model 
 
2.3  Testing Procedure and Observations 
 
All three models were loaded to about 20% of the ultimate load to check the setup and 
instrumentation before the formal test began. In the formal test, the arch was loaded progressively 
in load increments of 10 kN until failure in the elastic phase, and 5 kN after entering the 
elastic-plastic phase.  
 
Figure 4(a) shows the deformed shapes of ACSW-1 under the ultimate load. The local web 
buckling occurred near the quarter span (Region A in the Figure) involving at least several folds in 
the webs. As a result, the plastic deformation was distributed along the arch. Particularly, the 
buckling waves, extending over parts of the inclined folds as well as the longitudinal folds, had 
similar sizes and angles of inclination with respect to the arch axis. The buckled web after the load 
drop is shown in Figure 4(b). As ACSW-1 was loaded further, more folds in CSWs buckled near the 
quarter span, and the tubes of the chords near the arch springings wrinkled. 
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(a) Overall failure mode             (b) Local buckling in region A 
 

Figure 4. View of ACSW-1 after Buckling Failure 
 
The loading in the arch model ACSW-2 was applied at spans 2L/3 and 5L/6 simultaneously. No 
crack and wrinkle along the arch tube or buckling of the web was observed before the yielding of 
the chord steel tube. Failure in the arch was due to yielding of the tension chord, which started 
around loading positions and the arch springings. Figure 5 shows the deformed shape of ACSW-2 
at the end of the test. As seen from the Figure, the global buckling and plastic deformation were 
concentrated at three positions due to the large bending moment in these regions, namely, 
A—between the left springing and L/6, B—near the arch crown, and C—near the right springing. 
As a result, the stiffness and strength at the regions were significantly reduced. The buckling of 
CSWs became severe after the peak load. 
 

 

     
(a) Region A            (b) Region B             (c) Region C 
 

Figure 5. View of ACSW-2 after Failure 
 
For ACSW-3, the vertical load was applied simultaneously with the lateral load at the arch crown as 
shown in Figure 6. Both vertical deflections and the lateral deflections were symmetrical, and the 
maximum value occurred at the arch crown. In the later stage of the test, the lateral displacement 

B

C

A 

A 
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developed rapidly, which shows that the stiffness of the arch nearly reached zero at this instance. 
Local buckling appeared at both springings only, and no obvious buckling could be observed at 
other sections. 
 

 
 

Figure 6. View of ACSW-3 in the Test 
 
2.4  Load-deflection Curves 
 
The vertical deflections of ACSW-1 at various testing stages are shown in Figure 7(a). Hereinafter, 
the loading magnitude refers to one single load P. The total vertical loads are 2P, 2P, and 5P for 
ACSW-1, ACSW-2, ACSW-3, respectively. As demonstrated in the Figure, the arch deflected 
symmetrically and the largest deflection occurred at the midspan. Two contraflexure points 
appeared near quarter spans. Figure 7(b) shows the load versus deflection response of the arch. 
Under the small load, the arch behaved elastically and linearly. After the load exceeded 200 kN, the 
deflection increased nonlinearly. The maximum deflection at the midspan was 45.3 mm under the 
failure load of 315 kN. During the test, the deflections from the contraflexure points to the arch 
springings were quite small even under the ultimate load.  
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(a) Deflection of the arch              (b) Load-deflection curves 
 

Figure 7. Load-deflection Curves of ACSW-1 
 
The deflections along the arch ACSW-2 at different load levels are plotted in Figure 8(a), which 
shows that the deflection of the arch is generally asymmetric under the loading. Figure 8(b) shows 
the load versus deflection response. The deflection increases nonlinearly after the load is over 200 
kN. The maximum deflection occurred at 2/3 of the span and amounted to 52.3 mm at the ultimate 
load of 280 kN. Comparison between Figures 7 and 8 shows that the ultimate load-carrying 
capacity of ACSW-1 is higher than that of ACSW-2. 
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(a) Deflection along the arch             (b) Load-deflection curves 
 

Figure 8. Load-deflection Curves of ACSW-2 
 
Figure 9 shows the deflection distribution of ACSW-3 at specified loading steps. From the 
beginning, the lateral deflection is much larger than the vertical deflection although the total 
vertical load (5P) is 50 times of the lateral load (P/10), indicating that the in-plane stiffness of the 
arch is significantly larger than the out-of-plane one.  
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(a) Vertical deflection                (b) Lateral deflection 

 
Figure 9. Vertical and Lateral Deflection Curves of ACSW-3 

 
The load-deflection relationship of ACSW-3 is shown in Figure 10. The slope of the curve in Figure 
10(a) is much larger than the curve in Figure 10(b). Loads refer to the vertical load P. The lateral 
deflection has little effect on the vertical one because the interaction between the out-of-plane and 
in-plane deflections is not obvious at the beginning. When the lateral load increases to some extent 
(about P=170 kN), the increment of the in-plane and out-of-plane deflections develop rapidly, 
mostly at the midspan section. The lateral deflection is larger than the vertical deflection in the 
subsequent loading steps. Therefore, the failure mode of the arch is controlled by the lateral 
deformation. After P=250 kN, the load vs. vertical deflection enters the nonlinear stage and reaches 
the ultimate load at P=272.5 kN. Both the out-of-plane and in-plane deflections show a tendency to 
become fairly large as the vertical load increases and the collapse exhibits a complicated spatial 
behavior. 
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Figure 10. Load-deflection Curves of ACSW-3 

 
2.5  Strain Responses 
 
2.5.1  Strain in Chords 
 
The longitudinal strain distribution of the chords was measured by strain gauges (points 1 and 4 in 
Figure 3) on the top and bottom chords of ACSW-1 and ACSW-2. The results of ACSW-1 at 
various testing stages are plotted in Figure 11, in which the positive value denotes tension, negative 
value denotes compression, and the dotted line refers to the yield strain of steel (1626 με). The 
strain distribution in the arch is nearly symmetric about the midspan, which confirms that the arch 
is essentially loaded symmetrically at each step with little eccentricity. At the top chord, the strains 
at the quarter span and springings increase rapidly after the load reaches 200 kN, and then exceed 
the yield strain when failure occurs, whereas other portions remain below the yield strain for all 
cases. The strain of the bottom chord is larger than that of the top chord, and the bottom chord 
yields over a large range after the loading reaches 250 kN, as shown in Figure 11(b). The strain of 
the chords develops quickly after the yielding occurs at the quarter spans, which indicates that the 
yielding of the tube members is the primary cause of the failure of the CFST-CSW arch. 
 
The longitudinal strains of the arch chords for ACSW-2 are illustrated in Figure 12. Strains of 
many cross-sections of the tubes have reached the yield strain under the ultimate loading. The strain 
of the top chord develops rapidly after load of 200 kN, with the maximum values in tension and 
compression located at spans L/4 and 3L/4, respectively. The maximum values in compression and 
tension of the bottom chord are located at spans L/3 and 2L/3, respectively. For both top and 
bottom chords, the largest strains occur at the springings.  
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(a) Top chord (point 1)              (b) Bottom chord (point 4) 

 
Figure 11. Distribution of Strain in Chords of ACSW-1  
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(a) Top chord (point 1)             (b) Bottom chord (point 4) 

 
Figure 12. Distribution of Strain in Chords of ACSW-2  

 
For ACSW-3, the longitudinal strain distribution of the chords are illustrated in Figures 13 and 14. 
The strain distribution of the arch is almost symmetrical for most loading steps before reaching the 
failure load. During the test, most sections of the arch are in compression, except at the mid-span of 
the bottom chord (point 4).  
 
The relationship between the longitudinal strain and applied load is plotted in Figure 15. The curves 
experience linear and nonlinear phases nearly in the same way. When the load increases to 250 kN, 
the strain in the bottom chord reverses direction, indicating the occurrence of stress redistribution. 
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(a) Top chord (point 1)               (b) Bottom chord (point 4) 

 
Figure 13. Distribution of Longitudinal Strain at the Chords (Points 1 and 4) 
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Figure 14. Distribution of Longitudinal Strain at the Chords (Points 1’ and 4’) 
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(a) Top chord (point 1)               (b) Bottom chord (point 4) 

 
Figure 15. Load-strain Curves of the Chords (Points 1 and 4) 
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2.5.2  Strain in Corrugated Steel Webs 
 
Longitudinal Strain 
 
The longitudinal strains along the depth of the cross-sections were measured by strain gauges 
attached to the CFSTs and CSWs (points 1, 2, 5, 7, 8, 9, 6, 3, and 4 as shown in Figure 3). The 
results at two critical sections of ACSW-1 and ACSW-2 (i.e., left springing section and L/4 section) 
are shown in Figures 16 and 17, respectively. The longitudinal strains have an abrupt change at the 
junction of the CFST chords and CSWs, and the strains of the webs are generally much smaller 
than those of the chords, which is similar to the strain distribution in CFST-CSW girders [18] and 
columns [19]. Moreover, the result indicates that the contribution of the corrugated web to the 
compression and moment carrying capacity of the arch is lower than that of the CFST chord, and 
the ultimate load heavily depends on the chord yielding. 
 
The longitudinal strains in the web at left springing and L/4 sections increase significantly after the 
applied load exceeds 250 kN, indicating the occurrence of the buckling in the web. This is because 
the yielding of the chord tubes results in the redistribution of the internal forces. 
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(a) At left springing                       (b) At L/4 section 

 
Figure 16. Distribution of Longitudinal Strain along the Depth of ACSW-1  
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 (a) At left springing                      (b) At L/4 section 

 
Figure 17. Distribution of Longitudinal Strain along the Depth of ACSW-2 
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Figures 18 and 19 exhibit the longitudinal strain distribution along the depth of the two critical 
cross-sections (left springing section and L/3 section) of ACSW-3. Similarly, the longitudinal 
strains of the CSWs are quite small before yielding. The internal forces in the section are 
redistributed when the steel tubes in the bottom and top chords yield, causing the strains of the 
CSWs at the springing to increase beyond the yielding strain. However, the strains of the CSWs at 
other sections are still within their elastic strain even under the failure load, which demonstrates 
that the contribution of the corrugated web to the ultimate load capacity of the arch under the 
in-plane and out-of-plane loadings is negligible, and the ultimate load mainly relies on the chord 
yielding. In addition, Figures 18 and 19 show that the longitudinal strains along the depth of cross 
sections do not satisfy the plane section assumption.  
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(a) At left springing                 (b) At L/3 section 

 
Figure 18. Distribution of Longitudinal Strain along the Depth of ACSW-3  

without the Lateral Load 
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(a) At left springing                 (b) At L/3 section 

 
Figure 19. Distribution of Longitudinal Strain along the Depth of ACSW-3  

subjected to the Lateral Load 
 
Shear Strain 
 
The shear strains in the CSWs were obtained from the measurement of the strain rosettes installed 
on the webs. 
 
The shear strains at mid-height of the web (point 8 in Figure 3) located at left springing versus the 
loading applied are plotted in Figure 20. The three arches have similar shear strains at the elastic 
stage. After chord yielding occurs, the webs experience very large shear strains. 
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Figure 20. Load-shear Strain Curves at the Left Springing of the Arches (Point 8) 
 
Figure 21 shows the shear strain distribution along the web height of the three arch models. In the 
elastic range, the shear strains along the height of the web are similar. In the plastic stage, the shear 
strain at the mid-height of the web increases significantly. Reminding that the webs have low 
longitudinal strains, one can conclude that the bending moment and compression of the section are 
mainly resisted by the top and bottom chords, and the shear forces are mainly carried by the CSWs. 
The top and bottom chords can work together because of the high shear resistance of the CSWs, 
which is one of main characteristics of the new CSFT-CSW structure. 
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(a) ACSW-1                                 (b) ACSW-2 
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Figure 21. Distribution of Shear Strain along the Height of Web at Left Springing 
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3.   COMPARISON BETWEEN CFST-CSW ARCH AND RC-CSW ARCH 
 
Most arch bridges employ CFST truss ribs or RC components. The previous analysis shows that the 
proposed new CFST-CSW arches can fully utilize the merits of the high compression strength of 
CFST chords and the enhanced shear resistance of CSWs, and consequently develop a significant 
plastic deformation. Researchers have also investigated the alternatives to heavy-weight concrete 
arches. For example, Huang [20] carried out tests on a RC arch model with CSW (briefly as 
RC-CSW arch), which aimed to reduce the weight of RC webs. This RC arch model was designed 
with similar load-carrying capacity and safety margin as the ACSW-2. Therefore, they have similar 
span, rise, rise-span ratio, cross-section, and material characteristics. The loading steps and sensor 
installation of the RC-CSW arch are similar to those of ACSW-2. The two arch models are 
compared in the following sections to further verify the effectiveness of the CFST-CSW arches. 
 
3.1  Experiment of the RC-CSW Arch [20] 
 
The RC-CSW arch model [20] is shown in Figure 22. The arch has a span of 6.252 m and a rise of 
1.557 m. The top and bottom flanges were made of reinforced concrete and connected by two 2.8 
mm thick CSWs. The CSWs used in the RC arch were a little bit thicker than those used in the 
CFST arch to avoid local buckling of the CSWs as the RC arch was much heavier. The average 
yield stress of the steel was 380 MPa, and the average ultimate strength was 500 MPa. The tested 
Young’s elastic modulus of steel was 206 GPa. The average ultimate strength of concrete was 41 
MPa with the Young’s modulus of 30 GPa. The arch model was subjected to asymmetrical loadings 
at 2L/3 and 5L/6 sections, the same loading condition as ACSW-2. In order to compare the 
effectiveness of use of material for the two types of structure, the equivalent areas as steel section 
according to the principle of composite cross-section equivalent stiffness are compared, as shown 
in Table 1. For brevity, only the load-deflection and failure mode of the two models are compared. 
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(a) Elevation                       (b) Cross-section   
 

Figure 22. The RC Arch with CSW (Unit: mm) 
 
3.2  Ultimate Load and Ductility 
 
The load-deflection curves at the loading position (2L/3 section) of the two models are compared in 
Figure 23. The ultimate loads of the two arches are 304 kN for RC-CSW arch and 280 kN for 
ACSW-2. The RC-CSW arch has the ultimate load capacity 9% larger than ACSW-2 but its 
equivalent area as steel section and mass per unit length is more than double. Therefore, it may be 
concluded that the CFST-CSW arch has a relatively higher ultimate load-carrying capacity because 
the resistance of the RC-CSW arch is limited by the development of cracking, which results in the 
formation of plastic hinges. Moreover, the deflection of the RC-CSW arch is only about 70% of 
ACSW-2 at the ultimate state, indicating that the CFST-CSW arch has much higher deformation 
capacity and better ductility than the RC-CSW arch. 
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Figure 23. Load-deflection Curves at 2L/3 for Both Arches 

 
Table 1. Comparison of Cross Section Properties and  

Ultimate Load of ACSW-2 and RC-CSW Arch 

Item 
Equivalent area 
as steel section 

(m2) 

Mass per unit 
length 
(kg/m) 

Maximum 
deflection at 

2L/3 
(mm) 

Ultimate 
load 
(kN) 

RC-CSW arch  8.79×10-3 123 36.4 304 

ACSW-2 4.35×10-3 56 52.3 280 

Ratio between the two 
arches 

2.02 2.19 0.696 1.09 

 
3.3  Cracking and Failure Mode 
 
For the RC-CSW arch, extensive cracks occurred at the 2L/3 section of the bottom flange under 
ultimate load as shown in Figure 24(a). Cracks also occurred at L/4 section of the top flange as 
shown in Figure 24(b). Due to the formation of a plastic hinge around this cracked area, the 
deflection at this area increased about 10 mm at nearly constant load level. Failure of the arch was 
characterized by the yielding of steel reinforcement in the maximum moment region, followed by 
concrete crushing on the top flange near the loading position. Although the internal force tended to 
close cracks after unloading, some of the cracks did not close completely due to the large plastic 
deformation. 

     
(a) At 2L/3 section (Loading position)              (b) At L/4 section 
 

Figure 24. Failure Mode of the RC-CSW 
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Although both arches failed at the 2L/3 loading section, no distinct plastic hinges were observed 
during the experiment of ACSW-2, whereas the RC-CSW arch failed with several plastic hinges. 
Therefore, the plastic hinge method for calculating ultimate load of RC arch should not be 
employed in the CFST-CSW arch. 
 
 
4.   CONCLUSIONS AND DISCUSSIONS 
 
This paper investigates the ultimate load-carrying capacity of CFST-CSW arches subjected to 
in-plane and out-of-plane loadings. The deflections and strains under different loadings were 
measured. The ultimate load and failure mode of the CFST-CSW and RC-CSW arches were 
compared. Conclusions can be drawn as follows: 
 
1. The ultimate load-carrying capacity of the CFST-CSW arch under the symmetric loading is 
higher than under the asymmetric one.  
 
2. The arch under in-plane and out-of-plane loadings simultaneously exhibits a larger lateral 
deflection and lower ultimate load compared with the in-plane loading. The design of such arches 
needs to give special attention to the out-of-plane stability. 
 
3. Before leading to the buckling of the CSWs, the arches fail after most sections of the chords 
yield whether or not they are subjected to the symmetric or asymmetric loadings.  
 
4. In CFST-CSW arches, the potential advantages of both the high compression strength of CFST 
chords and enhanced shear resistance of CSWs are fully utilized.  
 
5. The CFST-CSW arches can sustain large plastic deformation as well as relatively high load 
carrying capacity. The plastic hinge method for calculating the ultimate load of RC arches may not 
be suitable for CFST-CSW arches. 
 
In order to develop the design method of CFST-CSW arches, a number of parameters such as 
cross-section configuration, geometric dimension (including cross-sectional size, span, rise, and so 
forth), material properties, and loading conditions need to be further studied. Moreover, finite 
element analysis should be performed to double check the detailed structural behaviours. In 
addition, simplified methods for the calculation of the ultimate load of CFST-CSW arches should 
be developed. These merit further investigations. 
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