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ABSTRACT: Unified Facilities Criteria (UFC 4-023-03): Design of Buildings to Resist Progressive Collapse
published by the Department of Defense is one of the few design provisions that have been used around the US
which provide design requirements on the basis of conventional design philosophy to the designers and the owners of
the buildings against progressive collapse. These requirements are evaluated using numerical models which have
been shown to be able to reasonably capture the behaviors of the buildings under column loss scenarios. A large
number of case studies are conducted using validated three-dimensional macro-based models for four prototype
buildings with different size, different height, different seismic detailing and different structural layouts. The
simulation results show that the tie force method (TFM) is effective in protecting steel framed buildings against
progressive collapse and can significantly reduce overall deformations of the structures after sudden loss of a
column. However, the method for calculating the dynamic increase factor (DIF) proposed in the document is deemed
problematic and thus a new energy-based approach is proposed to assess the peak dynamic displacement (PDD). The
proposed method is shown to be accurate and reasonably conservative.

Keywords: 3-D macro-model, numerical simulation, UFC 4-023-03, tie force method, dynamic increase factor,
peak dynamic displacement, energy-based method

DOI: 10.18057/1JASC.2018.14.4.1

1. INTRODUCTION

Progressive collapse has become a popular research topic in the field of structural engineering since
the partial collapse of Ronan Pointe Tower in England in 1968. Currently, many ongoing studies
related to progressive collapse are being conducted by federal agencies, research institute and
universities. The ultimate goal of progressive collapse studies is to develop design and retrofit
strategies so that the structures are not vulnerable to progressive collapse when subjected to
abnormal loading conditions.

Currently, ASCE 7-10 [1] is the only mainstream standard that addresses the issue of collapse in
some detail in the United States. It specifies two design alternatives: 1) a direct design method,
which either considers explicit conditions for analysis when specific members are no longer
capable of supporting load (Alternate Path Method), or ensures sufficient local strength to resist
possible failure induced by accidents or misuse; 2) indirect design method, which includes implicit
considerations that would enhance resistance to collapse through provision of minimum levels of
strength, continuity and ductility. The provisions to prevent collapse in the UFC 4-023-03 (DoD [2])
and General Services Administration progressive guidelines (GSA [3]) were based on a similar
philosophy to that in ASCE 7-10 [1], albeit with more details. The GSA progressive guidelines
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(GSA [3]) and UFC 4-023-03 (DoD [2]), in particular, specify the Alternate Path Method (APM) as
one of several alternatives, and promote linear and nonlinear analysis techniques to check structural
members in the alternate path structure. Both documents are geared towards blast hazards and their
primary intent is to protect a building that has lost critical structural members to a blast. The design
approaches in UFC 4-023-03 [2] vary according to the building occupancy. Although much
research has been done to develop these provisions, their conservatism and effectiveness in
protecting buildings from progressive collapse under column-loss scenarios still needs to be
evaluated through experimentations and simulations. The UFC 4-023-03 [2], in particular, need
refinement because they were modeled after seismic performance based design guidelines and have
yet to be fully adapted for gravity-induce collapse situations.

In the UFC 4-023-03 [2], one of the techniques permitted for designing against collapse is the Tie
Force Method (TFM). This is an indirect technique, permitted under certain occupancy conditions,
in which structural robustness is assured by promoting structural continuity, ductility, and structural
redundancy. Robustness is achieved by specifying the minimum amount of tensile forces and their
locations that must be provided to ‘tie’ the structure together. The TFM procedures traces its origins
to British engineers involved in the 1968 Ronan Point incident and is one of the earliest design
strategies against progressive collapse. The UK Building Establishment (BRE) conducted
quarter-scale testing to determine its effectiveness as early as 1970s (Moore [4]). A number of
studies have been conducted in the past decade to evaluate the adequacy of TFM for progressive
collapse. Abruzzo et al. [5] investigated the behavior of a reinforced concrete commercial building
designed according to older version of UFC 4-203-03 [2] under column loss scenarios and claimed
that the TFM specified in UFC 4-203-03 (DoD [6]) was inadequate to prevent progressive collapse.
Li et al. [7] evaluated the effectiveness of TFM specified in the British Standard in resisting
progressive collapse of reinforced concrete frame structures and proposed an improved TFM.
Tohidi et al. [8] conducted similar studies for precast concrete cross wall structures. Main [9]
showed the effectiveness of tie forces requirements specified by the latest version of UFC 4-023-03
(DoD [2]) in preventing progressive collapse of a 2 by 2 bay composite floor system using a
macro-based finite element model. It was found that the requirements might become
unconservative when the system carried large load and a new equation was proposed for the
calculation of tie forces for collapse prevention. One common shortcoming of the above studies is
that none of the models used in these studies were able to represent a full 3-D multi-story building.

Another concept promoted by the provisions is the dynamic increase factor (DIF), which is used to
predict the dynamic behavior of a building using static analysis by simply magnifying its
corresponding static loads by DIF. In older versions UFC 4-023-03 (DoD [6]) and GSA [10], DIF
was taken as 2.0, based on the behavior of elastic systems. This number has been proved to be too
conservative by several researchers (Ruth et al. [11], Foley et al. [12], Khandelwal and El-Tawil
[13]), primarily because system response is inelastic and not elastic. A series of experimental and
numerical studies have been conducted to evaluate the DIF recently, such as Liu [14], Yu et al. [15],
Ali et al. [16], Liu et al. [17] and Liu et al. [18]. It was demonstrated in Liu et al. [18] that method
for the calculation of DIF provided by UFC 4-023-03 (DoD [2]) was unsafe under large
deformation conditions when catenary action played the key role in resisting progressive collapse.
The effects of slabs were neglected in all of these studies. However, the experimental tests
conducted by Qian and Li [19] showed that the slab system played a significant role in determining
the dynamic performance of RC frame structure subjected to sudden loss of a column. Thus, it is
necessary to consider the effects of the floor slabs when determining the DIF for a certain structural
system.
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In summary, both sets of provisions (TFM and DIF) in UFC 4-023-03 (DoD [2]) have not yet to be
thoroughly evaluated using well calibrated full 3-D nonlinear models including floor slab systems.
This study sheds light on addressing the gaps in knowledge identified above. In particular,
nonlinear dynamic and nonlinear static analysis are performed to assess the effectiveness of TFM in
protecting steel framed structures against progressive collapse and the accuracy of the equations for
calculating the DIF provided by UFC 4-023-03 (DoD [2]) using three-dimensional macro-based
models. Numerous cases studies are conducted for four prototype buildings with different size,
height, seismic detailing and structural layouts. A novel energy-based approach, which could
replace the dynamic impact factor when assessing peak dynamic displacement (PDD) using static
analysis, is proposed and its accuracy is evaluated. The applicability of the proposed method is also
discussed in this study.

2. PROTOTYPE STRUCTURES, MODELING APPROACHES, SIMULATION
STEUP AND NAMING SCHEME

2.1 Prototype Structures

In order to ensure that the analytical results are generally applicable, four prototype steel framed
buildings are selected for case studies. All of the 4 buildings utilize moment resisting frames as the
primary lateral load resisting system and simple shear connections are used in the gravity system.
The structural layouts of the four buildings are outlined in Figure 1. The building shown in Figure
I(a) is a ten-story office building designed by the National Institute of Standard and Technology
(NIST) for the purpose of investigating the collapse behavior of the building subjected to sudden
column loss and it is designated as NIST-10. This building is designed for Seattle, WA, and
categorized as Seismic Design Category D. Design details can be found in Liang et al. [20],
Khandelwal et al. [21], and Alashker et al. [22]. The other three buildings are actually a set of
buildings selected from the SAC model buildings in FEMA-335C (FEMA [23]), which were
designed for the purpose of investigating the seismic performance of moment-resisting frame
structures. They were designed for the Boston area using pre-Northridge connection configurations.
This set of buildings consists of a three-story, a nine-story, and a twenty-story building and are
designated as SAC-3, SAC-9, and SAC-20, respectively (Figure 1(b), Figure 1(c), and Figure 1(d)).
These configurations are chosen because they represent typical steel framed office buildings
designed for low-seismic risk, to contrast with NIST-10, which represents common steel framed
office buildings designed for high seismic risk. Design details of these three buildings can be found
in Foley et al. [24] and Hoffman [25]. Standard beam-to-column welded connections (WUF) are
used in these buildings, unlike the NIST building, in which reduced beam sections (RBS) were used
in the moment frames. The floor composite floor of the NIST-10 building is comprised of a RC slab
of thickness 82.5mm sitting on a steel deck with 76 mm depth and connected to the underlying steel
beams via shear studs. Steel reinforcement mesh in the RC slab is 0.06 mm2/mm in both directions.
The composite floor in the three SAC buildings are identical. The composite floor is comprised of a
76 mm thick RC slab sitting on a 51 mm tall 19 gauge steel deck. The composite floor is connected
to the underlying steel beams using shear studs and 6x6-W1.4x1.4 welded wire mesh reinforcement
is used in the RC slab. Thus, the four prototype structures can cover different structural layouts,
types of connections, and heights.

2.2 Modeling Approaches
Three-dimensional macro-based models are used to represent the prototype buildings. The general

modeling approach adopted in this study is to model all primary structural elements in the system,
including the beams, columns, slab systems, and the connections between them. Since the focus of
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the study is on nonlinear response, each element’s representation permits inelastic response to occur
including fracture and separation, where appropriate. To enable realistic simulations of collapse,
interpenetration between the various components of each model is prohibited. Therefore, falling
components can introduce impact forces on the components with which they come in contact. The
simulations are conducted with a single damping parameter that resulted in mass proportional
damping ratios that ranged from 2% to 5%, depending upon the initial dynamic properties of the
simulation in question. The simulations are carried out using the explicit finite element code
LS-DYNA (Hallquist [26]).
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Figure 1. Structural Layouts of the Prototype Buildings

In these models, beams and columns are represented using a Hughes-Liu beam-column element
formulation. The shear tab is modeled by a single beam element, which has integration points that
correspond to the location of individual bolts, and a binding spring to represent contact between the
beam and column flanges, as specified in Khandelwal and El-Tawil [27]. The binding spring had no
tensile capacity and its compressive capacity and subsequent inelastic behavior are calibrated from
detailed studies of the connection region. Unlike the macro model discussed in Khandelwal and
El-Tawil [27], which represents the panel zone, the models used herein do not include such a detail
to cut down on computational cost. The decision to do so was motivated by extensive preliminary
studies that showed that the panel zone does not contribute significantly to the collapse response of
the prototype building. A reduced model of the composite floor system is employed in this study.
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The RC slab is modeled using fully integrated four-node, isotropic shell elements. A J2 plasticity
model that can accommodate different tensile and compressive yield responses is used to model the
RC slab. Since the steel deck can only develop resistance along the directions of the flutes, its effect
is represented using bars element attached directly to the shell elements by sharing their nodes. The
comparison between the responses of a composite floor system modeled using the modeling
approach described previously (Alashker et al. [22]) and a detailed model (Sadek et al. [28])
showed that the proposed model was capable of representing the behavior of the composite floor
system under column loss scenarios reasonably. The floor slab and the underlying steel beams are
connected through rigid links. The links are intended to model the physical separation that exists
between the center plane of the slab and that of the top beam flange, but cannot capture the inelastic
behavior of the shear studs. The model for NIST-10 is designated as M2 in Alashker et al. [22] and
Li and El-Tawil [29] but is designated as M2-NIST-10 under the naming scheme of this study. The
models for the SAC buildings are designated as M2-SAC-3, M2-SAC-9, and M2-SAC-20,
respectively. The 3-D overviews of the four models are shown in Figure 2.

Model M2-NIST-10 was extensively validated in previous studies (Alashker et al. [22] and Li and
El-Tawil [29]) through comparisons to disparate experimental data and the results of more refined
models and it was demonstrated that the 3-D macro-based model is accurate and reliable enough to
represent the behavior of the structure under column loss scenarios. The details of modeling
approaches and validation studies can be found in Alashker et al. [22] and Li and El-Tawil [29].
Since the same modeling approaches are employed for the other three buildings, confidence can be
established in M2-SAC-3, M2-SAC-9, and M2-SAC-20.

23 Simulation Setup

All the models are exercised within an AMP setting and both nonlinear dynamic and nonlinear
static procedures are implemented in this study. In the nonlinear dynamic analyses, the gravity
loads are applied gradually within 5.0 seconds, followed by a wait period of 2.5 seconds in order to
eliminate dynamic effects. After that, a column is removed by deleting it instantaneously. In the
nonlinear static analyses, the column of interest is firstly removed, then the gravity loads are
applied statically.

24 Naming Scheme

To facilitate the following discussion, the columns are designated as C-P-N-X. In this notation, C is
the structural element type, i.e. columns. P is the position of the structural number described by the
closest column lines in Figure 1. N is the story number and X is the notation of the building that the
column belongs to, in which N10 represents the NIST-10 building, S3 represents the SAC-3
building, S9 represents the SAC-9 building, and S20 represents the SAC-20 building. For example,
C-D6-5-N10 represents the column at the junction of column lines D and 6 in the 5th floor of the
building NIST-10. C-C4-1-S9 represents the column junction of column lines C and 4 in the first
floor of the building SAC-9.

3. EVALUATION OF TIE FORCE METHOD

Tie force method (TFM) is an indirect design approach advocated by UFC 4-023-03 (DoD [2]) with
the objective of “enhancing continuity, ductility, and development of alternate load paths”. Two
types of ties are required: horizontal ties and vertical ties, and both can be proportioned using
methods provided in UFC 4-023-03 (DoD [2]). There are three types of horizontal ties that must be
provided by the structural system: longitudinal, transverse, and peripheral. For framed structures,



519 Assessment of Design Requirements against Progressive Collapse in UFC 4-023-03: Numerical Simulation

the floor and roof system should carry the required longitudinal, transverse, and peripheral ties if
the beams, girders and spandrels cannot be proven capable of carrying the tie force while
undergoing a 0.20-rad rotation.

(b) Model M2-SAC-3

() Model M2-NIST-10 (¢) Model M2-SAC-9 (d) Model M2-SAC-20
Figure 2. 3-D Overviews of the Models that are used in this Study

According to UFC 4-023-03 (DoD [2]), The required tie strength F; in the longitudinal or
transverse direction is:

Fi = 3WFL1 (1)

Where

Wr=1.2D + 0.5L is the uniform floor load;

L1 = greater of the distances between the centers of the columns, frames, or walls supporting any
two adjacent floor spaces in the direction under consideration.

The rationality of the above equation can be shown through a simple analysis. The deformation of a
frame structure subjected to loss of an interior column is shown in Figure 3(a). It is assumed that
the maximum vertical displacement above the removed column reaches 0.2L given that the rotation
limitation of beams is 0.20 rad according to UFC 4-023-03 (DoD [2]), where L is the span length of
the frame structure. Under such deformation, plastic hinges should be formed at the ends of the
beams and therefore the highlighted double span beam in Figure 3(a) can be modeled in the manner
shown in Figure 3(b). By applying the equilibrium condition, the tie forces F7 can be calculated:

L2
Fp= WT/O.ZL = 25wl ()

The coefficient of 2.5 in Eq. 2 is rounded up to 3.0 in the UFC 4-023-03 (DoD [2]).
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The required peripheral ties, which are used for providing “adequate development or anchors at
corners” (DoD [2]) and have to be placed within 1.0 m of the edge of a floor or roof, can be
calculated as:

Fp = 6WFL1LP + 3WC (3)
Where
Lp=1.0m;

L1 = The greater of the distances between the centers of the columns, frames or walls, at the
perimeter of the building in the direction under consideration;
W.=1.2 x Dead load of cladding over the length of L.

Ny g £ e AU,
N T 0L : T

= I L | L 4
- I 1 1

T_ Damaged Column

(forcibly removed)

(a) Deformation of a frame structure subjected
to loss of an interior column

Figure 3. Simple Analysis of the Tie Force Method Equation

(b) Analytical model for calculating the tie forces

Similar with the longitudinal and transverse ties, the peripheral ties have to be carried by the floor
and roof system unless the beams, girders, or spandrels could be shown to be capable of carrying
the peripheral tie force while undergoing a 0.20-rad rotation.

According to ASCE 41-06: Seismic Rehabilitation of Existing Buildings (ASCE [30]), the plastic
rotation angles for RBS connections and WUF connections cannot reach 0.20. Khandelwal and
El-Tawil [27] also illustrated that the beam end rotations for these two types of connections cannot
fulfill this requirement. Thus, the horizontal tie forces have to be carried by the slab systems.
However, the welded wire reinforcement and the steel deck of the four prototype buildings cannot
provide adequate horizontal ties required by Eq. 1 and Eq. 3. In order to develop the required tie
forces in the slabs, reinforcing bars have to be added to the slabs in all of the four prototype
buildings. The reinforcing bars used herein are ASTM grade 60 reinforcing steel with a minimum
specified yield strength of 414 MPa. It is assumed that all of the required tie forces are carried by
the reinforcing bars and no contribution from the steel deck and welded wire reinforcement is
considered. The variation of models M2-X are developed. The model name is appended with ATF
to signify that adequate tie forces are provided, e.g. M2-NIST-10-ATF, M2-SAC-3-ATF,
M2-SAC-9-ATF, and M2-SAC-20-ATF. The variant models M2-X-ATF are identical to M2-X
except the revised slab reinforcements. The reinforcing bars in the variant models are modeled
using truss elements which are directly attached to the slabs. Similarly with the steel deck, these
reinforcing bars is also assumed to be placed at the concrete centerline. This assumption is
reasonable since the flexural behavior of the floor system is not as important as the tensile strength
for collapse mitigation. The material property of the rebar is represented using a plastic-kinematic
model and an elastic-perfectly plastic relationship is used to model the stress-stain response of the
rebar. The elongation at fracture of the rebar used is based on Table 3 — 4 in Wight and MacGregor
[31] and is listed in Table 1.
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Table 1. Fracture Elongation of Rebar

Reinforcement type Fracture elongation (%)

#4
#7
48
#9

#10

#11

~N 9 9 0 o0 o

In order to investigate the role of the additional reinforcements in resisting progressive collapse,
nonlinear dynamic analyses were performed using the original models (M2-X) and the models with
adequate tie forces (M2-X-ATF) under various column loss scenarios. The responses (permanent
deformation) between the models M2-X and M2-X-ATF subjected to similar collapse initiating
events are compared. In all of the four prototype buildings, every possible single column loss case
is considered in this study considering the symmetry of the structural framing plan.

3.1 NIST-10

Nine first floor column loss cases were investigated for NIST-10. Table 2 shows the comparison
between the deflection of models M2-NIST-10 and M2-NIST-10-ATF at the location of the
removed column in the various column loss cases. Progressive collapse, when it occurs, is
designated as PC. Clearly, PC occurs in model M2-NIST-10 after interior gravity columns
C-D5-1-N10 and C-E5-1-N10 are removed, but does not occur in any of the variant models
M2-NIST-10-ATF, indicating that the added reinforcing bars prevent progressive collapse from
happening. Adequate tie strength also reduced the overall deflection of the system significantly
after loss of interior gravity column C-D4-1-N10 and exterior gravity column C-A5-1-N10. In
neither of the cases, progressive collapse occurs to M2-NIST-10 but the displacement reaches 791
mm and 709 mm, respectively. The reduction is 48% and 40%, respectively. In all of the cases of
removal of a gravity column which induces large deformation or progressive collapse in
M2-NIST-10, the deformation given by M2-NIST-10-ATF is well below the maximum failure
displacement, which is around 1300 mm as discussed in Alashker and El-Tawil [32]. Therefore, tie
forces play a critical role in reducing system displacement when a gravity column is lost. However,
when moment column(s) is (are) removed, the effect of the additional tie reinforcement is limited.
The maximum difference between the displacements of M2-NIST-10 and M2-NIST-10-ATF is 11%
and the minimum difference is only 3% after the structure lost one or two moment columns
simultaneously. The reason is that the deformation of the structure subjected to loss of a moment
column is so small that membrane action in the slabs is not mobilized. Moreover, the contribution
of the additional reinforcement to composite action is also limited. Therefore, it is not surprising
that the differences between the responses of M2-NIST-10 and M2-NIST-10-ATF under such
column loss scenarios are small.
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Table 2. Comparison between M2-NIST-10 and M2-NIST-10-ATF
M2-NIST-10  M2- NIST-10-ATF

Column lost Column type (mm) (mm) Difference (%)
C-D4-1-N10 Interior gravity 791 536 48
C-D5-1-N10 Interior gravity pC! 576 NA
C-D6-1-N10 Exterior moment 82 74 11
C-E5-1-N10 Interior gravity PC! 535 NA
C-E6-1-N10 Exterior moment 29 28 4
IR Exterior moment  457/348 47317 10/10
C-A5-1-N10 Exterior gravity 709 506 40
C-F6-1-N10 Corner moment 47 43 9
C-E4-1-N10 Interior moment 69 66 5

PC!: Progressive collapse
3.2 SAC Buildings

The same comparisons are made between models M2-SAC-X and M2-SAC-X-ATF and numerous
column loss cases are conducted, including 12 column loss cases for SAC-3, 9 column loss cases
for SAC-9, and 8 column loss cases for SAC-20. The simulation results are listed in Table 3 to
Table 5. From Table 3 to Table 5 and similar trend was observed with those observed in NIST-10.
The SAC buildings without adequate tie forces collapse after loss of a gravity column except loss
of column C-C4-1-S20, in which the lost column has a small tributary area and the permanent
deformation is 608 mm. Progressive collapse is prevented in all of the corresponding column loss
cases conducted using model M2-SAC-X-ATF. The deformation obtained by M2-SAC-20-ATF
after loss of column C-C4-1-S20 is 436 mm, which is 28% smaller than the one given by model
M2-SAC-20. These results suggest that the additional reinforcement used for required tie forces
contribute significantly to the system’s collapse resistance after loss of a gravity column.

Table 3 demonstrates that the overall deflection of model M2-SAC-3 after loss of a moment column
is much higher comparing with the other three buildings. In particular, the deformation of model
M2-SAC-3 reaches as high as 648 mm after loss of the exterior moment column C-C5-1 of building
SAC-3. This is because this particular column has only one moment connection on one side of the
column. The shear connections connected to the other sides of the removed column fail
immediately after loss of the column in both models M2-SAC-3 and M2-SAC-3-ATF. However, the
deformation is reduced by 24% in model M2-SAC-3-ATF. The failure mechanisms of M2-SAC-3
and M2-SAC-3-ATF are shown in Figure 4. The reduction in the permanent deformation induced
by the additional reinforcing bars ranges from 9% to 25% in the other moment column loss cases.
For buildings SAC-9 and SAC-20, deformations given by both M2-SAC-X and M2-SAC-X-ATF
after loss of moment columns are small. The reduction in deformation attributed to the reinforcing
bars ranges from 3% and 12%.
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Table 3. Comparison between M2-SAC-3 and M2-SAC-3-ATF

Column lost Column type MZ(-HSHJ;)CS M2-SénCn-13)’-ATF Difference (%)
C-A3-1-S3 Exterior moment 113 97 14
C-A4-1-S3 Exterior moment 112 102 9
C-A5-1-S3 Corner moment 254 191 25
C-B3-1-S3 Interior gravity PC! 939 N/A
C-B4-1-S3 Interior gravity pCt 900 N/A
C-B5-1-S3 Exterior gravity PC! 1191 N/A
C-C3-1-S3 Interior gravity PC! 886 N/A
C-C4-1-S3 Interior gravity pCt 848 N/A
C-C5-1-S3 Exterior moment 648 495 24
C-D3-1-S3 Interior gravity pCt 885 N/A
C-D4-1-S3 Interior gravity PC! 828 N/A
C-D5-1-S3 Exterior moment 121 95 21

PC!: Progressive collapse
Failures of shear connections
(a) Failure model of M2-SAC-3-ATF
g
=

Failures of shear connections

(b) Failure model of M2-SAC-3
Figure 4. Comparison between failure modes M2-SAC-3 vs.
M2-SAC-3-ATF: loss of column C-C5-1
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Table 4. Comparison between M2-SAC-9 and M2-SAC-9-ATF
M2-SAC -3 M2-SAC-3-ATF

Column lost Column type (mm) (mm) Difference (%)
C-A4-1-S9 Exterior moment 29 27 7
C-A5-1-S9 Exterior moment 30 28 7
C-A6-1-S9 Corner moment 34 30 12
C-B4-1-S9 Interior gravity PC! 792 N/A
C-B5-1-S9 Interior gravity pCt 829 N/A
C-B6-1-S9 Exterior moment 43 40 7
C-C4-1-S9 Interior gravity PC! 864 N/A
C-C5-1-S9 Interior gravity pCt 864 N/A
C-C6-1-S9 Exterior moment 29 28 3

PC!: Progressive collapse

In summary, from the comparisons described above, it can be concluded that the tie force method
proposed in UFC 4-023-03 (DoD [2]) can effectively protects the steel special moment frame
buildings against progressive collapse under column loss scenarios and is able to reduce the overall
deflections of the structural systems significantly under large deformation conditions when catenary
action developed by the ties plays a key role in resisting progressive collapse.

4. CALCULATION OF DYNAMIC INCREASE FACTOR

There are three procedures which are commonly used for the analysis of progressive building
collapse: linear static, nonlinear static and nonlinear dynamic under the scheme of APM. Among
these three procedures, linear static procedure is rarely used in the research of progressive building
collapse because of the inaccuracy. Nonlinear dynamic analysis in conjunction with APM is widely
viewed as the most comprehensive method. However, it requires extensive computational resources
and is time consuming to perform such analyses. Thus, nonlinear static procedure might be a
reasonable compromise between accuracy and computational time. One of the problem associated
with nonlinear static procedure is that static procedures do not capture the dynamic nature of the
column removal problem. One convenient way to do so is to apply a Dynamic Increase Factor (DIF)
to the results of static models to account for the response magnification associated with dynamic
behavior. The DIF can be defined as the ratio of the loads applied statically and dynamically when
the structure is subjected to the same deformation demand. The DIF is used to amplify the gravity
loads which are applied to the structure when nonlinear static procedure is implemented in order to
estimate the dynamic peak displacement. In the latest version of UFC 4-023-03 (DoD [2]), the DIF
for steel frame structures is specified as follows:

0.76

Qy =108+ —F7"——
W =108+ Opra /6y +0.83 )
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Where Opra is the plastic rotation angle given in Table 5-6 of ASCE 41-06 (ASCE [29]) for the
collapse prevention condition; and 0, is the yield rotation according to Equation 5-1 in ASCE 41-06
(ASCE [20)).
Table 5. Comparison between M2-SAC-20 and M2-SAC-20-ATF
M2-SAC-20 M2-SAC-20-ATF

Column lost Column type (mm) (mm) Difference (%)
C-A4-1-S20 Exterior moment 19 18 5
C-A5-1-S820 Exterior moment 20 19 5
C-A6-1-S20 Exterior moment 24 22 8
C-A7-1-S20 Corner moment 26 24 8
C-B7-1-S20 Exterior moment 11 10 9
C-C4-1-S20 Interior gravity 608 436 28
C-C5-1-820 Interior gravity pCt 649 N/A
C-C7-1-S20 Exterior moment 18 17 6

PC!: Progressive collapse

Table 6. Comparison between DIFpop, DIFNs, and DIFreai: NIST-10 Building

Column lost DIFpop DIF~s DIFreal
C-D6-1-N10 1.32 1.40 1.49
C-E6-1-N10 1.32 1.96 1.46
C-F6-1-N10 1.32 1.85 1.45
C-D6-5-N10 1.32 1.25 1.50
C-E6-5-N10 1.32 1.97 1.48
C-F6-5-N10 1.32 1.78 1.48

Eq. 4 was obtained from curve fitting and thus lacks a theoretical basis. Furthermore, the
three-dimensional models used to formulate the equation (McKay et al. [33]) did not include the
slabs, which were shown in Li and El-Tawil [29] to contribute significantly to collapse response
and should be considered as primary components according to UFC 4-023-03 (DoD [2]).

A series of cases studies in the context of APM are conducted in order to verify whether Eq. 4 is
able to produce a reasonable value of DIF. The M2-X -ATF model is used in these simulations since
UFC 4-023-03 (DoD [2]) require that “for elements with inadequate horizontal tie force capacity,
the Alternate Path method cannot be used”. The following steps have to be performed to assess the
DIF according to the procedures proposed in McKay et al. [33] and UFC 4-023-03 (DoD [2]):

a. Nonlinear dynamic analysis is performed using the design gravity loads. The APM is
employed and the peak dynamic displacement of the removed column is recorded.
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b. Using the same model in Step 1, a nonlinear static analysis is performed. Increased the
gravity loads with a trial DIF are applied in the effective area of the removed column.
c. Repeat step 2 until the deformation matches with the one computed in step 1.

The comparisons between the dynamic increase factors calculated according to Eq. 4 (DIFpop) and
the DIFs obtained based on the simulation results of model M2-NIST-10-ATF (DIFreal) and
M2-NIST-10-NS (DIFns) following the steps outlined above under various column loss scenarios
are shown in Table 6. Model M2-NIST-10-NS is identical to M2-NIST-10 except the floor slabs are
removed. Only moment column loss cases are considered because collapse will occur if a gravity
column is removed from M2-NIST-10-NS. From Table 6, large differences between DIFpop and
DIFreal can be seen, indicating that Eq. 4 fails to produce reasonable DIFs. The differences between
DIFpop and DIFns are even larger although the models employed in UFC 4-023-03 (DoD [2]) to
formulate the equation did not considered the effects of the slab system, either. For example, the
differences between DIFns and DIFpeep are 51%, 42% and 52% when moment columns
C-E6-1-N10, C-F6-1-N10, and C-E6-5-N10 are removed, respectively. The comparisons between
DIFpop and DIFns also reveal that the presence of the slabs is not the reason for such inaccuracy.
Therefore, it can be concluded that as an empirical equation obtained from curve fitting and without
any theoretical basis, Eq. 4 specified in UFC 4-023-03 (DoD [2]) for calculating DIF is
problematic.

Another interesting observation from Table 6 is that the slabs have a significant impact on the
values of DIFs based on the comparison between DIFns and DIFreal. It can be seen that the DIFreal
are smaller than DIFns after loss of column C-E6 and C-F6 in the first and fifth floor and in the
other two cases, DIFrea are smaller than DIFns. Therefore, removal of the slabs can overestimate or
underestimate the value of DIF thus the slab floor system has to be considered if accurate DIF is
aimed to be obtained.

Table 7 to Table 10 show the comparisons between DIFreal and DIFpop for the prototype buildings
in various column loss cases. In these tables, a positive difference means UFC 4-023-03 (DoD [2])
underestimate the values of DIFs, and a negative difference means UFC 4-023-03 (DoD [2])
overestimate the values of DIFs. From these tables, a common trend for the four buildings is
observed. It can be seen that the differences between DIFreal and DIFpop are remarkable, especially
in the column loss cases when gravity columns are removed. For NIST-10 building, the difference
ranges from 16% to 30% when a gravity column is removed. The deviations are around 40% for
SAC-3 and SAC-9 and 30% for SAC-20 under single gravity column loss scenarios. Eq. 4 can
estimate the DIFs reasonably after loss of moment columns, which induce relatively small
deformations. Table 6 to Table 9 demonstrate that the differences between DIFrea and DIFpop are
under 15% when the lost columns are in the moment resisting system. It also should be noted that
the UFC method underestimated the DIF in most of the column loss conducted herein. Therefore, it
can be concluded that the DIF specified in UFC 4-023-03 (DoD [2]) is inaccurate and
unconservative.
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Table 7. Comparison between DIFreat and DIFpop: NIST-10 Building

Column lost DIFpop DIFreal Difference
C-A5-1-N10 1.32 1.72 30%
C-D4-1-N10 1.32 1.70 29%
C-D6-1-N10 1.32 1.49 13%
C-E4-1-N10 1.32 1.30 -2%
C-E5-1-N10 1.32 1.53 16%
C-E6-1-N10 1.32 1.46 11%
C-F6-1-N10 1.32 1.45 10%
C-AS5-5-N10 1.32 1.64 24%
C-D4-5-N10 1.32 1.71 30%
C-D6-5-N10 1.32 1.50 14%
C-E4-5-N10 1.32 1.30 -2%
C-E5-5-N10 1.32 1.53 16%
C-E6-5-N10 1.32 1.48 12%
C-F6-5-N10 1.32 1.48 12%

Table 8. Comparison between DIFreat and DIFpop: SAC-3 building

Column lost DIFpop DIFreal Difference (%)
C-A3-1-S3 1.38 1.48 7
C-A4-1-S3 1.38 1.49 8
C-A5-1-S3 1.38 1.45 5
C-B3-1-S3 1.28 1.85 45
C-B4-1-S3 1.28 1.82 42
C-B5-1-S3 1.28 1.82 42
C-C3-1-S3 1.28 1.85 48
C-C4-1-S3 1.28 1.84 44
C-C5-1-S3 1.38 1.39 1
C-D3-1-S3 1.28 1.87 46
C-D4-1-S3 1.28 1.85 45
C-D5-1-S3 1.38 1.52 10
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Table 9. Comparison between DIFreat and DIFpop: SAC-9 Building

Column lost DIFpop DIFreal Difference (%)
C-A4-1-S9 1.33 1.50 13
C-A5-1-S9 1.33 1.52 14
C-A6-1-S9 1.33 1.46 10
C-B4-1-S9 1.28 1.83 43
C-B5-1-S9 1.28 1.79 40
C-B6-1-S9 1.33 1.46 10
C-C4-1-S9 1.28 1.80 41
C-C5-1-S9 1.28 1.79 40
C-C6-1-S9 1.33 1.41 8

Table 10. Comparison between DIFrea and DIFpop: SAC-20 Building

Column lost DIFpop DIFeal Difference (%)
C-A4-1-S20 1.30 1.42 9
C-A5-1-520 1.30 1.38 6
C-A6-1-S20 1.30 1.40 8
C-A7-1-S520 1.30 1.27 -2
C-B7-1-S20 1.30 1.34 3
C-C4-1-S20 1.30 1.66 28
C-C5-1-S20 1.30 1.74 34
C-C7-1-S20 1.30 1.28 -2

On the other hand, it also reveals another two problems associated with Eq. 4: 1) 6ra/6, is member
dependent and not system dependent, and 2) certain members may be predominate in the DIF
calculations. In other words, the members or connections with the smallest value of 6 /6, may
associate with the same member section and structural layouts for the different column loss cases,
and thus lead to the same DIF values. For example, an all of the column loss cases of NIST-10
building, the control member is the gravity beam in East-West direction. Such beams are
considered primary members and not neglected in this study because they are not considered to be
pinned at both ends and the flexural strength of the shear connection is not neglected and the value
of Gra/6; for the member is the smallest among the primary structural component is the effective
area of the removed column. Table 6 to Table 9 show that the actual value of DIF do depend on the
type of the removed column.
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S. ENERGY-BASED APPROACH FOR
ASSESSING PEAK DYNAMIC DISPLACEMENT

The purpose of using DIF is to assess the peak dynamic displacement of a system under column
loss scenarios through nonlinear static procedure. Since it has already been shown that the DIF
specified in UFC 4-023-03 (DoD [2]) is not accurate nor conservative. It was discussed that the
approach suffers from several critical drawbacks and that it is based on empirical data. To resolve
this problem, a new approach for assessing PDD is proposed herein.

5.1 Energy-based Approach for Assessment of Peak Dynamic Displacement
To illustrate a general idea of the approach, a 4 slab-panel system with the mid-column removed as
shown in Figure 5 is considered herein. It is assumed that the uniformly distributed load (UDL) that

is applied to the system is wo. According to Izzundin et al. [34], if the column is removed suddenly,
the external work done by the UDL when the PDD Abp is reached is:

Wext = aWOAD (5)

where o is a work-related factor that depends on the gravity load distribution and when w is
identical everywhere, it is a constant which depends on the deformed shape of the floor system.

Figure 5. 4 slab-panel System with Mid-column Removed

Assume that the load-deflection response w(A)of the system obtained from a static push-down
analysis is as shown in Figure 6(a). When the PDD of the system is reached, the internal energy
stored in the system can be expressed as:

Ap
Wine = f aw(A)dA (6)
0

When the PDD is achieved, the kinematic energy stored in the system is zero. According to the law
of energy conservation, an equality can be established, which is Wex = Win. It is reasonable to
assume that the deformation modes of the system under dynamic and static loading conditions are
the same. Therefore, the constant o can be eliminated. Thus,

Ap
0

(7
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The PDD of the system can be expressed as:

Ap
py= o WA )

Wo

wi(A) w{k)

A a
(a) Load-deflection curve obtained by static push-down  (b) Bi-linear approximation of the load-deflection curve

Figure 6. Load-deflection Curve for the 4-slab Panel System

The relationship in Figure 6(a) can be approximated as a bi-linear relationship as shown in Figure
6(b). The assumption is reasonable since the force-displacement relationships obtained from a
number of static push-down experimental tests conducted recently to test the robustness of bolted
connections, semi-rigid connections and rigid connections under column loss scenarios (Li et al.
[35], Guo et al. [36], Yang and Tan [37], Guo et al. [38], Weigland and Berman [39], and Wang et al.
[40]) could be simplified as bi-linear without losing too much critical information. As shown in
Figure 6(b), the bi-linear relationship can be defined by wi, w2 and their corresponding
displacement A; and Az. wr is the UDL when the system reaches is elastic stage since the initial
stage of the force-displacement relationship in a static push-down test should be linear as shown in
the progressive collapse tests mentioned above. On the other hand, wi could be calculated based on
the size of the cross section of the structural components, which should be larger than the factored
loads which should be carried by the system. w2 is greater than w2 and w2 = fwi, in which >1. For
simplicity, the factored design gravity load wo= 1.2D + 0.5L required by UFC 4-023-03(DoD [2])
is used instead of w; and thus w2 = fwy. This assumption is reasonable because the quantitative
difference between wo and w; should be within a reasonable range according to the Load and
Resistance Factor Design method. The displacements corresponding to wo and fwo are Aor and Aoz,
respectively. Ap is deemed to be larger than Ao1, which is obtained from the nonlinear static analysis
without the application of the DIF, but not necessarily smaller than Ao2. Thus, the approximated
bi-linear force-displacement relationship w(A)of the structural system can be expressed as:

LA, A< Ay

W) =1y, ©

——[(B—DA+Ap; — BAy1], A>Ap
Aoz — Aoy
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Figure 7. Energy-based Approach for Assessing Peak Dynamic Displacement Ap

An energy-based approach for assessment of PDD can be established based on this simplification.
As shown in Figure 7, the hatched area represents the left-hand side of Eq. 7 and the shaded area
represents the right-hand side of Eq. 7. To equate the hatched area to the shaded area, the area of the
triangle ACD has to be equal to the area of the triangle DEF since triangle ABD and rectangular
BDFG are shared by the hatched area and the shaded area. Thus,

1

ZWolor = 3 [w(Bp) = Wol (A — B (10)

By substituting Eq. 9 into Eq. 10,

1 1 w,
EWOAM: E{m [(B—1DAp + Agy — BAy1] — Wo} (Ap — Apy) (11)

By solving this equation, the PDD can be obtained:

Ag1 (Do — Dg1)

AD=A01+ B—l

(12)

Thus, the PDD can be estimated through a simple equation as long as Aoi and Aoz are acquired. The
implementation of the proposed method requires the following steps:

i.  Conduct a nonlinear static analysis using APM with the application of the gravity load w0 =
1.2D + 0.5L and record the corresponding displacement Aoi;

ii. Conduct another nonlinear static analysis using APM with the application of the gravity load
Bwo and record the corresponding displacement Aoz;

iii. Use Eq. 12 to calculate the PDD of the system.

5.2 Verification of the Proposed Approach

In order to verify the accuracy of the proposed approach, a large number of case studies are
conducted using the numerical models M2-X-ATF for all of the four prototype buildings. Nonlinear
dynamic analyses are firstly performed to obtain the PDD for comparison purposes. Then nonlinear
static analyses are conducted on the basis of the proposed approach and the method for the
calculation of the DIF specified in UFC 4-023-03 (DoD [2]) under the same column loss scenarios.
Table 11 to Table 14 show the comparisons between the normalized peak displacements obtained
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by the two methods. “PDD” listed in these tables is nonlinear dynamic PDD and is used as
reference in this section. Normalized peak displacement is defined as the ratio between the
estimated PDD on the basis of the proposed method or UFC 4-023-03 (DoD [2]) (UFC method) to
the PDD obtained from the nonlinear dynamic analyses. Based on a trial and error process, the
value of B used in all of the case studies is set to 1.3. Considering the values of the DIFs are
between 1.30 to 1.70 in most of the cases in this study as shown in Table 6 to Table 9, this number
is reasonable.

Table 11. Comparison between the Normalized Peak Dynamic Displacements (NPDD)
Obtained from the Proposed Method and the UFC Method: NIST-10 Building

Column lost PDD! (mm) NPDIII)l.eglr(())(Ii)osed NPnI?e[:}.I(%FC
C-A5-1-N10 644 1.02 0.69
C-D4-1-N10 660 1.05 0.69
C-D6-1-N10 114 1.16 0.76
C-E4-1-N10 101 1.33 0.90
C-E5-1-N10 664 1.07 0.71
C-E6-1-N10 43 1.27 0.84
C-F6-1-N10 59 1.24 0.83
C-AS5-5-N10 652 1.05 0.70
C-D4-5-N10 685 1.03 0.67
C-D6-5-N10 149 1.09 0.72
C-E4-5-N10 167 1.21 0.86
C-E5-5-N10 684 1.07 0.70
C-E6-5-N10 53 1.28 0.84
C-F6-5-N10 72 1.23 0.81
'PDD: peak dynamic displacement obtained from nonlinear dynamic analyses

Table 12. Comparison between the Normalized Peak Dynamic Displacements (NPDD)
Obtained from the Proposed Method and the UFC Method: SAC-3 Building

Column lost PDD! (mm) NPDEl.eglr(())(lioosed NPH]?;?}'K%FC
C-A3-1-S3 124 1.17 0.84
C-A4-1-S3 129 1.14 0.84
C-A5-1-S3 229 1.12 0.83
C-B3-1-S3 989 1.11 0.70
C-B4-1-S3 967 1.13 0.72
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C-B5-1-S3 1308 1.07 0.68
C-C3-1-S3 937 1.10 0.68
C-C4-1-S3 912 1.10 0.73
C-C5-1-S3 531 1.13 0.99
C-D3-1-S3 933 1.04 0.67
C-D4-1-S3 887 1.01 0.70
C-D5-1-S3 123 1.04 0.84

'PDD: peak dynamic displacement obtained from nonlinear dynamic analyses

Table 13. Comparison between the Normalized Peak Dynamic Displacements (NPDD)
Obtained from the Proposed Method and the UFC Method: SAC-9 Building

Column lost PDD! (mm) NPDEl.eglr(())(lioosed NPH]?;?}'K%FC
C-A4-1-S9 36 1.31 0.86
C-A5-1-S9 39 1.28 0.87
C-A6-1-S9 37 1.35 0.92
C-B4-1-S9 858 1.06 0.69
C-B5-1-S9 887 1.03 0.66
C-B6-1-S9 53 1.34 0.91
C-C4-1-S9 914 1.05 0.68
C-C5-1-S9 916 1.07 0.69
C-C6-1-S9 35 1.40 0.94

'PDD: peak dynamic displacement obtained from nonlinear dynamic analyses

It can be seen from these tables that out of the 43 column loss cases considered herein, there are 42
cases in which the normalized peak displacements obtained on the basis of UFC method are smaller
than 1.0, indicating that the UFC method underestimate the peak dynamic displacement in almost
every single column loss case. The only exception is that the UFC method is overestimated the
PDD by 3% when the SAC-20 building is subjected to loss of column C-A6-1-S20. The PDD of the
NIST-10 building is underestimated by 30% by the UFC method when the building is subjected to
loss of column C-D4-1-N10. In the case when column C-B5-1-S9 of SAC-9 building is removed,
the PDD of the system is underestimated by 34%. The UFC PDD of the SAC-20 building is 31%
smaller than the PDD evaluated by the nonlinear dynamic analysis when the building is subjected
to loss of column C-A7-1-S20. In summary, based on the simulation results, the UFC method
underestimates the PDD of the structural systems by a range of 1% to 34%, which means the
vulnerability of the system is significantly underestimated and thus the UFC method is once again
proved to be unsafe.
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Table 14. Comparison between the Normalized Peak Dynamic Displacements (NPDD)
Obtained from the Proposed Method and the UFC Method: SAC-20 Building

Column lost PDD' (mm) NPDIII)I:eglrsg osed NPrgg}:l;gti
C-A4-1-S20 20 1.40 0.90
C-A5-1-S20 20 1.40 0.95
C-A6-1-S20 23 1.30 1.03
C-A7-1-S20 26 1.32 0.69
C-B7-1-S20 11 1.45 0.97
C-C4-1-S20 463 1.11 0.74
C-C5-1-S20 688 1.15 0.75
C-C7-1-S20 19 1.42 0.99

'PDD: peak dynamic displacement obtained from nonlinear dynamic analyses

In contrast, the proposed approach shows reasonable accuracy and is fairly conservative. The
normalized PDDs estimated by the proposed approach are between 1.01 and 1.45 according to
Table 11 to Table 14. In the cases when the PDD is smaller than 100 mm, the proposed approach
typically overestimates the PDD by 20% to 40%, such as the cases of loss of columns C-E6-1-N10,
C-F6-1-N10, C-E6-5-N10, and C-F6-5-N10 of the NIST-10 building, loss of columns column
C-A4-1-S9, C-A5-1-S9, C-A6-1-S9, C-B6-1-S9, and C-C6-1-S9 of the SAC-9 building, loss of
columns C-A4-1-S20, C-A5-1-S20, C-A6-1-S20, C-A7-1-S20, C-B7-1-S20, and C-C7-1-S20 of the
SAC-20 buildings. These columns are all moment columns and loss of such columns is not critical
for the system. However, for the column loss cases which result in large deformation (more than
100 mm), the proposed method is very accurate and does not overestimate the PDD in a significant
manner. For example, the normalized PDD calculated using the proposed approach in the case of
removal of column C-A5-1 of the NIST-10 building is 1.02, which means the PDD estimated on the
basis of the proposed approach matches the PDD obtained from the nonlinear dynamic analysis. In
this case, the PDD is 644 mm, as is shown in Table 11. Table 12 demonstrates that the normalized
PDDs assessed on the basis of the proposed approach are all below 1.20 when SAC-3 building is
subjected to various column loss scenarios. The PDD calculated according to the proposed
approach is 3% to 7% larger than the corresponding nonlinear dynamic PDD under the loss of
interior gravity columns of the SAC-9 building and the proposed method shows great accuracy in
these cases. For the other column loss cases, the difference between the PDDs evaluated by
implementing the proposed approach and the dynamic nonlinear procedure ranges from 10% and
17%.

In summary, the proposed simplified energy-based method can estimate the PDD of the steel
framed structures accurately and is reasonably conservative. It is also worthwhile to mention that
the column loss cases considered herein incorporate different beam-column connection types,
including the shear connection, WUF moment connections and RBS moment connections, and
unlike the UFC method, the accuracy of the proposed method is not significantly influenced by the
connection type. Therefore, the proposed method can be generally applied to the design of steel
framed buildings with various connection types against progressive collapse.
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53 Suitability of the Proposed Approach for Design Office Environment

From the accuracy perspective, the PDD evaluated using the proposed approach has been shown to
be more accurate comparing with the one calculated using the equation provided by UFC 4-023-03
(DoD [2]) in this study. On the other hand, as is mentioned earlier, the proposed approach is
generally applicable to the steel framed structures with various types of beam-to-column
connections, such as shear connections, WUF connections and RBS connections. Thirdly, the only
calculation which needs to be done by hand in the proposed approach is the utilization of Eq. 12.
However, the UFC method requires more hand calculations to determine the values of Opra and Oy
for the primary structural components.

Actually, the dynamic increase factor is no longer needed because by using the proposed method,
the PDD can be calculated directly. Therefore, the proposed method could be a reasonable
replacement of application of DIF for the purpose of estimating the peak dynamic displacement and
thus evaluating the damage of the structure after loss of columns through nonlinear static analysis.

However, the proposed approach will be less accurate than the approach proposed by Izzundin et al.
[34] because the proposed approach is an approximation of their method. However, from the
computational perspective, the proposed approach outperforms the method proposed by Izzundin et
al. [34]. In their method, a series of nonlinear static analyses are needed in order to obtain the static
load-deflection curve of the system and a fairly complicated trial-and-error process is needed to
obtained the PDD since it is an unknown and it serves as the upper limit of the integration.

On the other hand, the proposed method requires at most 2 nonlinear static simulations using the
same model under different loading conditions. Although this is more effort than a single nonlinear
static run, it is certainly less effort than running a full dynamic simulation, with all of its
complications in modeling and data processing. Many commercial software packages can now run
nonlinear static simulations, tracking the inelastic response of frame elements and even shell
elements. Therefore, conducting the requisite static simulations is certainly within the capabilities
of most design offices at present, rendering the method practical and suitable for routine
application.

6. CONCLUSIONS

Two design requirements in the UFC 4-023-03 (DoD [2]) published by the US Department of
Defense were evaluated, including Tie Force Method and criteria for the calculation of the
Dynamic Increase Factor. To ensure that the analytical results are generally applicable,
three-dimensional macro-based models for a pool of 4 buildings with different heights, structural
layouts and seismic detailing were created. The modeling approach has been extensively validated
in previous research (Alashker et al. [22] and Li and El-Tawil [29]). It was found the original
design of these structures did not satisfy the Tie Force criteria and thus the buildings were
redesigned to ensure adequate tie strength by adding reinforcing bars to the slabs of the structures.
The responses of all four structures under column loss scenarios before and after the re-design were
then compared to evaluate the efficacy of the TFM procedure in UFC 4-023-03 (DoD [2]). The
DIFs of the prototype structures were obtained from the numerical simulations and compared with
the DIFs calculated according to the method specified in UFC 4-023-03 (DoD [2]). It was found the
UFC method were neither accurate nor conservative. To address this deficiency, a new,
energy-based approach for assessing the peak dynamic displacement was proposed, in which the
simulation results of two separate nonlinear static analyses were needed to compute the peak
dynamic displacement. Extensive case studies were then conducted to assess the characteristics of
the new method and the following conclusions are drawn:
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The tie force method as implemented in UFC 4-023-03 (DoD [2]) can effectively protect the
structures against progressive collapse under column loss scenarios. Ensuring adequate tie
strength also reduces the overall deflection of the structural system significantly under large
deformation conditions when catenary action plays a significant role in resisting progressive
collapse although this effect is limited when the deformations are small.

The method for the calculation of the dynamic increase factor for the steel framed structures
specified in UFC 4-023-03 (DoD [2]) is neither accuracy nor conservative. The method is also
unsafe because it may underestimate the peak dynamic displacement of a structure by 30% in
some cases and thus significantly underestimate the vulnerability of the structure under column
loss scenarios.

The proposed energy-based approach for assessing the peak dynamic displacement of a
structure after sudden column loss is reasonably accurate and conservative. It is also generally
applicable to the steel framed structures with various types of beam-column connections.
Although the proposed needs two separate nonlinear static analyses, its accuracy and simplicity
make it attractive for use in a design office environment. Furthermore, considering the
advantages of the proposed approach over the UFC method, it could be a reasonable
replacement of application of DIF for the purpose of estimating the peak dynamic displacement
and thus evaluating the damage of the structure after loss of columns through nonlinear static
analysis.
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ABSTRACT: Experimental and numerical investigations were conducted on skewed plate-to-SHS X-joints under
compression. In order to research static behavior of skewed plate-to-SHS X-joints under compression, a total of ten
specimens including orthogonal and skewed plate-to-SHS X-joints were tested. The failure modes,
compression-displacement curves and strain intensity distribution curves of joints were presented in the paper. The
effects of 7 (The ratio of plate thickness to SHS chord thickness) and € (skewed angle between plate and SHS chord
axis) on the ultimate bearing capacity and ductility of X-joints were also studied. The corresponding finite element
analysis (FEA) was also performed and calibrated against the test results. Therefore, an extensive parametric study
was carried out to evaluate the effects of main geometric parameters (z and ) on the static behavior of skewed
plate-to-SHS X-joints under compression. Results of these tests showed that as value of € increased, ultimate bearing
capacity of X-joints increased irregularly. As value of T increased, the ultimate bearing capacity of X-joints increased
significantly. Maximum strain intensity was located in the region of weld seam end between plate and SHS chord. As
value of @ increased, ductility of joints with thin plates increased; ductility of joints with thick plates decreased.
Except X-joints with 6=90°, coefficient of ductility of joints with thick plates were larger than that of joints with thin
plates. In addition, the design equations were proposed for skewed plate-to-SHS X-joints under compression, which
were shown to be accurate and reliable.

Keywords: Skewed plate-to-SHS X-joints, compression, static behavior, FEA, ultimate bearing capacity, design
equation
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1. INTRODUCTION

The cutting and welding of intersection lines are the key construction work of tower and truss. The
diversity of number, angle and size of brace makes the intersection lines forming three dimensions.
Complicated tower and truss structures often have braces and chord intersecting at skewed angles.
Square Hollow section (SHS) chord with plates braces inclined to the longitudinal axis of the SHS
chord have become common. There are some skewed plate-to-SHS joints in real engineering project,
as shown in Figure 1. Although plate-to-SHS X-joints are often designed with a diverse range of
geometries, research and design recommendations into the effect of skewed angle (6) on static
behavior of plate-to-SHS X-joints under compression have been limited, necessitating further
research to fill a gap in the current design knowledge base. Though the influence of skewed angle for
plate-to-CHS joins has been examined by Voth and Packer [1], the effect of skewed angle has not
previously been examined for plate-to-SHS joints, which becomes the focus of the experimental and
FEA study discussed herein.

Extensive studies have been performed in recent years on joints made of plate braces and tube chord
intersecting at orthogonal angles. A numerical analysis and experimental study were performed to
investigate the behavior and strength of tube-gusset joints subjected to axial brace force by Kim [2].
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Ultimate strength formulas for each of the forces were proposed. Experimental and numerical
investigations were carried out on gusset plate joints to the ends of circular hollow section (CHS)
members by Saucedo and Packer et al. [3]. An investigation of block shear tear-out failure for
gusset-plate welded joints in both very high strength tubes and structural steel hollow section was
conducted by Ling and Zhao et al. [4]. The existing design rules were inadequate, and five possible
modifications were examined. A modification of the effective net area and failure stress definitions
was proposed. An investigation of shear lag failure for gusset-plate welded joints in very high
strength tubes with a yield stress of 1350 MPa, and shear lag design for gusset-plate welded joints in
both high strength tubes and regular structural steel hollow section was conducted by Ling and Zhao
et al. [5]. Design rules were proposed for gusset-plate welded joints in all tubes. Slotted rectangular
and square hollow structural section tension joints without welding at the end of the gusset plate for
different weld length ratios, slot orientations, weld sizes and levels of corner strength compared to its
flat segment were numerically investigated by Zhao and Huang et al. [6]. Behavior and strength of
600MPA CHS tube-gusset joints were experimentally and numerically investigated by Lee and Shin et
al. [7]. Behavior of transverse or longitudinal X-type plate-to circular hollow section joints loaded
under branch plate tension or compression was experimentally and numerically investigated Voth and
Packer [8-9]. Partial design strength functions, determined through regression analysis, were proposed
with lower-bound reduction factors. Jiao and Mashiri et al. [10] investigated the fatigue behavior of
very high strength (VHS) steel tubes to steel plate T-joints under cyclic in-plane bending.

Current design guidelines for axially loaded plate-to-SHS X-joints include I[IW design rules [11],
AWS design rules [12], CIDECT Design Guide No. 3, 2nd Edition [13], Eurocode3 design of steel
structures [14], and AISC Steel Design Guide No. 24 [15].

Some research has been conducted in recent years on the static and dynamic behaviour of hollow and
concrete filled SHS joints with different configurations [16-22]. Literature review shows that there is
little research on skewed plate-to-SHS X-joints under compression. The existing design
specifications are only design for orthogonal plate-to-SHS X-joints. The aforementioned literatures
were all conducted on orthogonal plate-to-tube joints fabricated with plate brace members welded to
the hollow structural section chord members. Little research has been carried out on skewed
plate-to-SHS X-joints under compression. This paper focuses on the strength and behavior of skewed
plate-to-SHS X-joints under compression. The orthogonal plate-to-SHS X-joints under compression
were also tested for comparison. The ultimate strengths, failure modes, joint displacements and strain
distributions of skewed and orthogonal plate-to-SHS X-joints under compression are reported in this
study. The effect of skewed angle of plate member on the ultimate strength and initial stiffness of all
specimens was evaluated. The test and FEA results are compared with the design strengths calculated
using the current design rules. The new design equations are also proposed for skewed plate-to-SHS
X-joints under compression.

2. EXPERIMENTAL DESIGN

2.1 Test Specimens

A total of ten plate-to-SHS X-joints under compression including six skewed plate-to-SHS X-joints
and four orthogonal plate-to-SHS X-joints were tested, as shown in Figure 2. Effects of skewed angle
and skewed plate thickness on static behavior of plate-to-SHS X-joints under compression were

experimentally investigated.

The length (L) and height (H) of all specimens were uniformly fabricated by 400 mm and 332 mm,
respectively, for the purpose of comparison. The 10 mm thick steel end plates were welded at the end
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of plate brace members for the loading and boundary conditions. The joint type and cross-section
dimensions of all specimens defined as chord width (bo), plate brace width (b1), chord wall thickness
(%), plate brace thickness (1) and skewed angle (6) as well as geometric parameters f=b1/bo, =ti/to
and 2y=bo/to are summarized in Table 1, using the dimensions of all specimens as detailed in Figure
3.

Figure 1. Skewed plate-to-SHS Joints in Real Engineering Project

Table 1. Geometric Parameters and Failure Modes of Plate-to-SHS X-joints

SHS chord Plate brace 0 y
Number (boxboxto) (brxhixtr) 0 ! T Failure mode
) (mm)
(mmxmmxmm) | (mmXmmXxmm)

GXS400 | ©120x120%5 -100x100x4 0 4 0.8 Plate failure

GXS430 | 0120x120%5 -100x100x4 30 4 0.8 Plate failure

GXS445 | 0120x120%5 -100x100x4 45 4 0.8 Plate failure

GXS460 | 0120x120%5 -100x100x4 60 4 0.8 Plate failure

GXS490 | 0120x120%5 -100x100x4 90 4 0.8 Plate failure

GXS600 | 0l120x120%5 -100x100%6 0 6 12 Tube-plate
failure

GXS630 | 0l120x120%5 -100x100x6 30 6 12 Tube-plate
failure

GXS645 | 0l120x120%5 -100x100x6 45 6 12 Tube-plate
failure

GXS660 | ©120x120%5 -100x100x6 60 6 1.2 Plate failure

GXS690 | 0120x120%5 -100x100%6 90 6 12 Plate failure




542 Y. Chen, K. He, W.X. Zhang, B.C. Chen and J.G. Wei

Figure 2. Photos of Joint Specimens
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Figure 3. Detailed Schematic Drawings of Skewed Plate-to-SHS X-joints

The welds connecting brace and chord members were designed according to the American Welding
Society (AWS D1.1/1.1M) Specification [12] and laid using shielded metal arc welding. The weld
sizes in the test specimens are all greater than the larger value of 1.5¢ and 3 mm, where 7 is the
thickness of thinner part between plate brace and chord members. The 4.0 mm and 4.5 mm
electrodes of type E4304 with nominal 0.2% proof stress, tensile strength, and elongation of 390
MPa, 500 MPa, and 33%, respectively, were used for welding low carbon steel (Q235) specimens.
All welds consisted of 2 to 3 runs of welding to guarantee that failure of specimens occurred in the
plate brace or chord members rather than the welds.
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2.2 Specimen Labelling

The specimens are labelled according to their joint type, joint configuration, cross-section type of
chord, plate brace thickness and skewed angle. For example, the label ‘GXS645° defines the
following X-joint:

e The first letter ‘G’ denotes gusset plate.

The second letter ‘X’ denotes X-joint.

The third letter ‘S’ denotes square hollow section chord.

The first number ‘6’ indicates the plate have the nominal thickness (#1) of 6 mm.

The second numbers ‘45 indicates the skewed angle between plate and SHS chord axis is 45°.

The chord member of all specimens is square hollow section of SHS120x120x5, which having the
nominal overall width (bo) of 120 mm, and the nominal wall thickness (#) of 5 mm.

2.3 Material Properties

All specimens were fabricated by using Chinese Standard Q235 steel (nominal yield stress f,= 235
MPa). Tensile coupon tests were conducted to determine the mechanical properties of low carbon
steel square tubes. The coupons were taken from the center face of square tubes and plates in the
longitudinal direction, which were prepared and tested based on the recommendations of Chinese
Code of Metallic Materials (GB/T 228-2002) [23]. The tensile coupon tests were conducted by using
a 250kN capacity MTS displacement controlled testing machine. The strain gauges and extensometer
were positioned to measure the longitudinal strains of each specimen. A data acquisition system was
used to record the load and strain at regular intervals during the tests. Through the uni-axial tensile
test on standard specimens, which is shown in Figure 4, the material properties for the ten specimens
listed in Table 2 are measured, and they are the fundamentals in numerical study. The material
properties obtained from the tensile coupon tests are summarized in Table 2, including the elastic
modulus (F), tensile yield stress (fy), ultimate tensile stress (f1), and elongation after fracture (ef).

Table 2. Result of Material Characteristic Test

Specimen fy (Mpa) fu (Mpa) Sylfa er (%) E (GPa)
0120x120x%5 278 411 0.68 28 208
-100x100x4 317 409 0.78 31 211
-100x100x6 309 425 0.73 35 209

Figure 4. Steel Material Uni-axial Tensile Test
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2.4 Test Procedure

All specimens were installed in the same test rig, as shown in Figure 5. During the experimental tests,
an axial compressive load is applied at the end of the plate brace. The reaction frame and supports
were connected to the strong floor firmly by anchor bolts. The 1000 kN capacity hydraulic jack was
used to apply the compression to the plate brace members of test specimens and monitored by the
load cell, which was positioned concentrically between the hydraulic jack and the reaction frame.
Two steel end plates were welded at the end of plate braces members in order to generate
symmetrical compression in the two plate braces. So far, ultimate bearing capacity equations were
limited to orthogonal angel joints. The estimated ultimate bearing capacities of joints were
considered as the value of the ultimate bearing capacity calculated according to IIW standard [11].

Figure 5. Test Rig

2.5 Measurement Plan

The test plan consists of two parts: (1) Arrangement of strain gauges at the intersection of joints with
complex stress. (2) Arrangement of displacement transducers.

Since the stress of each point at the intersection was quite complex, three-dimensional strain gauges
were arranged on the face of the SHS chord flange and at the foot of the plate brace to test the strain
intensity distribution. Considering the symmetry, seven strain gauges were arranged. Three strain
gauges named T1-T3 were placed at the foot of plate brace, and three strain gauges named T4-T6
corresponding to T1-T3 were placed on the face of the SHS chord flange. T4 strain gauge was placed
at the corner of plate. All the three-dimensional strain gauges were arranged 15mm away from the
weld in order to decrease the influence of weld area on strain testing, as shown in Figure 6.
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Figure 6. Arrangement of Strain and Displacement Gauges

3. TEST RESULTS
3.1 Failure Modes

Two types of failure modes, namely plate failure and tube-plate failure, were observed from the tests
for different plate-to-SHS X-joints, as shown in Table 1.

When the load was small, the displacement of plate end and strains developed slowly as the load
increased; then strains developed fast as the load approached the maximum with no obvious
deformation of tube and plate; finally as the load reached the maximum, the plate suddenly buckled,
at the same time the load fell down rapidly and the joints lost its bearing capacity. There was no
visible deformation of chord tube during the loading process. Plate failure is the main failure mode in
the tests, as shown in Figure 7.

Figure 7. Photo of Plate Failure Mode (GXS460)

The tube-plate failure mode occurred in specimens of GXS600, GXS630 and GXS645 in the tests.
When the load was small, the displacement of plate end and strains developed slowly with the
increase of the load, there was no visible deformation of the plates and tube chord. Then as the load
approached the maximum, the displacement and strain developed rapidly and the plate appeared
small deformation, but there was no visible deformation of the tube chord. Finally, the load reached
the maximum, a small concave deformation appeared on the flange of the square tube, the plate
buckled suddenly, and then the load fell down rapidly. The typical tube-plate failure mode of
plate-to-SHS X-joints was shown in Figure 8.
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Figure 8. Photo of Tube-plate Failure (GXS645)

As shown in Table 1, when the thickness of plate was 4mm, that is, value of 7 (0.8) was small,
plate-to-SHS joints failed all due to the plate failure, and the failure mode of plate-to-SHS joints with
thin plate was not affected by skewed angle; As the thickness of plate increased to 6 mm, that is,
value of 7 (1.2) was large, and tube-plate failure occurred in joints with small skewed angle 6 (0°, 30°
and 45°), the plate failure occurred in joints with large skewed angle 6 (60°, 90°). So it is worth
noting that skewed angle 6 has an influence on the failure mode of plate-to-SHS X-joints with thick
plate.

3.2 Load-displacement Curves

The curves of load-displacement of plate-to-SHS X-joints with plate thickness=4mm were plotted in
Figure 9a, in which the work stage of the joints under compression consisted of elastic stage,
elastic-plastic stage and failure stage. When the thickness of plate was 4mm, that is, the ultimate
bearing capacity of plate-to-SHS X-joints with 6=45° was the largest; Comparing the maximum
value of X-axis in each curve, the largest ultimate displacement occurred when 6=0°, while the
smallest ultimate displacement occurred when 0=60°. It is clear that the ductility of plate-to-SHS
X-joints with thin plate was poor except the joints with =0°. In terms of the slope of the initial
period of each curve in Figure 9a, the initial compressive stiffness of the joints with 6=60° was the
largest, but that of the joints with =0° was the smallest.

The curves of load-displacement of plate-to-SHS X-joints with plate thickness=6mm were shown in
Figure 9b, in which the work stages of the joints under compression consisted of elastic stage,
elastic-plastic stage and failure stage. The ultimate bearing capacity of the joints with #=90° was the
largest, while that of the joints with 6=30° was the smallest, the ultimate bearing capacity of the
joints with 6=0°, 45° and 60° was similar to each other. When the thickness of plate was 6 mm, as
value of @ increased, the ultimate displacement decreased and the ductility became worse, but the
axial compressive stiffness increased.
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Figure 9. Load-displacement Curves

33 Ductility Analysis

The static and dynamic performance of joints is affected directly by the ductility. Good ductility can
make the stress redistribution and facilitate energy dissipation. The better ductility of joints, the more
obvious displacement will be presented before failure. Obvious signs of destruction make sure that
the structure works safely and is advantageous for the improvement of the applicability and safety of
the structure, which can also reduce the damage of structural failure. The ductility coefficient is used
to evaluate the ductility of skewed plate-to-SHS X-joints, which is generally calculated from the ratio
of the ultimate displacement to the yield displacement (4u/4y). The statistical results of ductility of
skewed plate-to-SHS X-joints are shown in Table 3 and Figure 10.

Table 3. Ductility of Plate-to-SHS X-joints

Number 0(9 Ay (mm) Au(mm) Au/dy
GXS400 0 9.03 10.81 1.20
GXS430 30 4.18 5.13 1.23
GXS445 45 4.73 7.22 1.53
GXS460 60 1.15 1.89 1.64
GXS490 90 2.27 4.56 2.01
GXS600 0 5.07 34.70 6.84
GXS630 30 3.66 17.13 4.68
GXS645 45 4.78 18.31 3.83
GXS660 60 6.09 12.98 2.13
GXS690 90 5.54 8.71 1.57
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Figure 10. Ductility Coefficient Au/Ay-skewed Angle 6 Curves
It is shown that as value of 6 increases, the ductility coefficient of joints with thin plates increases;
the ductility coefficient of joints with thick plates decreases. Except joints with 6=90°, ductility
coefficient of joints with thick plates is larger than that of joints with thin plates.
34 Load-strain Intensity Curve
Strain variations and distribution are derived from the data of strain measuring points, and failure
mechanism of joints under compression was studied. Arrangement of strain gauges at the intersection

of joints is shown in Figure 6.

Expression of strain intensity is as follows:

& =§J(el —&,) H(6y—63) +(55 - &)’ (1)

e1, e2and e3 are the first, secondary and third principal strains, respectively.

The curves of load-strain-intensity of joint specimens are plotted in Figure 11. The horizontal axis
represents the number of measuring points (the number of strain gauge measuring points are shown
in Figure 6), and the vertical axis represents the strain intensity.
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Figure 11. Strain intensity distribution curves
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When the load was small, strain intensity varied uniformly along with the load. As the load increased,
the distribution of strain intensity was non-uniform and the stress was redistributed in the region of
joints at the late stage, stress concentration appeared at the end of the weld seams and joints failure
because of plate buckling and SHS tube concave deformation. The statistics of the distribution and
location of maximum strain intensity of plate-to-SHS X-joints are shown in Table 4. The maximum
strain intensity of plate-to-SHS X-joints all occurred at the end of the weld seams.

Table 4. Strain Intensity of Joints

Number o) Failure Mode Point of . Points Location
maximum strain
GXS400 0 Plate failure T7 Tube wall near weld end
GXS430 30 Plate failure T7 Tube wall near weld end
GXS445 45 Plate failure T1, T7 T“be"flzlirag‘;%lif db"“"m
GXS460 | 60 Plate failure T1, T4 Tube-wall and plate bottom
near weld end

GXS490 90 Plate failure T3 Plate bottom near weld end
GXS600 0 Tube-plate failure T7 Tube wall near weld end
GXS630 30 Tube-plate failure T1 Plate bottom near weld end
GXS645 45 Tube-plate failure T7 Tube wall near weld end
GXS660 60 Plate failure T6 Tube wall near weld end
GXS690 90 Plate failure T6 Tube wall near weld end

4. ULTIMATE BEARING CAPACITY

The evaluation of ultimate bearing capacity of plate-to-SHS X-joints under compression is shown in
Table 5 and Figure 12. The value of 6 represents the angle between plate plane and the axis of square
steel tubes. The value of Ni* and Ne. represents the calculated ultimate bearing capacity by using
CIDECT [13] and experimental ultimate bearing capacity of specimens, respectively. Rv represents
the ratio of ultimate bearing capacity of skewed plate-to-SHS X-joints to ultimate bearing capacity of
joints with 6=0° when the other parameters are the same. So far, there is no formula to calculate the
ultimate bearing capacity of the skewed plate-to-SHS X-joints in international standard or design
guidelines. As a result, the theoretical ultimate capacities of the joints with #=0° and 90° obtained by
using CIDECT [13] are given in Table 5. The load carrying capacity of joints under in-plane bending
using Eurocode 3 can be calculated as follows:

Table 5. Ultimate Bearing Capacity of Joints

Number 0(9 T NPKN) [ Ne(kN) Ne/Ni* R

GXS400 0 0.8 46.7 20.7 0.44 1.00
GXS430 30 0.8 — 20.7 — 1.00
GXS445 45 0.8 — 33.4 — 1.61
GXS460 60 0.8 _ 23.8 — 115
GXS490 90 0.8 69.7 30.3 0.43 1.46
GXS600 0 1.2 46.3 62.3 1.35 1.00
GXS630 30 1.2 — 48.2 — 0.77
GXS645 45 1.2 _ 60.0 — 0.96
GXS660 60 1.2 _ 57.9 — 0.93
GXS690 90 1.2 69.7 69.4 1.00 111
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Figure 12. Ultimate Bearing Capacity-skewed Angle Curves
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The experimental ultimate bearing capacity of plate-to-SHS X-joints with thin plates is far less than
the calculated result of CIDECT, as shown in Table 5. It is obvious that the calculation of
specification for plate-to-SHS X-joints with thin plates is unsafe. But the experimental ultimate
bearing capacity of plate-to-SHS X-joints with thick plates was almost larger than the calculated
result of CIDECT. CIDECT specification is very conservative to design the plate-to-SHS X-joints
with thick plates. The ultimate bearing capacity of plate-to-SHS X-joints under compression shows
an increasing trend as 6 increases, as shown in Figure 12.

As shown in Figure 13, when value of 7 is small, all values of Ry are larger than 1, the ultimate
bearing capacity of plate-to-SHS X-joints has a obvious fluctuation along with the variation of the 6.
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When value of t is large, many values of Ry are less than 1, the ultimate bearing capacity of
plate-to-SHS X-joints has an unobvious fluctuation along with the variation of the 6. All the height of
black column is lower than that of the white with the same &, which represents that 6 has greater
effect on the ultimate bearing capacity of plate-to-SHS X-joints with thin plates than on that of joints
with thick plates.
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Figure 13. Rv-0 Curves

The effect of the relative thickness (7) on the ultimate bearing capacity of plate-to-SHS X-joints is
shown in Table 6. The ultimate bearing capacity of plate-to-SHS X-joints obviously increased when
the thickness of plate increased from 4mm to 6mm, especially when 6 was 0°, the maximum
increment was 201.0%; then the second increment was 143.3% when 0 was 60°; increment was
approximately about 130% when 6 was 30°and 90°; the minimum increment was about 80% when 6
was 45°, As a result, the ultimate capacities of plate-to-SHS X-joints are influenced by value of 6 and
the relative thickness (7) of plate.

Table 6. Effect of T on the Ultimate Bearing Capacity of Joints
0 () 0 30 45 60 90
=0.8 20.7 20.7 33.4 23.8 30.3
=1.2 62.3 48.2 60.0 57.9 69.4
A 41.6 27.5 26.6 34.1 39.1
Amplification (%) 201.0 132.9 79.6 143.3 129.0
5. FINITE ELEMENT ANALYSIS

5.1 Finite Element Model

The general purpose finite element software ABAQUS was used for the nonlinear numerical
investigation of the plate-to-SHS X-joints. The measured cross-section dimensions and material
properties obtained from the tests were incorporated in the finite element model. Three-dimensional
eight-node solid element with additional variables related to the incompatible modes (C3D8I) was
used in this study. The incompatible mode eight-node brick element is an improved version of the
C3D8-element. The welding seams were considered in the finite element model. The convergence
studies were carried out to obtain the optimum finite element mesh density. The welding area along
the joint interaction region are finely meshed to capture the high stress gradient, whereas the mesh
size at the location away from the interest area is gradually coarse in order to save computing cost.
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Both material and geometric nonlinearities have been taken into account in the finite element model.
The bilinear material model based on the elastic modulus and post-yield tangential modulus of steel
obtained from the tensile coupon tests is developed for the material modeling, while the Von-Mises
yield criterion is applied which is normally used to estimate the yielding of the ductile materials. The
typical finite element meshes of orthogonal and skewed plate-to-SHS X-joints are shown in Figure
14a-b, respectively.

(a) Orthogonal joints

(b) Skewed joints
Figure 14. Meshes of Plate-to-SHS X-joints
5.2 Verification of Finite Element Model

A comparison between the tests and FEA results was carried out to verify the finite element model.
The ultimate capacities, failure modes and axial load-vertical displacement curves of the joints were
investigated. The comparison of the load carrying capacity of all specimens obtained from the tests
and finite element analysis is shown in Table 7. Good agreement between the tests and FEA results
was achieved with the maximum difference of 10.50% and minimum difference of 4.76%. The
typical failure modes of the joints observed in the experimental investigation were also verified by
the finite element model, as shown in Figure 15. On the other hand, the axial load-vertical
displacement curves obtained from the tests and finite element analysis were also compared in Figure
16. It is shown from the comparison that the FEA results generally agreed well with the test results.
Therefore, it was demonstrated that the newly developed finite element model successfully predicted
the structural behavior of the plate-to-SHS X-joints under compression.



554

Y. Chen, K. He, W.X. Zhang, B.C. Chen and J.G. Wei

Table 7. Comparison between the Ultimate Bearing Capacity in Tests and FEA Results

Number Experimental value (kN) FEA value (kN) Deviation (%)
GXS400 20.7 21.9 5.80
GXS430 20.7 22.4 8.21
GXS445 334 35.6 6.59
GXS460 23.8 26.3 10.50
GXS490 30.6 32.6 6.54
GXS600 62.3 65.4 4.98
GXS630 48.2 52.1 8.09
GXS645 60.0 65.1 8.50
GXS660 57.9 63.8 10.13
GXS690 09.4 72.7 4.76

(a) GXS430

(b) GXS445

Figure 15. Failure Modes Comparison between Tests and FEA
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Figure 16. Comparison between Load-displacement Curves in
Test and FEA Results for Typical Joints

53 Parametric Study

It is shown that the verified finite element model can accurately predict the strength and behavior of
the plate-to-SHS X-joints. Therefore, an extensive parametric study was carried out to investigate the
effects of main geometric parameters (6 and t) on the plate-to-SHS X-joints. A total of 28 joints with
different dimensional geometric parameters (0=150-900 and 1=0.4-1.0) were analyzed in the
parametric study, which were selected from the range of practical applications, as shown in Table 8.
The square hollow section chord member of all specimens 1is taken to be
200%200x10(mm>xmmx>mm), which has the nominal overall depth (bo) of 200mm and the nominal
web thickness (o) of 10mm. The bilinear material model of steel including the elastic modulus (£) of
206 GPa, yield stress (fy) of 235 MPa and the Poisson’s ratio (v) of 0.3 was used for the material
modeling in the parametric study. The FEA results of the plate-to-SHS X-joints under compression in
the parametric study are summarized in Table 8, which include the ultimate strengths (F.) of
X-joints.

Table 8. Results of Parametric Analysis

Numbers T Q) Fu(kN)
X1 0.4 0 270.7
X2 0.4 15 280.7
X3 0.4 30 283.3
X4 0.4 45 285.2
X5 0.4 60 278.4
X6 0.4 75 282.7
X7 0.4 90 277.0
X8 0.6 0 300.8
X9 0.6 15 354.1
X10 0.6 30 375.8
X11 0.6 45 408.3
X12 0.6 60 418.1
X13 0.6 75 419.3
X14 0.6 90 409.3
X15 0.8 0 313.6
X16 0.8 15 376.5
X17 0.8 30 399.8




556 Y. Chen, K. He, W.X. Zhang, B.C. Chen and J.G. Wei

X18 0.8 45 446.0
X19 0.8 60 476.5
X20 0.8 75 500.3
X21 0.8 90 480.6
X22 1.0 0 323.6
X23 1.0 15 390.5
X24 1.0 30 415.6
X25 1.0 45 472.4
X26 1.0 60 513.6
X27 1.0 75 532.2
X28 1.0 90 544.4

For plate-to-SHS X-joints, the stresses at the end of welding seams step into the plastic range first.
The stresses of the intersection region between plate and flange of chord gradually step into the
plastic range with the increase of compression. The plasticity developed towards the flanges and
webs of SHS chord at the intersection region between plates and chord. Eventually the plate end and
chord at the joint intersection region is fully in plastic range at the ultimate limit state for small z
joints, as shown in Figure 17. Plate end and corner of chord at the joint intersection region is fully in
plastic range at the ultimate limit state for large 7 joints, as shown in Figure 18.

The effects of main geometric parameters (0, t) on the ultimate bearing capacity (Fu) of plate-to-SHS
X-joints were also evaluated, as shown in Figure 19. It is demonstrated that the ultimate bearing
capacity of plate-to-SHS X-joints increased with the increase of the t value. The effect of t on
ultimate bearing capacity of X-joints with #=0° was unobvious. The ultimate bearing capacity of
X-joints under compression increased with the increase of the 6 value. The effect of € on the ultimate
bearing capacity of X-joints with =0.4 was unobvious. The ultimate bearing capacity of
plate-to-SHS X-joints with 7>0.6 significantly increased with the increase of the 8 value.

(a) Elastic state (b) Ultimate state

Figure 17. Plastic Development for Skewed Plate-to-SHS X-joints(6=30°, =0.6)
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(a) Elastic state (b) Ultimate state

Figure 18. Plastic Development for Skewed Plate-to-SHS X-joints(6=90°, =1.0)
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6. PROPOSED DESIGN EQUATIONS
Based on the test and FEA results, the design equations were proposed by using the curve fitting
technique for plate-to-SHS X-joints under compression. The proposed design equations were derived

from the regression analysis by using Matlab. Skewed plate-to-SHS X-joints under compression can
be calculated using the proposed design equations as follows:

For 1>0.6
F, =1.05f,t,(t, +5t,)(1+sin 9043 )0, (6)

For t<0.6

t
F,=28ft(B+2 1—b—1)Qf (7)
0
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Fuv — Ultimate bearing capacity of skewed X-joints under compression;
fw — Yield stress of SHS chord,;

bo — Width of SHS chord;

to — Thickness of SHS chord;

ti — Thickness of plate;

0 — Skewed angle between plate and chord axis;
S — Ratio of plate width to chord width;
7 — Ratio of plate thickness to chord thickness;

QOr — Parameter of chord stress

The ultimate bearing capacity of skewed plate-to SHS X-joints under compression calculated using
the proposed design equations were compared with those obtained from the finite element analysis in
the parametric study, as shown in Table 9. A good agreement was obtained with the mean value of
proposed design strength-to-FEA result ratio of 0.88, and the corresponding coefficient of variation
(COV) of 0.088 for skewed plate-to SHS X-joints under compression. Furthermore, the comparison
of the ultimate strengths of skewed plate-to-SHS X-joints under compression calculated using the
proposed design equations with the FEA results is clearly shown in Figure 20. It can be generally
concluded from the comparison that the values of most proposed design strength-to-FEA result ratio
are within the range of 0.8-0.9 and 0.9-1.0, which means the proposed design equations are more
accurate and safe for designing of skewed plate-to SHS X-joints under compression.

Table 9. Statistics of Comparison between Proposed Design Equations Strengths and FEA Results

Specimen Comparison

Max 0.99
Min 0.67

Mean 0.88
Cov 0.088

A total of 28 X-joints

(Number)
18

16
14 |
12
10

\S e

H Fup

0.6~0.7 0.7~0.8 0.8~0.9 0.9~1.0

)

Figure 20. Number of FEA-Fue/Fur Curves



Experimental and Numerical Investigations on Skewed Plate-to-SHS X-Joints under Compression 559

7. CONCLUSIONS

An experimental investigation was conducted in this study on the static behavior of skewed
plate-to-SHS X-joints under compression. The joint strengths, failure modes, displacements and
strain distributions of all specimens were reported. In addition, the corresponding finite element
analysis was also performed and the validated finite element models were used for the parametric
study to evaluate the effects of two main geometric parameters on the static behavior of skewed
plate-to-SHS X-joints under compression. Based on the experimental and numerical investigations,
the following conclusions can be drawn:

(1) Plate failure and tube-plate failure were main two failure mode in the tests.

(2) The maximum strain intensity of plate-to-SHS X-joints all occurred at the end of the weld
seams.

(3) The ultimate bearing capacity of plate-to-SHS X-joints under compression shows an increasing
trend with the increase of skewed angle.

(4) The ultimate bearing capacity of plate-to-SHS X-joints under compression increases
significantly as the thickness of plate increases.

(5) The proposed design equations were shown to be accurate and reliable for skewed plate-to-SHS
X-joints under compression.
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NOTATION
F Axial load
Fy Ultimate bearing capacity of joints

4 Vertical displacement
0 Skewed angle
L Length of specimen

H Height of specimen
bo Chord width

to Chord thickness

b1 Plate width

to Plate thickness

T Plate to chord wall thickness ratio
S Plate to chord width ratio

2y Chord width to wall thickness ratio
&i Strain

&l First principal strain

&2 Second principal strain

&3 Third principal strain

fu Ultimate tensile stress

fy Tensile yield stress

Jy0 Yield stress of the chord
v Yield stress of the brace
E Elastic modulus

v Poisson’s ratio
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et Elongation after fracture

COV  Coefficient of variation

Au Ultimate displacement

Ay Yield displacement

Auw/4y  Ductility coefficient

Ni*  Calculated ultimate bearing capacity by using CIDECT

Ne Experimental ultimate bearing capacity

Ry Ratio of ultimate bearing capacity of skewed plate-to-SHS X-joints to that of joints with 6=0°

Or Parameter of chord stress
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ABSTRACT: An experimental study on the behavior of cold formed steel (CFS) strap bracing connections is
presented in this paper. 75 cold-formed steel strap bracing connections were examined. The connections maximum
load capacity and the load-deformation behavior as well as the failure modes of the connections are investigated. The
strap bracing connections included 0.55mm and 0.75mm cold-formed G550 steel and four different types of steel
strap material. The connections behaviors are discussed and the design capacities calculated from different CFS
design standards are compared to the experimental results of the connections. The results show that generally the
monotonic tested connections capacities are lower than the cyclic capacities. Also, it is found that although the design
provisions predict some of the behaviours of screwed connections, they are not fully suited to accurately predicting
the ultimate behaviour of the strap bracing connections. Therefore, the recommended capacities for the strap bracing
connections are based on the experimental results.
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1. INTRODUCTION

The application of cold formed steel (CFS) in residential framing construction has become
increasingly popular in housing industry in recent decades; and is now a highly competitive
alternative to traditional framing due to its unique advantages such as being cost-effective,
light-weight, and easy to work with. In order to design CFS structural system accurately, precise
estimation of the potential failure modes and associated collapse load capacity is required. One of
the most common CFS lateral resisting systems is X strap bracing (Kim et al. [1], Moghimi and
Ronagh [2], Zeynalian and Ronagh [3-4]). In this system, straps are connected to the four exterior
corners of the walls like an X, often with self-drilling metal screws.

Basically, connections are important components of any structure and are designed more
conservatively than members. This is because usually the complexity of connections is more than
members to analyze and design; and there are some discrepancies between analysis and actual
behavior. In addition, in case of overloading, it is desirable to collapse an individual member rather
than in connections, which may affect many members. Thus, improvement of the framing
connections would increase the reliability of the structural performance of CFS framing system.
This research study is aimed to conduct comparative evaluations for the optimization of one of the
most currently in use screwed strap bracing connections in CFS housing industry as shown in
Figure 1.
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Figure 1. Screwed Strap Bracing to Wall Framing Connection

Four different strap materials were investigated in order to evaluate the number of screws required
to obtain the maximum capacity of the connection. The capacities of the strap bracing connections
given in this paper are based on the maximum, yield, and ultimate strengths found by analysis of
the experimental data.

2. Failure Modes of Cold Formed Steel Connections

The screwed connections can fail in one mode or a combination of several modes (Yu and LaBoube
[5]) and that these modes are typically edge tearing, bearing, tilting, pull-out, pull-over or by shear
failure of the screw itself. Edge tearing occurs in screwed connections when the edge distance or
spacing is too small. The tear starts from a screw hole and tears to the edge of the plate or to an
adjacent screw hole. Hancock et al. [6] suggest that when the edge and spacing distances are large
enough to avoid tear-out failure, bearing failure of the sheet could occur. Bearing failure often
produces stretching of the hole on one side of the screw, while the sheet material is bunched
together on the other side of the screw. Tilting failure usually occurs when two materials of the
same thickness are connected, or when the thicker material is against the screw head. As the two
sheets move over each other the screws can become tilted, and when the tilting angle becomes large,
pull-out failure can occur. This type of failure is illustrated by Hancock [7] as shown in Figure 2.

TN

4= ]
N th 1

Figure 2. Tilting Failure of Screwed Connections (Hancock [7])

Pull-out failure involves the screw(s) being ‘pulled out’ of the supporting sheet material under load,
as a result of the axial tensile forces in the screws due to the rotated position of the screws relative
to the direction of load in the connection (Rogers and Hancock [8]). This type of failure is often
associated with tilting failure. Pull-over failure involves the connected sheet ‘pulling over’ the
screw head. Pull-over is enhanced by cyclic loading conditions experienced in high wind areas
and/or during seismic activity as this can reduce the tensile strength of the sheet.

Yielding of the gross cross-section of the sheet occurs when Anfu>Agfy, where An = net area of the
cross section, fu = ultimate strength of the sheet, Ag = gross area of the cross section, and fy = yield
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strength of the sheet (AS/NZS4600 [9]). This type of failure is ductile and can exhibit large
deformations before ultimate failure of a sheet occurs. This ductile behavior is desirable in bracing
systems in particular, where sudden brittle failure could be result in catastrophic failure of the
overall structure. In contrast to gross cross-section failure, net section failure occurs when
Anfu<Agfy , and failure is brittle. This type of failure can occur at lower loads than yielding of the
gross cross section when the net area of the sheet is reduced by perforations or fastener holes.
Screw shear failure occurs by shearing of the screw as the two sheets are pulled over each other.
This failure is brittle, and can be catastrophic. Therefore when designing screwed connections it is
desirable for one or more of the previously described failure modes to be more probable than screw
shear.

3. Literature Review

Adham et al [10] tested six full-scale 2.4 x 2.4 m CFS strap shear walls under cyclic loads. They
concluded that, upon preventing the buckling and connection failure at the design stage, the system
will work more effectively in dissipating energy during the lateral cyclic displacement. Hatami et al.
[11] investigated the performance of different strap bracing arrangements in CFS shear walls by
means of cyclic loading of a total of ten full-scale walls. They assessed the failure modes of each
system and the main factors contributing to the ductile response of the CFS walls to ensure that the
diagonal straps yield and respond plastically with a significant drift. Fiorina et al. [12] conducted an
experimental study on screw connections between wood and gypsum sheets and cold-formed steel
stud profiles. They concluded that the sheathing type has a significant effect on the connections
shear response. They also claimed that the connection test results yield reasonable prediction of the
lateral response of steel shear walls. Rogers and Hancock [8] investigated the behavior of single
overlap screwed specimens and also evaluated the existing design provisions with regard to the
accuracy of the provisions in predicting both the capacity and failure mode of these connections.
They found that none of their specimens failed in pure bending or tilting, but rather they all
experienced a combination of the two modes. They stated that these combinations of failures were
due to the very thin sheets used, and for some specimens the use of screws for which did not have
thread which extended to the screw head. They found that when the thinner sheet is against the
screw head, bearing failure becomes more likely. Lennon et al. [13] reported on a comparative
investigation into the shear behavior of some mechanical connections in CFS frames. Five different
mechanical fasteners were considered, including self-tapping screws which showed a low initial
stiffness. They reported that the ductility of all screws samples tested was high because of the
parent metal dragging on the screw threads in the large displacement range of response. Peterman
et al. [14] reported an experimental study on hysteretic behavior of the screwed connection between
CFS studs and sheathing subject to in-plane lateral demands. They reported that the connections
have an important role for energy dissipation in wood sheathed CFS walls. They highlighted that
the steel thickness impacts not only shear strength and stiffness, but also failure mode, ranging from
highly ductile response to fastener shear.

The findings of the above review have provided indications of failure behaviors exhibited by test
specimens and some of the factors which affect these behaviors. There are also criticisms on the
strengths and weaknesses of the current design standards. The findings of this literature review will
be taken into consideration when the results of the experimentation conducted for this research are
evaluated.
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4, Strap Bracing Connections

In strap braced CFS buildings, it is common to brace the wall framing with cross bracing at
specified intervals throughout the buildings. These cross braces are constructed from steel strap and
are connected to the wall framing systems generally using 10-16 wafer head screws (Buildex Co.
[15]) which is shown in Figure 3. The currently in use strap bracing arrangement is shown in Figure
4 (Quickframe steel frames Pty Ltd. [16]).

[Bg S

Figure 3. Wafer Head Screw

This study is aimed to investigate the connection arrangement of screws required to adequately
secure four different types of strap bracing to wall framing, and the capacities of these connections.

- Wall stud

\<Jr_/ I
M10 Anchor bolt -~ i-

3x10-16 Screw through A X Section X-X
bracing strap & bottom plate

Slab fixing bracket

Figure 4. Strap Bracing Detail

The capacity of the connections can limit the ultimate capacity of the overall strap bracing system,
particularly in the cases where the limiting failure occurs at the connection. The characteristic yield
and ultimate strengths of a strap material determine the maximum potential capacity of the bracing
system in which the strap is used; however when the capacity of the strap connection is lower than
the ultimate strength of the strap, the connection reduces the ultimate strength of the overall bracing
system and therefore reduces the amount of ductility that can occur before ultimate failure of the
system occurs.

Strap bracing is designed to carry tensile loading only, so all specimens were tested in tension only.
As cyclic loading is an important consideration in designing strap bracing, due to the nature of the
lateral loads to which it can be subjected particularly during cyclonic and/or seismic activity, cyclic
tests were conducted in addition to monotonic tests of each different specimen type. Hence, it was
planned to examine the required screw arrangement to secure the different types of strap through a
reliable series of experimental tests. Then, the results of the experimentation were discussed and
compared with the design capacities calculated based on the cold-formed steel design guides and
standards.
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4.1 Materials

Two different most common in use thicknesses of G550 CFS sections for the connection tests were
taken into account. The two material thicknesses are 0.55mm and 0.75mm, and will be referred to
as types A and B, respectively. The material properties are given in Table 1. Also, four types of steel
strap bracing material were considered in this research study (BlueScope Co. [17]). These materials
were chosen, as they are materials which they either currently use or would consider using for the
strap bracing. Axial tension tests were conducted on specimens of each type of strap to find out the
mechanical characteristics of the straps as presented in Table 2. It is necessary to mention that G2
and G3 is represent the steel properties which are illustrated in Table 2 (BlueScope Co. [17]).

Table 1. G550 CFS Properties

Nominal |Elastic Modulus| Yield Yield Ultimate | Ultimate | fu/fy
Grade (MPa) (GPa) Stress (fy) | Strain Stress Strain
(MPa) (%) (fu) (MPa) (%)
550 168.93 592.26 0.45 617.25 2.86 |1.04
Table 2. Strap Bracing Material Properties
Strap | Description/Nominal |Actual| Actual | Elastic ;lreelsi Yield Uéilrr:ge ggggﬁi
Numbe| Dimensions (mm*mm) |Width| Thickness | Modulus Elongatio fu/fy
r [17] (mm)| (mm) (GPa) (fy) n (%) (fu) n
(MPa) (MPa) (%)

1 |Perforated G3 30*0.75| 29.4 0.78 154 232 0.36 246 1.61 |1.06
2 Solid G2 30*0.75 29.5 0.83 161 290 0.38 293 252 11.01
3 Perforated G2 30*0.75 | 29.5 0.74 133 270 0.40 271 4.07 11.00
4 Solid G2 40*1.0 40.1 0.96 150 298 0.40 302 22 1.01

Also, the strength property information provided by Buildex Co. [15] for these 10-16 screws
presented in Table 3.

Table 3. Properties for the 10-16 Screw

. . Axial
Gauge/TPT Npmlnal Head Single Shear Tensile
Diameter| Diameter| Strength
Strength
10-16 | 4.8mm | 9mm 5.2 kN 8.2kN

—

S

4.2 Screw Arrangements

The capacity of one screw was tested first with the type 2 solid strap. This estimate of the capacity
of about 2.5kN per screw was then used to estimate the required number of screws for each strap.
The nominal tension capacity of each strap bracing material was determined using Australian steel
structures standard (AS/NZS4100 [18]) which deems that the nominal section capacity should be
taken to be the lesser of Nt = Agfy; and Nt = 0.85kiAnfu where Nt is the nominal section capacity in
tension, Ag represents the gross area of the cross-section, fy is the yield stress used in design, ki = the
correction factor, An = the net are of the strap and, and fu is the ultimate stress. The nominal
section capacity was then divided by the capacity per screw to estimate the number of screws
required to prevent pull-out and obtain the maximum possible capacity of the strap bracing.

The optimal screw arrangements were based on two criteria. The first criterion was that the
arrangement must conform to the spacing requirements of standard AS/NZS4600 [9]. The second
criterion was that the arrangement should maximize the minimum net area for the possible failures
that can occur through the holes in the strap. The second criterion was the reason for placing 2
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individual screws along the strap before placing 2 screws together in a line perpendicular to the line
of force as could be seen for the arrangements for more than 3 screws in the type 2 and 4 solid
straps as illustrated in Figures 5 and 6, respectively; the net area at the connection could not be
increased above the net area when failure occurs through only a single screw, and therefore this
design was sufficient. LaBoube and Sokol [19] proved that the pattern of screws used has a very
limited impact on the strength of a connection and therefore for this study more detailed connection
design was not considered necessary.

15 15
+—pasp
I
15
O
15
|
i5 15 1%
At
15 o o
15
|
15 15 15 15
]
&
15
0O O O
15
15 15 15 15
1
15 t o L\73
I 00 |15
15 (o] pups
H

Figure 5. Screw Arrangements for Solid Type 2 Strap (All Dimensions are in mm)

The perforated straps were fastened using existing perforations where more than 1 screw was used
in a connection. The end distance in the line of force from the center of the screw to the edge of the
strap was always at least the 3dr (diameter of screw) required by AS/NZS4600; however the
spacing of screws and perpendicular edge distance was governed by the existing perforations. If the
existing holes were not used, additional holes would have reduced the net section which would
have weakened the connection more than if the existing 3mm holes were increased to 4.8mm holes
by the screws. The patterns of the perforations in strap types 1 and 3 were the same and were
illustrated in Figure 7.
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Figure 7. Perforations in Strap Types 1 and 3

5. EXPERIMENTAL PROGRAM

The program consisted of 75 specimens to investigate the structural performance of strap bracing
connections. It is necessary to mention that this study is part of a major research project (Zeynalian
and Ronagh [20], Zeynalian et al. [21]) that is concerned with structural performance of different
currently in-use CFS structures. These specimens were tested in the structural laboratory of the
School of Civil Engineering, the University of Queensland.
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Figure 8. Testing Machine Set-up

The specimens were held in the grips of the testing machine at two ends: one of cold-formed steel,
and the other of strap bracing. It worth to note that for specimen preparation, first, the flanges of the
cold-formed steel C-section were cut into pieces of approximately 150mm in length. Then, the strap
bracing materials were cut into lengths of approximately 150mm. After that, the screws were
fastened in the chosen arrangements according to the currently in use fixing recommendations
using a power screwdriver; and finally, the specimens were tightened into grips of the machine at
both ends. The overall length of the specimen between the grips was 150mm. The specimens’ name
notation is illustrated in Figure 9.

Cold Formed Steel
Thickness
A=0.53mm Number of
B=0.75mm Strap Type Number Screws Test Type and Number
see table 2 for M1 = 1st monotonic test
dimensions C1 = 1st cyclictest
C2 =2nd cyclictest

Figure 9. The Specimen Name Notation

Based on the recommendation of the ASTM Standard (ASTM-E2126-07 [22]) detailing test
methods for cyclic load tests, one monotonic axial tension test to failure and two cyclic tests were
conducted on each different specimen type. In monotonic test, the specimens were loaded to failure
at a rate of 10mm/min until failure occurred, whereas in the cyclic tests, a loading regime which is
demonstrated in Figure 10, was applied.
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The cyclic loading regime, involved two stages of displacement patterns. The first stage involved
single displacement cycles of 2.5%, 5% and 10%, and two cycles of 20% of the ultimate
displacement found in the monotonic test. The second stage involved three cycles each of 20%,
40%, 60%, 80%, 100%, and 120% of the ultimate displacement until the specimen failed. The rate
of extension was varied throughout the cyclic test to suit the capability of the testing machine. For
the shorter extensions the rate of loading was between 1 and 10mm/min, while the greater
extension cycles were conducted at between 15 and 25mm/min.

6. EXPERIMENTAL RESULTS

A load-extension graph was plotted for each monotonic test specimen in order to find the yield,
maximum, and ultimate loads, and their corresponding extensions/displacements. An example of
the load-extension graphs is shown in Figure 11. It is necessary to mention that the linear part of the
curves is relatively small. That is because the curves represent the load-deformation of the whole
connections, including the members and screw. Hence, the graphs imply the screw looseness and
sliding as well, which lead to occurrence of nonlinearity in the graphs.

A-2-2-M1
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5000 N\
N4 \
_/ \
N \
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Displacement (mm)

Load (N)

Figure 11. Load-extension Graph from Monotonic Test Results
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The data from the cyclic test specimen results was first graphed in the load-extension form, referred
to as a hysteresis curve, and from that curve an envelope curve was plotted by recording the
maximum load for the first cycle of each phase of the cyclic loading. Examples of the hysteresis
and envelope curves are shown in Figures 12 and 13, respectively.

Cyclic Test- A-2-2-C2
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Figure 12. Example of Hysteresis Curve from Cyclic Test
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Figure 13. Example of Envelope Curve taken from Hysteresis

It should be mentioned that initially very small amounts of load were taken by the specimen over a
certain length of extension. This is a result of the specimen straightening out and adjusting as it
takes the load of the machine. To overcome the error which this may have caused in the calculation
of the parameters, the extension length before the load on each specimen began to increase was
taken away from the measured yield and ultimate displacements. The results of the monotonic and
cyclic strap bracing tests are summarized in Tables 4, 5, and 6 on the following pages. The
maximum load (Pmax), yield load (Py), ultimate load (Pu), and corresponding displacement at yield
(Ay) and displacement at ultimate load (Au) were found from the load-displacement graphs and
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envelope curves for monotonic and cyclic tests respectively. According to ASTM Standard E2126
[22], Au shall be an estimate of the maximum displacement at which the load in a primary cycle has
not yet dropped below Pu = 0.8 Pmax as illustrated in Figure 13. The ductility factor Ry, the yielding
factor Ry, and the elastic shear stiffness Ke are also evaluated. The ductility factor is the ratio of
displacement at the ultimate load to the displacement at the start of yield. Therefore, as the ductility
factor increases, so does the ductile behavior exhibited by a specimen. The yielding factor Rf which
is defined as the ratio of the maximum load (Pmax) to Ag.Fy, indicates whether a specimen should
have yielded before the maximum load capacity of the connection was reached. If the yielding
factor is less than one, no yielding has place, and in contrast if the yielding factor is above one, the
specimen has exhibited yielding. The ASTM Standard E2126 defines the elastic shear stiffness Ke
to be ‘the resistance to deformation of a connection in the elastic range before the first major event
is achieved, which can be expressed as a slope measured by the ratio of resisted shear load to the
corresponding displacement’. A major event as referred to by the ASTM Standard as the first limit
state to occur, where a limit state is the point where there is a change in the behavior of the system.
The limit states for these strap bracing connections are the yield limit state, the strength limit state
and the failure limit state.

A discussion on the failure modes and trends exhibited in the monotonic tests and a similar
discussion regarding any additional trends from the cyclic test results is presented here. This will be
followed by an evaluation of the capacities of each strap to cold-formed steel connection and a
comparison of these capacities for the monotonic and cyclic tests. Finally the calculated design
capacities will be compared to the actual experimental capacities of the connections. It is necessary
to mention that the notations for the failure modes observed during experimentation are:

e B =bearing
e T =tilting
e TR =tear-out
e PT=pull-out
e PR =pull-over
e NSF = net section failure
e (m)=moderate (=1-2mm bearing; <20° tilting)
e (s)=severe (>2mm bearing; >20° tilting)
Table 4. Monotonic Tests Results
Mame: | (0 | [om| @ | o | cm [omdy| G | oo | Re| Re| K| Faitre Mode
A-LLMI 2472 | 2210 | 12 | 1980 | 3.1 | 229 | 162 | 56413 | 31997 |2.58 |0.44 | 3955 |(m)B+(m)T+PT
S‘;ap A-12-M1 | 4781 | 4130 | 3.8 | 3820 | 7.3 | 229 | 155 | 56413 | 30564 |1.92|0.85| 2854 |(m)B+(s)T+PT
A-13-M1 | 6084 | 4830 | 2 | 4860 | 69 | 229 | 155 | 56413 | 30564 |3.45|1.08| 9360 |(m)T+NSF
A3-1-M1 | 2666 | 1990 | 1.3 | 2130 | 5.6 | 21.8 | 155 | 59159 | 3549.8 |4.31|0.45| 5332 |(m)B+(s)T+PT
S‘gap A32-M1 | 4769 | 3140 | 1.8 | 3820 | 6.7 | 21.8 | 155 | 59159 | 3557.0 |3.72|0.81| 2935 |(m)B+(m)T+PT
CFS A-33-M1 | 6580 | 4900 | 32 | 5260 | 11.6 | 21.8 | 155 | 59159 | 3557.0 |3.63|1.11| 3290 |(m)T+NSF
Type A A-2-1-M1 | 2820 | 2820 | 2.1 | 2260 | 5 | 245 | 205 | 71007 | 51058 |2.38|0.40| 3760 |(s)B+(m)T+PT
035mm | o ap [A-22M1 | 5150 [ 4355 [ 332 | 4120 [ 9.1 [ 245 | 205 | 71007 | 51058 |274]0.73] 4120 [m)B+(s)T+PT
2 [A23-M1 | 7000 | 7000 | 43 | 5600 | 7.2 | 24.5 | 20.5 | 7100.7 | 51058 |1.67|0.99 | 8000 |(m)B+(s)T+PT
A-2-4-M1 | 7820 | 7226 | 6.15 | 6260 | 17.5 | 245 | 20.5 | 71007 | 51058 |2.85[1.10| 5586 |NSF
A-4-4-M1 | 10550 | 7120 | 4.8 | 8440 | 18.6 | 38.5 | 339 | 116258 | 8584.3 |3.88|0.91| 4220 (s)B+(s)T+PT
St:”p A-4-5-M1 | 11570 | 7760 | 5.0 | 9260 | 209 | 385 | 339 | 116258 | 8584.3 | 4.10 [ 1.00 | 3045 |(s)B+(s)T+PT
A-4-6-M1 | 13030 | 11090 | 5 | 10430 | 27.9 | 385 | 339 | 116258 | 85843 |5.58|1.12| 6949 |NSF
CFS |Strap [B-1-1-Ml | 3801 | 2860 | 2.5 | 3040 | 63 | 229 | 162 | 56413 | 31997 |2.52]0.67 | 2339 |(m)B+(s)T+PT
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Type B 1 |B-1-2-M1 6250 | 2750 1 5000 | 9 229 | 155 | 5641.3 3056.4 | 9.00 | 1.11 | 3247 |(s)TR+(s)T+PT
0.75mm B-1-3-M1 6760 | 5630 | 2.4 | 5410 | 6.9 | 229 | 155 | 56413 30564 |2.88|1.20 | 6438 |NSF
B-3-1-M1 3350 | 3070 | 1.5 | 2680 | 62 | 21.8 | 155 | 59159 3549.8 | 4.13|0.57 | 3941 |(s)B+(s)T+PT
S‘;“p B-3-2-M1 6590 | 4240 | 2.6 | 5270 | 109 | 21.8 | 155 | 59159 3557.0 | 4.19 | 1.11 | 2897 |(s)TR+(s)T+PT
B-3-3-M1 6800 | 5610 | 2.5 | 5440 | 7.1 | 21.8 | 155 | 59159 3557.0 |2.84|1.15| 6974 |NSF
B-2-1-M1 3920 | 3078 | 22 | 3130 | 6.6 | 245 | 205 | 71007 5105.8 | 3.00 | 0.55 | 3834 |(m)B+(s)T+PT
5‘;2‘9 B-2-2-M1 6280 | 5180 | 1.3 | 5020 | 89 | 245 | 20. | 71007 5105.8 | 6.85|0.88 | 10253 |(m)B+(s)T+PT
B-2-3-M1 8050 | 7290 | 3.34 | 6440 | 11 | 245 | 205 | 7100.7 5105.8 |3.29|1.13 | 10387 |NSF
B-4-2-M1 6420 | 3440 | 09 | 5140 | 6 385 | 33.9 | 11625.8 | 85843 |6.67|0.55| 3951 |(m)B+(m)T+PT
S‘;ap B-4-3-M1 9230 | 4810 1 | 7380 | 8.9 | 385 | 339 | 116258 | 85843 [8.90|0.79 | 11538 |(m)B+(s)T+PT
B-4-4-M1 | 12670 | 10163 | 1.67 | 10140 | 10.7 | 385 | 339 | 116258 | 8584.3 |6.41 | 1.09 | 10536 |(m)T+NSF

The monotonic test results for all connections show a general trend of increasing capacity with the
increasing number of screws. This is a trend which is commonly accepted for screwed connections
and has been proven by prior research by LaBoube and Sokol [19]. The contribution of each screw
decreased as the number of screws in the connection increased which was also proven in the
research by LaBoube and Sokol. For the connection specimens that included fewer screws than
were required for the strap to achieve its maximum possible capacity in tension, the modes of
failure which were exhibited were combinations of bearing, tilting and pull-out. For each
connection between a different strap type and cold-formed steel thickness, at least two connections
using the same materials were tested with fewer screws than were required to achieve the
maximum strap capacity. These connections were tested to evaluate: the failure modes that
occurred when fewer screws were used, and the reduction in capacity as the number of screws is
decreased. A load-extension graph from a specimen for which pull-out was the ultimate failure
mode is shown in Figure 14. It shows straight that after the maximum load is reached the load
begins to drop as the screw pulls out.
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Figure 14. Load-extension Graph for a Pull-out Failure — Solid Strap

Figure 15 shows a load-extension for a perforated strap specimen which failed by pull-out. The
initial yielding appears to occur in stages which can be attributed to the strap yielding at the
different cross-sections along the strap due to the perforations. The load peaks which occur after the
maximum load are due to the threads bearing on the cold-formed steel as they pull out one by one.
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Figure 15. Load-extension Graph Pull-out Failure — Perforated Strap

In contrast to Figure 14 and Figure 15, Figure 16 is a load-extension plot for a specimen which
failed by net section failure after yielding and significant ductile behavior had occurred.
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Figure 16. Load-extension Curve for a Net Section Failure — Solid Strap

Some examples of different failure modes that occurred in the tested strap bracing specimens are
shown in Figures 17 and 18, respectively, for some different specimens.
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Bearing failure Bearing and Tilting failure
Specimen A-1-1-M1 Specimen B-1-1-M1

Tilting failure Pull-out failure
Specimen B-2-1-M1 Specimen A-1-2-M1

Figure 17. Examples of Different Failure Modes

It should be noted that all of the specimens shown in Figure 17 ultimately failed by pull-out of the
screws. An interesting combination of bearing, tilting, tear-out and pull-out was exhibited by the
type 1 and 3 perforated straps connected to the type B 0.75mm cold-formed steel with 2 screws.
Only these 2 specimens exhibited this behavior in the monotonic tests. One of them is shown in
Figure 18.

Figure 18. Bearing, Tilting, Tear-out and Pull-out Failure: Specimen B-3-2-M1

When sufficient screws are used, it is expected that the strap will fail either by net section failure at the
connection or for the perforated straps at the weakest cross-section of the strap; or by excessive
yielding, depending on the properties of the material. The four types of strap material types tested
to have ultimate stress to yield stress ratios between 0.94 and 1.01. These ratios reflect the
closeness of values for the ultimate and yield stresses for these material and indicate that it is likely
that net section failure will occur at loads which are near the yield point of a material. Some
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specimens may experience significant ductile extension before the ultimate failure occurs, while for
others the net section failure could be quite sudden once the required load is applied to the
connection. When selecting a strap bracing material it is desirable to use a material which not only
is strong enough to resist the required design loads on a structure, but which also exhibits
significant ductile behavior before the ultimate behavior of the bracing system. For most of the
monotonic test specimens the ductility factor increased with increasing number of screws. This was
because the failure mode of the specimens was only net section failure for the maximum number of
screws tested. The other specimens failed by various combinations of pull-out, bearing, and tilting
which occurred at lower loads than the ultimate load for the strap material, therefore not allowing
them to fully develop the maximum ductility that the strap material is capable of. Examples of the
net section failure that occurred at the connections of the strap bracing materials are shown in
Figures 19.

Net section failure Net section failure
Perforated strap Specimen A-1-3-M1 Solid strap Specimen A-2-4-M1

Figure 19. Net Section Failure

When the perforated straps failed by net section failure, the failure always occurred at the same
place in the perforation pattern of the straps as shown in Figure 20. This pattern in the strap has the
lowest net area and therefore is the weakest part of the strap. The pattern repeats every 87mm and
as a result there was only one repetition between the grips of the testing rig.
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Figure 20. Perforated Strap Failure Location

An example of when the net section failure occurred away from the connection is shown in Figure
21. The weak area of the strap for this specimen was not near the connection, which resulted in the
strap failure away from the connection.
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Figure 21. Net Section Failure away from the Connection: Specimen B-3-3-M1

For longer specimens of the perforated strap it would be expected that several of these weak areas
at 87mm would elongate when the strap was loaded beyond the yield strength of the material. Both
types of perforated straps had ductility ratios which were higher than that of the type 2 strap (which
has similar dimensions) when connected to the 0.55mm cold-formed steel, but lower than the that
of the type 2 strap when connected to the 0.75mm cold-formed steel.

Another parameter which was used to gauge the performance of the connection is the yielding
factor Rr. Because the yield stresses of the strap materials are similar to the ultimate stresses, for
most of the specimens which failed by combinations of bearing, tilting and pull-out, failure
occurred before the material had begun to yield at all and therefore the yielding factors of these
speciments is less than one. Also, the elastic shear stiffness Ke was calculated from the results of the
strap bracing tests. Higher values of elastic shear stiffness indicate that a connection had a high
stiffness and therefore more resistance to deformation during the elastic loading stage. In general,
the solid strap materials exhibited higher elastic shear stiffness. The lower elastic shear stiffness of
the perforated straps can be attributed to the yielding in the perforated straps at the narrower
cross-sections of the strap material where there are significant perforations. These areas along the
strap which have smaller cross sections yield at lower loads than the areas of the strap where there
are fewer perforations. The perforations are intended to allow the strap material to deform with less
resistance to load than if the strap was solid.

The thicker type B 0.75mm cold-formed steel connections had a higher capacity than the thinner
cold-formed steel connections for all strap types except the type thicker and wider type 4 strap. The
greater thickness increases the connections’ capacity in bearing, tilting and pull-out according to the
design provisions of AS/NZS4600 and therefore this result was expected. The reduction in capacity
for the type 4 strap with the thicker cold-formed steel can be attributed to the reduction in the
number of screws required for net-section failure to become the governing failure mode. For the
0.55mm cold-formed steel 6 screws are required while for the 0.75mm cold-formed steel only 4
screws are required to prevent the failure modes which occur when insufficient screws are used
(bearing, tilting, pull-out, tear-out and pull-over). The reduction is relatively small (3%) and may
also be due to specimen faults which occurred during assembly.



M. Zeynalian, A. Shelley, H.R. Ronagh and S. Hatami 578
Table 5. Cyclic Test Results on CFS Type A (0.55 mm)
Specimen | P P A P A A A Ag.F, 0.85
max y Y u u g n gy .
Name N) ™) | @m)| N | (mm) | mm?) | mm)| N A(:I.\II;u Ry Re Ke Failure Mode
A-1-1-CL 2856 1670 1.2 2285 5.5 22.9 16.2 5641 3200 4.58 0.51 1785 |(m)B+H(m)T+PT
A-1-1-C2 3110 2119 | 1.65 | 2488 4.2 229 16.2 5641 3200 2.55 0.55 2145 |(s)BHm)T+PT
Strap [A-1-2-Cl 4379 3048 | 1.22 | 4379 6.2 229 15.5 5641 3056 5.08 0.78 5229 |(m)B+(s)T+PT
1 A-1-2-C2 5359 3727 | 2.36 | 4287 7.1 229 15.5 5641 3056 3.01 0.95 6496 |(m)B+(m)T+PT
A-1-3-C1 6532 3732 0.9 5226 6.6 22.9 15.5 5641 3056 7.33 1.16 4768 [NSF
A-1-3-C2 6068 5729 1.2 4854 3.8 22.9 15.5 5641 3056 3.17 1.08 4854 [NSF
A-3-1-C1 2984 | 2063 1.8 2387 7.1 21.8 15.5 5916 3550 3.94 0.50 3226 |(m)BH(m)T+PT
A-3-1-C2 2838 2705 | 1.97 | 2270 7.4 21.8 15.5 5916 3550 3.76 0.48 3662 |(m)B+H(m)T+PT
Strap [A-3-2-Cl 5793 4571 1.5 4634 6.1 21.8 15.5 5916 3557 4.07 0.98 3049 |[(m)BH(m)T+PT
3 A-3-2-C2 6088 | 5282 | 2.4 | 4071 6.7 21.8 15.5 | 5916 3557 2.79 1.03 5940 |(s)B+(m)T+PT
A-3-3-C1 6424 5522 2.2 5139 5.1 21.8 15.5 5916 3557 2.32 1.09 2495 |NSF
A-3-3-C2 6013 | 4203 1.1 4810 6.1 21.8 15.5 | 5916 3557 5.55 1.02 2559 |(m)T+NSF
A-2-1-C1 3273 2856 2.2 2618 7.3 24.5 20.5 7101 5106 3.32 0.46 1657 |(s)B+(s)T+PT
A2-1-C2 3761 2340 0.9 3008 3.7 24.5 20.5 7101 5106 4.11 0.53 2180 |(s)B+(s)T+PT
A-2-2-Cl 4996 | 4804 1.9 39% 6.6 24.5 | 205 | 7101 5106 347 0.70 | 6056 |(m)B+(s)T+PT
Strap |A-2-2-C2 5712 3983 1.9 4570 5.8 24.5 20.5 7101 5106 3.05 0.80 4080 |(m)B+(s)T+PT
2 A-2-3-Cl 7528 | 6271 2.5 | 4570 | 1.5 24.5 | 205 | 7101 5106 4.60 1.06 | 6407 |[(m)B+(s)T+PT
A-2-3-C2 7435 6936 1.9 5948 5.4 24.5 20.5 7101 5106 2.84 1.05 8038 |(m)B+($)T+PT
A-2-4-C1 7922 7284 3.2 6338 9.4 24.5 20.5 7101 8584 2.94 1.12 7042 |NSF
A-2-4-C2 7770 | 4251 0.8 6216 8.1 24.5 20.5 7101 8584 10.13 1.09 6907 |NSF
A-4-4-C1 10713 | 10704 | 3.9 8570 5.7 38.5 33.9 | 11626 8584 1.46 0.92 6593 [(s)BH(s)T+PT
A-4-4C2 11152 | 10652 | 3.2 8922 5.9 38.5 33.9 | 11626 8584 1.84 0.96 7435 |(s)BH(m)T+PT
Strap [A-4-5-Cl 11614 | 10388 2 9291 10.3 | 38.5 33.9 | 11626 8584 5.15 1.00 7834 |(s)B+PT
4 A-4-5-C2 12428 | 10533 | 2.5 9943 | 20.6 | 38.5 33.9 | 11626 8584 8.24 1.07 8527 |(s)B+PT
A-4-6-C1 13573 | 11358 | 1.6 | 10860 9 38.5 33.9 | 11626 8584 5.63 1.17 | 10858 |NSF
A-4-6-C2 13681 | 9583 1.6 | 10945 12 38.5 33.9 | 11626 8584 7.50 1.18 | 10945 |(m)T+NSF
Table 6. Cyclic Test Results on CFS type B (0.75 mm)
0.85
Specimen | Prmax Py Ay Pu Au A An | AgFy :
Name N) ™) | mm)| ) | mm)|@mm) | mm2) | N A(.;\If)"u R, Re K. Failure Mode
B-1-1-Cl 3601 | 2390 0.7 2881 6.7 229 16.2 | 5641 | 3200 | 9.57 | 0.64 | 3893 |(m)B+PR
B-1-1-C2 3729 | 1626 0.7 2984 7 229 16.2 | 5641 | 3200 | 10.00 | 0.66 | 3551 |(m)B+PR
Strap B-1-2-C1 6399 | 5324 2 5119 4.8 229 15.5 | 5641 | 3056 | 2.40 | 1.13 | 4654 |(s)T+PT+TR
1 B-1-2-C2 6362 | 5427 15 5089 6.3 229 15.5 | 5641 | 3056 | 4.20 | 1.13 | 7485 |(s)B+(m)T+PT
B-1-3-C1 6215 | 5076 1.6 4972 4.8 229 15.5 | 5641 | 3056 | 3.00 | 1.10 | 5524 |NSF
B-1-3-C2 6524 | 4390 1.2 5219 5.3 229 15.5 | 5641 | 3056 | 4.42 | 1.16 | 4745 |NSF
B-3-1-C1 3705 | 2980 2.8 2964 7.1 21.8 15.5 | 5916 | 3550 | 2.54 | 0.63 | 1560 |(s)B+(m)T+PT
B-3-1-C2 3765 | 3277 2.6 3012 7.2 21.8 15.5 | 5916 | 3550 | 2.77 | 0.64 | 2215 |(s)B+(s)T+PT
Strap B-3-2-C1 6581 | 6133 2.2 5265 6.9 218 15.5 |5916 | 3557 | 3.14 | 1.11 | 5850 |(m)B+(m)T+PT
3 |B-3-2-C2 6436 | 4503 1.6 5149 6.2 21.8 15.5 [ 5916 | 3557 | 3.88 | 1.09 | 4291 |(m)B+(m)T+NSF
B-3-3-C1 6732 | 6505 2.5 5385 4.4 218 15.5 | 5916 | 3557 | 1.76 | 1.14 | 4371 |NSF
B-3-3-C2 6141 | 5321 1.2 4913 5.4 218 15.5 | 5916 | 3557 | 450 | 1.04 | 7018 |NSF
B-2-1-C1 4082 | 2802 2.1 3265 6.7 24.5 20.5 | 7101 | 5106 | 3.19 | 0.57 | 3474 |(m)T+PR
B-2-1-C2 3877 | 2725 1.2 3101 7.4 24.5 20.5 | 7101 | 5106 | 6.17 | 0.55 | 4431 |(S)T+PT
Strap B-2-2-C1 6618 | 6044 2.4 5294 8.5 24.5 20.5 | 7101 | 5106 | 3.54 | 093 | 6618 |(m)B+(s)T+PT
2 B-2-2-C2 6270 | 5701 1.8 5016 7.1 24.5 20.5 | 7101 | 5106 | 3.94 | 0.88 | 7600 |(s)T+PT
B-2-3-C1 7591 | 6092 1.2 6073 9.7 24.5 20.5 [ 7101 | 5106 | 8.08 | 1.07 | 9201 |(m)T+NSF
B-2-3-C2 8301 | 7045 2.2 6641 | 13.6 24.5 20.5 [ 7101 | 5106 | 6.18 | 1.17 | 10711 |(m)T+NSF
B-4-2-C1 6730 | 3018 11 5384 6 38.5 33.9 |11626| 8584 | 5.45 | 0.58 | 2926 |(m)T+PT
B-4-2-C2 7036 | 4286 | 0.86 | 5629 | 6.85 38.5 339 |11626| 8584 | 7.97 | 0.61 | 4021 |[(m)T+PT
Strap B-4-3-C1 9924 | 8804 2.4 7939 6.7 38.5 339 |11626| 8584 | 2.79 | 0.85 | 7939 |(m)B+(m)T+PT
4 |B-4-3-C2 9874 | 9185 2.3 7900 6.3 38.5 339 |11626| 8584 | 2.74 | 0.85 | 11285 |(m)B+(m)T+PT
B-4-4-C1 12956 | 11548 | 4.3 | 10364 | 15.2 38.5 339 |11626| 8584 | 3.53 | 1.11 | 6478 |(m)T+NSF
B-4-4-C2 13278 | 11208 2 10622 | 12.5 38.5 339 |11626| 8584 | 6.25 | 1.14 | 8852 |(m)T+NSF
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The cyclic test specimens exhibited similar failure modes to their corresponding monotonically
tested specimens. As for the monotonically tested specimens, all the specimens with fewer screws
(except Specimen A-3-2-C2) failed by combinations of bearing, tilting and eventual pull-out. There
was one additional failure mode that occurred only in one of the type 2 solid strap and type B,
0.75mm cold-formed steel specimens, which was pull-over (see Figure 22). The strap curled up at
the end and deformed around the hole before eventually pulling clear of the screw head. Pull over
might be a result of the screw not having been fastened accurately, or there may some initial tearing
at the hole in the strap due to imperfections in the strap caused during the assembly of the
connection.

Figure 22. Pull-over Failure: Specimen B-2-1-C1

It should be noted that when considering the hysteresis curves for each specimen whilst the
specimens were only subjected to positive extension, after plastic deformation began to take place
in the specimen, residual strain occurred and so there was some small compression load on the
specimen. When the specimen was returned to zero extension, the specimen had lengthened and
therefore the stiffness of the specimens caused them to take the small compression loads. This
behavior is shown in Figure 23.

Cyclic Test - A-1-1-C1
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Figure 23. Compression Load in Cyclic Tests
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The envelope of cyclic hysteresis curves showed similar relationships to the monotonic
load-extension curves. The hysteresis curve presented in Figure 24 shows that the solid strap

exhibited significant displacement before the ultimate load was reached.

Cyclic Test - A-2-3-C1
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Figure 24. Hysteresis Curve for Solid Strap

In contrast Figure 25 shows that the load perforated strap dropped sraight after yield as pull-out
occurred . This behavious was also shown in Figure 15 for a monotonic test on a perforated strap

which failed by pull-out.

Cyclic Test - A-1-2-C2
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Figure 25. Hysteresis Curve for Perforated Strap

Table 7 presents a comparison between the monotonic and cyclic test results for the connections.
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Table 7. Comparison of Monotonic and Cyclic Ultimate Loads (Pu)

Pu % Increase
Number Pu .

of Monotonic Tests Avel:age of in Pu dl.le

Screws N) Cyclic Tests to Cycl.lc

o) Hardening
1 1980 2387 0.21
Strap 1 2 3820 4333 0.02
3 4860 5040 0.04
1 2130 2329 0.09
Strap 3 2 3820 4353 0.25
CFS 3 5260 4975 -0.05
Type A 1 2260 2813 0.25
0.55mm Strap 2 2 4120 4283 0.04
3 5600 5259 0.07
4 6260 6277 0.00
4 8440 8746 0.04
Strap 4 5 9260 9617 0.04
6 10430 10903 0.05
1 3040 2933 -0.04
Strap 1 2 5000 5104 0.02
3 5410 5096 -0.06
1 2680 2988 0.11
CFS Strap 3 2 5270 5207 -0.01
Type B 3 5440 5149 -0.05
0.75mm 1 3130 3183 0.02
Strap 2 2 5020 5155 0.03
3 6440 6357 -0.01
2 5140 5507 0.07
Strap 4 3 7380 7920 0.07
4 10140 10493 0.04

A general trend which was exhibited by most of the strap bracing connections was that the
maximum cyclic load for each connection was greater than the maximum monotonic load for the
same connection type. This indicates that the strap bracing material underwent cyclic hardening as
a result of the repeated loading which allowed the specimens to resist a slightly higher maximum
load. There were a number of exceptions that occurred in the type 1 and 3 perforated strap
connections, however this could be attributed to the variable nature of the perforated strap
specimens, where there may have been more occurrences of the weaker perforation patterns in
some specimens compared to the others. The cyclic hardening that did occur in specimens resulted
in maximum load increases of less than 10% more than the maximum monotonic loads, which
indicates that the hardening effect was small. The instances where the increase in load was
significantly higher at around 20% were for connections with 1 or 2 screws in perforated strap
material. The reason for this increase may be that there was some error involved in assembling the
specimens, or because of the variability of the section of the perforated pattern which was included
in each specimen.
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In general the elastic shear stiffness was greater for the monotonic specimens for all strap types
with the thicker 0.75mm cold-formed steel, and for the type 1 and 3 perforated straps with the
0.55mm cold-formed steel. The initial cycles in the cyclic tests appear to have reduced the stiffness
of the specimens. The yielding factor Rrwas similar for the monotonic and cyclic specimens; the
specimens which experienced net section failure had exhibited some yielding leading up to failure
and therefore had yielding factors which were above 1, and the specimens which failed in other
modes generally had yielding factors which were less than 1.

Generally, the 0.75mm cold-formed steel increased the capacity of the strap bracing connections by
3-11% more than the 0.55mm cold-formed steel due to the increased anchorage of the connection.
The maximum screw connections in the perforated straps had higher ductility ratios when
connected to the 0.55mm cold-formed steel than the type 2 strap which had the same gross
cross-sectional area (ignoring perforations), while in the 0.75mm cold-formed steel the opposite
was true. However, for both the 0.75mm and the 0.55mm cold-formed steel connections the actual
extension of the straps at ultimate strength was significantly higher for the type 2 solid strap
material than both of the perforated strap materials.

Of the two perforated strap materials with the maximum number of screws: the type 3 strap had
between 1% and 8% more capacity than the type 1 strap in the monotonic tests, and similar results
for the cyclic tests. The type 3 strap also exhibited higher extensions at the ultimate load. In
comparison to the perforated straps, the solid strap type 2 (of similar dimensions to the perforated
straps) exhibited higher capacities which were approximately 18% more than those of the type 3
perforated straps in both thicknesses of cold formed steel. The type 2 strap also demonstrated
greater extensions than the perforated straps at ultimate load.

The type 4 solid strap fastened with the maximum numbers of screws had ultimate capacities which
were 67% and 57% higher than the ultimate capacities of the type 2 solid strap when connected to
the 0.55mm and 0.75mm cold-formed steels, respectively. These increases in capacity are due to
the significantly large cross-section of the type 4 strap. The type 4 straps demonstrated significantly
higher extension at ultimate load in the 0.55mm cold-formed steel than of the type 2 solid strap,
and similar extension in the 0.75mm cold-formed steel.

The slightly lower capacity and extension of the type 4 strap in the 0.75mm cold-formed steel
compared to the 0.55mm cold-formed steel could possibly be increased by increasing the number
of screws in the connection. However, net section would still be the limiting failure mode of the
connection, and it is expected that the increases that could be obtained with extra screws would not
be large, particularly with regards to the extension. Therefore the advantage of using fewer screws
was deemed more efficient than the small increases that are to be gained in capacity. Finally the
screw requirements and capacities of the connections are summarized below:

e The type 1 perforated strap bracing requires 3 screws in order to obtain the maximum
capacity in the strap bracing system. When connected to the 0.55mm thick cold-formed
steel (CFS) this connection has a capacity of 4.9kN, and when connected to 0.75mm CFS
the capacity is 11% higher at 5.4kN.

e The type 3 perforated strap bracing requires 3 screws and has a capacity of 5.3kN when
connected to 0.55mm CFS, and a capacity which is 3% higher when connected to 0.75mm
CFS at 5.4kN.

e The type 2 solid strap bracing requires 4 screws in the pattern specified in Section 4.2.
When connected to the 0.55mm CFS these connections have a capacity of 6.3kN, and a
capacity which is 3% higher when connected to 0.75mm CFS.
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The type 4 solid strap bracing requires 6 screws when it is connected to 0.55mm CFS, and

4 screws when it is connected to 0.75mm CFS. The 4-screw connection to the 0.75mm
CFS has 3% less capacity than the 6-screw connection to the 0.55mm CFS.

On the following, the capacities for the connections calculated based on the design codes (AS/NZS
4600 [9], AISI-S100 [23] and Eurocode3 [24]) will be compared with the capacities found from the
experimental results.

Table 8. Strap Bracing Experimental Capacities Compared to
Design Capacities from AS/NZS4600 (N)

Net-Section Bearing Tear-out - Limiting
Screws Pu Tension Failure strap Pull-out Pull-over Factored Related
Monotonic Failure . Failure
number Tests Design Mode
Nt q) Nt Vb ¢ Vb va d) Viv Nou ¢ Nou Nnv q) Nov CaPaCity
Strap 1 1980 1536 | 999 [2317 | 1158 | 2714 | 1629 | 1385 | 693 | 2443 | 1221 693 PT
2 3820 3764 | 2447 [ 4633 | 2317 | 5429 | 3257 [ 2770 1385 | 4886 | 2443 1385 PT
1 3 4860 3596 | 2337 | 6950 | 3475 | 8143 | 4886 |4155| 2078 | 7329 | 3664 2078 PT
1 2130 1699 | 1104 | 2317 | 1158 | 2997 | 1798 | 1385 ] 693 | 2697 | 1349 693 PT
St;ap 2 3820 4176 | 2715 | 4633 | 2317 | 5994 | 3596 | 2770 | 1385 | 5395 | 2697 1385 PT
CFS 3 5260 4185 | 2720 | 6950 | 3475 | 8991 | 5395 [4155| 2078 | 8092 | 4046 2078 PT
Type A 1 2260 2443 | 1588 [ 2317 | 1158 | 3648 | 2189 | 1385| 693 | 3283 | 1642 693 PT
0.55mm Strap 2 4120 6007 | 3904 | 4633 | 2317 | 7296 | 4377 | 2770 | 1385 | 6566 | 3283 1385 PT
2 3 5600 6007 | 3904 [ 6950 | 3475 | 10944 | 6566 |4155| 2078 | 9849 | 4925 2078 PT
4 6260 6007 | 3904 | 9267 | 4633 | 14591 | 8755 | 5540 | 2770 | 13132 | 6566 2770 PT
Strap 4 8440 6007 | 3904 | 9267 | 4633 | 17165 [ 10299 | 5540 | 2770 | 15448 | 7724 2770 PT
5 9260 10099 | 6564 [11584| 5792 | 21456 | 12874 | 6926 | 3463 | 19310 | 9655 3463 PT
4 6 10430 10099 | 6564 [13900| 6950 | 25747 | 15448 | 8311 | 4155 | 23172 | 11586 4155 PT
Strap 1 3040 1536 | 999 2332|1166 | 2714 | 1629 | 1802 | 901 | 2443 | 1221 901 PT
2 5000 3764 | 2447 | 4664 | 2332 | 5429 | 3257 [ 3605 | 1802 | 4886 | 2443 1802 PT
1 3 5410 3596 | 2337 [ 6996 | 3498 | 8143 | 4886 | 5407 | 2704 | 7329 | 3664 2337 NSF
Strap 1 2680 1699 | 1104 [ 2543 | 1272 | 2997 | 1798 | 1802 | 901 | 2697 | 1349 901 PT
CFS 3 2 5270 4176 | 2715 | 5086 | 2543 | 5994 | 3596 [ 3605 | 1802 | 5395 | 2697 1802 PT
Tvpe B 3 5440 4185 | 2720 | 7630 | 3815 | 8991 | 5395 [ 5407 | 2704 | 8092 | 4046 2704 PT
0?]';)5mm Strap 1 3130 2443 | 1588 [ 3152 | 1576 | 3648 | 2189 | 1802 | 901 | 3283 | 1642 901 PT
2 5020 6007 | 3904 | 6303 | 3152 | 7296 | 4377 | 3605 | 1802 | 6566 | 3283 1802 PT
2 3 6440 6007 | 3904 | 9455 | 4728 | 10944 | 6566 | 5407 | 2704 | 9849 | 4925 2704 PT
Strap 2 5140 3022 | 1964 | 7041 | 3520 | 8582 | 5149 [ 3605 | 1802 | 7724 | 3862 1802 PT
3 7380 10099 | 6564 [10561| 5280 | 12874 | 7724 | 5407 | 2704 | 11586 | 5793 2704 PT
4 4 10140 10099 | 6564 [14081| 7041 | 17165 | 10299 | 7209 | 3605 | 15448 | 7724 3605 PT
Table 9. Strap Bracing Experimental Capacities Compared to
Design Capacities from the AISI-S100 [23] (N)
Pu Bearing -\ out- strap| Pull-out Pull-over |Limitingo . 4
Screws . | Failure Factored| .
number Monotonic Design Failure
Tests Vb q) Vb Viv ¢ Viv Nou q) Nou Nov ¢ Nov Capacity Mode
Strap 1 1980 2317 | 1158 2714 | 1357 | 1385 ] 693 | 2443 1221 693 PT
2 3820 4633 |2317| 5429 | 2714 [ 2770 | 1385 | 4886 | 2443 1385 PT
1 3 4860 6950 |3475| 8143 | 4072 | 4155|2078 | 7329 | 3664 2078 PT
Strap 1 2130 2317|1158 2997 | 1499 | 1385 693 | 2697 | 1349 693 PT
2 3820 4633 |12317| 5994 | 2997 | 2770 | 1385 | 5395 | 2697 1385 PT
CFS 3 3 5260 6950 |3475| 8991 | 4496 | 4155|2078 | 8092 | 4046 2078 PT
Type A 1 2260 2317|1158 3648 | 1824 | 1385| 693 | 3283 | 1642 693 PT
0.55mm|Strap 2 4120 4633 |2317| 7296 | 3648 | 2770 | 1385 | 6566 | 3283 1385 PT
2 3 5600 6950 [3475] 10944 | 5472 | 4155|2078 | 9849 | 4925 2078 PT
4 6260 9267 |4633| 14591 | 7296 | 5540|2770 | 13132 | 6566 2770 PT
Strap 4 8440 9267 |4633| 17165 | 8582 | 5540|2770 | 15448 | 7724 2770 PT
5 9260  |11584|5792| 21456 | 10728 | 6926 | 3463 | 19310 | 9655 | 3463 PT
4 6 10430 [13900[{6950| 25747 | 12874 | 8311 | 4155 | 23172 | 11586 | 4155 PT
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Strap 1 3040 2345 |1173| 2714 1357 [ 1802 | 901 | 2443 1221 901 PT
2 5000 4690 |12345| 5429 | 2714 | 3605|1802 | 4886 | 2443 1802 PT
1 3 5410 7036|3518 | 8143 4072 | 5407 | 2704 | 7329 3664 2704 PT
Stra 1 2680 2589 |11295| 2997 1499 | 1802 | 901 | 2697 1349 901 PT
CFS P 5270 | 5179]2589] 5994 | 2997 |3605 | 1802 | 5395 | 2697 | 1802 | PT
Type | 3 3 5440 | 7768 [3884| 8991 | 4496 | 5407 [2704 | 8092 | 4046 | 2704 PT
g Strap 1 3130 3152 |1576| 3648 1824 | 1802 | 901 3283 1642 901 PT
0.75mm| 2 2 5020 6303 |3152| 7296 3648 | 3605|1802 | 6566 3283 1802 PT
: 3 6440 9455 14728 10944 | 5472 | 5407 | 2704 | 9849 | 4925 2704 PT
2 5140 7041 {3520 8582 | 4291 | 3605|1802 | 7724 3862 1802 PT
Strap 7380  [10561]5280] 12874 | 6437 | 5407 [2704 | 11586 | 5793 | 2704 PT
4 4 10140 |14081|7041| 17165 | 8582 | 7209 | 3605 | 15448 | 7724 3605 PT
Table 10. Strap Bracing Experimental Capacities Compared to
Design Capacities from Eurocode3 [24] (N)
Net—Se.ction Bearing Pull-over Limi.ting
Pu Tel.1s10n Failure Pull-out Static Cyclic Des1g'n Related
Screws . Failure Capacity .
Monotonic . . Failure
number Tests o (not including Mode
Nt ¢Nt Vb ¢Vh Nou ¢N0u Nov ¢Nov Nov cyclic
Nov pullover)
Strap 1 1980 3764 | 3011 | 1824 | 1459 | 733 | 587 [1629]| 1303 | 814 | 651 587 PT
2 3820 3596 | 2877 | 3648 | 2919 |1467| 1173 [1629]| 1303 | 814 | 651 1173 PT
1 3 4860 3596 | 2877 | 5472 | 4378 |{2200]| 1760 [1629]| 1303 | 814 | 651 1303 PR
Strap 1 2130 4176 | 3341 | 2014 | 1611 | 733 | 587 |1798| 1439 | 899 | 719 587 PT
2 3820 4185 | 3348 | 4028 | 3222 |1467| 1173 |1798| 1439 | 899 | 719 1173 PT
CFS 3 3 5260 4185 | 3348 | 6042 | 4834 12200| 1760 |1798| 1439 | 899 | 719 1439 PR
Type A 1 2260 6007 | 4805 | 2451 | 1961 | 733 | 587 (2189|1751 | 1094 | 875 587 PT
0.55mm Strap 2 4120 6007 | 4805 | 4903 | 3922 |1467| 1173 (2189| 1751 | 1094 | 875 1173 PT
b 3 5600 6007 | 4805 | 7354 | 5883 |2200| 1760 (2189| 1751 | 1094 | 875 1751 PR
4 6260 6007 | 4805 | 9805 | 7844 12933| 2347 (2189| 1751 | 1094 | 875 1751 PR
Strap 4 8440 10099| 8079 | 11535 (9228 [2933| 2347 |2575| 2060 | 1287 {1030 2060 PR
5 9260 10099| 8079 | 14418 |11535|3666| 2933 (2575| 2060 | 1287 |1030 2060 PR
4 6 10430 [{10099| 8079 | 17302 |13842|4400| 3520 [2575| 2060 | 1287 |1030 2060 PR
Strap 1 3040 3764 | 3011 | 1824 | 1459|954 | 763 [1629]| 1303 | 814 | 651 763 PT
2 5000 3596 | 2877 | 3648 | 2919 |1908| 1527 [1629]| 1303 | 814 | 651 1303 PR
1 3 5410 3596 | 2877 | 5472 | 4378 |2863| 2290 (1629]| 1303 | 814 | 651 1303 PR
Strap 1 2680 4176 | 3341 | 2014 | 1611 | 954 | 763 |1798| 1439 | 899 | 719 763 PT
CFS 3 2 5270 4185 | 3348 | 4028 | 3222|1908 | 1527 |1798| 1439 | 899 | 719 1439 PR
Type 3 5440 4185 | 3348 | 6042 | 4834128632290 |1798| 1439 | 899 | 719 1439 PR
B Stra 1 3130 6007 | 4805 | 2451 | 1961 | 954 | 763 |2189| 1751 | 1094 | 875 763 PT
0.7Smm P 2 5020 6007 | 4805 | 4903 | 3922 |1908| 1527 (2189| 1751 | 1094 | 875 1527 PT
2 3 6440 6007 | 4805 | 7354 | 5883 |2863| 2290 (2189| 1751 | 1094 | 875 1751 PR
Strap 2 5140 10099| 8079 | 5767 | 4614 |1908| 1527 (2575| 2060 | 1287 |1030 1527 PT
3 7380 10099| 8079 | 8651 | 6921 |2863| 2290 (2575| 2060 | 1287 |1030 2060 PR
4 4 10140 [{10099| 8079 | 11535 | 9228 |3817| 3053 (2575| 2060 | 1287 |1030 2060 PR

It is necessary to mention that all edge distance and spacing requirements of the standards were
satisfied except for in the perforated straps where there pre-existing perforations governed screw
arrangements. Although the screws did increase the size of the holes from 3mm to 4.8mm, if the
screws were not placed in the existing holes the net area would have been further reduced as there
would be the pre-existing holes plus the additional screw holes. For the pattern of the pre-existing
holes as was present in both of the perforated straps used for this study, there is no space to add
holes for more than one individual screw where the extra holes will not decrease the net area of the
strap and therefore weaken the strap.
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The result tables show that the test specimen capacities exceed the nominal design capacities for all
three of the standards considered. For the design calculations in this paper, the bearing and tilting
capacities calculated for all three standards were assumed to increase directly with number of
screws. That is, a connection with three screws is calculated to have the bearing capacity of one
screw multiplied by three. Although this assumption was made, it is known that this is
unconservative; however a more accurate relationship is not known. The design bearing capacities
calculated by AS/NZS4600 and AISI are the same for most specimens, and the only differences
vary by less than 3% for the strap types 1 and 2 connected to the 0.75mm cold-formed steel when
AS/NZS includes a bearing capacity factor which applies to these specimens. Eurocode3 is less
conservative and predicts significantly higher values (more than 50%) for factored bearing capacity.
It is difficult to compare the design capacities with the experimental failure loads for this mode of
failure as although many specimens exhibited bearing and tilting, it was never the ultimate failure
mode. This makes hard to determine the load at which bearing first occurred. AS/NZS4600 and the
AISI Specification specified factored bearing capacities for many of the tested specimens that were
below the ultimate load capacity of the specimen. This is a true indication of the bearing and tilting
behavior that had occurred in the specimens. The higher bearing values from Eurocode3 exceed the
ultimate loads for some specimens which prove the standard is highly unconservative when
predicting this type of failure mode capacity.

Similarly for pull-out and pull-over failures, a direct relationship was assumed between the number
of screws and the design resistance to these failure modes. This also assumes the load is distributed
evenly among the screws. The pull-over provisions are included from all three standards, however
as there was only one case of pull-over which occurred in all of the monotonic and cyclic
specimens tested, this design capacities as calculated for this failure mode are not discussed in
detail here. For AS/NZS4600 and the AISI Specification the pull-over and pull-out capacities are
calculated using the same equations and for the connections considered in this study, pull-out is the
governing design capacity of the two for all cases. This is a true indication of the pull-out failures
which occurred in most connections with insufficient screws for net section failure to occur.
Eurocode3 conversely predicts more similar pull-over values as a result of its provisions’
dependence on the pitch of the screw threads. Consequently, Table 10 shows that this standard often
predicts that pull-over is the governing failure mode for the connections, which is inaccurate.

For net section tension failure, the unfactored capacities will be compared here but it should be
noted that the AS/NZS4600 reduction factor of 0.65 is significantly more conservative than
Eurocode3’s factor of 0.8. The unfactored net section capacities predicted by AS/NZS4600 are
reduced for single screwed connections, but for the remaining multiple screw connections, the
capacities are the same as those given by Eurocode3. For the solid straps the standards accurately
predict unfactored net section failure capacities which are greater than the ultimate capacities for
the specimens which failed by eventual pull-out, and only slightly less than ultimate capacities
which did fail by net section failure. The predicted capacities for the perforated straps are less
accurate, particularly for the specimens which had two screws which was one less than the three
required for net section failure to occur in all perforated strap specimens. The inaccuracy of these
predictions can be attributed to the variable net section of the perforated straps.

Although these design provisions have some value in predicting some of the behaviors for screwed
connections, there are some provisions which are not entirely suited to accurately predicting the
ultimate behavior of the strap bracing connections tested for this research. Hancock [6] states that
‘the provisions are intended for use when a sufficient number of test results is not available for the
particular application, (and that) a higher degree of accuracy can be obtained by testing any
particular application’. Therefore the recommended capacities for the strap bracing connections
will be based on the experimental results.
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As discussed earlier, the pattern of the screws was chosen in order to obtain satisfy the
requirements of AS4100 provisions for the net section tension capacity of a member as best as
possible with the given straps sizes and screw dimensions, but different patterns were not tested to
completely optimize this design. This pattern selection was not further optimized because it was
proven in by LaBoube and Sokol [19] that the effect of optimizing the pattern is very small in
increasing the strength of the connection.

7. CONCLUSIONS AND RECOMMENDATIONS

The capacities of the screwed strap bracing connections are taken as the monotonic capacities
found for each connection. These capacities were compared to the cyclic capacities of each
connection and it was found that in general the cyclic capacities were higher than the monotonic
values. Therefore it is a conservative approach to design wall bracing systems to the monotonic
capacities. The required number of screws to obtain the maximum capacity of the strap materials,
and the value of the ultimate load capacity of each connection based on monotonic tests are
summarized in Table 11.

Table 11- Number of screws required, and the capacity of the connections for each type of strap
bracing material based on monotonic tests

CFS Strap Type Nlélcli‘[;:s()f Pu Au
Type Required (kN) | (mm)
Strap 1
G3 Perforated 3 486 | 6.9
30mm*0.75mm
Strap 3
Type A G2 Perforated 3 526 | 11.6
0.55mm 30mm*0.75mm
Strap 2
G2 Solid 30mm*0.75mm 4 626 | 175
Strap 4
G2 Solid 40mm*1.0mm 6 10.43 1 27.9
Strap 1
G3 Perforated 3 541 | 6.9
30mm*0.75mm
Strap 3
Type B G2 Perforated 3 544 | 7.1
0.75mm 30mm*0.75mm
Strap 2
G2 Solid 30mm*0.75mm 3 644 | 1l
Strap 4
G2 Solid 40mm*1.0mm 4 1014 10.7

According to the current research results, following conclusions can be made:

. The 0.75mm cold-formed steel increased the capacity of the strap bracing connections by
3-11% more than the 0.55mm cold-formed steel for the straps types 1, 2 and 3, due to the
increased anchorage of the connection. The slight reduction in capacity of the type 4 strap can
be attributed to the fewer screws used in the connections to 0.75mm cold-formed steel.

e  For both the 0.75Smm and the 0.55mm cold-formed steel connections the extension of the
straps at ultimate strength was significantly higher for the type 2 solid strap material than both
of the perforated strap materials.
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Of the two perforated strap materials which had the same dimensions: the type 3 G2 strap
would be recommended for use rather than type 1 G3 strap due to its increased capacity and
ductility.

In comparison to the perforated straps the solid strap type 2 exhibited capacities which were
higher than those of the type 3 perforated straps when connected to both thicknesses of cold
formed steel. The type 2 strap also demonstrated greater extensions than the perforated straps
at ultimate load.

The type 4 solid strap fastened with the maximum numbers of screws had significantly higher
capacities than the type 2 solid strap due to its greater cross-sectional area. The type 4 straps
demonstrated significantly higher extension at ultimate load in the 0.55mm cold-formed steel
than of the type 2 solid strap, and similar extension in the 0.75mm cold-formed steel. The
lower extension of the type 4 strap connected to the 0.75mm cold-formed steel can be
attributed to the lower number of screws used in this connection.

Another strap type which would be worth consideration is solid G3 strap material. Although
the perforated G3 strap (type 1) had less capacity than the perforated G2 strap, the strength
properties of the G3 sheet material indicate that it is expected to have significantly different
yield and ultimate strengths, which may result in more ductile behaviour than was exhibited
by the solid G2 strap in this research as the G2 material has very similar yield and ultimate
strengths. The perforations in the G3 strap tested for this study would have significantly
affected the performance of the material, particularly in relation to the ultimate capacity of the
material due to the reduction in net cross-sectional area. Therefore it is recommended that
solid G3 strap material be tested and compared to the materials tested in this paper.

The application of these particular strap types for the bracing systems will depend on the
required capacity and ductility of the system. The solid straps exhibited higher extensions
before their ultimate failure than the perforated straps, and therefore they may be preferred in
areas where there is the potential for significant cyclonic or seismic events which may impose
large deflections on the wall framing system.

The limited area for the strap to be connected to the wall framing system may mean that it is
not practical to use the number of screws recommended here. This could be a particular
problem when using the thicker and wider type 4 strap material with 0.55mm cold-formed
steel framing, as it requires 6 screws for adequate anchorage of the strap. Further
investigation is recommended in order to quantify the maximum available area to which the
straps can be fastened, and therefore the maximum number of screws which can be used to
anchor the straps and satisfy the minimum edge and spacing requirements specified by
AS/NZS4600.
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ABSTRACT: When a tension load is transmitted to some, but not all of the cross-sectional elements of a tension
member, the tensile force is not uniformly distributed over the cross-sectional area of the tension member. The
non-uniform stress distribution in the tension member is commonly referred to as the out-of-plane shear lag effect.
The unequal-length longitudinal welds and the in-plane shear lag effect, however, are not addressed by the current
American Institute of Steel Construction (AISC) Specification for the determination of the shear lag factors for
tension members other than plates and Hollow Structural Sections (HSS). The purpose of this work is to propose a
procedure for the computation of shear lag factors accounting for combined in-plane and out-of-plane shear lag
effects on unequal-length longitudinal welded angles. The finite element method using three-dimensional solid
elements and nonlinear static analyses accounting for combined material and geometric nonlinearities are conducted in
this work to verify the accuracy of the proposed procedure.

Keywords: Angle sections, connections, finite element method, geometric nonlinearity, nonlinear analysis, shear lag,
stress distribution, welds

DOI: 10.18057/1JASC.2018.14.4

1. INTRODUCTION

The provisions regarding shear lag effects in bolted tension members appeared in the 1978
American Institute of Steel Construction (AISC) Specification (Easterling and Gonzalez [1]; AISC
[2]). The 1986 and 1989 AISC Specifications have extended the provisions to welded tension
members (AISC [3]; AISC [4]). The 1993 and 1999 AISC Specifications expressed the shear lag
provisions using the formula U = 1- (X/ L) < 0.9 for the tension load transmitted only by
longitudinal welds to a tension member other than a plate member, where U is the shear lag
coefficient, X is the connection eccentricity, and L is the length of the connection in the directions
of loading (AISC [5]; AISC [6]). The upper limit of 0.9 has been removed in the 2005 and 2010
AISC Specifications (AISC [7]; AISC [8]).

The provisions specified in the current AISC Specification (AISC [8]) only address the out-of-plane
shear lag effects for all tension members except plates while the in-plane shear lag effects have
been neglected. When a tension load is transmitted to some, but not all of the cross-sectional
elements of a tension member other than a plate member, the tensile force is not uniformly
distributed over the cross-sectional area of the tension member. The non-uniform stress distribution
in the tension member is commonly referred to as the out-of-plane shear lag effect.

Referring to the tension member shown in Figure 1, when the tension load is transmitted to some,
but not all of the cross-sectional elements, the effective length of the welded connection is reduced
toL'=L- X,where X isthe connection eccentricity measured from the plane of the connection to
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the member centroid and L is the length of the connection in the direction of loading. Since the
reduction in the effective cross-sectional area is proportional to the reduction in the effective
connection length, L'/ L, the out-of-plane shear lag factor becomes (Geschwindner [9]):

X

(1

Therefore, the value of the out-of-plane shear lag factor is influenced by the length of the
connection and the geometry of the cross-section of the tension member.

(b)
Figure 1. Out-of-Plane Shear Lag Effect on Welded Angle in Tension
In addition to the out-of-plane shear lag effect for unconnected (outstanding) element(s), the

in-plane shear lag effect, Uck, for connected element(s) was also recommended to be considered, as
given in Eq. 2 (Fortney and Thornton [10]):

Ueg=""-"=> (2)

where W = the distance between longitudinal welds and L = the length of weld.

The combined effect of the in-plane and out-of-plane shear lags can be approximately determined
as the product of the two component effects as given in Eq. 3 (Fortney and Thornton [10]):
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1 X
U = UceUoce= —jz 1-— (3)

2. NEWLY PROPOSED PROCEDURE FOR THE COMPUTATION OF SHEAR LAG
FACTORS

The following addresses a new computation procedure for shear lag factors for tension angles with
unequal-length longitudinal fillet welds. Referring to Figure 2, when the width of the welded leg is
shorter than the indented distance of the short weld length, [that is, w < (Li-L2)/2], the out-of-plane
shear lag effect on the out-of-plane leg can also be applied to the in-plane leg. Therefore, the
in-plane shear lag effect, Uck, for the connected leg can be computed using Eq. 4:

L, =|
(b)
Figure 2. In-Plane Shear Lag Effect on a Tension Angle with Unequal-Length Welds

(4)
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The combined effect of the in-plane and out-of-plane shear lags can be approximately determined
as the product of the two component effects, as given in Eq. 5:

U = UceUoe= [1 - lj{l - EJ (5)
Ll Ll

where X = the distance from the outer face of the connected leg to the centroid of the angle; y=

the distance from the outer face of the outstanding leg to the centroid of the angle; and L1 = the
length of the longer weld.

3. DESIGN PROCEDURE FOR A TENSION MEMBER TO A GUSSET PLATE
CONNECTION

The following are the recommended criteria to be used for the design of a tension member to a
gusset plate connection (Astaneh-Asl [11]) using longitudinal fillet welds:

@8 The capacity of the welded connection is recommended to be at least equal to or greater
than the axial tension yield capacity of the tension member calculated using a conservative
expected yield stress of 1.1 Ry Fy in order to avoid brittle failure of the connections, where
Ryis the ratio of the expected yield strength to the specified minimum yield strength of the
grade of steel to be used [Ry = 1.5 for ASTM A36 steel channels (AISC [12])] and Fy is the
specified minimum yield strength of the grade of steel to be used.

2) The yielding of the tension member shall occur before the yielding of the gusset plate in
order to increase the global ductility of the entire frame:

R,F,A, <F /A (6)

where Ag is the cross-sectional area of the tension member and Ae is the area of the
Whitmore effective section of the gusset plate.

3) The design tensile strength for the tensile rupture in the net section of the tension member is
recommended to be computed using the following equation (AISC [8]):

¢t Pn = ¢t Fu AnU (7

where ¢, =0.75; Pn = nominal tensile strength of the tension member; Fu = specified

minimum tensile strength of the type of steel being used [Fu = 58 ksi (400 MPa) for ASTM
A36 steel]; An = net area; and U = shear lag factor.
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4. DESIGN EXAMPLE OF THE LONGITUDINAL WELDS BALANCED ABOUT THE
NEUTRAL AXIS OF AN ANGLE IN TENSION

Use A36 steel, E70 electrodes to design the longitudinal side fillet welds to develop the full axial
yield capacity of a 2L4x3x% LLBB (with long legs back-to-back) tension member connected to a
gusset plate. Assume that the tension member is subjected to cyclic loading which results in
repeated stress variations; therefore, it is preferable to use two longitudinal welds of unequal length
to ensure the welds’ centroid will coincide with the centroid of the member so that the transmitted
tensile forces will be balanced about the neutral axis of the tension angle (AISC [8]).

4.1 Design of the Unequal-Length Longitudinal Fillet Weld Connection to Balance the
Tensile Forces about the Neutral Axis of the Tension Angle

The full axial yield capacity of a L4x3x% tension member can be computed as follows:
1.1 Ry Fy Ag = 1.1 (1.5)(36 ksi)(2.49 in?) = 147.9 kips (658 kN)
where Ry = 1.5 and Fy = 36 ksi (248 MPa) for A36 steel; Ag = the gross area of the tension member.

Assume that the gusset plate is thicker than the angle. In this case, since the material thickness of
the thinner part joined is 3% in. (10 mm), the minimum weld size = %6 in. (5 mm) (AISC [8]). Also,
since the thickness of the angle is % in. (10 mm), the maximum weld size = % - !/is= /s in. (8 mm)
(AISC [13]). With the minimum and maximum fillet weld sizes defined, one can use a size of % in.
(6 mm) for the fillet weld (since 3/is < ¥4 <5/, the weld size may be used). The design strength of
the weld per inch can thus be computed as follows:

¢ te (0.60 Fexx) = 0.75 [(0.707) (% in.)](0.60)(70 ksi) = 5.568 kips/in. (0.975 kN/mm)

where te = the effective throat of the fillet weld and Fexx = the tensile strength of the weld metal
(Fexx =70 ksi for E70 electrodes).

Therefore, the total required weld length can be computed as follows:

147.9kips

———————— =26.56in. (675 mm)
5.568kips/in.

Ltotal =

Referring to Figure 3(a), taking the moment about point A to determine the force P2 and Pi:

P> (4 in.) = (147.9 kips) (1.27 in.)

From which, P, = (

147.9)1.2 _ |
W =47.0 kips (209 kN), and P,=147.9 - 47.0 =100.9 kips (449 kN)

Therefore, the required weld length on the outstanding leg side, Li, and on the flat leg side, L2, can
be computed respectively as follows:

1009

L
5.568

=18.12 in. = 18.5 in. (470 mm)
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L, = 470 =8.44 in.=8.5in. (216 mm)
5.568

The connection details of the unequal-length longitudinal fillet welds for the angle are shown in
Figure 3(b). Note that fillet weld terminations should be located approximately one weld size from
the edge of the connection to minimize notches in the base metal (AISC [8]).

P, 477 I lL
4 in. (102 mm) 147.9 kips (658 kN)
e o ¢ ¢ e ¢ e  ——  — — — — — — — — — — —. — — — — — — L. _h—»
b, ‘ 1 Y=1.27in. (32 mm)
"
l: L, :l
(@)
6 85 \E70

(216)
4 in. (102 mm) =
\ \' L4x3x%
Ao 185 \E70 ’

(470)
(b)

Figure 3. Unequal-Length Longitudinal Fillet Weld Connection for
the L4x3x3% Tension Member

4.2 Design of the Gusset Plate

Using Eq. 6, one has:

1.5(36 ksi)(2)(2.49 in?) < (36 ksi)(Ae)

From which, the area of the Whitmore effective section, Ae, must be > 7.47 in? (4819 mm?).

Note that in order to avoid the out-of-plane eccentricity effect on the gusset plate (due to one angle
being connected to one side of the gusset plate), two L4x3x3%s angles, with long legs back-to-back,

are used as the tension member for this design example.

Referring to Figures 3 and 4, the effective width of the Whitmore section (Whitmore [14]) can be
computed to be:

lw = (8.5 in.)(tan 30°) + (18.5 in.)(tan 30°) + 4 in. = 19.59 in. (498 mm)

From which, the required thickness of the gusset plate can be computed to be:
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t=i=ﬂ=o.381 in. [use 7/ in. (11 mm)]

l, 19.59

w

Welded joint

Figure 4. The Whitmore Section for Unequal-Length Welded Joints

Notes: t = Plate thickness; a = Weld size; |; = Long weld length; and |, = Short weld length

b/2

Near side

& far side

b/2

Neutral axis

Near side & far side

595

LLBB Double y b t a I I,

Angles in. in. in. in. in. in.
(mm) (mm) (mm) (mm) (mm) (mm)

2L.4x3%/g 1.27 6 e Ya 18.5 8.5
(32) (152) (11) (6 (470) (216)
2L6x3Y5x3/g 2.02 8 e Va 24.5 12.5
(51) (203) (11) (6) (622) (318)

2L6x4x%/16 2 8 8 ¥ 25.5 13
51) (203) (16) (10) (648) (330)

Figure 5. Unequal-Length Longitudinal Fillet Weld Connection Details for Double Angles
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Following the procedure of this design example, the unequal-length longitudinal fillet weld
connections for two additional double angles of different sizes (2L6x3%x3/s and 2L.6x4x%/16) are
designed and summarized in Figure 5. Note that in order to ensure that the gusset plate can freely
rotate when the double angles are subjected to compression forces, the distance from the end of the
double angles to the line that connects the two re-entrant corners of the gusset plate is at least two
times the thickness of the gusset plate (Astaneh-Asl [11]).

S. COMPUTATION OF SHEAR LAG FACTORS FOR TENSION ANGLES WITH
UNEQUAL-LENGTH LONGITUDINAL FILLET WELD CONNECTIONS

5.1 The AISC Procedure

Since the unequal-length longitudinal welds and the in-plane shear lag effect are not addressed by
the current AISC Specification (AISC [8]) for the determination of shear lag factors for tension
members other than plates and Hollow Structural Sections (HSS), the following formula may be
used for the computation of the U value for the given example, 2L4x3x3/s, shown in Figure 3.

X
UAISC =UOE =1—I

The above formula results in three different U values, depending upon which of the follow three L
values are used for this formula:

X 0.775
1) ForL=1, U =l-—=1-——=0.96
(1) AISC(1) |1 185

I +1 X 0.775
2) ForL=""2 y —1- —1-2"" ~0.94
( ) or > AISC(avg) (|1+|2j 13.5
2
(3) For L= b, UA,SC(,Z)zl—%:I—%zOSI
i .

Following the same procedure, the U values for two additional double angles of different sizes
(2L6%3Y4x3/s and 2L6x4x%/16 shown in Figure 5) are computed. All the results are summarized in
Table 1.

5.2 The Fortney and Thornton Procedure

Fortney and Thornton [10] recommended that Eq. 3 be used for the computation of the U values for
angles with unequal-length longitudinal welds. Also, L = (li+l2)/2 was recommended to be used for
this formula. Using Eq. 3, the U value of the given example, 2L.4x3x3/3, shown in Figure 3, can be
computed to be:
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1 X 1 0.775
Urer = = 1= = =1 1= =0.92
(I1+I2) 1( 4 13.5
14— —
1 w 2 3113.5

1+

Following the same procedure, the U values for two additional double angles of different sizes
(2L6%3Y4x3/s and 2L6x4x%/16 shown in Figure 5) are computed. All the results are summarized in
Table 2.

53 The New Procedure Proposed in this Paper
Eq. 5 is the newly proposed procedure that may also be used for the computation of the U values

for angles with unequal-length longitudinal welds. Using Eq. 5, the U value of the given example,
2L.4x3x3/g, shown in Figure 3 [in which w = 4 in. <(L1-L2)/2 = 5 in.] can be computed to be:

Unew = UceUoe= l—l 1—1 =(1—£j(l—o'7lj=0.89
I, I, 18.5 18.5

Since both two additional double angles (2L6x3%2x3/s and 2L.6x4x%/16) shown in Figure 5 satisfy
the condition of w < (Li-L2)/2, the U values for both of them can be computed using Eq. 5. The
results are summarized in Table 3.

Table 1. Shear Lag Factors Derived from the AISC Specification

X
Unse =Uoe :l_t
LLBB Double Angles 2L4x3x3/g 2L6x35x3/g 2L.6x4x% 16
Shear lag factors U ysc ) 0.96 0.97 0.96
Shear lag factors U pisc avg) 0.94 0.96 0.95
Shear lag factors U yec ) 0.91 0.94 0.92
Notes: L = |1 for the computation of U AISC(,)
I+, .
L= for the computation of U 5sc avg)

L = Iz for the computation of U 5,
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Table 2. Shear Lag Factors Derived from Fortney and Thornton

Ureat = UceUoe=

I+ —
3L
LLBB Double 21.4x3x3/3 2L.6x3Vsx3/g 2L6x4%%16
Angles
Shear lag factors Urgr 0.92 0.93 0.92

I +1 .
Note: L ZITZ for the computation of Urer

Table 3. Shear Lag Factors Derived from the Newly Proposed Formula

UnNew = UceUoce = (1 —Il](l —IlJ
1 1

LLBB Double Angles 2L.4x3x3/g 2L.6%3V5x3/3 2L6x4x% 16

Shear lag factors Unew 0.89 0.89 0.89

6. COMPUTATION OF SHEAR LAG FACTORS USING THE FINITE ELEMENT
METHOD

The finite element method using three-dimensional solid elements and nonlinear static analyses
accounting for combined material and geometric nonlinearities are conducted in this work to verify
the accuracy of the newly proposed procedure. Figure 6 illustrates the typical length of the tension
angles and the applied tensile stress to be used for the construction of the computer models for the
finite element analyses using the computer software NISA (NISA [15]).

LLBB double angles

2(h+2 a)

b

|1+2 a

Notes: t = Plate thickness; a = Weld size; |, = Long weld length; and |, = Short weld length

Figure 6. Typical Length of the Tension Angles and the Applied Tensile Stress at the 100" Time Step
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The computer models for the finite element analyses are composed of numerous 8-node
hexahedron and 6-node wedge elements. The material properties of the tension angles are: Modulus
of elasticity = 29x10% psi (200,000 MPa) and Poisson’s ratio = 0.3. The analyses account for
material nonlinearities based on the elastic, piecewise linear hardening true stress-strain curve, as
shown in Figure 7 (derived from Salmon and Johnson [16]) for the A36 steel for tension angles and
the elastic, linear hardening, true stress-strain, as shown in Figure 8 (derived from the Lincoln
Electric Company [17]) for the E7018 electrode for the longitudinal fillet welds. Therefore, the true
stress of 68.73 ksi (474 MPa) and its corresponding strain of 0.1697, as shown in Figure 7, are
derived from the engineering stress of 58 ksi (400 MPa) (which is the ultimate tensile stress of A36
steel) and its corresponding strain of 0.185.

A pseudo time of 100 has been used for the time span, which is equivalent to load increments or
steps from zero to ¢, F,. Note that Fu is the ultimate tensile stress of the tension member. Also note

that since the first-principal stress is related to fracturing (Cook and Young [18]), there is a critical
time step at which the true maximum first-principal stress in the tension angles is closest to 68.73
ksi (474 MPa) (the true ultimate tensile stress). Assuming the i time step is the critical time step,
the allowable applied tensile load at the free end of the tension angles can thus be determined as
follows:

Allowable applied tensile load = ¢, (F,)(A,) [(i™ time step)/(100 time steps)] (8)

Note that ¢ F,= 0.75%58 ksi =43.5 ksi (300 MPa) for A36 steel is used as the applied tensile stress

at the 100" time step as shown in Figure 6. Also, Agis the gross area of the cross-section of the
tension member.

Since An = Ag for welded tension members, Eq. 9 is then derived from Eqs. 7 and 8:
U = (i time step)/(100 time steps) 9)

where U is the shear lag factor and the i time step is the critical time step.

Stress ksi (MPa)
4

\ [0.1697, 68.73(474)]

[0.1398, 64.4(444)]
60(414)

[0.0953, 55(379)]

40(276) F [0.0488, 44.1(304)]
[0.00124, 36(248)]

20(138)

0 } } } » Strain
0.05 0.1 0.15

Figure 7. Elastic, Piecewise Linear Hardening, True Stress-Strain Curve for ASTM A36 Steel
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Stress ksi (MPa)

ﬂx [0.1398, 85.1(587)]
80(552)
[0.00224, 65(448)]
60(414)
40(276) I
20(138)
0 I ! ] » Strain

0.05 0.1 0.15

Figure 8. Elastic, Linear Hardening, True Stress-Strain Curve for E7018 Electrode

The results of the finite element analysis for the double angles 21.4x3x3/3 are shown in Figures 9,
10, 11, and 12. Figure 9 illustrates that at the 90™ time step, the maximum first-principal stress
reaches 68.84 ksi (475 MPa) [which is closest to the true ultimate tensile strength of 68.73 ksi (474
MPa)] at the cross-sectional area of the double angles close to the free end of the gusset plate.
Therefore, the 90" time step is the critical time step for the 2L4x3x3/s tension member.
Furthermore, from Eq. 9, one has U = 90/100 = 0.90 for the 2L4x3x3/s tension member. Figure
10 is a view from the side of the long weld, which illustrates the contour lines of the maximum
shear stress distribution at the critical time step for the 2L4x3x3/s tension member. The
approximate 45° contour lines of the shear stress distribution at the end of the outstanding leg
validate the out-of-plane shear lag effect on the outstanding leg shown in Figure 1. Figure 11 is
an overhead view of the contour lines of the maximum shear stress distribution at the critical time
step for the 2L4x3x3/s tension member. The approximate 45° contour lines of the shear stress
distribution at the end of the connected leg also validate the in-plane shear lag effect on the
connected leg shown in Figure 2. Figure 12 illustrates the combined in-plane and out-of-plane shear
lag effects on the tension angles.

The results of the finite element analysis for the two additional double angles of different sizes
(2L6x3%»x3/s and 2L6x4x%/16 shown in Figure 5) are shown in Figures 13 and 14, respectively.
Both the figures (Figures 13 and 14) illustrate that at the 90" time step, the maximum first-principal
stress reaches a critical magnitude [which is closest to the true ultimate tensile strength of 68.73 ksi
(474 MPa)] at the cross-sectional area of the double angles close to the free end of the gusset plate.
Therefore, the 90™ time step is the critical time step for the 2L6x3%x3/s and 2L6x4x%/16 tension
members. The U values for all the double tension angles determined using the finite element
analysis approach are summarized in Table 4.
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Table 4. Shear Lag Factors Derived from the Finite Element Analysis Approach

LLBB Double Angles 2L.4x3x3/g 2L6x3Y5x3/g 2L.6x4x% 16

Shear lag factors Urea 0.90 0.90 0.90

A summary of the shear lag factors (U) determined using various approaches is graphically shown
in Figure 15. This figure combines the results obtained from Tables 1 through 4. Figure 15 shows
that among all the approaches, the newly proposed approach gives the results closest to those
obtained using the Finite Element Analysis approach.
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Figure 15. A Summary of the Shear Lag Factors (U) Determined Using Various Approaches

7. CONCLUSIONS

When a tension angle is subjected to cyclic loading, which results in repeated stress variations, it is
preferable to use two longitudinal welds of unequal length to ensure the welds’ centroid will coincide
with the centroid of the angle so that the transmitted tensile forces will be balanced about the neutral
axis of the angle. The unequal-length longitudinal welds, however, are not addressed by the current
AISC Specification for the determination of the shear lag factor for tension members other than
plates and Hollow Structural Sections (HSS). In addition, the current AISC Specification neglects
the in-plane shear lag effect for the determination of the shear lag factors for tension members other
than plates and HSS. A new procedure for the computation of shear lag factors accounting for
combined in-plane and out-of-plane shear lag effects on unequal-length longitudinal welded angles
is proposed in this work. The finite element method using three-dimensional solid elements and
nonlinear static analyses accounting for combined material and geometric nonlinearities are
conducted in this work to verify the accuracy of the proposed procedure. This work concludes that
among all the approaches discussed in this paper, the newly proposed approach gives the results
closest to those obtained using the Finite Element Analysis approach. However, the newly
proposed approach can only be applied when (li-12)/2 > w, where (li-12)/2 is the indented length at
both ends of the short weld, in which |1 is the length of the long weld and |2 is the length of the
short weld, and w is the width of the in-plane welded leg of the angle.
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ABSTRACT: In this paper, a type of foldable truss structure formed by four-bar linkages is firstly proposed as a
retractable roof. Then the mechanical behavior of a fully closed roof system is studied. The results show that the
member buckling has a great effect on the ultimate capacity of foldable truss structures. The failure load of the
structure is smaller if buckling is considered. It is also found that the effect of imperfections on the failure load of the
foldable structure is not significant. Furthermore, the stress variation during the folding is small. However, when
initial imperfections are introduced, the maximal member stress during the motion increases greatly, which is almost
close to yield stress.
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1. INTRODUCTION

Pantographic foldable structure, which uses scissor-like elements (SLEs) as basic structural
elements, has many potential earthbound and aerospace industry applications [1]. In 1960s, the first
of such structure has been designed and constructed by Spanish architect Pifiero [2]. Substantial
contributions to the general understanding of geometric and kinematic behavior of SLEs are due to
Escrig [3, 4] and Escrig and Valcarcel [5]. They also applied this concept to the design of a
swimming pool [6].

Zeigler firstly investigated the ‘snap-through’ phenomenon during the motion, which is caused by
geometric incompatibilities between the SLEs [7]. Then the geometry design and structural
response during the deployment of snap-through structures were thoroughly investigated by Gantes
et al. [8], Gantes [9], Gantes and Konitopoulou [10]. Further studies of such deployable structures
based on SLEs have been made by many other researchers. Shan presented an approach based on
the concept of the standard stiffness method for the computer analysis of foldable structures [11].
Kaveh and Davaranl also developed an efficient computational method, incorporating the stiffness
matrix of a SLE into a standard stiffness method [12]. Langbecker [13] formulated the foldability
equation using a purely geometric approach, which then was used to analyze the kinematics and
determine the foldability/deployability of translational, cylindrical, and spherical configurations.
The kinematic of pantograph structures has also been studied by obtaining the null space of a
constraint Jacobian matrix or the Screw theory [14, 15]. A scissor-hinged system consisting of
several interconnected parallel linear SLEs was suggested as the supporting structure for membrane
structures [16].
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The elements of SLEs on the above study are straight bars. In the early 1990’s, Hoberman invented
a method for constructing loop assemblies consisting of a pair of identical angulated rods connected
by a scissor hinge [17, 18]. In analogy to SLEs made from straight rods, angulated SLEs subtend a
constant angle as their rods rotate while maintaining the end pivots on parallel lines. You and
Pellegrino used the previous concept onto multi-angulated SLEs having more than one kink angle
[19]. The cover elements and support conditions of the retractable roof structure based on angulated
SLEs were also investigated by Kassabian et al. [20], Buhl and Jensen [21], and Jensen [22].
Furthermore, kinematics of Hoberman's Linkages was also studied using the Screw theory [23, 24].
Several other types of closed loop structures have been developed and studied [25-30].

Retractable roofs are structures that can transform from one configuration to another in order to
provide a variable cover to the space underneath in response to changing conditions and/or
functional requirements [31]. From a structural point of view, retractable roof structures have to be
designed for two completely different loading conditions in the open and close situations. The
structural design process is very complicated and requires successive iterations to achieve some
balance between desired flexibility during deployment and higher stiffness in the open
configuration [1, 10]. However when the foldable truss based on SLEs was used as a retractable
roof structure, Chen et al. [32] suggested that there are still many unsolved problems such as high
bending moment of member and low structural stiffness etc. The large bending moment will reduce
the structural efficiency and low structural stiffness will lead to larger deflection. Moreover, Teall
also observed that the deformation of the structure was quite large under self-weight in the
experimental investigation of the structural behavior of a three layer foldable dome based on
multi-angulated SLEs with a span of 2 m [33]. This leads to low stiffness of this structure that is
unable to resist external loads. Recently, Mao and Luo investigated a few support conditions and
structural forms to increase the structural stiffness [30].

In this paper, a foldable truss roof structure based on the four-bar linkage is introduced. An active
cable and a passive cable are added between the diagonal joints of the four-bar linkage to control
the deployment process and increase the structural stiffness. The mechanical behavior of the
proposed system in the fully deployed configuration was then investigated and the role of cables
was studied. Moreover, the moving process of the system was simulated using commercial
software ABAQUS. The influence of the imperfection on the behavior in motion was also
discussed.

2. GEOMETRICAL DESIGN

Plane linkages are member assemblies using revolute pairs or prismatic pairs. The simplest
example of them is the planar four-bar linkage, which is widely used and works as the foundation
of other planar linkages. The four-bar linkages in this paper is connected by revolute hinges only
with a rotational degree-of-freedom perpendicular to the mechanism plane.

The foldable unit based on four-bar linkages, shown in Figure 1, is driven by telescopic rods, in
which the four bars on the edge is neither foldable nor contractile while the diagonal bar can
change its length as designed as a telescopic rod. Then at the foldable configuration, the structure is
bunch-like and corresponding elements are parallel to each other. With the elongation of the
telescopic rod, the structure is gradually unfolded and reaches its fully deployed state with the
telescopic rods fully extended. In order to deploy the structures fully, the length of bars, 11 to 14,
should satisfy the following equation as

I, +1, =1, +1, (1)
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Figure 1. Foldable Units Driven by the Telescopic Rod

When this foldable unit is used to develop a deployable structure, large number of telescopic rods
are required to drive the system, which makes it practically difficult for large deployable structures.
Another method, based on the idea of active cables and passive cables [34], is proposed in this
paper. In the foldable configuration, both the active cable and passive cable are slack as shown in
Figure 2(a). During the deployment of the system, the distance between nodes A and C decreases
progressively along with the shortening of the active cable. During the motion, the active cable is
always in tension while the passive cable is slack. Subsequently, with the further shortening of the
active cable, the passive cable turns to be tensional and thus the system movement is terminated as
shown in Figure 2(c). If we keep stretching the active cable, no rigid-body displacement is
produced but the whole system has been imposed with prestress shown in Figure 2(d).
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Figure 2. Foldable Units Driven by Cables

Due to its advantages of light weight, large rigidity, high integrity and well seismic performance,
the space grid structure is widely used in various long-span structures. A spatial foldable unit,
which is developed by the planar foldable unit based on four-bar linkages shown in Figure 2, will
be used to form a foldable space truss structure in this paper. The moving progress of the spatial
foldable unit is shown in Figure 3. If we consider each plane in this unit as a bar, then the unit can
be considered as a four-bar linkage.
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Figure 3. Moving Progress of the Spatial Foldable Unit
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Figure 5. 3-D View of the Foldable Truss Structure
(Active Cables not given in Figure 5(b) and 5(c) to Avoid Confusion)

Figure 4(a) presents the plan view of a foldable truss structure formed by the arrangement of spatial
foldable units in the horizontal and vertical directions. It can be shown that this truss has high
degrees of freedom of this foldable. Therefore, in order to reduce the degree-of-freedom and the
complexity of joints, the elements in a row are revised as a non-movable truss shown in Figure 4(b).
The foldable truss roof can be then moved in the ways as shown in Figure 4(c) and (d). It should be
noted that the distance between two adjacent planar trusses of the structure shown in Figure 4(d) is
0.5m. This is because the two trusses cannot be totally overlapped due to the actual dimensions of
bars and joints. Three-dimensional views of the foldable truss structure during the folding are
shown in Figure 5, where active cables are in red and passive cables in green.

3. MECHANICAL BEHAVIOR

The mechanical behavior of the foldable truss structure in the fully deployable configuration is
studied using ABAQUS, a commercial finite element software package. Main members of the
structure are steel bars of yield stress 345 MPa and Young’s modulus 2.1x10° MPa, which are
modeled by beam element B31 with a pipe section of 90mmx4mm (outer diameter x wall
thickness). The cables, which are designed to carry tension only, are modeled by truss element
T3D2 with a cable radius of 6 mm, yield stress and Young’s modulus 1.95x10° MPa. The initial
stress of cables is 100 MPa. The span, length and height of the grid structure is 24 m in X direction,
24 min Y direction, 3m in Z direction respectively with a 3 m spacing between two adjacent planar
trusses. The boundary condition is given in Figure 6, where supports are arranged every 6 m to
provide the vertical and horizontal constraints. Additional horizontal constraints in the X direction
are added to the corner nodes of the structure. Obviously, the open or folding of the structure
occurs when the horizontal constraints in the X direction of corner nodes are released.

T

X

Figure 6. The Support Co;dition; in the:Fully f)eploy;ble Configuration
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The self-weight of all bars and cables are calculated by the software. The dead load consists of a
self-weight of 0.5 kN/m? for the roof and the live load is applied to the top surface of the structure
in the vertical direction with a magnitude of 0.5 kN/m?.

The ultimate capacity of some reticulated grid structures can be overestimated if only geometrical
non-linearity is considered. It is significantly influenced by the material non-linearity. Therefore, as
a new type of foldable reticulated grid structure model, both the material non-linearity and
geometrically non-linearity are taken into account in the ultimate capacity analysis of foldable truss
structures. The Newton-Raphson method is used to obtain the total load-displacement equilibrium
path.

Due to large axial compressive stresses in bars of the grid structure, the load capacity may be
greatly affected by the member buckling. Therefore, two models are considered in this paper. One
is analyzed without considering the non-linearity due to member buckling while the other one is a
non-linear model by meshing a bar into six beam elements. Load-displacement curves of the two
models are shown in Figure 7, where the load factor F is defined as

o Imposed load )
" 1.2xdead load + 1.4 xlive load

The load is plotted against the displacement of a node chosen in the area of maximum deformation.

-
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Figure 7. Load factor vs. Displacement for Different Models

The results show that the ultimate capacity of the foldable truss structures without considering the
non-linearity due to member buckling is larger than that of the model considering member buckling
(where the failure load factor is about 22.4% higher and the maximal displacement is about 314.8%
higher). It can be seen that the initial segment of the load-displacement curve is nearly straight due
to the slight material and geometrical non-linearity. Moreover, curves for the two different models
are almost coinciding. With further application of load, the member suddenly buckles, leading to
the ductility of the model, which is considering member buckling, is poor. Therefore, it can be
concluded that the result is inaccurate without considering member buckling.
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4. EFFECTS OF IMPERFECTIONS ON THE STRUCTURAL BEHAVIOR

The inaccuracy from construction and installation of a structure may have a significant influence on
the structural behavior [35]. Thus it is of great importance to study the effect of imperfections on
the ultimate capacity. Several methods are available for analyzing the geometrical imperfections,
such as the random imperfection mode method, the consistent imperfection mode method, etc. In
the latter method, the imperfection distribution is assumed to be consistent with the first buckling
mode of the structure. Many researchers have extended the idea of this method to consider the
imperfection distribution that is consistent with other deflected shapes of the structure, such as the
eigenvalue buckling modes and nonlinear buckling shapes.

It is obvious from the calculation that the first 30 eigenmodes of the foldable truss structure are
local buckling. Therefore, imperfections introduced to the structure based on eigenvalue buckling
modes almost have no effects on the structural ultimate capacity. Then the non-linear buckling
mode, which is shown in Figure &, is used as the initial imperfection. It can also be found that for
prestressed spatial structures, imperfections imposed according to buckling modes may increase the
structural failure load if the imperfection is added in the improper direction [36]. Therefore,
imperfections are imposed in both positive and negative directions in this paper and parametric
analysis on the size of imperfections is carried out.
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Figure 9. Effects of Imperfections on Structural Behavior

The load-displacement curves are given in Figures. 9(a) and 9(b) while Figure 9(c) shows the
comparison of the failure load factor with different size of imperfections. It can be seen that the
structural stiffness and failure loads reduce slightly with the increase of imperfection and the effect
of positive imperfections is more significant than that of negative imperfections.

5. MOVEMENT PROCESS ANALYSIS

It can be seen from Figure 5 that the deployment of the foldable truss structure is implemented by
the relative motion between adjacent planar trusses. The release of constraints in the X direction of
nodes at one side end will transfer the structure into a mechanism. Then the system moves after the
application of the displacement in the Y direction on the interval planar trusses. Considering
dimensions of members and joints, the two adjacent planar trusses cannot totally overlap. The
maximal displacement in the Y direction of the interval planar truss is 2.9 m while the distance
between two adjacent trusses is 0.77 m in fully open configuration.
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In order to investigate the stress distribution of the foldable truss roof during the movement, 8
typical steel bars are chosen as shown in Figure 10. The stresses of these bar elements are given in
Figurel1. The Mises stress contours at different time during the motion is also shown in Figure 12.
It can be seen from these figures that the structure is in fully close configuration when there is no
displacement in the Y direction over the interval planar trusses. The maximal member stresses at
this time is lower than 40 MPa. During the movement, the member stress of some bars increases
while the remaining decreases, but all of them vary slightly. At the end of the deployment, the
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maximal element stress 1s 31.86 MPa. Overall the element stresses in the movement of foldable
truss structures have changed little.
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Figure 11. Element Stresses during the Motion
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Figure 12. Mises Stress Contour at Different Time (MPa)

6. EFFECTS OF IMPERFECTIONS ON THE MOVING PROCESS

The influence of imperfections on structural behaviour during the motion is investigated in this
section. The nonlinear buckling mode [37-41] is chosen as the imperfection distribution for the
consistent imperfection mode method. Both positive imperfection and negative imperfection are
applied. The stress displacement curves are shown in Figure 13. Note the maximal size of
imperfection is assumed to be L/300, where L is the span of the structure.
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For structures with positive initial imperfections in motion, it is obvious from Figure 13(a) that
element stresses in most members have a significant rise and the maximal stress is 288 MPa at the
end of the deployment. In the meantime, the overall stress trend of structures with negative
imperfections, given in Figure 13(b), is consistent with that of positive imperfections. The maximal
member stress after the deployment is 305 MPa, close to the yield stress of steel member. The
member with the maximal stress is located in the region with the largest initial imperfection.

In order to better understand the structural behavior during the motion, Figure 14 presents the
Mises stress contour of the structure with positive imperfections at different time. It can be seen
that imperfections have a significant influence on the movement of foldable truss structures.
Therefore, it is essential to study the effect of sizes of initial imperfections on the movement of the
structure. As shown in Figure 15, the effect of different maximal value of initial imperfections with
L/300, L/500 and L/1000 on the maximal element stress of the foldable truss structure during the
deployment are considered. Obviously, larger initial imperfections will lead to higher maximal
member stress. Negative imperfections, however, have a more sensitive effect on the maximal
member stress.
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Figure 14. Mises Stress Contour of Positive Imperfect Structures at Different Time (MPa)

Figure 15.

7. CONCLUSIONS

Maxim al stress'MhPa
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Effects of the Size of Imperfections on Moving Process

In this paper, based on the investigation of the planar four-bar linkage, a type of foldable truss
structures are proposed as a retractable roof. Then the mechanical behaviors of the roof system in

the fully close configuration and the moving process are studied. From analyses in this paper,
conclusions can be drawn as:

(1) The member buckling has a great effect on the ultimate capacity of foldable truss structures.
The failure load of the structure with consideration of member buckling is smaller than that
regardless of member buckling. Furthermore, the ductility of the structure considering member
buckling is poor because of the sudden buckling of bars.

(2) With the increase of imperfections, the structural stiffness and the failure load of the system
decrease slightly. Therefore, the effect of imperfections on the ultimate capacity of the foldable

structure at the fully closed

state 1s limited.
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(3) The variation of member stresses of ideal structures during the folding of the system is small.
However, when initial imperfections are introduced, the maximal member stress during the motion
increases almost close to the yield stress.
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ABSTRACT: The paper presents fatigue life assessment of inclined welded joints with a new geometric
configuration in steel bridges. Fatigue tests on full penetration load-carrying fillet cruciform welded joints with
inclination angles of 0°, 15°, 30°, and 45° subjected to uniaxial cyclic loading are performed. Hot spot normal and
shear stress ranges are obtained by a linear extrapolation, and a sensitivity analysis is carried out to determine the
appropriate mesh size. The fatigue life results predicted by the equivalent stress range method, DNV(Det Norske
Veritas), Eurocode 3, and ITW(the International Institute of Welding) are compared with test results. The results show
that the fatigue cracks in all of the specimens initiate at the weld toe but propagate in different directions. There are
two cracking types: (a) cracking along the weld (6=0°, 15°); (b) cracking perpendicular to the direction of the applied
load (6=30°, 45°). The fatigue life increases with an increase in the inclined angle due to a decrease in the normal
stress range perpendicular to the weld. The fatigue life tends to be overpredicted by Eurocode 3 at the large
inclination angle. The FAT90 used by DNV is more conservative than the FAT100 recommended by Eurocode 3 and
IIW, so that the fatigue life is underestimated. It is concluded that the equivalent stress range method and IIW are in
good agreement with the fatigue test results. The equivalent stress range method is more suitable to assess the fatigue
life of inclined welded joints subjected to combined normal and shear stresses due to the ease of implementation and
low computational cost. The fatigue design curve of FAT100 is recommended for the equivalent stress range method.

Keywords: Welded joint, steel bridge, inclined angle, fatigue life assessment, hot spot stress
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1. INTRODUCTION

Steel bridges have been widely used in long-span bridges due to their light weight, high strength,
short installation time and relatively low monetary costs. There are a large number of welded joints
(butt joints, T joints, cruciform joints, etc.) in steel bridges. The weld toes and roots can create high
stress concentrations due to the geometric discontinuity. Consequently, fatigue cracks are more
likely to appear in weld toes and roots rather than in the base metal subjected to repeated loadings
[1]. During crack propagation, when a crack size reaches a critical value, welded joints suddenly
fracture due to a reduction in the cross-sectional area and consequently the inability to resist further
loading. Therefore, specific design guidelines are needed to avoid fatigue failures of welded joints
in steel bridges during service life [2].

Three approaches are commonly employed for fatigue assessment of welded joints. The nominal
stress approach is usually used for simple welded joints and loadings where nominal stresses can
clearly be determined. Most fatigue design specifications use nominal stresses to assess the fatigue
life of welded details according to different nominal stress design curves. This method cannot be
applied in complex welded joints and loadings, but the hot spot stress approach can be used for this
situation [3]. The hot spot stress approach was initially developed for fatigue assessment of
offshore tubular joints [4]. Now, this approach is applied to welded plate structures and included in
fatigue design specifications, such as Eurocode 3 [5], IIW(the International Institute of Welding)
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[6], and DNV(Det Norske Veritas) [7]. There are five methods for determining the hot spot stress in
the literature, including surface extrapolation, one point stress method, through thickness method,
the Dong method, and 1 mm method [6, 8-10]. Many studies have been conducted to improve the
accuracy of the hot spot stress estimation in three aspects: mesh density [11], element type [12], and
computational method [13]. The local stress at the weld root cannot be described in detail by
nominal and hot spot stresses [14]. The notch stress approach [15-17] used the maximum elastic
notch stress at the weld toe or root for fatigue analysis. However, this approach requires more
modelling and analysis work for the numerical simulation of complex welded structures.

There are many welded details in a steel bridge subjected to combined tension and shear stresses,
such as welded rib-diaphragm connections in steel orthotropic decks [18] and welds that join
corrugated plates to flange plates [19]. In these welded details, the crack initiation sites of the weld
toe are in multiaxial stress states. The multiaxial fatigue damage mechanism is different from that
of the uniaxial fatigue counterpart. Many methods are proposed for multiaxial fatigue assessment of
welded structures. These approaches are applied in nominal stress, hot spot stress, and local stress
concepts. These methods include principal stress or Von Mises stress methods, the interaction
equation method in Eurocode 3 and IIW, and the modified Wéhler curve method [20]. The fatigue
life based on conventional fatigue design methods has been under- or overestimated when
combined normal and shear stresses were applied in phase simultaneously, so an equivalent stress
range method has been proposed in [21]. The interaction equations from Eurocode 3, IIW, and
DNV for calculating effective stress ranges based on the normal and shear stress ranges
perpendicular and parallel to the weld respectively have been used to assess fatigue strength [22].
Béckstrom [23] used the interaction equations from SFS 2378 [24], Eurocode 3, and IIW to
evaluate the fatigue life. It is found in [23] that the fatigue life estimated using IIW is more closely
in accordance with the experimental result. Kainuma et al. [25] clarified that the effect of the
inclined angle on fatigue strength was small for welded specimens. Jen et al. [26] studied the effect
of oblique loading on fatigue strength of butt-welded structures and found that the normal stress
parallel to the loading direction played a significant role in the fatigue strength design and critical
crack locations, which were identical to those experiencing the maximum Von Mises stress. Susmel
[27] proposed the modified Wohler curve method for estimating fatigue strength of inclined welded
connections. The fatigue life assessment process based on the modified Wohler curve method is
complex and difficult to use in practice. The accuracy of fatigue life prediction results is extremely
dependent on the use of reference fatigue curves in the specification, and the choice of fatigue
design curves for complex welded joints remains a challenging and unsolved issue [28]. The main
aim of this study is to determine a convenient method and an appropriate fatigue design curve for
fatigue life estimation of inclined welded joints.

According to the statement above, full penetration load-carrying fillet cruciform welded joints
largely used in steel bridges are taken as research objects, and 0°, 15°, 30°, and 45° weld inclined
angles are constructed to simulate different complex stress states. To date, fatigue life assessment of
these new welded joints has not been investigated. Consequently, it is necessary to carry out an
in-depth study. Fatigue tests on cruciform welded joints with full penetration load-carrying welds
inclined to the direction of the uniaxial cyclic loading are performed. Due to this complex geometry,
it is difficult to estimate the nominal stress of a cross section. Welded joints are directly modelled
by normal and shear stresses perpendicular and parallel to the weld from a multiaxial fatigue point
of view, respectively. Thus, the hot spot stress approach is applied to obtain hot spot the normal
stress range and shear stress range by a linear extrapolation method based on a numerical analysis.
A sensitivity analysis is carried out for determining the appropriate mesh size. Fatigue life
assessment is conducted by the equivalent stress range method, DNV, Eurocode 3, and IIW. Finally,
the fatigue design curves and appropriate fatigue life evaluation methods for inclined welded joints
in steel bridges subjected combined normal and shear stresses are determined.
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2. FATIGUE TEST

The crack initiation locations of the welded joints with inclined welds are in multiaxial stress states
subjected to uniaxial cyclic loading. The nominal stress range can be decomposed into the normal

stress range Ao, and the shear stress range A7,, perpendicular and parallel to the weld from a
multiaxial fatigue point of view, respectively (Figure 1) [27]. They can be expressed as

Ao, =Ao,,, -cos’ 0 (1)

At =Ac,, -sin@-cosd ()

Xy

where Ao, is the nominal stress range, and & is the angle between the weld and the direction
perpendicular to the applied load.

Figure 1. Inclined Fillet Weld subjected to Uniaxial Fatigue Loading
2.1 Specimens and Loading

The cruciform welded joints with different inclined angles were machined by Q345qC steel [29].
The chemical composition of Q345qC steel consisted of C(0.17%), Si(0.27%), Mn(1.43%), P, S, V,
Cr, Mo, and Ni. The yield and tensile strength were 360 MPa and 575 MPa, respectively, and the
elongation was 28%.

Fatigue tests were performed on a servo-hydraulic machine under a sine wave axial cyclic load.
According to the maximum force of the machine and the specimen size, a uniform axial tensile
stress range of 160 MPa was applied at one end of the plate. The maximum and minimum fatigue
loads were Pmax=142.2 kN and Pmin=14.2 kN, respectively. The testing frequency was between 5
and 10 Hz depending on the load level and rigidity, and the load ratio R (R=Pmin/Pmax) was 0.1.
Three identical specimens were tested under the same stress range due to the scatter in the fatigue
test results. The dimensional parameters of the cruciform welded joints were listed in Table 1. The
geometric configurations of the cruciform welded joints and fatigue specimen loading were
illustrated in Figures 2-3.
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Table 1. Dimensional Parameters of the Cruciform Welded Joints

Specimen Number Inclined angle Stress range(MPa) Length h(mm)

D1S2 0° 160 92.0
D2S2 15° 160 85.3
D3S2 30° 160 77.6
D4S2 45° 160 67.0
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Figure 2. Geometric Configurations of the Figure 3. Fatigue Specimen Loading
Cruciform Welded joints

2.2 Test Results

The number of cycles was recorded once a macroscopic crack was found, and the crack
propagation was observed by a magnifier. The fatigue life was determined when the first
through-thickness crack was founded. The fatigue life test results of the cruciform welded joints
with different inclination angles were listed in Table 2.

Table 2. Fatigue Life Test Results of the Cruciform Welded Joints with different Inclination Angles

Specimen Number Inclined angle Stress range(MPa) Fatigue life(cycles)
D1S2 0° 160 4.11x10°
D2S2 15° 160 5.16x10°
D3S2 30° 160 6.27x10°
D4S2 45° 160 9.77x103

The fatigue cracks in all of the specimens were initiated at the weld toe, where the stress
concentration was higher than others, but propagated in different directions. There were two
cracking types: (a) cracking along the weld; (b) cracking perpendicular to the direction of applied
load (Figure 4). The cracks propagated along the weld when the weld inclined angle was 0° or 15°.
However, the cracks propagated along the perpendicular direction of the applied load for 30° and
45° inclined angles. The main reason for this phenomenon was that with an increase in the inclined
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angle, the weld length and the shear stress parallel to the weld and rigidity increased, but the
normal stress perpendicular to the weld decreased. The crack propagation was perpendicular to the
direction of the maximum principal stress [30]. The direction of the maximum principal stress was
perpendicular to the weld when the inclined angle was small. However, the direction of the
maximum principal stress was parallel to the direction of the applied load when the inclined angle
was relatively large.

(a) Type a (b) Type b
Figure 4. Fatigue Crack Propagation

The fatigue fracture morphology of the specimens can be divided into two regions: (1) the smooth
region of fatigue crack initiation and propagation; (2) the rough region of brittle fracture (Figure 5).
The fatigue crack was initiated from the bottom left corner under cyclic loading and then gradually
propagated. The crack surface became smooth due to repeated friction, and a quarter elliptic crack
growth trajectory was formed. When the strength of material cannot resist external loads due to a
reduction in the effective cross section, the specimens suddenly ruptured.

Figure 5. Fatigue Fracture Morphology

3. FINITE ELEMENT MODELLING
3.1 The Hot Spot Stress Approach

The term ‘hot spot’ refers to the critical point in a structure where fatigue cracking can be expected
to occur due to a discontinuity or a notch [31]. The hot spot is usually located at the weld toe in
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welded structures. The hot spot stress o, is the value of the stress at the hot spot but excludes the

local nonlinear stress peak produced by the weld shape or the notch. This value can be obtained by
a linear elasticity formulas or a finite element method. The hot spot stress is composed of the
membrane stress o, and the bending stress o, (Figure 6).

Uhs Gm

= =1 )

Figure 6. The Composition of the Hot Spot Stress

Two types of hot spots are defined according to their location on the plate and their orientation to
the weld toe, as defined in Figure 7 according to IIW. Different methods are used to evaluate the
hot spot stress for each type of weld toe. It can be seen that the fatigue failures of weld toes belong
to the Type “a” hot spot according to test results. Due to its relative ease of use, a surface
extrapolation method is widely used in fatigue assessment and can be divided into linear and
quadratic extrapolations. It is found that there is no significant difference between linear and
quadratic extrapolations in evaluating the hot spot stress [12]. The element type and mesh size of
the finite element model also affect the results. A 3D solid model including the weld is
recommended for simulating complex welded structures according to IIW. When a fine mesh with
an element length not more than 0.4¢ at the Type “a” hot spot is used, the linear extrapolation
equation using nodal stresses at two reference points 0.4¢ and 1.0¢ from the weld toe is provided
below, where ¢ is the main plate thickness (Figure 8(a)).

o,  =1.670,, —0.670,, 3)

However, DNV recommends that the extrapolation reference points should be located at distances
of 0.5¢ and 1.5¢ from the weld toe (Figure 8(b)). Similarly, the hot spot stress can be expressed as

Oy =1.50,5,—0.50, 5 4)

041 0.51
DS ' - LSt
(a) IW (b) DNV
Figure 7. Types of Hot Spots Figure 8. The Linear Extrapolation of Hot Spot Stress

3.2 Calculation of the Hot Spot Stress

According to the discussion above, the linear extrapolation is used to calculate the hot spot stress
by a finite element analysis. Finite element models for cruciform welded joints with 0°, 15°, 30°,
and 45° inclined angles are created using the commercial finite element software ANSY'S [32]. The
8-node solid element (SOLID45) is selected to simulate these models, and the weld shape is



simplified as an isosceles right triangle. A uniform axial tensile stress of 160 MPa is applied at one
end of the plate, and a fixed constraint is applied at the other end of the plate. According to the
symmetry, only one-half finite element model is considered, and the symmetric constraints are
applied to the nodes of the symmetric surface (Figure 9). Young’s modulus £ and Poisson’s ratio v
are 2.1x10° MPa and 0.3, respectively. However, the mesh size has an important effect on the hot
spot stress. Therefore, the appropriate mesh size should be determined using a sensitivity analysis.
Three different mesh sizes are provided below by the recommendations of IIW. The element
numbers at a distance 1.5¢ from weld toe are 5, 15, and 30. The element numbers along the weld are
10, 20, and 40. The number of elements along the thickness is 4. These mesh sizes are represented
by MS1(5x10), MS2(15%20), and MS3 (30x40). Hot spot stress ranges based on the linear
extrapolation method at different inclined angles and mesh sizes are shown in Table 3.
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Table 3. Hot Spot Stress Ranges under Different Inclined Angles and Mesh Sizes(MPa)

Hot spot normal stress range

Hot spot shear stress range

Inclined  Mesh Normal Shear stress
angle size stress range range W DNV nw DNV
MS1 188.33 169.14
0° MS2 160.00 - 165.89 160.99 - -
MS3 165.96 161.06
MSI1 178.16 159.32 46.86 43.11
15° MS2 149.28 40.00 156.54 151.13 44.62 43.25
MS3 156.44 151.16 44.77 43.38
MS1 145.69 130.71 79.85 75.27
30° MS2 120.00 69.28 130.99 123.72 76.59 73.76
MS3 130.17 123.42 76.48 73.68
MSI1 107.19 94.92 98.29 90.01
45° MS2 80.00 80.00 95.45 89.38 91.43 87.46
MS3 95.28 89.41 91.22 87.50

160 MPa

Figure 9. One-half Finite Element Model
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It can be seen from Table 3 that with an increase in the inclined angle, the hot spot normal stress
range decreases, while the hot spot shear stress range increases. Additionally, the hot spot stress
range increases with an increase in the mesh size. The hot spot stress range calculated by the linear
extrapolation rule of DNV is slightly lower than that of IITW. The difference in the hot spot stress
ranges for various mesh sizes caused by DNV is small but relatively large by IIW. The maximum
relative errors are 6.2% and 13.9% for DNV and IIW, respectively. The main reason is that the
distance from the weld toe is farther, and hot spot stress is smaller. When the minimum mesh size is
less than 0.1¢, the effect of the mesh size on the hot spot stress range is very small. Finally, MS2 is
recommended to calculate the hot spot stress range considering the accuracy and computational
efficiency.

4. FATIGUE LIFE ASSESSMENT

Kim and Yamada [33] recommended the equivalent stress range Ao, to evaluate the fatigue life

qv
of inclined fillet welded joints by the following equation

Ao, =A0,,, -cos @ = /Ao’ +Az’fy (5

According to DNV, the effective stress range Ao, considering the normal stress range Ao, and

the shear stress range A7,, can be expressed in the following form

AG,; =,JAC? +,BAz'fy (6)

The S-N category C2 may be used for the continuous shear stress in a full penetration weld [34].
The effective hot spot stress range combined with the hot spot S-N curve D is derived as

JAc? +0.81A72

Ao =max< aAo, 7
a|A02|

where «=0.90 if the detail is classified as C2 with stress parallel to the weld at the hot spot,
a =0.80 if the detail is classified as C1 with stress parallel to the weld at the hot spot, «=0.72 if
the detail is classified as C with stress parallel to the weld at the hot spot, and Ao, and Ao, are

principal stress ranges. Principal stress ranges can be calculated as

A
Ao, = % +l,/A0'f +4AT]
2 2 !
A 1
Ao, = o ——JAc? +4AT]
2 2 g

According to Eurocode 3, in the case of the combined normal and shear stress ranges, the fatigue
analysis should be verified by the following equation

3 5
( 7FfA0E,2 j +( 7FfATE,2 J <1.0 )
AGc/?’Mf Az'(:/7/1\/1f

(8)




Z.Y. Jie, Y.D. Li, X. Wei and P. Zhuge 628

where ;. is the partial factor for equivalent constant amplitude stress ranges Ao, and Az,
(75=1), and py,, 1is the partial factor for fatigue strength Ac. and Arz. related to 2 million
cycles (7,,=1). Eq. 9 can be rewritten according to [22]

D +D. <1 (10)

where D_ and D, represent fatigue damage caused by the normal and shear stress ranges,
respectively. They can be expressed as

3
Ao
D, Z(A—EZ] (1)
Oc
5
AT
D, [_j (12)
Az,

The fatigue life N, can be expressed as

N; N, N_N 7
——+—L=1=N.=—2—"— and N, <10 (cycles 13
N_ N " N 4N ' (y ) (4

[e3 T [e3 T

where N, and N, are the fatigue lives subjected to the normal and shear stress ranges,
respectively, and N, is the fatigue life subjected to the combined normal and shear stress ranges.

According to Eurocode 3, the fatigue lives N_ and N, can be respectively expressed as

3
AGN. =2x10°Ac2 = N = 2x10° 2% (14)
E2' o C o A(73
E2
5 6 A5 6 AT(S:
Az N =2x10°A7S = N =2x10° 22C (15)
E2° "7 C T A 5
TE2

Therefore, Eq. 13 can be rewritten as

3 5
2x106-[AUC J ( AT j
Ao At
= £ £ and N; <107 (cycles) (16)

f 3 5
Ao, N At.
Aoy, Aty,

For the evaluation of the biaxial stress states with the combined normal and shear stress ranges
under constant amplitude proportional loading according to IIW, the following relationship should
be met based on the Gough-Pollard criterion [35]
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2 2
Ao AT
[ S’d] +( S"d] <1.0 (17)
Aoy, ATy y

where Ao, and Az, are the design resistances of the normal and shear stress ranges at 2

million cycles, respectively, and Aoy, and Arzg, are the design values of the normal and shear

stress ranges, respectively. Eq. 17 can be rewritten based on Egs. 11 and 12
DX’ +D¥ <1 (13)

The fatigue life N, can be expressed as

N 2/3 N 2/5
—£ 1 +]—L| =1 and N, <10 (cycle 19
where
3 64 3 6 Ao-lid
Aog N, =2x10°Acy, = N, =2x10°—=< (20)
Osq
AT
AT N, =2x10°A7y, = N, =2x10°—=2< €2y
Tsd

Given an initial value, the fatigue life can be obtained by iterative numerical methods using Eq. 19.

According to hot spot stress results, the parameters used to calculate the fatigue life are listed in
Table 4. Based on welded details in fatigue design specifications, the fatigue design curves of
FAT100 (a stress range of 100 MPa at 2 million cycles with a survival probability Ps=97.7%) and
FAT120 for the hot spot normal stress range and shear stress range should be taken according to
Eurocode 3 and IIW, respectively. The fatigue design curves of FAT100 and FAT90 are used by the
equivalent stress range method and DNV, respectively. The fatigue life prediction results of full
penetration load-carrying fillet cruciform welded joints at various inclined angles by using the
equivalent stress range method, DNV, Eurocode 3, and IIW are summarized in Table 5. A
comparison of the fatigue life prediction and experimental results and the relationship between
fatigue life and inclined angle are shown in Figures 10 and 11.



Z.Y. Jie, Y.D. Li, X. Wei and P. Zhuge 630

Table 4. Calculated Parameters (MPa)

12 Ao, Ao Aoy, =Aoy, Aty =Atg,
0° 165.89 160.99 165.89 -

15° 161.58 155.33 156.54 44.62
30° 146.56 140.00 130.99 76.59
45° 127.24 124.57 95.45 91.43

Table 5. Fatigue Life Prediction Results (cycles)

0 Equivalent stress DNV Eurocode 3 1w
range method
0° 4.38x10° 3.49x10° 4.38x10° 4.38x10°
15° 4.74x10° 3.89x10° 5.20x10° 4.62x10°
30° 6.35x10° 5.31x10° 8.50x10° 5.80x10°
45° 9.71x10° 7.54x10° 1.78%10° 9.75x10°
1.8E6 |- A 1.8E6 [ —a— Equivalent stress range method
—e— DNV
1.6E6 - 1.6E6 | —a— Eurocode 3
—r— W
1.4E6 1.4E6 |

---#--- Experimental results

1.2E6 1.2E6

Fatigue life predicted results(cycles)
Fatigu life(eycles)

0BG - ] ®  Equivalent stress s |
=i - range method L
B.0ES . e DNV R.0ES
3 L A Eurocode 3 :
6.0E5 | 1 e 6.0E5 -
4.0E5 | : : 4.0E5 -
4.0E5 6.0E5 S8.0ES 1.0E6 1.2E6 1.4E6 1.6E6 1.8E6 0 10 20 30 40 50
Fatigue life experimental results(cycles) Inclined angle(degrees)
Figure 10. A Comparison of the Fatigue Life Figure 11. The Relationship Between Fatigue
Prediction and Experimental Results Life and Inclined Angle

It can be seen from Table 5 and Figures 10-11 that the fatigue life increases with an increase in the
inclined angle due to a decrease in the normal stress range perpendicular to the weld. Fatigue life
test results of welded joints with €=15°, 30°, and 45° are 1.26, 1.52, and 2.38 times larger than
that at #=0°, respectively. Because the fatigue resistance value of the hot spot stress curve is
conservative according to DNV, the fatigue life prediction results are less than the other three
methods and approximately 0.8 times that of fatigue life test results. When the inclined angle & is
less than or equal to 15°, the fatigue life values predicted by the equivalent stress range method,
Eurocode 3, and IIW have no significant difference and are close to experimental results. The
fatigue life results predicted by Eurocode 3 are 35.5% and 81.8% larger than those of the
experimental results at #=30° and 45°, respectively. The equivalent stress range method and [IW
are in good agreement with the fatigue test data and the maximum relative error is only -10.5%.
However, it is easier and more convenient to calculate the fatigue life using the equivalent stress
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range method compared with IIW. Therefore, the equivalent stress range method is recommended
to assess the fatigue life of inclined welded joints subjected to combined tension and shear stresses.
The fatigue design curve of FAT100 is a better choice than FAT90.

5. CONCLUSIONS

Fatigue life assessment of inclined welded joints in steel bridges subjected to a combination of
normal and shear stresses using the equivalent stress range method, DNV, Eurocode 3, and IIW are
investigated in this study. Fatigue tests on cruciform welded joints with full penetration
load-carrying welds inclined to the direction of the uniaxial cyclic loading are carried out. Hot spot
normal and shear stress ranges are obtained with a linear extrapolation, and a sensitivity analysis is
conducted to determine the appropriate mesh size. Based on the numerical analysis and fatigue test
results, the following conclusions can be drawn.

(1) Fatigue failure in all of the specimens is initiated at the weld toe but propagates in different
directions. There are two cracking types: (a) cracking along the weld; (b) cracking perpendicular to
the direction of the applied load. When the inclined angle is 0° or 15°, the cracks propagate along
the weld. However, when the inclined angle is 30° or 45°, the cracks propagate along the
perpendicular direction of the applied load.

(2) With an increase in the inclined angle, the hot spot normal stress range decreases, while the hot
spot shear stress range increases. The hot spot stress range increases with an increase in the mesh
size. The mesh size used in [IW is more sensitive than that used in DNV due to the difference in
linear extrapolation rules. When the minimum mesh size is less than 0.1z, the effect of the mesh size
on the hot spot stress range is fairly small. Fatigue evaluation techniques for complex welded joints
in steel bridges should be based on accurate stress calculations determined by a mesh sensitivity
analysis.

(3) The fatigue life increases with an increase in the inclined angle due to a decrease in the normal
stress range perpendicular to the weld. The fatigue life test results of welded joints with #=15°,
30°, and 45° are 1.26, 1.52, and 2.38 times larger than that at 6=0°, respectively. The design
recommendations by Eurocode 3 tend to overpredict the fatigue life at large inclination angles. The
FAT90 used by DNV is more conservative than the FAT100 recommended by Eurocode 3 and I1IW,
so that the fatigue life is underestimated. The equivalent stress range method and IIW are found to
be in good agreement with the fatigue test data. However, the equivalent stress rang method is
recommended to assess the fatigue life of inclined welded joints subjected to a combination of
normal and shear stresses due to the ease of implementation and low computational cost. The
fatigue design curve of FAT100 in Eurocode 3 and IIW is appropriate for the equivalent stress range
method.
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ABSTRACT: Most existing codes simply limit the shear stress range of stud shear connectors in composite
steel-concrete beams to prevent the fatigue failure of studs, and the shear stress range is determined on the basis of a
full interaction assumption, which ignores the effects of slip between steel and concrete. However, this hypothesis
would overestimate the shear stress range, thereby resulting in the misestimate of the fatigue behaviours of studs.
This study herein proposes a method to determine the interface shear flow under either a moving concentrated load or
uniform load on the basis of the partial interaction assumption, which considers the effects of slip. Moreover, the
interface shear flow, including the shear range and shear peak, under general loading can be predicted using the
superposition of moving the concentrated load and uniform load. Furthermore, this method is simplified according to
a practically possible range of parameters and is further validated by the finite element method (FEM) model in the
case of composite beams with uniformly and non-uniformly distributed shear studs. Finally, a case study is
performed using the proposed method and the existing methods to predict the shear stresses and the fatigue life of
studs. The results show that the proposed method can provide more accurate and reliable predictions.
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1. INTRODUCTION

Since the composite structures, particularly for composite bridges, are subjected to fatigue loading,
the fatigue behaviours of steel beams and shear connecters in composite structures have attracted
increasing attention among researchers and designers in the past decade [1]. Moreover, stud shear
connectors are one of the most common connectors used in composite structures due to their
advantages of excellent mechanical properties and construction convenience. However, most of the
available literature indicates that fatigue loading could decrease the static strength, increase the
plastic slip or even cause the fatigue failure of studs. As a consequence, it is of great significance to
investigate the fatigue behaviours of studs in composite structures.

Most studies concerning stud fatigue focus on the relation between the shear stress range and the
fatigue life of studs. Based on the experimental data, Johnson [2] proposed a simplified equation to
predict the fatigue life of studs using the regression method. Although this equation considers the
shear stress range as the only parameter, it has been adopted in Euro code 4 (EC4) [3.,4] because of
its reliability and simplicity. In 1990, Oechlers [5] investigated the reduction of the static strength of
the shear studs due to high-cycle preloading, and this adverse effect is not considered in the existing
codes. Moreover, based on the push-out experiments of 71 specimens according to the standard
EC4, Hanswille observed the significant plastic slip and shear capacity reduction after high-cycle
preloading, and he also argued that the peak load could influence the fatigue behaviours of studs
besides the loading range [6,7]. Therefore, it is necessary to consider the effects of the peak load on
the fatigue behaviour of shear studs, especially in the case of a large peak load. In addition, two
full-scale tests of composite beams were conducted and the results verified that fatigue loading
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reduced the interface stiffness and shear capacity of composite beams due to the fatigue behaviours
of shear studs [8].

Although the fatigue behaviours of shear studs play a critical role in the performance of composite
structures such as composite bridges, the current codes [3,4,9] simply limit the shear stress range
based on the full interaction assumption and ignore the effects of the peak load on the fatigue
behaviours of shear studs. However, because the partial interaction will significantly affect the
interface shear flow force [10-24] and the fatigue behaviours are sensitive to shear force, the fatigue
assessment of shear studs would be inaccurate according to the current codes or standards.

Nowadays, various formulations have been developed to determine the stress state of shear studs
since it is quite crucial to assess their fatigue behaviours. Seracino [11,12] developed an approach
to determine the partial interaction distribution of the interface shear flow of composite beams
subjected to a moving concentrated load. Nevertheless, this approach does not take into account the
uniform load case, nor analyses the applicability of the approach for composite beams with
non-uniformly distributed shear studs. Moreover, it could provide inaccurate results in case of a
weak composite action.

According to the linear elastic partial interaction theory, this paper aims to develop a method to
determine the distribution of the interface shear flow of the composite beams subjected to the
moving concentrated load and/or uniform load. In addition, in the linear elastic analysis, the
interface shear flow, including the shear force range and the peak shear, under general loading
conditions can be predicted by superposing both the moving concentrated load and the uniform
load. Thus, combined with a suitable fatigue formula of studs, the proposed method can be used to
more accurately predict the fatigue state of studs under general loading conditions. Furthermore,
the proposed method is validated in comparison with the FEM model for cases of composite beams
with uniformly and non-uniformly distributed shear studs. Finally, a case study aiming to determine
the shear stresses by means of the proposed method and other available methods is given.

2. LINEAR ELASTIC PARTIAL INTERACTION THEORY

The method developed herein is based on the linear elastic partial interaction theory originally
developed by Newmark et al. [10]. The slip s at the design point x measured from the mid-span is
given by the following equation [13]:

s =K sinh(ax) + K, cosh(ax) + V" (1)

where V* is the total vertical shear at cross-section x; K1 and K> are the integration constants; the
parameters a and S govern the behaviour of the composite beam, and they are functions of material
and geometric properties of the cross section and the stiffness of the shear connection as follows:

2
o= L(£+i+ }’ldc ) (2)
pEV AC AS' nlx +IC

and
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where £ is the secant stiffness [25]; p is the shear connector spacing; d. is the distance between the
centroids of the steel and concrete components; E is the modulus of elasticity; / is the second
moment of area; 4 is the area of cross-section; the subscripts s and ¢ represent the steel and
concrete, respectively; n is the modular ratio of Es /Ec.

The load-slip relationship is

q, = ? 4)

where gpi is the shear flow fore based on the partial interaction theory, and the subscript pi
represents the partial interaction.

3. DISTRIBUTION OF THE PARTIAL INTERACTION SHEAR FLOW FORCES

In general, the loading range is dominated by the fluctuations of the live load, while the peak load

is the combination of the live load and the dead load. In practice, a uniform load and a moving
concentrated load, as shown in Figure 1, can be adopted to represent most of the traffic loadings.

q
(a) uniform load illllllli}lllllllé

LP
(b) moving concentrated load & -

«I' «L aI'

Figure 1. Load Cases

L is the length of the beam; u is the distance from the loading point to the left support of the beam;
q is the magnitude of the uniform load; P is the magnitude of the moving concentrated load. The
mid-span is assumed as the origin of the coordinates.

3.1 DISTRIBUTION UNDER THE UNIFORM LOAD

Under the uniform load, the total vertical shear V*=-gx. Substituting it into Eq. 1 gives the
distribution of slip:

s =K, sinh(ax)+ K, cosh(aox) — fige ®)

The integration constants K1 and K> can be determined using the following two boundary
conditions:

ds _

0 x=-L/2 6
i x (6)
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ﬁ:o x=L/2 7)
dx

where ds/dx=slip strain, that is the difference between the axial strain in the steel and the concrete
at the interface. Due to the zero longitudinal strain in the steel and the concrete at two supports, the
slip strain is equal to zero. Solving the simultaneous equations, the integration constants can be
obtained as follows:

K, - PqL ®)
alLcosh(alL/2)

K,=0 ©)

Substituting Eq. 4 into 5, we obtain the distribution of the interface shear flow:

_ PkqL . 2sinh(ax)  2x
Toi = 2p “aLcosh(al/2) L ]
_ 2sinh(ax) 2x (10)
L cosh(aL/2) _T]

Where
9 =Pkgl!2p (11)
The go s the full interaction interface shear flow force under uniform load at the left support.

As shown in Eq. 10, al is a parameter considering the material and geometric properties of the
beam and the stiffness of the shear connections, and can represent the effects of a partial interaction
on the distribution of the interface shear flow. In fact, previous studies [14-16] on composite beams
state that the parameter aL governs the partial interaction behaviour of the composite beams with
the interlayer slip. When aL=0, there is no interaction between steel and concrete; with the increase
of aL, the interaction between steel and concrete increases; When al=<°, the composite beam
satisfies the hypothesis of full interaction. Additionally, the practical value of aL is normally greater
than 5 [26] in common cases; therefore, the parameter al is adopted to investigate the effects of a
partial interaction on the shear flow distribution.

In this part, the proposed method is verified as compared with the FEM model for a simply
supported composite beam with a 30m span. The details regarding the composite structures
including the material and geometric properties are shown in Figure 2(a) and the numerical
simulation of the composite beam is conducted using a commercial FEM software (ABAQUS) [27].
As shown in Figure 2(b), the shear connection is modelled by shear springs with a spacing of 150
mm and the concrete slab and steel beam are modelled by solid and shell elements [24]. The
transverse and longitudinal relative displacements between the slab and steel beam are constrained
by coupling nodes. The change of parameter al is achieved by the change in stiffness of the shear
springs.
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Figure 2. (a) Cross-section of General Simply Supported Composite Beam ;
(b) Modelling of Shear Connectors, Slab and Steel Beam
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Figure 3. Distribution of gpi/q 0 under Uniform Load: (a) al =5; (b) al =10; (c) al =20

As shown in Figure 3, with the decrease of al, the difference between the result of the proposed
method and the full interaction method increases. When al is equal to 5, which implies a relatively
weak composite action, the maximum discrepancy reaches about 40%, and thus leads to the use of
the full-interaction theory being quite unreliable. In cases of larger values of aL, the discrepancies
between the results by the proposed method and those by the full-interaction method are also quite
obvious. As expected, there is excellent agreement between the proposed method and the numerical
simulation.

3.2 DISTRIBUTION UNDER A MOVING CONCENTRATED LOAD

Seracino [11,12] proposed a method to determine the reduction in the full interaction shear flow
due to a partial interaction. The reduction is defined by the following reduction factor

i
RF,= - (12)
q;

where ¢pi is the partial interaction interface shear flow force and gy is the full interaction interface
shear flow force. The simplified distribution of RFg, shown in Fig.4, is determined by (RFR)sup,
(RFR)const, and lconsr. The simplified expression of RFx at supports is

1 1 2
RF = 1+ In -
( R)sup aL (aL) (aL)Z-‘rl (13)

The displacement /const that defines the location where RFRr first becomes constant when measured
from the supports is

-1 1
lipny = —In(—) (14)
a al

Finally, the constant magnitude of RF in the vicinity of the mid-span is

1 2
(RER) const = Hz{h{((u)—zﬂ}_l} (15)
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Figure 4. Simplified Shear Flow Range Reduction Factors RFg[!!:12]

The disadvantage of the method proposed by Seracino is its computational complexity, while the
values in the vicinity of the supports require a linear interpolation. In addition, this method is
compared with the method proposed herein in the context of accuracy in the following part.

In this part, the method proposed herein is presented in detail. For the composite structures
subjected to a moving concentrated load P, the shear force distribution is that, on the left side of the
load point, V*=P(L-u)/L; on the right side of the load point, "= - Pu/L. By combining with Eq. 1,
we can obtain the slip distribution as follows:

L—-u

s, = K, sinh(ax) + K, cosh(ax)+ P (—L/2Sx<u—L/2) (16)

s, = K, sinh(ax)+ K, cosh(ax)—ﬁP% (u—L/2<x<L/2) (17)
where the subscripts L and R represent the left and right shear spans. For the purpose of analysis

convenience in the following part, Egs. 16 and 17 in the exponential form are adopted as follows:

I —
s, =Ce”" +Cre“ + pP “

(-L/2<x<u—L1/2) (18)

SR=C3e””+C4e_‘”—ﬂP% (u—L/2<x<L/2) (19)

The following four boundary conditions are used to determine the integration constants:

=0 x=-L/2 (20)
dx
e _0 x=1/2 D
dx
s, =S, x=u—L/2 (22)
ds, ds,
—L=_"R x=y-L/2 23
dx dx (23)

Eqgs. 20 and 21 represent the boundary conditions at ends, same as the aforementioned Eqgs. 6 and 7.
Additionally, Eqs. 22 and 23 are obtained according to the continuity conditions of deformation.
Solving the simultaneous equations gives the integration constants:
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_ —,BP eaL (ea(3L/2—u) _ ea(u—L/Z))

C, 5 Tal (24)
c, - A e3)
(B -
q¥§ﬂwflfmm) @7)

Substituting Eqs. 24 and 25 into Eq. 18 and 4 gives the distribution of interface shear flow force on
the left shear span:

g, = ﬂ;P [L;u ~ ez:i;ziaL (ea;::();;i)m . N
=qJL;”—fwxfg;5¥%in

where

q,=pPkP/ p (29)

,ﬂm=f%£§?l (30)

The gois the maximum full interaction interface shear flow force under a moving concentrated load
at the left support. As the envelope curve of the interface shear flow is antisymmetric, it is
straightforward to determine the minimum of the interface shear flow using the antisymmetric
function in Eq. 28. As ¢pi is the function of u# and x, the load position corresponding to the
maximum partial interaction positive shear flow at design point x satisfies the following equation:

dg . (x,u
g, ( )=0 (31)
du
However, due to the complexity of Eq. 30, it is quite cumbersome to assess an explicit solution of
umax. As the distribution of f(u) illustrated in Figure 5 is close to unity when the value of ol is
greater than 5, it is reasonable to assume that f(u)=1.

1.0 . L . L
Shce aL=5
=05 - - al=10
....... GL=20
0.0 T T T T T T T 1
0.00 0.25 0.50 0.75 1.00

relative coordinate x/L

Figure 5. Distribution of f ()
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Substituting f(1)=1 into Eq. 31, and simplifying, gives

u_ = Lln[aL cosh(al/2+ ax)]
a

Substituting Eq. 32 into Eq. 28, and simplifying, gives

n[faLcosh(aL/2+ ax)]+]
al

1
qpi,max = CIO {1 - }

642

(32)

(33)

Since the maximum interface shear flow is required, let gpi.max equal to zero when gpimax is less than
0. Since the envelope curve of the interface shear flow is antisymmetric, the minimum of the

interface shear flow is given

n[aLcosh(aL/2—-ax)]-1
al

1
qpi,min = _qO {1 - }

(34)

Let gpi.min equal to zero when gpimin is greater than 0. The maximum or minimum shear flow under a
moving concentrated load at each design point can be determined using Egs. 33 and 34, as the red

line indicates in Figure 6.
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Figure 6. Envelope Curve of the Interface Shear Flow under a Moving Concentrated Load:
(a) aL =5; (b) oL =10; (c) oL =20

As illustrated in Figure 6, under a moving concentrated load, the reduction of shear flow due to
partial interaction reached about 50% when oL is equal to 5, and this reduction is more remarkable
than that in the uniform loading condition. The proposed method is once again in very good
agreement with the numerical simulation and is more accurate than the method proposed by
Seracino R [11,12].

4. ANALYSIS OF APPLICABILITY

The theoretical derivation of the partial interaction theory is based on the assumption that the
distribution of shear studs is uniform. However, the distribution of shear studs is usually
non-uniform because of the non-uniform distribution of the interface shear force. It is necessary to
validate the proposed approach for the composite beams with non-uniformly distributed shear studs
by the FEM model.

Figure 7 shows three cases of composite beams with non-uniformly distributed shear studs, where
L is the length of the beam, p is the shear connector spacing, the reference connector spacing po is
300mm. The material and geometric properties of the composite beam are shown in Figure 2(a) and
the stiffness of each row of studs is 1.063x10* kN/m. In cases 1 and 3, the distribution density of
studs on both sides of the beam is about twice that at the mid-span, but the absolute distribution
density in case 3 is much larger than that in case 1. In case 2, distribution density of studs on both
sides of the beam is about four times that at the mid-span. As the change of the distribution of studs
is reflected in the change of parameter oL, the value of aL is also shown in Figure 7. The red solid
lines in Figs. 8 and 9 show the distribution of the shear flow determined by the respective values of
a.
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Figure 9. Distribution of gpi/qo under a Moving Concentrated Load:
(a) Case 1; (b) Case 2; (c) Case 3

When the distribution density of studs on both sides is about four times that at mid-span, as
illustrated in Figure 8(b) and 9(b), there are differences between the proposed method and the
numerical simulation, especially for the uniform load case. However, the significantly different
distribution density of studs is quite rare in practice.

When the distribution density of studs on both sides is about twice that at the mid-span, as
illustrated in Figure 8(a) and (c) and Figure 9(a) and (c), with the increase in oL, the discrepancies
between the proposed method and the numerical simulation also increase. However, limited
differences are observed in the local area where a varies, and the proposed method is in good
agreement with the numerical simulation on the other locations, especially at the support where the
shear force is at a maximum value. This shows that the distribution of shear flows on each part is
mainly determined by the respective value of o, and the proposed method is also applicable for
composite beams with non-uniformly distributed shear studs.
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S. CASE STUDY

The following example demonstrates the use of the proposed method in determining the partial
interaction force on studs at support and compares the results with those obtained from the full
interaction method and from the method developed by Seracino R [11,12]. Combined with the
fatigue life predicting equation provided by Euro code 4 [3,4] and Hanswille [7], the fatigue life of
studs is predicted to illustrate the accuracy and applicability of different methods. The prediction of
the reduction of static strength and accumulation of plastic slip due to fatigue loading is not
analysed in this paper, but the predicting process is similar to that of fatigue life.

The Euro code 4 [3,3] specifies that the fatigue life of studs can be calculated as:

lg N+8IgAr =21.935 (35)
where the A7 is the shear stress range of studs, N is the fatigue life of studs.

Hanswille G [7] suggests that the fatigue life of studs should be calculated as:

_ B4,0 _Pmax
©0.1267P,,—0.1344P,

mean

lgN (36)

where Puo is the static strength of studs, Pmax is the peak of fatigue loading, Pmean is the mean value
of the fatigue loading, and A is the fatigue life of the studs.

Suppose that a 30m long simply supported composite beam is subjected to a uniform load of
20kN/m as dead load and a moving concentrated load of 320kN as live load. The material and
geometric properties of the composite beam are shown in Figure 2. a. A uniform distribution of
connectors was used consisting of two rows of 19 mm diameter studs with a spacing of 150 mm,
giving a static strength of 118.3 kN per stud and connector stiffness of 2.736x10* kN/ m per stud.
In this example, the aL is equal to 11.34 according to Eq. 2. The fatigue shear stress range is given
by Eq. 33, because the live load in this example is a moving concentrated load. The shear stress
caused by the dead load is given by Eq. 10, because the dead load in this example is a uniform load.
The shear stress peak is the sum of the shear stress range and the shear stress caused by dead load.
Detailed calculation results are given in Table 1.

Table 1. Comparisons of Shear Stress and Fatigue Life Predicted by Different Methods

Calculating method of ~ Shear stress Shear stress Fatigue 11fe/106.
stud force range/MPa peak/MPa Euro — Hanswille
code 4 G
Full interaction 58.6 113.4 62.2 20.5
Seracino R 45.1 —_— 503.8 —_—
Proposed method 40.8 86.0 1117.2 33.2

After consideration of the partial interaction effect, as illustrated in Table 1, the calculated shear
stress decreased and the predicted fatigue life of studs significantly increased. Compared with the
shear stress range predicted by the full interaction theory, the result of the method developed by
Seracino R is reduced by about 23%, and the result of the proposed method is reduced by about
30%. Combined with the fatigue life predicting equation provided by Euro code 4, fatigue life
predicted by the method developed by Seracino R is about 8 times that of the full interaction theory,
and the proposed method predicts about 18 times the fatigue life expectancy of the full interaction
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theory. Compared to the method developed by Seracino R, the proposed method can make full use
of the beneficial effect of partial interaction. Combined with the fatigue life predicting equation
provided by Hanswille G, fatigue life predicted by proposed method is about 62% higher than that
of the full interaction theory. The method developed by Seracino R cannot be applied to the
equation provided by Hanswille G, because the method does not consider the influence of dead
load.

6. CONCLUSIONS

A method has been developed to determine the distribution of partial interaction interface shear
flows of composite beams subjected to a moving concentrated load and uniform load. This method
is validated by the finite element model (FEM) of the composite beam with uniformly and
non-uniformly distributed shear studs. Also, an example of predicting shear stresses and the fatigue
life of studs in composite beams with different methods is given. The main conclusions from the
study are as follows:

(1) Under the uniform load, the reduction of shear flow due to partial interaction can reached
about 40% when the composite action is relatively weak. The proposed method is in
excellent agreement with the numerical simulation.

2) Under a moving concentrated load, the reduction of shear flow due to partial interaction
reach about 50% when the composite action is relatively weak. Since the proposed method
is reasonably simplified according to a practically possible range of al, it is in better
agreement with the numerical simulation than the existing methods. When used with an
appropriate fatigue model, this method can be used to more accurately assess the fatigue
behaviour of studs.

3) When the proposed method is applied to composite beams with uniformly or non-uniformly
distributed shear studs, the discrepancies between the proposed method and numerical
simulation are obvious only in the local area where the change of stiffness is drastic. On the
other positions, especially at supports where the shear force is maximum, the proposed
method is in good agreement with the numerical simulation.

4 The interface shear flows, including shear range and peak shear, can be predicted using the
superposition of the moving concentrated load and uniform load, and therefore the method
can be applied to more general loading conditions. When used with an appropriate fatigue
model, this method can provide an accurate and reliable assessment of the fatigue
behaviours of shear studs.
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ABSTRACT: This paper experimentally studies the seismic behavior of high strength bolted connections with
slot bolt holes at ambient and elevated temperatures. A total of 6 specimens varying in bolt diameters,
pretensions, temperatures are designed and tested. The results show that the connections with slot holes at both
ambient and elevated temperatures have good energy dissipation capacity. It is found that connections with
M30 bolts have better energy dissipation capacity and load-bearing capacity than those with M20 bolts, due to
the larger friction force and sliding distance in M30 bolts since they have a larger pretention and wider slot
hole. The sliding forces of the connections decrease with the increase of the number of loops. The sliding force
decrease by about 50% after 60 loops at elevated temperatures, compared with 35% at ambient temperature.
While the ultimate bearing capacity of the connections does not decrease much. The friction coefficient and
area of hysteresis curves decrease in a similar trend by about 40% after the first 30 loops. After 60 loops, they
are reduced to 40% and 50% of their initial values for the connections with M20 bolts and M30 bolts,
respectively. The experimental results indicate the potential application of the connections with slot bolt holes
for a dual-function component in a structure to simultaneously provide stiffness and energy dissipation capacity.

Keywords: Experiment, bolted connection, slot hole, seismic behavior, elevated temperature, sliding force,
energy dissipation capacity
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1. INTRODUCTION

Historically, most major structural failures of steel structures in earthquake have been due to some
form of connection failure [1]. A large amount of brittle failures of connections were observed in
the Northridge earthquake in 1994 [2] which was due to their limited plastic deformation capacity.
In the Kobe earthquake in 1995, a total of 988 steel constructions were damaged most of which
were due to the brittle failure of beam-column joints. In addition, connections account for more
than half the cost of structural steelwork, and their design and detailing are therefore of primary
importance for the safety and economy of structures.

It is found to be difficult to generate sufficient ductility of welded connections even if the welding
quality is ensured by removing beam column welding lining board [3-5]. As an alternative,
connections with high strength bolts are a preferred method of connecting members on the site [6].
The standard circular bolt holes would become elliptical holes under cyclic loads, leading to a
reduction in their energy consumption capacity [7]. To address the issues for connections with
standard holes such as demand of high installation accuracy, limited energy dissipation capacity,
decreased load-bearing capacity when deforming to an elliptical shape, slot bolt holes have been
applied. Astaneh-Asl [8] proposed to allow high-strength bolting joints to slip under strong
earthquake. The friction between the interfaces and the extrusion of hole wall consumed the
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earthquake energy to avoid the brittle failure or collapse of structures. Grigorian [9] designed the
long elliptical slot bolt holes. The slot was parallel to the force direction of members. When the
tensile force in a connection was more than the static friction force between the friction surfaces,
the connection would slide to consume energy. This kind of connections could also be used for a
single support or beam-column connections in steel frames [10-12] to improve the ductility of the
joints and avoid brittle failure at the joints. Peng et al. [13] explored the relationship between the
opening area of the high strength bolt connection and the pretension loss, the friction coefficient,
respectively, and gave the suggested value of the hole shape coefficient. ANSI/AISC360-10 [14]
and European standard (EC3)[15] also provide the hole shape coefficient according to different
hole shape. The length of the short axis of slot holes equals to the diameter of the corresponding
standard hole, while the long axis is 1.7 times as long as the short axis. They also provide
corresponding provisions in the case of different bolt hole spacing and margins. Compared to
standard-hole connections, the installation of slot-hole connections is more convenient and
cost-effective since it requires less machining precision [16].

While steel structures are not inherently fire resistant because much of the strength of steel will be
lost when its temperature reaches 600°C or above during a fire. In addition, the large thermal
conductivity of steel leads to a quick temperature rise in unprotected steel members of 600°C in
15min [17]. As an essential component of steel structures, the behavior of connections under fire
conditions plays a key role in the global stability of structures against collapse. Yang et al. [18] and
Yu [19] investigated the anti-sliding capacity of high strength bolts at elevated temperatures. They
found that the anti-sliding capacity of the connection increased as the temperature increased for
temperatures below 400°C.

The seismic or fire behaviour of steel connections have been investigated extensively but separately.
The coupled effect of seismic and fire loads on the performance of steel connections is not well
studied and understood. Recently, many efforts have been made for investigating the behaviour of
structures subjected to post-earthquake fire [20-24]. The earthquake-induced damage in the
structural members are considered in the following structural analysis of structures exposed to fire.
However, there is few research on steel beam-to-column connections with slot bolt holes subjected
to extreme hazards.

In contrast to the extensive studies on the behavior of structures under post-earthquake fire, there is
a lack of research on the post-fire seismic behavior of structures. This is a realistic event for the
successive earthquakes or secondary earthquakes, considering that the previous earthquake may
cause the ignition of fire. This paper experimentally studied the seismic behavior of high strength
bolted connections with slot holes at ambient and elevated temperatures. A total of six specimens
with M20 and M30 bolts were designed and tested. The results of force-displacement curves and
energy dissipation capacity were output and compared.

2. TEST LAYOUT
2.1 Design of Specimens

For traditional bolted connections between steel beams and columns, the bottom flange of the beam
is bolted connected to the corbel which is welded to the flange of the column, as shown in Figure 1.
To avoid the local buckling of the corbel and beam web, the key part of the bolted connection was
selected to be tested in this study. A total of 6 specimens with sandblasting surfaces were designed,
as listed in Table 1 and Figure 2. They were tested at ambient temperature (20°C) and elevated
temperature (130°C) temperatures, respectively. The low temperature of the heated specimens was
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to consider the fire protection of steel beam-to-column connections as well as the thermal shielding
effect at the connections (where many components in a relatively small space). The tested
specimens were divided into two groups (S1 and S2) by varying the diameter of bolts and
pretension forces. The diameters of M20 and M30 bolts are 20mm and 30mm, respectively. The
grade 10.9 high strength bolts were used with a tensile strength of 1000MPa and yield to tensile
strength ratio of 0.9. The Young’s modulus of the bolts was 200GPa. The measured elongation of
bolts was 15%. The slot bolt holes were used for the corbel plate and their dimensions are shown in
Figure 3. The holes were parallel to the axis of the beam. The maximum slip of the M20 and M30
bolt holes were 8.5mm and 12.5mm, respectively. Figure 4 shows a specimen in the test. In order to
prevent the local buckling of the specimen under compression, stiffening ribs were added on the
corbel plate and part of the web of the beam was kept.
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Figure 1. Schematic of Steel Beam-column Connection

Table 1. List of the Tested Specimens

Temperature of Type of Pretension
Test No. | Type of Bolts spe(c;(r:r;ens holes (kN)
S1-1 M20 20 or 130 slot 143
S1-2 M20 20 or 130 slot 140
S1-3 M20 20 or 130 slot 152
S2-1 M30 20 or 130 slot 337
S2-2 M30 20 or 130 slot 316
S2-3 M30 20 or 130 slot 354
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Figure 2. Dimensions of the Specimens
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Figure 3. Dimensions of the Slot Bolt Holes on the Corbel Plate
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Figure 4. A specimen in the Test

2.2 Pretension

All the bolts were tightened before the tests by applying pretensions based on JGJ82-2011 and
GB50205-2001.There are two means to impose tensile forces in the bolt: torque method and angle
method. The former tightens the bolt by applying a torsion on the nut and the latter is to apply a
relative angle between the nut and shank of the bolt. The torque method was used in the tests as it
was simple and convenient to use. The pretension process was divided into initial and final twists
based on a Chinese code (JGJ82-2011). An initial torque of half the ultimate torque was applied in
the initial twist. The initial and final twists were completed within 24 hours. The ultimate torque of

high strength bolts can be calculated by Eq. 1.

T.=kxP,xd
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where Tcis the ultimate torque, in N-m; K is the average value of the torque coefficient of the bolt
connecting pair which is determined by experiments; Pcis the pretension in the high strength bolt,
in kN, which can be determined by Table 3.2.5 of the design code JGJ82-2011. The design
pretensions of M20 and M30 bolts were calculated as 155kN and 355kN, respectively, according to
the grade (10.9) and diameter of the bolts; d is the diameter of the bolt screw, in mm.

It is required that the applied pretension of bolts in practice should fall in the range of 0.95~1.05P.
During the twist, the bolt pretension was measured by the strain gauge, as shown in Figure 5. High
temperature strain gauges were used and arranged in the two grooves made on the symmetrical
positons of the shank below the nut. The data wires of the strain gauges passed through the holes
predrilled in the nut. The measured pretensions of bolts satisfied the requirement of maximum error
of 5%Pec.

lead line  lead line

Ty
strain straim
gauge | || 1L L pauge

i ] 1‘.0

L

n ha—

" P

Figure 5. Arrangement of Strain Gauges on the Bolt
2.3 Measurement

An electric furnace was used to heat the specimens up to 200°C, as shown in Figure 6. The furnace
has a heating capacity of 20°C~1200°C and a maximum heating rate of 15kW. It consisted of two
heating panels and concrete insulation panels at the two ends. The temperature inside the furnace
was monitored by 2 K-type thermocouples and the average temperature of these two measurements
was calculated and used as the gas temperature in the furnace. Four K type thermocouples were
arranged at the upper part, the middle part and the lower part of the specimens, respectively, to
monitor its temperature, as shown in Figure 7. The deformation of the connections was measured
by two symmetrically placed extensometers (Figure 8).
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Figure 6. Specimens in the Electronic Furnace (All Units are mm)



656 Z.X. Hou, C. Gong, Y. Zhang, Y.Z. Sun, J. Jiang and G.Q. Li

50 , 50

W 4%
(2}

K2
it
(K3)
O e D

=

[
\
\
‘K
"

Figure 7. Arrangement of the Thermocouples

D3(D5)

L T

| \
\ \
S

¢ @
D2 D4(D6)
(a) Plan view

(b) Elevation view
Figure 8. Layout of Displacement Measurements

24 Loading

The specimens were firstly heated in the furnace (Figure 6) with a heating rate of 4~5°C/min until
reaching the target temperature of 130°C. When the target temperature was reached, it remained for
at least 30min to guarantee the temperature of the component was constant and stable.

Loads were imposed based on Chinese codes GB50205-2001 and JGJ 101-96, as shown in Figure
9. At the beginning of the tests, force control was adopted until the load increased up to 10% of the
slip load. The loading was held for 1 min, after which it was applied smoothly in a speed of
3~5kN/s until the occurrence of sliding of the connection. The displacement control was then
adopted in an interval of Imm until the bolt was in contact with the hole. For each displacement
level, three cyclic loadings were conducted. Once the bolt shank contacted against the hole wall, a
cyclic loading of 60 loops was conducted to study the low cycle fatigue performance and energy
dissipation capacity of the bolted connections with slot bolt holes.

Figure 9. Loading of the Specimens
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3. TEST RESULTS

In the initial stage of loading, the specimens were in elastic stage. The relative displacement of the
connections increased with the increase of the load, and the connections did not make a sound.
When the load reached the sliding load, there was a loud noise, and the members experienced a first
slide. A further loading on the connections led to gradual sliding accompanied by successive noises.
For the latter cyclic loading stage, the connections in the first half of the loading process, issued a
continuous ringing sound. The sound gradually declined until the loading was completed.

3.1 Load vs Relative Displacement Curves of Specimens

A comparison of force-displacement curves of the specimens S1 and S2 at 20°C and 130°C is
shown in Figures 10 and 11, respectively. In general, the hysteresis loops of experiments at 130°C
were similar to them at normal temperature. The seismic behaviour specimens at different
temperatures shows the following common features as:

(1) The force-displacement curves were linear before the occurrence of bolt sliding in each loop.
After the sliding, the stiffness of the connections degenerated rapidly, leading to a large increment
of displacement as the force kept stable. The hysteresis curves were stretched as the loops of
loading increased, and the area of the hysteresis loops increased greatly.

(2) As the number of loops increased, the sliding force decreased and the hysteresis curves had a
slight tendency of pinching. This tendency occurred for both M20 and M30 bolts.

(3) The ultimate load-bearing capacity of the connections did not decrease much with the
increasing loops of hysteresis loops.

(4) The hysteresis curves were symmetrical, and the middle part of the sliding section were
rectangular and full. This indicated the significant energy dissipation capacity of bolted connections
with slot bolt holes.

(5) Compared with the hysteresis loops of M20 bolts, those of M30 bolts were more full and the
pinch phenomena were less obvious. This is due to the larger pretention and wider slot hole for
M30 bolts compared to M20 bolts, leading to larger friction forces and sliding distances. This
indicated that the slot holes of M30 bolts had a better seismic performance.
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There was no obvious deformation of bolts at ambient and elevated temperatures. The deformation
of holes for the specimens S1 (M20 bolts) and S2 (M30 bolts) after test was shown in Figures 12
and 13, respectively. It was found that the holes for M20 bolts deformed due to the contact between
the bolt and hole. This deformation effect was less significant in the holes for M30 bolts. Both
specimens showed obvious sliding distances which is helpful for dissipating seismic energy.

(a) at ambent tempertures (b) ;t elevated temperatures
Figure 12. Deformation of Holes for M20 Bolts after Test
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(a) at ambient temperatures (b) at elevatedtemperatures
Figure 13. Deformation of Holes for M30 Bolts after Test

To quantitatively investigate the variation of hysteresis loops against number of loops, the
hysteresis curves for the 1st, 30th and 60th loops were compared, as shown in Figures 14 and 15.
There are some common features that the sliding load decreased more in the first 30 loops
compared with the latter 30 loops. The decrease of sliding load may be due to that the friction
surface tended to be smooth and the coefficient of friction decreased. After the first 30 loops of
sliding, the smoothness of the friction surface became stable and thus there was no significant
reduction in the sliding force for the latter 30 loops. This explanation was consistent with the
continuous sound in first 30 loops and less sound in the latter 30 loops. During the experiments, the
screw constantly impacted the hole wall causing the hole wall deformation which was more
obvious in the first 30 loops. The effect of temperature lies in the rate of decay of friction. It was
found in Figures 14 and 15 that the drop of sliding force at elevated temperatures was much smaller
than that at ambient temperature. This means the elevated temperature increases the stability of the
friction coefficient.
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Tables 2 and 3 list the sliding forces of specimens at ambient and elevated temperature,
respectively. The average results of the three specimens for S1 and S2 were calculated, respectively.
Table 2 showed that, after the first 30 loops, the sliding force decreased by more than 50% for both
M20 and M30 bolts, while it decreased by more than 65% after 60 loops. The reduction of sliding
forces for the M20 bolts was greater than that for the M30 bolts. This indicates that the M30 bolts
have a better load-bearing capacity under cyclic loads. For the connections at elevated temperature
(Table 3), the reduction of sliding forces was smaller than that at ambient temperature. This may be
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due to the fact that the pretension in the bolts increased as the temperature increased.

Table 2. Sliding Force of the Specimens against Number of Loops at Ambient Temperatures (20°C)

Design Measured value (kN)
Specimen | Bolt | Value
kN) Fsl | Fs30 | (Fs1-Fs30)/Fsl | Fs60 | (Fsl1-Fs60)/Fsl
S1 M20 372 418 198 53% 120 71%
S2 M30 852 1074 | 567 47% 377 65%
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Table 3. Sliding Forces of the Specimens against Number of Loops at
Elevated Temperatures (130°C)

Design Measured value (kN)
Specimen | Bolt | Value
kN) Fsl | Fs30 | (Fs1-Fs30)/Fsl | Fs60 | (Fs1-Fs60)/Fsl
S1 M20 372 225 132 41% 106 53%
S2 M30 852 586 | 368 37% 264 55%

3.2 Fatigue Property

To clearly reflect the energy dissipation capacity and friction coefficients of the tested connections,
the relationship between them and the number of cyclic loading loops were expressed in Figures 16
and 17. The "force ratio" represents the ratio of the external force to the sliding force when the
displacement became zero. Similarly, the "area ratio" represents the ratio of the hysteresis loop area
enclosed by each loop to that of the first loop. The force ratios for the pushing and pulling loading
process were presented. As shown in Figures 16 and 17, the hysteretic curve area and surface
friction coefficient decreased with the increase of loading loops in a similar trend. The similar trend
may be due to the fact that the energy consumption of high strength bolt connections with slot holes
mainly depended on the friction of the surfaces.

The friction coefficient and the area of the hysteresis curve decreased by about 40% after the first
30 loops. After 60 loops, the reduction ratio of M20 bolt connections and M30 bolts connections
dropped to 40% and 50% of the initial values, respectively. Therefore, the connection with M30
bolts had a better energy dissipation capacity and fatigue performance.
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Compared with the experiments results at ambient temperature, the energy consumption of high
strength bolt connections at 130°C increased by about 10% of its initial value, which was consistent
with the conclusion that the friction coefficient increased as the temperature increased, which
determined the capacity of dissipating earthquake energy.

4. CONCLUSIONS

This paper experimentally studied the seismic behavior of high strength bolted connections with
slot holes at ambient and elevated temperatures. The following conclusions can be drawn:

(1) High strength bolt connections with slot holes had full hysteretic loops and thus good energy
dissipation capacity at both ambient and elevated temperatures.

(2) It was found that connections with M30 bolts had better energy dissipation capacity and
load-bearing capacity than those with M20 bolts. This is because that the M30 bolts had a larger
pretention and wider slot hole compared to M20 bolts, which lead to larger friction forces and
sliding distances.

(3) The sliding forces of the connections decreased with the increase of the number of loops, and
the hysteresis curves had a slight tendency of pinching. The sliding force reduced by about 50%
after 60 loops at elevated temperature, compared with 35% at ambient temperature.

(4) The ultimate bearing capacity of the connections did not decrease much with the increase of the
number of loading loops.

(5) The friction coefficient and the area of the hysteresis curve decreased by 40% after the first 30
loops. After 60 loops, the reduction ratio of connections with M20 bolts and M30 bolts dropped to
40% and 50% of their initial values, respectively.

The experimental results showed that the bolted connections with slot holes had good energy
dissipation capacity at both ambient and elevated temperatures. They can be used as a friction
damper by dissipating energy through the friction of plate surfaces. This type of connections can
also provide both bearing capacity and stiffness before sliding. This means the connection with slot
holes can be used as a dual-function component in a structure to provide stiffness and energy
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dissipation at the same time. However, the large decrease of bearing capacity along with sliding
should be avoided by improving the property of friction surfaces. The use of paint on the contact
surface may be an effective method to enhance the sliding resistance which needs further
investigations.
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ABSTRACT: This paper presents the safety assessment of the European rules for the lateral-torsional buckling of
beams using hot-rolled I and H cross-sections based on a large number of advanced numerical simulations covering
the relevant parameters.

The methods for LTB in Eurocode 3 are briefly presented and assessed. Despite the large scatter of results, the
conservative nature of the “General Case” design rule was confirmed. The “Special Case” systematically led to
significantly lower safety levels. A new Ayrton-Perry-based method was also assessed and it was shown to provide
good accuracy.

The magnitude of the partial factor ym;" is addressed, whereby a good homogeneity of results is observed across the
different buckling curves, with maximum variations of 0.05, except for the “Special Case”, which systematically
presents higher factors for most of the subsets. The “General Case” presents the lowest partial factors, but is clearly
over conservative, leading in many cases up to 40% lower resistance.

The ymi* values are compared for the “General Case” and the new Ayrton-Perry method with the results obtained for
the flexural buckling resistance of columns. It is concluded that the partial factors for LTB are generally lower than
those for flexural buckling.

Keywords: Beam, lateral-torsional buckling, safety assessment, design rules, steel, Eurocode 3, stability
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1. INTRODUCTION

The design verification of beams susceptible to lateral-torsional instability in Eurocode 3 [1] is
based on the buckling curve approach. The code proposes two methods for the lateral-torsional
buckling verification — the “General” and the “Special” cases. The safety and accuracy of these
methods was addressed in the past, e.g. by Snijder and Hoenderkamp [4] and Rebelo et al [5],
where discrepancies between numerical simulations and the code predictions were identified.
Recently, a new design method based on a mechanically sound analytical derivation was proposed
by Taras [3] that strictly implements an Ayrton-Perry approach akin to the derivation of the flexural
buckling resistance of columns [6].

There are various parameters which influence the stability behaviour of beams: material properties,
geometrical dimensions, imperfections. Some of these parameters are constantly monitored as part
of the quality control production procedures, while others are occasionally measured, such as
residual stresses and initial imperfections, making it more difficult to choose representative values
to be used in numerical simulations. Moreover, the development of new structural steels with
largely improved mechanical and geometrical properties and improved quality control procedures
further supports the need for a reassessment of the safety levels of the European design rules for
lateral-torsional buckling.
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Hence, based on the findings of the RFCS SAFEBRICTILE project [9] and similarly to a previous
paper on columns [10], this paper addresses a systematic assessment of the safety levels of the
lateral-torsional buckling of I-shaped hot-rolled steel beams according to Eurocode 3 [1]. Firstly,
the adopted assumptions for the assessment are summarized. A parametric study for the evaluation
of lateral-torsional buckling design rules for prismatic beams in EUROCODE 3 [1] is subsequently
carried out. It covers several slenderness groups, yield stress, cross-section shapes, and bending
moment distributions such that a thorough evaluation of the analyzed design rules is achieved,
using advanced nonlinear numerical simulations. Finally, a discussion on the value of the partial
factor ymi+ to be adopted based on the obtained results is presented.

2. DESIGN APPROACHES FOR THE LATERAL-TORSIONAL BUCKLING OF
PRISMATIC HOT-ROLLED BEAMS

According to Eurocode 3 [1], the design resistance of beams prone to lateral-torsional buckling can
be estimated using clauses 6.3.2.2 and 6.3.2.3, the so-called General Case and Special Case,
respectively. Both of them make use of the buckling curve approach, thus assuming that the
columns and beams have similar behaviour regarding their buckling resistance.

The General Case (see Table 1) uses the column buckling curves; however, the split between the
various cases is done only according to the section depth-to-width (h/b) ratios, since beams with
lower h/b have higher torsional rigidity and thus higher lateral-torsional buckling resistance. The
method has been criticised for being overly conservative for variable bending moment distributions
and for the large scatter of results [3], [5].

As an alternative for H and I sections, the Special Case (see Table 1) considers the beneficial effect
of the torsional resistance of the member and accounts for the favourable effect of varying bending
moment distributions along the beam length by modifying the reduction factor yLr with a factor f
(see Table 3). The Special Case also makes use of a longer plateau length by

recommending Az70 =0.4. However, its estimation of the design resistance is often found to be
unconservative when compared to numerical simulations. [3], [5]. As a result, in [5] a modification
of the General case was proposed, referred to as General Case/f, whereby the reduction factor yrr
calculated using the General Case’s curves is modified by the factor f provided for the Special
Case.

Recent research by Taras [3] has resulted in a new Ayrton-Perry design rule (see Table 1), which is
based on a mechanically consistent analytical derivation and imperfection factors (Table 2)
calibrated based on an extensive numerical parametric study. The method was also statistically
assessed using available experimental test results and Monte Carlo simulations. It is henceforth
referred to as New EC3 method or nEC3.

All methods rely on a reference case (simply-supported beam with fork conditions at the supports
and uniform bending moment). The application to different loading types or boundary conditions is
addressed by calculating the appropriate elastic critical moment and a specific coefficient to correct
the second-order critical location. It is noted that for cases with restrained warping conditions at the
supports this approach leads to slightly unsafe sided results, when compared to the correct
derivation of the design resistance.

The design procedures are summarized in Table 1, whereas the imperfection factors and additional
factors are summarized in Table 2 and Table 3 respectively.
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Table 1. Lateral-torsional Buckling Resistance of Beams
EC3
EC3 GC GC/f EC 3, SC
Method (clause (GC mod. (clause 6.3.2.3) New EC3 method
6.3.2.2) with f e
factor [5]
Wiy . fy — class 1 or 2 cross sections
My, gk Weiy . fy — class 3 cross sections
Wepy . fy — class 4 cross sections
M, Elastic critical moment (LBA)
}vLT Air = My,Rk /MCR
oLt See Table 2
ar (ZLT - ZLT,O )
nr (i —02) i os a, (7.-02)
(recommended)
Table 1. (continued) Lateral-torsional buckling resistance of beams.
EC3
HE L ((;((;:(/:f EC 3,SC
Method (clause ’ New EC3 method
6.3.2.2) mod. (clause 6.3.2.3)
with f
factor [5]
A r (ZLT - /_1LT,0)
nLr ap (ir —02) Sy a, (7.-02)
(recommended)
0.5X(1+7]LT+ﬂILT2) { 1.2 -
., 0.5 x 1+fM(qLT%+/1LTZD
Dy 0.5 (147, +2ur?) 5075 7.
(recommended) (Table 3 for /i)
1
¢LT + V¢LT2 _IBZLTZ
XLT ! <1 1 Ju <]
¢LT+\/¢LT2_;LLTZ < 1 ¢Lr+\/¢LTZ_fM/1LT2
Aur
@ <1
(XLT;mod) - Z;T <1 -
(Table 3
for

fu, ke and fare additional factors respectively for nEC3 and SC, see Table 3.
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JEd i 2 . .
2= <uro”, lateral torsional buckling does not need

Additionally, whenever Air < ELT,O and

cr

to be verified and only cross-sectional checks apply ( y,, =1).

In order to provide a more thorough overview, the 2010 AISC [11] design rules for the
lateral-torsional buckling resistance of doubly symmetric I-shaped members and channels bent
about their major axis are also briefly presented in Table 4.

The AISC lateral-torsional buckling verification considers three slenderness regions that depend on
the length Ly between points that are either braced against lateral displacement of the compression

flange or braced against twist of the cross section. All symbols are explained in the notation.

Table 2. Imperfection Factors and Generalized Imperfection Limits for Lateral-torsional Buckling

Limits Source and Imperfection factor
Fabrication EUROCODE | EUROCODE | EUROCODE
3 New EC3 method
[3] 3 3 GC; GO/ 3SC w
h/b>2.0 0.34 0.21 0.49 0.34 W
t<40mm h/b<2.0 0.12 |- <0.34
o /4
v/—\1 z,el
< h/b>2.0 0.34 0.21 0.49 0.34 W
40mm<t;<100mm h/b<2.0 0.16 [ <0.49*
Rolled W
w,
o 0.16|—2L <049
vi t<100mm h/b<2.0 0.21 0.34 W..
=

*originally identical with h/b>1.2 and t<40mm

Table 3. Additional Auxiliary Factors for GC/f; SC; nEC3

Method GC/f; SC nEC3
Loading/
Factor ke i fn
1 — 2
|:| - =1 1—0.5(1—kC)X[1—21LT—0.8 ]:1 1.25-0.1w —0.15w2 =1
2 = | 1.33-0.33y ( ) 4 v
. L o
- 1.33-0.33w 1.25-0.1y —0.15p 2 =1.25
B e 0.94 1.05
I Function of the slenderness
—=0.60
1.33-0.33y 1.25-0.1y —0.15p %> =1.2
0.86 1.11
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Table 4. Lateral-torsional Buckling Resistance of Beams according to AISC

LbSLp Lp <Lb§Lr Lb>Lr

M, FZ =M, L-L, F,S. <M,
C,| M, (M, -0.7F,S, =M,

r P

E
Lp = 1.761"y FT
E Je J : 0.7F.
L =1.95r, il =] +6.76] 2
0.7F, \| S,k S h, E

It is noted that both the Special Case and the AISC rule [11] present an extended plateau region of
the buckling curve that leads to unsafe results, as reported in [5], [12] and [13] that suggest that a
shorter plateau length should be adopted.

3. SAFETY ASSESSMENT METHODOLOGY
3.1 Scope and Assumptions

In order to give a complete overview of the stability design of beams according to Eurocode 3 [1],
the study covers the design rules summarized in Table 1. For each method, a wide range of I-shaped
cross-sections is analyzed covering different 4/b ratios and flange thicknesses across various
slenderness ranges. In addition, as the bending moment distribution has a considerable influence on
the lateral-torsional buckling resistance, five different bending moment distributions are included in
the parametric study, detailed in section 0.

The lateral-torsional resistance of the beams is obtained using advanced numerical finite element
simulations. The adopted numerical model is summarized in section 0.

In the safety assessment of the design rules carried out in section 0, the following assumptions are
considered:

e The variability of the input variables in the design model is not considered for the calibration of
Vs; the value is obtained from nominal properties since the “experimental” results are
considered with nominal properties;

e The coefficient of variation of the basic variables, Vi, considers only the variability of cross
section dimensions, yield stress and modulus of elasticity; for these parameters, more
information is known and documented with recent data. The adopted distributions are discussed
in section 0.

3.2 Basis of Design

The basis for the statistical assessment of the steel members was presented and discussed in [8].
The procedure proposed in Annex D of EN 1990 [2] is summarized in Figure 1:



673 Safety Assessment of EUROCODE 3 Stability Design Rules for the Lateral-Torsional Buckling of Prismatic Beams

Step 1: Resistance function Step 4: Estimate CoV of the Step 6: Determine c.o.v ¥, ; of the basic
r=g.(X,X,..X,) error: variables
6, = re,i/brt,i A; =In(5,)
. Step 7: Determine design value of the
Step 2: Compare experimental 5 n — stance
and theoretical values Y — (Ai - A) fests

i=1

- 0, =In(¥,” +1) Q, =In(¥,” +1)
Step 3: Estimate mean vale of Vs =q/exp(s,”) —1 W
correction factor b O=In(V,"+V,” +1

. o - 5
n "o St_ep 5: Anglyze compa.t1b1l.1ty be (X yexpl —k, . o, k. O _os 0| n<30
b= Z”e,,-”,,f ZV,,,- — if the resistance function is r, = — S0 o
i=1 i=1 acceptable bg,, (ﬁ) exp(— kd,ooQ _ O.SQZ ) n—> oo

Figure 1. Flow Chart — Annex D

In Step 6 of the procedure given in Figure 1, Vi« is determined as follows:

2 1 $ agrt(X') 2
g ‘g,m%( ox, ] .

The partial derivatives are computed numerically using expression (2) and very small values of
“AX;” for each test specimen separately, leading to a scatter of ym,i* for each specimen.
o, (X e X +AX X)) =1 (X e X X))

t

oX, AX,

1 1

2)

33 Adopted Distributions

In order to apply the assessment procedure, pre-information regarding the statistical distributions of
all basic input parameters which are used in the design calculation is necessary in step 6 of the
procedure summarized in Figure 1.

In this evaluation, the variability of the material and geometrical properties are considered. The
presence of imperfections is accounted using representative values of those parameters.

The recommended distributions from the European project SAFEBRICTILE [9] were used in this
paper that reflect current European steel production. The statistical parameters summarized in Table
5 were considered as the reference for the variability of the yield stress. The statistical properties in
Table 5 refer to the thickness range tr < 16 mm. For higher flange thicknesses, the corresponding
mean value should be obtained by multiplying the nominal value according to EN 10025 [14] with
the ratio fym/fy,nom and the coefficient of variation should be kept constant. These distributions were
considered for the computation of the ymi™ value of each beam, according to its cross-section flange
thickness according to the nominal yield stress from EN 10025 [14].

Table 5. Adopted Reference Yield Stress Distributions

Steel grade | finom |fim/frnom| C.O.V.
S235 235 1.25 5.5%
S355 355 1.2 5%
S460 460 1.15 4.5%
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The statistical distributions of the geometrical properties were also considered according to the
recommendations of the SAFEBRICTILE project Table 6:

Table 6. Adopted Geometrical Distributions
Dimension b h 65 tr
mean/nom 1 1 1 0.975
C.0.V 0.9% 0.9% 2.5% 2.5%

The adopted distribution for the modulus of elasticity was based on the recommendations given in
DNV[15], and is summarized in Table 7:

Table 7. Statistical Distributions for Modulus of Elasticity DNV [15]
Mean, En, OE

1.0 Enom 0.05 Em

Concerning the assumptions for the imperfections (material and geometrical), there is not sufficient
recent information on initial bow imperfections and residual stresses to allow for the proposal of
statistical distributions for these variables. Hence, as for the columns [10], representative values are
selected, following the recommendations of EN [2] and [16]. The geometrical imperfections are
assumed as an initial imperfection according to the first global buckling mode with an amplitude
e0=L/1000. The residual stresses are considered according to Figure 3.2, following ECCS [17]. The
value of f,* indicated in Figure 3.2 is considered equal to 235 MPa.

0.5/7 033
0.5f% 0.577 0.3/7 V&ﬁ 0.3/%

I

0317 ¢

i
0.5/ 0317

(a) Hot-rolled, h/b<1.2 (b) Hot-rolled, h/b>1.2
Figure 2. Residual Stresses (“+” Tension and “—“Compression)

It is noted that Taras [3] performed a sensitivity study for the magnitude of the out-of-plane
geometrical imperfection, with ep varying between L/500, L/1000 and L/2000. According to his
results, the maximum differences found between L/1000 and the two extremes was about 8% in the
medium slenderness range. Furthermore, a similar study on the magnitude of the residual stresses
revealed more than 15% difference with respect to the consideration of no residual stresses.

Subramanian and White [18], have recently raised some questions concerning the appropriate
imperfections to adopt for numerical simulations of the lateral-torsional buckling resistance. Firstly,
they have shown that there is no good correlation between experimental tests and numerical
simulations when the usual reference values of the imperfections are adopted in the numerical
models. Following an “inverse strategy” [18], they back calculated the residual stresses pattern and
geometrical imperfection that leads to good agreement with the experimental results reviewed in
their paper. Interestingly, they obtained about half the values of the present European
recommendations for both imperfections. Furthermore, they have identified that the ECCS
recommendations for both geometrical imperfection and residual stresses adopted above are clearly
conservative in comparison to the ones adopted in the United States (both in the AISC and the
AASHTO recommendations).
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These results show that the adopted representative values for the material and the geometrical
imperfections should lead to safe-sided estimates of the lateral-torsional buckling resistance.

34 Numerical Modelling

In Step 3 of the procedure given in Figure 1, it is required to estimate the relation between the
theoretical and experimental estimates of the member resistance. It is considered that advanced
finite element simulations can reproduce with sufficient accuracy the real behaviour and therefore
those were carried out to obtain “experimental” results. The simulations were performed using
finite element software product Abaqus 6.12 [19], using the guidelines established by Marques et al
[20] for the modelling of tapered beams subject to LTB with shell elements.

Each beam is modelled with four-node linear shell elements (S4). The analyses were performed
using geometrical and material nonlinearities with imperfections, also known as GMNIA. This type
of analysis allows capturing the second order effects which are essential for stability problems.

5

Stres

-,

[0.02E

S

Y 106 Strain

Figure 3. Constitutive Law

Material nonlinearity is incorporated in the model by using elastic-plastic constitutive law with
strain-hardening, according to Figure 3, following the recommendations from ECCS [21].
Geometrical imperfections and residual stresses were modelled as described in section 3.3, i.e the
initial sweep is assumed according to the first global buckling mode from a linear buckling analysis
and the residual stresses are adopted using the ECCS patterns for hot-rolled sections.

The load was applied using a load stepping routine, in which the increment size is chosen in order
to meet the accuracy and convergence criteria. The equilibrium equations are solved for each
increment using the Newton-Raphson iteration technique.

The adopted mesh comprises 16 sub-divisions in the web and flanges transversely and 100 to 900
divisions along the members’ axis depending on the length of the member. Due to the diversity of
the cross-sections and the slenderness involved, a maximum relation between the dimensions of the
finite elements of about 1/4 was adopted.

The boundary conditions are implemented as end fork conditions in the shell model. The following
restraints are imposed: vertical (dy) and transverse (6z) displacements and rotation about xx axis
(¢x) are prevented at nodes 1 and 2. In addition, the longitudinal displacement (6x) is prevented at
node 1. The flanges and the web at cross-sections A and B (Figure 4) are modelled to remain
straight however allowing for warping, i.e., the flanges can move independently from the web.



Luis Simdes da Silva, Trayana Tankova, Liliana Marques, Carlos Rebelo and Andreas Taras 676

L T~ ]

Figure 4. Boundary Conditions

4. SAFETY ASSESSMENT

The results from the safety assessment are summarized in this section. Firstly, the scope of the
parametric study is defined, followed by the presentation of the methodology to discuss the results
and a general overview of the results for all methods. Then, the results for the General Case are
presented as reference results for the subsequent comparisons between all the methods. These
comparisons are carried out considering only the yield stress f, as a random variable. Finally, the
influence of the number of random variables is discussed.

4.1 Parametric Study: Definition

Table 8 summarizes the hot-rolled sections selected for the assessment, organized according to the
h/b ranges considered by the methods presented in section 2.

The parametric study consists of 3523 numerical calculation runs. It includes several levels of
slenderness and different steel grades (the ones currently included in EUROCODE 3 [1]). The
parameters are summarized in Table 9. Due to the diversity of the cross-sections and in order to
avoid unrealistic lengths, only beams with ratios /4 < 40, where L is the beam length and 4 is the
cross-section depth, were considered in the parametric study.

4.2 Parametric Study: Methodology

In the following sections, the results for lateral-torsional buckling of beams are detailed. The main
topics that are discussed are:
e Comparison of the various design methodologies for the determination of the
lateral-torsional buckling resistance of hot-rolled I-beams with fork conditions;
e Influence of the bending moment distribution;
e Assessment of the imperfection factors for the New EC3 method;
e Influence of the number of random variables

Throughout the following paragraphs, charts and tables, the following methodology is adopted:
e The General Case is presented as the reference method for comparative purposes;
e The partial factors for the different subsets are computed considering the Annex D
procedure summarized in section 3.2;
e A lower tail approximation is applied to all subsets;
e Whenever a subset according to slenderness is analyzed, the following division is adopted:

» Low slenderness — normalized slenderness 4 €[0.2;0.8];
= Medium slenderness— normalized slenderness 4 € (0.8;1.2];

» High slenderness — normalized slenderness ie (1.2;2.1];
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e For the first three topics listed above, only the variability of the yield stress is considered, as
a relative assessment is sufficient to establish the influence of each parameter;

e In order to establish the influence of additional random variables, the following variables
are considered: yield stress, geometrical dimensions of the cross-section and modulus of
elasticity.

All detailed results are given in Annex A.

Table 8. Sections of the Parametric Study for Beams

Limits Sections
. . 2] and EC1993-1-1
e U EC[1]993-1-1 te Beams h/b te Profiles
[mml]
columns
2.22 13.5 IPE400
h/b>2.0 2.50 16 IPE5S00
2.73 19 IPE600
t<40mm 1.82 5.7 IPE100
2.00 8.5 IPE200
h/b 2.0 2.00 9.8 IPE240
2.00 10.7 IPE300
2.30 68.1 HIL.920x725
2.56 70 HL1000x748
2.31 73.9 HL920x787
h/b>1.2 h/b>2.0 | 336 64  HE1000x584
3.08 65 W920x310x576
2.05 69.1 W610x325x551
40mm<t<100mm 1.41 40 HE400M
Rolled 1.71 40 HE500M
1.30 19 HE400A
1.33 24 HE400B
Wb=20 150 30 HE600B
2.52 419 HL1000x443
2.52 46 HL1000x483
2.27 51.1 HL920x537
1.00 19 HE300B
1.00 15 HE200B
1.00 10 HE100B
1.13 20 HE100M
h/b <1.2 t<100mm - 1.10 21 HE300M
0.95 8 HEI120A
1.09 67.6 HD400x551
1.10 72.3 HD400x592
1.12 77.1 HD400x634
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Table 9. Parametric Study for Beams: Additional Parameters
.. A IT Material Material
Fabrication standard for f; imperfections -
I 2
M < b —_—__"“‘-——_____ —_—
0.2:04:0.6:0.8; | EN10025: b/ b}lz'i' E =
. . . . Y
Rolled 1.0; 1.1; 1.2; 1.3; 3235 U
1.4;1.5;1.6; 1.7,
1820:2.1 S355 h/b>1.2: FH‘“
.8;2.0; 2. S460 235 & w
4.3 Overview of Results

Before applying the Annex D procedure for statistical evaluation, it is useful to examine the design
model accuracy. In Figure 5 and Figure 6 scatterplots for all the methods are given. In the abscissa,
the estimation of the advanced numerical simulations is plotted, while the ordinates correspond to
one of the design methods.

In order to give a quantitative measure of the model variations, the statistical parameters for the
ratio experimental over theoretical values (re/rt) are given in Table 10, where ratios higher than
unity indicate a safe-sided estimation, and on the contrary, ratios lower than 1.0 indicate unsafe
results. The General Case and GC/f show a high variability of the results, with coefficients of
variation of 8.8% and 7.7% respectively. The ratios re/rt vary from about 10% unsafe to about 40%

safe.
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The other two methods, Special Case and New EC3 have lower coefficients of variation (4.9% and
4.5%, respectively) but the level of overestimation of the resistance by the Special Case is
significantly higher than for the New EC3 method.

Finally, Figure 4.3 illustrates the same results for the AISC [11] code specifications, highlighting a
large number of unsafe results (> 55%) and a high scatter (9.7%).
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Table 10. Statistical Parameters
nEC3 GC SC GC/f | AISC
mean 1.03 1.13 1.01 1.08 0.97
std 0.05 0.10 0.05 0.08 0.09
cov 4.5% 8.8% 4.9% 7.7% 9.7%
min 0.91 0.93 0.88 0.93 0.73
max 1.30 1.44 1.21 1.43 1.46
<0.97 144 20 625 73 1641
<1 719 214 1230 431 1966

These results confirm earlier studies on the lateral torsional buckling of beams [3], [5], [22],
whereby a high scatter of the LTB resistances across the slenderness was also observed, from
unsafe to very safe for the three first methods.

4.4 Results and Discussion: General Case

In this section reference cases considering the General Case are presented. In Figure 8 the ym*
results are divided according to slenderness and steel grade. It is observed that there is not a
significant difference between the considered steel grades. The higher results in the low slenderness
range occur for all steel grades, reflecting the more decisive role that fy plays for this slenderness
range.

Slenderness and Steel
1.200

1.100
1.022
Looo | 0975 0% 0.977 0.971 (961

0.938 0925 0.921

*
™

0.900

0.800

0.700

Low slenderness Medium slenderness High slenderness
mS235 mS355 S460

Figure 8. ym™* organized by Slenderness and Steel

Figure 9 and Figure 10 organize the results by buckling curve sub-division. The first compares
different steel grades, while the latter compares different slenderness ranges. Figure 9 shows that
considering subsets organized by steel grade there is a trend of the ym™* values to increase with the
steel grade. This contrasts with the results of Figure 8, highlighting the importance of the
consideration of subsets and the sensitivity of results to the choice of subsets [16]. Figure 10 shows
that the safety level of the two buckling curves is not homogeneous.
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Steel and buckling curve
1.200
1.100
1012 1,004
. 1.000 0961 0975 0.989  0.981
=
Z
0.900
0.800
0.700
S235 S355 S460
®h/b>2.0 W h/b<2.0

Figure 9. ym*organized by Buckling Curve and Steel Grade for General Case

Slenderness and buckling curve
1.200
1.100
0.996

1.000 0.934 0992
i 0.925 0.935
= 0.900 0.889

0.800

0.700

Low slenderness Medium slenderness High slenderness
Hh/b>2.0 B h/b<2.0

Figure 10. ym*organized by Buckling Curve and Slenderness for General Case
4.5 Comparison of the design methods
4.5.1 General results

This section compares the 4 methods. In particular, the influence of the buckling curves and the
shape of the bending moment are examined in detail.

Figure 11 compares the General Case, the Special Case, General Case/f and the New EC3 method,
according to the slenderness range based on all results available. The Special Case exhibits lower
safety, confirming the results of Table 4.3. New EC3 method shows consistent safety across the
various slenderness ranges, while the General Case yields significantly higher safety for the
medium and high slenderness ranges.

Slenderness
1.200
1.100 1,040 1.058 1.067
X 1.0011.007 1.0061.011
1.000 0.97

m*

0.900

0.800

0.700

Low slenderness Medium slenderness High slenderness
B General Case M Special Case General Case /f ®new EC3

Figure 11. ym* organized by Slenderness
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4.5.2  Influence of the buckling curve

In order to verify the consistency according to the buckling curves, the respective subsets are
considered. Figure 12 and Figure 13 compare the several methodologies organized by their
respective buckling curve and slenderness divisions (General Case, Special Case and General
Case/f are split for //b><2, while for the New EC3 method the buckling curves are divided for
h/b><1.2, in order to match the definition of buckling curves for the columns). This subdivision of
the buckling curves presents the advantage of matching the subdivision of column buckling curves.
The imperfection factors are adopted as given in Table 2.

h/b>2.0(1.2)
1.200

1.100

1.043 1.030 1.022

1.000

v

0.900

0.800

0.700
Low slenderness Medium slenderness High slenderness

® General Case ™ Special Case General Case/f ®new EC3

Figure 12. ym*organized by Buckling Curve and Slenderness

h/b<2.0(1.2)
1.200

1.100 1.077 1.069

1.000

T™*

0.900

0.800

0.700

Low slenderness Medium slenderness High slenderness
® General Case ™ Special Case General Case/f ®new EC3

Figure 13. ym™* organized by Buckling Curve and Slenderness

It is seen that for all methods except the New EC3 method, the results for h/b < 2.0 (1.2) are higher
in the medium and high slenderness ranges.

h/b>1.2tf<40mm
1.200

1.100 1.074 1.073

1.000

T™*

0.900

0.800

0.700

Low slenderness Medium slenderness High slenderness
H General Case M Special Case General Case /f ®new EC3

Figure 14. ym* organized by Buckling Curve Division for Hot-rolled Columns and Slenderness
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Unlike the buckling curve divisions for columns, the imperfection factors for beams are
independent of the flange thickness. In order to verify the influence of the flange thickness, further
subsets according to the divisions for buckling curves for the columns are considered. Figure 14,
Figure 15 and Figure 16 summarize the results according to slenderness for each interval of the
column buckling curves. The results for General Case, Special Case and General Case /f given in
Figure 14 and Figure 15 are not very different than the ones in Figure 13, the Special Case showing
results with higher safety factors with significant differences in the medium and high slenderness.
Finally, for #/b <= 1.2 (Figure 16) all methods show similar results except the General Case in the
intermediate slenderness range that is significantly more conservative. It is noted that, in this case,
there are no cases in the high slenderness range because they would correspond to unrealistic long
beams.

h/b> 1.2 tf(40;100]mm
1.200

1.100

1.019 1.015

1.000

m*

0.900

0.800

0.700

Low slenderness Medium slenderness High slenderness
M General Case ™ Special Case General Case/f ®new EC3

Figure 15. ym*organized by Buckling Curve Division for Hot-rolled Columns and Slenderness

h/b<1.2 tf<100mm
1.200

1.100
1000 0.9831-0090.9991.002 09720985
% 0.93
=
=
0.900
0.800
0.700
Low slenderness Medium slenderness High slenderness
® General Case ™ Special Case General Case/f mnew EC3

Figure 16. ym*organized by Buckling Curve Division for Hot-rolled Columns and Slenderness
4.5.3  Influence of the shape of the bending moment

The bending moment distribution is an important parameter, which influences the lateral-torsional
buckling behaviour of beams. Hence, in this section divisions according to load case and
slenderness are presented for the various methods (Figure 17 to Figure 21).

Firstly, it is clearly seen that the General Case is unable to capture the beneficial effect of
non-uniform bending moment distributions and thus severely underestimates the LTB resistance,
(Figure 17 to Figure 21). As discussed in [5], the GC/f provides a good estimation of the
resistance, despite the f factor being based on calibration to numerical results without any
mechanical meaning [3]. The New EC3 method provides relatively uniform partial factors for all
load cases and across the various slenderness ranges. The Special Case exhibits considerably higher
results mainly in the high slenderness range for all load cases.
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Figure 17. ym* organized by Bending Moment Distribution — Constant Bending Moment
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Figure 18. ym* organized by Bending Moment Distribution — Triangular Bending Moment
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Figure 19. ym*organized by Bending Moment Distribution — bi-triangular Bending Moment
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Figure 20. ym*organized by Bending Moment Distribution — Concentrated Load
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Figure 21. ym*organized by Bending Moment Distribution — Distributed Load

Buckling Curves for the New EC3 Method

Originally, the buckling curves for the New EC3 method were proposed as shown in Table 11 that
differs from Table 2 for the range h/b>1.2, 40mm<t<100mm.

Table 11. Original Imperfection Factors for the New EC3 Method

Limits Source and Method
Fabrication EUROCODE 3 | EUROCODE 3
[3] EUROCODE 3 GC: GO/t - nEC3
h/b>2.0 0.34 0.49 W
t<40mm h/b<2.0 021 0.34 0.12 -2 <034
- <
y/—\'f VV;,el
2 h/b>2.0 0.34 0.49 W
40mm<t<100mm h/b<2.0 0.21 0.34 0.12 |—+*= <034
Rolled Wz,ez
h/b>2.0 0.34 0.49 W
o h/b<2.0 0.21 0.34 0.16 -2 <0.49
vl t<100mm W..
=

Figure 21 compares the values of ym* for the thickness range 40 mm to 100 mm for all methods
using the original imperfections from Table 11 for the New EC3 method. It shows that the New
EC3 method presents worse results than the SC for this thickness range. This reflects the fact that
the method was calibrated for sections with flange thicknesses lower than 40 mm [3].
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Medium slenderness
m Special Case

General Case/f mnew EC3

High slenderness

Figure 22. ym*organized by Buckling Curve Division for Hot-rolled Columns and Slenderness
(Old Imperfection Factors)
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Hence, recalibration of the imperfections for the thickness range 40 mm to 100 mm led to the
imperfection factor of Table 2. The corresponding comparison is illustrated in Figure 22, showing a
clear improvement by adopting the same buckling curve as for cross-sections with h/b > 1.2.

h/b> 1.2 tf(40;100]mm

1.200

1.100 1.054
1.013 1.015 1.009
0.995
1.000 0.980
*E
0.900
0.800
0.700
Low slenderness Medium slenderness High slenderness
= Old imperfection = New imperfection

Figure 23. ym* Evaluated Using Old and
Recommended Imperfection Factors for New EC3 Method

4.7 Influence of the Number of Random Variables

In all previous comparisons, only the yield stress f, was considered as a random variable. In reality,
in the case of lateral-torsional buckling of beams, other basic variables also affect the behavior of a
beam, such as the cross-section dimensions and the Young’s modulus. It is noted that geometrical
and material imperfections such as initial curvature and residual stresses are not considered as basic
random variables as they are included implicitly in the design model [8]. Hence, in this section, the
following basic variables are considered as random variables: yield stress — f;; geometrical
dimensions — b, A, tw, tr; and Young’s modulus — E. Their statistical parameters were defined in
section 0. In order to highlight their influence, the following cases are considered:

e Annex D (fy) — considers the yield stress as the only basic variable, the other parameters are
assumed as deterministic quantities with no variability;

e Annex D (fy+CS) — considers the yield stress and the geometrical dimensions of the
cross-section as random variables;

e Annex D (fy+CS+E) — considers the yield stress, the geometrical dimensions of the
cross-section and the modulus of elasticity as random variables;

The General Case is presented as the reference case for this assessment. Figure 24 compares the
results for the 3 cases defined above, according to slenderness range. Similarly, to the observations
in [10], the increased number of random variables leads to higher partial factors. This effect
becomes more noticeable with increasing slenderness due to the increased influence of the
geometrical properties and the modulus of elasticity. Similar results are obtained for the other
methods (see Table A.1). Figure 25 illustrates the corresponding results for the New EC3 method.
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Basic variables: General Case
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Figure 24. ym™* by Slenderness and Using Different Number of Random Variables: GC

Basic variables: new EC3 method
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Figure 25. ym* by Slenderness and Using Different Number of Random Variables: New EC3

S. ASSESSMENT OF THE VALUE OF THE PARTIAL FACTOR

Table 12 summarizes the results for ym™* for the three different sets of random variables that were
considered and the four design methods, using a lower tail approximation due to the systematic
deviation from a normal distribution. The conclusion from the previous section is confirmed for all
methods - depending on the random variables included in the analysis (just f; fy and cross-section
geometry; or fy, cross-section geometry and modulus of elasticity E) the partial factor increases its
magnitude.

Firstly, except for the Special Case, a good homogeneity of results is observed across the different
buckling curves, with maximum variations of 0.05. However, it is interesting to notice that making
the assessment only considering sub-sets according to slenderness for all cases (see also Table A.1)
leads to significantly higher values of ym*, highlighting the importance of considering different
buckling curves.

Secondly, the Special Case systematically presents higher partial factors (0.05 higher on average)
for most of the subsets. The General Case presents the lowest partial factors. However, recalling
Table 10, it is clearly over conservative, leading in many cases of practical relevance to values of
design resistance up to 40% lower than those obtained from advanced numerical simulations.
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Table 12. Values of ym1* Obtained Using Different Combinations

of Basic Variables for All Methods

688

Annex D (fy) Annex D (fy+CS) Annex D (fy+CS+E

Limits GC nEC3 | GC/f SC GC nEC3 | GC/f | SC GC nEC3 | GC/f | SC
~ | t#<40mm | 0.987 | 1.003 | 1.004 | 1.056 | 1.030 | 1.058 | 1.056 | 1.128 | 1.039 1.069 | 1.072 | 1.160
A | A0mm<t< 0983 | 0978 | 0978 | 1.032 | 1.017 | 1.027 | 1.018 | 1.082 | 1.020 1.034 | 1.023 | 1.094
L2 100mm
=

te>100mm - - - - - - - - - - - -
N
_VDI t=<100mm | 0.983 | 1.006 | 0.999 | 1.010 | 1.018 | 1.051 | 1.038 | 1.050 | 1.018 1.054 | 1.039 | 1.052
=

Table 13. Partial Factors for Beams and Columns (fy+CS+E)

Flexu.ral Lateral-torsional buckling
o i Buckling
Limits Axis $235
5355 S460 EC3 GC nEC3
- 1. 1.12 h/b>2.
t<40mm Yy 079 0 02201 1 039 | 1.069
z-Z 1.098 1.118 h/b<2.0
(@\]
— 40mm<t<100 y-y 1.011 1.063 h/b>2.0
A 1.020 1.034
§ mm z-Z 1.021 1.048 h/b<2.0
t>100mm y-y 1.018 1.067 ] )
z-Z 1.043 1.070
- 1.046 1.094
o t<100mm vy Wb<2.0 | 1.018 | 1.054
v“l zZ-Z 1.115 1.109
0 -
= t>100mm Yy - - - -
z-7

The results from Table 13 support the recent decision by CEN TC250/SC3 to adopt the new
Ayrton-Perry-based method [3] as the reference methodology for double symmetric I-and H
cross-sections, while retaining the General Case for the cases that are currently not covered by the
New EC3 method (mono-symmetric sections and other cross-sectional shapes).

Table 13 compares the ym* values for the General Case and the New EC3 method with the results
obtained for the flexural buckling resistance of columns considering fy, cross-section geometry and

E as random variables, using the same statistical characterization of the random variables.

It is observed that the partial factors obtained for LTB of beams are generally lower than those

obtained for flexural buckling of columns.

Finally, comparing the Eurocode methods with the AISC methodology, the latter would lead to
significantly higher values of the partial factor ym™* (See Table 10).
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6. CONCLUSIONS

In this paper, the safety assessment of EUROCODE 3 [1] rules for lateral-torsional buckling of
prismatic beams with hot-rolled I-shaped cross sections was performed and the partial factor was
evaluated considering several subsets, including slenderness range, level of yield stress,
EUROCODE 3 [1] buckling curves; flange thickness. The assessment also covered the new EC3
method [3].

Firstly, similar conclusions as stated in [10] for columns are also valid for beams concerning the
influence of the adopted minimum yield stress using EN 10025 or Table 3.1 of Eurocode 3 [1].

The results highlight a strong sensitivity of ym1” to the subsets that are considered in the calculation.
This trend is also confirmed by comparing these results with the corresponding results from [5] and
[22]. This difference led to the consideration of a lower tail approximation that significantly
improved the homogeneity of results. Globally, the partial factor ym1" for the New EC3 method is
1.05, with a c.o0.v. of 1.7%.

Regarding the design methods, the conservative nature of the General Case was confirmed, the
Special Case systematically led to higher values of ymi” for the majority of subsets and the accuracy
of the New EC3 method was confirmed. Regarding this method, an adjustment of the imperfection
factors is proposed for cross-sections with h/b >1.2 and flange thickness higher than 40 mm,
because this geometric range was not considered in the original derivation of the imperfection
factors.

It was shown that the AISC design rules lead to higher resistance predictions, with large scatter.
The underlying safety associated with those rules reflects the lower reliability index that is accepted
by the American code (B= 2.6 (approximate value for members) instead of 3.8 as in EN 1993-1-1).
Finally, the magnitude of the partial factors was found to be similar or lower than the one obtained
for columns and therefore, provided the proposed statistical distributions are respected, it is
recommended to keep ym1 = 1.0 for beams.
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NOTATIONS
Latin upper-case letters
Cb Lateral-torsional buckling modification factor
Cw Warping constant
E Modulus of elasticity (210GPa in EN1993 and 200GPa for AISC)
Fy Specified minimum yield stress
GMNIA Geometrically and materially non-linear imperfection analysis
J Torsional constant
Lb Length between points that are either braced against lateral displacement of
the compression flange or braced against twist of the cross section
Lp Limiting length
L: Limiting length
My rk characteristic resistant bending moment
My,Ed design value of the bending moment
Mer elastic buckling critical moment
Mb,rd design lateral-torsional buckling resistance of the member in bending
Mn Nominal flexural strength
M, Plastic bending momemt
Sx Elastic section modulus about the x-axis
Vx Coefficient of variation
Vs Estimator for the coefficient of variation of the error term
X, Array of mean values of basic variables
Wiy plastic bending modulus
Wely elastic bending modulus
Wefry effective bending modulus
Zx Plastic section modulus about the x-axis

Latin lower-case letters

b Correction factor
c Coefficient (=1.0 for I sections)
f additional factor for bending moment distribution (Special Case)
ho Distance between flange centroids
g, (X) Resistance function used as a design model
k,, Design fractile factor
N Number of experiments or numerical results
r, Design value of the resistance
r, Experimental resistance value
r, Nominal value of the resistance
7, Theoretical resistance determined with g, (X)
r, Effective radius of gyration
r, Radius of gyration about y-axis (AISC)
S Estimated value for the standard deviation ¢

S Estimated value for the standard deviation o4
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Greek upper-case letters

A Logarithm of the error term ¢
A Estimated value for E(A)

Greek lower-case letters

OLT imperfection factor for lateral-torsional buckling

B an additional factor for SC

Y| Error term

0i Observed error term for test specimen i

nLr generalized imperfection for lateral-torsional buckling
c Standard deviation

oA’ Variance of the term A

D additional factors for bending moment distribution
XLT reduction factor for lateral-torsional buckling
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Annex A - Results
Table A.1. All Subsets
General Case Special Case General Case / f Taras
Sub-set AnnexD AnnexD AnnexD AnnexD AnnexD AnnexD AnnexD AnnexD AnnexD AnnexD AnnexD AnnexD
@)  (+CS) (y+CS+E) (&)  ((+CS) (y+CS+E) () ((+CS) (+CS+E) ()  ((+CS) ((y+CS+E)
Low 121 0.999 1.035 1.037 215 1.040 1.080 1.084 130 1.001 1.040 1.045 122 1.007 1.053 1.056
Medium 216 0.976 1.040 1.072 227 1.058 1.139 1.180 207 1.006 1.085 1.128 204 1011 1.099 1.132
High 103 0.930 1.025 1.087 100 1.067 1.180 1.253 100 0942 1.036 1.098 101 0.991 1.104 1.166
S235 200 0.961 0.998 1.004 158 1.044 1.112 1.141 98 0.991 1.042 1.059 110 1.001 1.066 1.082
8355 209 0.986 1.025 1.031 161 1.064 1.129 1.156 301 0.984 1.025 1.032 140 0.995 1.042 1.048
S460 259 1.013 1.053 1.058 173 1.069 1.136 1.162 310 1.005 1.048 1.054 309 1.005 1.047 1.050
Low 33 0.975 1.010 1.012 83 1.013 1.053 1.057 44 0.982 1.022 1.028 57 0.991 1.039 1.044
$235 Medium 64 0.977 1.042 1.075 57 1.057 1.135 1.174 49 1.036 1113 1.156 57 1.023 1115 1.150
High 25 0.938 1.039 1.103 21 1.069 1.190 1.264 25 0.952 1.053 1117 20 0.993 1111 1.174
Low 46 0.999 1.035 1.037 65 1.052 1.089 1.092 47 1.004 1.044 1.048 40 1.013 1.055 1.057
8355 Medium 71 0.971 1.035 1.068 70 1.057 1.138 1.178 65 1.015 1.099 1.145 69 0.985 1.074 1.106
High 37 0.925 1.024 1.087 36 1.067 1.184 1.261 36 0.945 1.043 1.106 33 1.012 1121 1.183
Low 47 1.022 1.060 1.061 67 1.067 1.110 1113 40 1.022 1.063 1.066 32 1.026 1.071 1.073
8460 Medium 81 0.961 1.024 1.055 76 1.059 1.137 1175 81 1.013 1.095 1.138 68 0.994 1.077 1.105
High 41 0.921 1.020 1.084 43 1.064 1.182 1.259 4 0.942 1.040 1.102 32 1.003 1.110 1171
235 9 0.961 0.999 1.005 83 1.023 1.091 1.118 118 0.954 0.990 0.996 114 1.003 1.069 1.086
h/b>2.0 355 113 0.989 1.024 1.029 2 1.048 1.095 1.108 119 0.983 1.020 1.024 237 0982 1.025 1.029
460 115 1.012 1.049 1.054 72 1.062 1.113 1.129 117 1.007 1.044 1.048 234 1.004 1.050 1.054
235 45 0.975 1.019 1.029 79 1.069 1.142 1.178 48 1.016 1.082 1.109 20 0.964 1.003 1.004
h/b<2.0 355 112 0.981 1.020 1.024 96 1.052 1.126 1.159 63 1.001 1.055 1.070 20 0.994 1.034 1.036
460 115 1.004 1.045 1.049 88 1.066 1.142 1.175 54 1.020 1.068 1.076 20 1.034 1.084 1.090
Low 106 0.984 1.016 1.017 79 1.043 1.079 1.081 44 0.999 1.032 1.032 91 1.007 1.053 1.057
h/b>2.0 Medium 128 0.925 0.986 1.017 114 1.030 1115 1.159 118 0.963 1.045 1.090 197 1.010 1.099 1.132
High 60 0.889 0.986 1.045 72 1.022 1.143 1.216 62 0.901 0.996 1.055 101 0.991 1.104 1.166
Low 79 0.996 1.034 1.037 141 1.027 1.068 1.072 97 1.002 1.044 1.050 43 1.002 1.045 1.048
h/b<2.0 Medium 97 0.992 1.061 1.095 94 1.077 1.162 1.207 93 1.025 1.105 1.149 20 0.985 1.058 1.075
High 36 0.935 1.038 1.103 34 1.069 1.192 1.267 29 0.951 1.056 1121 - - - -
Low 20 0.996 1.037 1.044 60 1.043 1.082 1.084 20 0.996 1.037 1.044 43 0.988 1.024 1.025
y=10 Medium 49 0.994 1.061 1.093 51 1.033 1.098 1.127 49 0.994 1.061 1.093 50 0.977 1.055 1.081
High 31 0.938 1.035 1.098 32 1.067 1.182 1.258 31 0.938 1.035 1.098 26 0.949 1.062 1.122
Low 88 0.972 1.005 1.005 20 0.979 1.014 1.015 20 0.975 1.009 1.010 20 1.005 1.075 1.088
v =0.0 Medium 43 0.847 0.915 0.950 40 1.009 1.094 1.140 44 0.954 1.034 1.079 39 0.980 1.070 1.107
High 20 0.856 0.952 1011 20 1.013 1.124 1.191 20 0.916 1.005 1.062 20 0.959 1.074 1.137
Low 43 0.984 1.019 1.021 38 1.047 1.083 1.086 38 1.018 1.059 1.064 29 1.012 1.050 1.051
D Medium 47 0.972 1.041 1.076 53 1.039 1111 1.144 43 1.003 1.074 1112 52 0.988 1.068 1.096
High 30 0.928 1.026 1.089 29 1.062 1.178 1.251 30 0.945 1.040 1.103 26 0.965 1.075 1.136
Low 47 0.962 0.995 0.995 29 0.996 1.055 1.070 20 1.006 1.066 1.082 20 0.993 1.059 1.070
y=-10 Medium 32 0.852 0.923 0.961 23 1.099 1.203 1.261 29 1.047 1.139 1.191 35 1.030 1.138 1.183
High 20 0.850 0.934 0.983 20 1.060 1.158 1.206 20 0.952 1.046 1.098 20 1.035 1.144 1.205
Low 29 0.969 1.002 1.002 31 1.018 1.059 1.063 31 1.002 1.041 1.044 25 1.011 1.052 1.053
C Medium 52 0.954 1.026 1.064 53 1.068 1.150 1.193 46 1.019 1.097 1.140 47 1.017 1.102 1.136
High 27 0.921 1.019 1.080 23 1.067 1.183 1.253 23 0.957 1.055 1117 23 0.993 1.107 1.170
Wb>1.2 Low 70 0.997 1.034 1.037 123 1.031 1.073 1.077 50 1.007 1.051 1.058 82 1.001 1.046 1.049
(f<40mm Medium 104 0.991 1.059 1.093 112 1.074 1.159 1.204 108 1.020 1.100 1.142 113 1.007 1.093 1.126
High 54 0.930 1.031 1.095 49 1.073 1.193 1.268 55 0.945 1.047 1.110 59 0.990 1.102 1.165
Wb>1.2 Low 83 0.984 1.016 1.017 56 1.042 1.078 1.080 32 1.001 1.034 1.034 39 0.995 1.036 1.038
(f>40mm Medium 89 0.904 0.970 1.000 91 1.019 1.114 1.159 87 0.955 1.045 1.089 66 1.015 1113 1.147
High 31 0.867 0.977 1.033 51 0.999 1.149 1.224 33 0.883 0.996 1.052 41 0.980 1.108 1.166
Whs<1.2 Low 34 0.983 1.018 1.018 52 1.009 1.049 1.051 20 0.999 1.038 1.039 43 1.002 1.045 1.048
lfle_omm M;fli:m 20 0.936 0.999 1.022 20 1.000 1.065 1.084 20 0.972 1.039 1.062 20 0.985 1.058 1.075
igl - - - - - - - - - - - - - - - -
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ABSTRACT: In recent years, climate anomalies have led to major snowfall and heat waves causing immeasurable
loss of life and property. Particularly, sudden snowfall led to the collapse of several plastic greenhouse in South
Korea within the last five years. This study proposes a strengthening method that uses tension ties to prevent the
collapse of plastic greenhouses. Five full-scale frames were prepared to investigate the strengthening effect of the
ties. A frame included a controlled specimen without tension ties, and the other frames were strengthened frames.
The variables in this study were divided into two categories: (a) tension tie materials consisting of a fiber rope and a
steel wire and (b) pretension forces of 100 N and 200 N. The testing results revealed that the normal frame failed in
flexure, and that the failure of the strengthened frames occurred through out-of-plane buckling. The load capacities of
the strengthened frames exceeded those of the reference frames without tension ties by 30% to 65%.

Keywords: Plastic greenhouse, strengthening, tension tie, heavy snowfall, plastic hinge, flexure, collapse

DOI: 10.18057/1JASC.2018.14.10

1. INTRODUCTION

Over the past five years, the number of plastic greenhouses that have collapsed in South Korea has
increased (see Figure 1) because of sudden heavy snowfall and the insufficient resistance of
greenhouse frames. In 2010, the total monetary amount of plastic greenhouse damage due to heavy
snow reached approximately $19.9 million, and the heavy snowfall of 2011 caused $20.4 million in
greenhouse damages according to an announcement by the National Disaster Information Center
(NDIC) [1]. Additionally, in December 28, 2012, up to 100 mm of snow fell in the Pusan and
Gyeongsangnam-do regions. This resulted in damages of $9.5 million due to the partial and total
damage of plastic greenhouses. Typically, Pusan and Gyeongsangnam-do areas were characterized
by an absence of snowfall, and thus the snowfall in 2012 significantly damaged the plastic
greenhouses in these areas. In December 2010, the Ministry for Food, Agriculture, Forestry and
Fisheries (MIFAFF), and the Rural Development Administration (RDA) initiated a plan against
these types of natural disasters [2]. The government actively encouraged the standardization of
existing pipes for plastic greenhouses according to technical specifications of 2016. The limitations
of steel pipe material included the following: 1) SPVHS or SPVHS-AZ with yield and tensile
strength exceeding 295 MPa and 400 MPa, respectively, should be always used for the structural
pipes of plastic greenhouse; 2) The elongation of the pipe should exceed 20%; and 3) A zinc
galvanizing pipe with a thickness exceeding 6 pm should be used to prevent corrosion at the weld
zones. Furthermore, from 2017, the government will not pay compensation for damages to plastic
greenhouses that do not use SPVHS or SPVHS-AZ.
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A greenhouse is shaped like an arch, but the actual behavior of a green house is closely associated
with the frame. The greenhouse is created by bending a long single pipe into a curved arch element
(or beam) and a vertical element (or column). The curved arch element and the vertical element are
geometrically continuous without any connection element, as shown in Figure 2. The greenhouse is
very weak, slender, and exhibits a limited ability to resist the forces because the bending moment is
larger than the axial force due to external loads. In order to improve these weaknesses, several
researches (Lee et al. [3]; Lee et al. [4]; Kim et al. [6]) proposed certain strengthening methods
(such as horizontal bracing, X-type bracing, pillar supports, and high-performance sections) and
carried out analyses to demonstrate the strengthening effect by using commercial software
programs. In this study, a strengthening method using tension ties was temporarily set at the joint of
the arch and the column when the snowfall was expected. The tie changed the frame behavior to
tie-arch action in the greenhouse and increased the load capacity while tie installed. This study
focused on the effect of the proposed strengthening method through experimental and analytical
investigations of plastic greenhouses consisting of ¢25.4 x 1.5t mm SPVHS pipes. It may be noted
that the SPVHS represented a zinc galvanized steel pipe used for vinyl housing structures in South
Korea. The equivalent concentrated loading tests at four points were carried out in accordance with
the roof slope factor for cold roofs based on ASCE/SEI 7-10 [7] or KBC 2009 [8]. Additionally, the
results from a theoretical approach to flexural and plastic analyses, and a buckling analysis using a
commercial software Midas Gen [9], were compared to the test results.

Figure 1. Collapse of a Plastic Greenhouse due to Heavy Snow

2. EXPERIMETNAL PROGRAM
2.1 Test Specimens and Variables

There are 18 kinds of plastic greenhouses with a single span against disasters in MIFAFF and RDA
[2]. With respect to these greenhouses, the greenhouse frames with dimensions as illustrated in
Figure 2 were designed for the loading test in this study. The distance L1 between columns at the
base was 6500 mm; the distance L2 between the tops of the columns was 6100 mm; the vertical
height H1 was 1700 mm (it may be noted that the actual height of the column used in the analysis
was approximately 1500 mm, because the bottom of the column was inserted into a support); the
arch rise H2 was 1200 mm; and the frame space s was 880 mm. Seven crossbars were installed as
braces between two frames, and four crossbars were set in loading positions. A pipe of $25.4 x 1.5t
mm was bent around a forming mold at room temperature. The arch part of the frame, particularly
the top of the column, yielded in this bending process. The tension ties (such as a ¢4 mm steel wire
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or a fiber rope with dimensions of 37 mm X 2 mm) were connected at the tops of the columns, and
pretension forces of 100 N or 200 N were determined to be within the ranges of human limits.
Table 1 shows the test variables consisting of types of tension ties and pretension forces. The
specimen names were defined according to the variables. Specifically, “FR” denoted frame; “6”
represented a distance of 6500 mm between the bases; “25” symbolized ¢25.4 x 1.5t; “TR” and
“TW” represented a tension rope tie and tension wire tie, respectively; and “100” and “200”
corresponded to pretension forces.

or

o

S

in

N ____ Tensiontie

S

R 1,=6,100 l

= 1 S

i 22

T 5
T 14=6,500 )

Figure 2. Dimensions of the Test Frame (unit: mm)

Table 1. Type and Pretension of Ties

Specimen Tie Pretension (N)
FR6-25 — —
FR6-25-TR-100  Fiber rope* 100
FR6-25-TR-200 Fiber rope 200
FR6-25-TW-100  Steel wire* 100

FR6-25-TW-200 Steel wire 200

*Fiber rope

*Steel wire

2.2 Material Properties

The sectional and material properties of the pipe utilized in the study are summarized in Tables 2
and 3. The material properties of the pipe were obtained through stub-column testing, and the
measured strengths exceeded the nominal strength. A length of the stub-column test specimen was
three times the outer-diameter of pipe. The test was carried out on a universal test machine with a
maximum capacity of 1000 kN. Based on the tensile tests for tension ties as shown in Table 1, the
average ultimate load and stiffness corresponded to 5.49 kN and 7.5 N/mm for the fiber rope; and
10.15 kN and 50 N/mm for the steel wire, respectively.
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Table 2. Type and Pretension of Ties

A Il S VA4
(mm?) (mm®*) (mm?) (mm?)
112.6 8073.3 635.7 857.9

Note: A is the cross-sectional area; / is the moment of inertia; S is
the section modulus; Z is the plastic section modulus.

Table 3. Material Properties of a ¢25.4 x 1.5t Pipe

Section Nominal strength Stub-column test
(mm) EV Fu Fy Fu Fy/Fll
(MPa) (MPa) (MPa) (MPa) (%)
$#25.4 x 1.5t >295 >400 430 525 82

Note: Fy is the yield strength; Fu is the ultimate strength.
23 Sloped Roof Snow Loads based on ASCE/SEI 7-10

Snow loads acting on a sloping surface were assumed to act on the horizontal projection of the
surface. The sloped roof snow load ps could be obtained by multiplying the flat roof snow load pr
by the roof slope factor Cs as following Eq. 1.

ps zcspf (1)

where Cs was assumed for cold roofs. Additionally, because the plastic (or vinyl) as covering
materials for the greenhouse had unobstructed slippery surfaces that allowed the snow to slide off
the eaves, Cs was denoted by the dashed line as shown in Figure 7-2¢ of Chapter 7 in ASCE/SEI
7-10 [7] given by the following conditions: 1) for slopes between 0° and 15°, Cs corresponded to 1.0;
i1) for slopes above 70°, Cs was considered free of snow loads; and iii) for slopes between 15° and
70°, Cs was calculated by linear interpolation. By assuming the plastic greenhouse was an unheated
and open-air structure, the thermal factor C; was determined as 1.2. Given that the snow load ps was
proportional to Cs, the equivalent four loading points according to Cs are depicted in Figure 3. In
the figure, Lq is 1450 mm; L is 1400 mm; and L. is 800 mm.

- Pl P
SG02
Pl/ \lp
Loadcell ¥ A
QPulley @
LVDT SG03
77777 | [ Tensiontie || ~ LVDT
Wire (Rope & Wirg
P2
L] L] L] -)
T T T T T T O
L E & & [
Base Winch
Lp L Le ) Lp | La
A A A
L4

Figure 3. Positions of the Loading Points
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24 Loading Method for Large Deformation

It was difficult to load the structure using a general actuator or a universal testing machine in the
case where an arch rise was high and the loading points were few, as shown in Figure 3. The arched
jigs used to load the structure at a few points did not apply the load to the frame uniformly and did
not continue loading when the arch frame collapsed and formed a large deformed shape. Hence, for
the arch type frame, a loading apparatus that could uniformly act on the frame regardless of its
indented shape and appropriately load the structure at a few points according to the number of
pulleys was developed, as shown in Figure 3 [10].

Figure 4 shows the detailed view of the pulleys. Two pulleys at the bottom were merged into a
fixed pulley to avoid splitting, and the fixed pulley could be easily moved from side-to-side by
utilizing shackles to transfer vertical loads even when large lateral deformation occurred. Two
winches as shown in Figure 5 were placed outside both ends of the frame and the loading was
initiated by manually winding up these winches using a steel wire and a few pulleys, as illustrated
in Figure 4.

Figure 4. The Experimental Set-up Depicting a Movable Pulley
at the Top and a Fixed Pulley at the Bottom

B @ ey

o

Figure 5. Winch used for Loading
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Figure 6 shows the devices used in the study for pretensioning the tension ties. A ratchet, shown in
Figure 6a, is a mechanical device that allows continuous linear or rotary motion in only one
direction while preventing motion in the opposite direction. A turnbuckle in Figure 6b is a device
used for adjusting the tension or length of the wire. The pretension force and added tension by
external loading were monitored through a load cell inserted between the tension ties (ropes or
wires).

(b)
Figure 6. Device for Pretension: (a) Ratchet for the fiber rope; (b) Turn-buckle for the steel wire.

The greenhouse bases in the field were generally driven into the ground. In order to simulate this
field condition, a fixed support consisting of a base plate with a cylinder, which was more rigid
than the main pipe and enhanced with stiffeners, as shown in Figure 7, was used. The rigid cylinder
was 200 mm deep.

Figure 7. Fixed Support of Foundation

2.5 Test Results

Figure 8 illustrates the vertical load versus deflection at mid-span for all the specimens. The
vertical load was half the value measured by the load cell because it corresponded to two frames.
An unstrengthened frame failed in flexure at a deflection of 329 mm, corresponding to a peak load
of 228 N. The uplift caused by the pretension was as follows: 12.2 mm for TR-100; 17.0 mm for
TR-200; 10.8 mm for TW-100; and 23.3 mm for TW-200. The results of the FR6-25-TR-200
specimen indicated an error because the steel wire for the main vertical loading had been fixed
when the pretension was applied. The main vertical loading after pretension was initiated at the
uplift point. In the case of the strengthened frames with the fiber ropes, the load capacity increased
by 35% and 41% but the deflection decreased by 59% and 54%. The testing results revealed that
the stiffness of the steel wire was 6.7 times that of the fiber rope, and thus the peak load
substantially increased (by 58% and 65%) while indicating a 90% reduction in the deflection. All
the strengthened frames failed in out-of-plane buckling. Additionally, the strains monitored by
attached three strain gauges declined with the reduction of vertical and horizontal displacements.
The test results are summarized in Table 4.
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—&- FR6-25-TW-200
—O-FR6-25-TW-100
—A— FR6-25-TR-200
-/~ FR6-25-TR-100

400

-50 0 50 100 150 200 250 300 350
Deflection at mid-span (mm)

Figure 8. Load versus Deflection at Mid-span of all the Specimens

Table 4. Summary of the Test Results

Uplift Peak load (N) Deflection (mm) SGO1 (ne) SGO2 (ne) SGO3 (pe)

Specimen (mm) Increase Decrease Decrease  Decrease  Decrease
FR6-25 — 228 329 -3038 4191 -3317
FR6-25-TR-100 -12.2 309 136 —1413 2298 —1250
(35%) (-59%) (-53%) (-45%) (-62%)
FR6-25-TR-200 -17.0 321 150 —1383 2396 —1252
(41%) (-54%) (-54%) (-43%) (—62%)
FR6-25-TW-100 -10.8 361 32 —143 441 409
(58%) (-90%) (-95%) (-89%) (-112%)
FR6-25-TW-200 -23.3 377 23 -71 399 658
(65%) (-93%) (=98%) (=90%) (=120%)

The failure of the unstrengthened frame occurred through in-plane flexural failure mode. The
plastic hinges formed at the tops of the columns and both supports. Conversely, the strengthened
frames failed in out-of-plane buckling (see Figure 9).

Figure 9. Failure Mode (left: unstrengthened frame; right: strengthened frame with tension ties)



701 Behavior of Plastic Greenhouses under Symmetric Loading before and after Strengthening with Tension Ties

In next section, a flexural analysis and a plastic analysis were conducted to evaluate the elastic
behavior and the collapse load, respectively for an unstrengthened frame. A buckling analysis using
a commercial program was also performed for the strengthened frame.

3. ANALYSIS METHOD

The applied load-vertical deflection relationship for greenhouses with or without tension ties was
determined by using a bilinear relationship through analytical approaches (e.g. flexural, plastic, and
buckling analysis). The first stage involved a linear elastic state using flexural analysis. The second
stage included the establishment of the peak load by a plastic analysis using the failure mechanism
for the unstrengthened frame or the buckling load results obtained by Midas Gen software for the
strengthened frame.

3.1 Flexural Analysis

The plastic greenhouse was arranged in a symmetric form. Responses including member forces and
deformations of the entire structure under any loading could be obtained from the responses of one
of the portions of the structure separated by the axis of symmetry [11]. The plastic greenhouse
could be considered as symmetric with respect to an OE axis as illustrated in Figure 10. Point A
was considered as fixed by the foundation shown in Figure 7, and point E on the symmetric axis
was assumed to have horizontal displacement and moment that were fixed. A horizontal spring with
a stiffness of kp at point B was used to model the tension tie (but kz was zero in the unstrengthened
frame), and an imaginary vertical spring at point E was used to calculate the vertical deflection (it
may be noted that kz was zero in all the frames). Hence, the unstrengthened frame had two
redundants (M and HE), and the strengthened frame had three redundants (He, Mk, and FB).

P
R P Di E
— i <TED
M

k

Ho

E

H,

Figure 10. Analysis Model for Flexural Analysis (note that a, b and c are in radians)
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The unknown values of He, Mg, Jk, and s, that denoted a horizontal reaction force, a moment
reaction, a vertical deflection at point E, and a horizontal displacement at point B, respectively,
were calculated through a linearly elastic analysis using Castigliano’s theorem. First, the bending
moment distributions are determined as follows:

(i) for the region corresponding to 0 < 8 < a (4 is varied from point E to B)

M, =M, +H_.R[l—cos@]+ F.Rsin @ (2a)

(i1) for the region corresponding to a <8 < b (8 is varied from point D to C)

M, =M, +H_.R[l-cos(0+a)|

+ F,Rsin(0 + a)— PR[sin(6 + a)—sina] (2b)
(iii) for the region corresponding to a < 6 < ¢ (6 is varied from point C to B)
M, =M, +HR[1-cos(0+b)|+ F,Rsin(6 +b)

— PR[2sin(0 +b)—(sina +sinb)] (2¢)
(iv) for the region corresponding to 0 <s < Hi (s is varied from point B to A)
M, =M, +H_[R(1-cosc)+s]+ F,[Rsinc+stan(z/2-6,)] 24)

— P[R(2sinc —sina —sinb)+ 2stan(z /2 — 6, )] - F,s

where Mp is the bending moment at arbitrary 6; Me and He are the moment reaction and the
horizontal reaction force at point E, respectively; R is the radius of the arch; Fr is the imaginary
force due to a vertical spring at point E; F5 is the force applied to the spring (e.g., tension tie) at
point B; P is the external load; a is the angle between point E and D; b is the angle between point E
and C; c is the angle between point E and B; 61 is the angle of the column with respect to the
ground; and s is the arbitrary vertical distance from point B to A.

Second, the deformations of the main points were determined by Castigliano’s theorem. The

rotation Ok, the horizontal displacement Jk» and the vertical deflection Jk, of point E are given as
following Egs. 3-5.

0, zl(ngeaMa de“lMsWsds]

EI oM 0o oM
(3)
:i J-cMaMngg J'IMaM s
EI oM,
» l J‘SM oM, dS+IHI M oM s
’ EI OH, ° OH,
4)

_ 1 jcMaMngH JIMaM "
EI\% oH, H,
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1 UM oMy IH, MM, dsj

B TR oF, o OF,
(5)
_ 1 jMéMngg IHIMaM s
EI OF, F,

where E is the modulus of elasticity of the pipe; / is the moment of inertia of the pipe, and 6 and
Ok, are zero because rotation and horizontal displacement are fixed at point E.

The Fp term was considered only in the column because there was no Fs term in the arch region (0
< 0 < ¢). As a result, the horizontal displacement ds,» at point B could be calculated by the
following Eq. 6.

1 J‘HlM@M ds
B TR oF, ©)

Substituting Eq. 2 into Egs. 3-6, the equations for the unknown values could be expressed in matrix
form as shown below:

ky ky ks ky | My b 0
1 ky ky ky ky | Hp _Pp _ 0 %
El\ky ky, ky ky | Fp El| p, g

ky ky o ki kg | Fp Dy 53,}1

The spring forces F and Fr could be defined by using Hooke’s law (i.e., F5 = —kpdss and FE =
—kedE,v). The negative sign indicates that the spring reaction force and the deformation force are in
opposite directions. After replacing Fr and Fs and rearranging, the matrix form could be rewritten
as shown Egs 8a or 8b.

ki ok ki (=kg) ki (=ky) My P
k k k,.(—k, k,, (—k H
21 2 2 (=kg) 2 (—ky) El_p b, (Sa)
ky  ky,  kyy(—kp)—EI kyy(=ky) 6E,v P;
ky kg ky(=kg) ky(=ky)—EI || 8y, Dy
[K][U]=[P] (8b)

where the components (ki; and p:) of the matrix are summarized in the Appendix. In order to obtain
the unknown matrix [U] of the unstrengthened frame, “ks = 0” was inserted into the matrix. In the

frames with the tension ties, values of twice the stiffness measured by the tensile test were applied
since the analysis model shown in Figure 10 corresponded to half of the entire structure. Hence, ks
was 15 N/mm for the fiber rope and 100 N/mm for the steel wire. The externally applied load P
(that was a collapse load) for the greenhouse frame was obtained through a plastic or buckling
analysis as described in the next section.

The initial deformations and redundants resulting from pretensioning could be obtained by
changing the right side of Eq. 8 and substituting ks = ke =0. The right side components could be
replaced with equations representing the pretensioning force Py as following Eq. 9.
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le
2 1
%RHIZ(I—COSC)-FéHl}
s DU T ©)
—RH " sinc+—-H, tan(ﬂ/Z—Hl)
2 3
—1H3
3 1

Figure 11 shows the three relative bending moment distributions resulting from the external load
when there was no pretension tie or when there was rope or wire as a tie irrespective of the
pretension force. The bending moment in a frame without a tie was much larger than that in a frame
with a rope or wire. The decreased bending moment distribution demonstrated the effect of using a
pretension tie. A frame without a tie had large bending moments at points A, B, D and E. In an
unstrengthened frame, the bending moment was approximately zero at loading point C on the arch
and was 700 mm away from the top of the column. When the rope or wire was used as a
strengthening material, the moment distribution between points B and C was visibly changed. In
other words, a bending moment at point B (top of column) in an unstrengthened frame was large,
but following the strengthening, the moments were larger at points between points B and C or
loading point D.

Assuming that the stiffness of the tie was infinite, the result was not significantly different from that
of a frame with wire tie (k3 = 100 N/mm). However, the moment sign in the lower part of the
column was reversed when compared with ks = 100 N/mm. If ties with stiffnesses of 5, 15, 100,
and oo N/mm were used as strengthening materials, the maximum moments decreased by 63%, 35%,
22%, and 18%, respectively. Thus, any fiber material at hand could help prevent flexural failure in
plastic greenhouses caused by heavy snowfall.

'15 T T . _
(point B) : : w/o Tie (kg=0 N/mm)
-1.0 A | | — — w Rope (kg=15 N'mm)
: : — - -w Wire (kg =100N/mm )
-0.5 1
———————————— | Loading point (point C) kg = coN/mm
00 t-—zzr="—"-"-"-"""""""""-"———-——-—-4 = == T =
05 Focoom . o L oT— T == ===
| | |
| | .
1.0 1 . . i i i (point E)
Arch from 0 (top of arch) to 43 (top of column) : | Loading point (point D)
15 o : i !
45 40 35 30 25 20 15 10 5 0
[Top of column] Degree () iy [Top of arch]
ok
-1.5 T ‘ - _
" (point B) | w/o Tie (kg =0 N/'mm )
O e — — w Rope (kg=15 N/mm )
: — - -w Wire (kg=100 N/mm )
o5 +-----""""—— - - A
_________ A —kg = ©oN/mm
00 v e s e e e T

05 +

1.0
1.5

[Top of column]

600 900
Vertical distance from top of column (mm)

0 300

1500
[Bottom of column]

Figure 11. Bending Moment Diagram by the External Load
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3.2 Plastic Analysis of Unstrengthened Model

The plastic analysis using a virtual work method reported by Lee et al. [12] is introduced in this
section. The unstrengthened frame failed in flexure while forming plastic hinges at three points,
namely at the top of the column, the support, and the loading point D corresponding to points A, B,
and D, respectively. The collapse mode is shown in Figure 9. If the plastic moment capacity of the
straight pipe prior to bending was assumed as Mjp, a moment capacity at the base (point A) indicated
a positive My when subjected to an external load P. The plastic moment capacities at points B, C, D,
and E could be assumed as fM,, yMp, nM,, and AM,, respectively, because these sections were
deformed due to plastic bending (see Figure 12a). However, the magnitudes of y, #, and 4 factors
were defined as “1” since the deformation was small and that of § was assumed as 0.8 because of
the excessive deformation. A dashed line indicated an undeflected shape before loading, and a solid
line denoted a deflected shape after loading. Points denoted by ‘¢’ show the assumed plastic hinge
locations. Figure 12b is an analytical model presented for simplicity.

he

h,

|
Lo dawm
) I L b | Al A L L2 |

A A A A i A

(@) (b)

Figure 12. Determinate Arch Frame subjected to Applied Loads and Plastic Hinges:
(a) Deformed shape of plastic greenhouse; (b) Deformed shape for simplicity.

In Figure 12b, a horizontal displacement at point B (4x5) and a vertical deflection at point D (4yp)
could be expressed by the following Eqgs. 10 and 11.

Axb’ = hl gcolumn ( 1 0)

Ay, =+, +1,)* + h; 6,,,, cosa (11)

eam

Assuming that beam length was not changed before and after the external loading, Axs and Ayp
shared the following relationship of Eq. 12.

Ay, sina = Ax, cosa (12)

From Egs. 10-12, Oconumn and Obeam could be rearranged as the following Eq. 13.
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N+ L) + R si
gc‘()lumn = ( 1 2) h 2 ne gbeam (13 )
1

The internal work (W) at the plastic hinges and the external work (W) by the external loading were
calculated by using the following Eqs. 14 and 15.
W, =M 0, + M, (6

p "~ column column beam

=+ BIM , (B,opimn + Cream)

column

s pot [./(zlwz) whisna | (14)

hl beam

)+M 0,

ean

W, = (Ayc +AyD)P

20 +1, Ay, P
1+, (15)

2hth ) i1y + 120, cosaP
ll+l2

Finally, the collapse load P» was expressed as following Eq. 16.

2 2
Pp — (1+ﬂ)Mp[WSlna +1]/(le:/ j,/([ 12)2 +h22 cosa (16)
1 1 2

where /1 and 42 denoted the height of column and the vertical height between points B and D,
respectively; Bconmn 18 the plastic rotation at column bottom; /1 is the horizontal distance between
points B and C; £ is the horizontal distance between points C and D; Gsean is the plastic rotation of
the beam element; a is the angle between beam and column elements; and Ayc and Ayp are the
vertical deflections at point C and D, respectively. From the plastic analysis above, the collapse
load in an unstrengthened frame was conservatively computed as approximately 304 N.

33 Buckling Analysis of Strengthened Model

For the buckling analysis, the analytical model was generated with a commercial software, Midas
Gen. In this section, a linear (eigenvalue) buckling analysis was performed to obtain the critical
load factors and buckling mode shapes. The equilibrium equation shown in Eq. 17 was formulated
as an eigenvalue equation where K is the elastic stiffness of the greenhouse; 1 is the eigenvalue or
buckling load factor; K¢ is the additional geometric stiffness due to the stresses caused by the initial
loading; and U is the displacement of the greenhouse as indicated by the following Eq. 17.

[k + K, JU]=0 (17)

The strengthened frame failed in out-of-plane buckling in the first buckling mode shape at buckling
loads of 361 N and 427 N as shown in Figure 13.
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Figure 13. Results of the Test and Analyses:
(a) Buckling mode in the strengthened specimen; (b) Load-deflection curves of all the specimens

4. SUMMARY AND CONCLUSION

In this study, a strengthening method using tension ties (i.e., fiber rope and steel wire) was
proposed to prevent plastic greenhouse collapse due to heavy snow in South Korea. The equivalent
concentrated loading test at four points and analytical approaches were carried out. The test results
indicated that the tension tie could increase the load capacity by 35%—65%. The strengthened arch
frames failed due to out-of-plane buckling during the test, which indicated a high probability of
increasing the load capacity if out-of-plane buckling was prevented. Specifically, because the
plastic greenhouse frame was restricted by the cover material (or vinyl) and rope (for preventing
the flapping of the cover material) in the field, the collapse resulting from heavy snowfall was due
to flexural failure rather than buckling (see Figure 1). Furthermore, in unstrengthened plastic
greenhouse frames, the flexural elastic and plastic analyses could predict the responses including
elastic stiffness and collapse load.
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APPENDIX

k, = Re +H, (A.la)

k= Rz(c—sinc)-rRHl(l—cosc)+%H12 (A.1b)
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. 1
k5 = R2(1—cosc)+RH1 s1nc+EH12 tan(ﬂ/Z—Hl)

1 >
k14:—5H1

kayy =k

sin2¢

. 1
ky = R3(%c—2smc+ )+R2H1(l—cosc)2 +RH12(1—cosc)+§H13

0s2¢

ks :R3(%—cosc+c J+R2H1(l—cosc)sinc

+%RH12[(1—cosc)tan(7r/2 - 191)+ sinc]+%H13 tan(;r/2—6’1)

1 1
kyy = —ERle(l —cosc)—§H13

ksy = ki3
k3 = ko

k3 :R{%—%) R*H, sinzchRHl2 sinctan(;r/2—¢91)+%H13 tanz(ﬂ/Z—Hl)

kyy = —%Rle sinc—%Hl3 tan(z/2-6,)

kyy = kg
kg = ko
kg3 =k,

3
kyy =~ H,

p = R? [(cosa —cosh)+(a—b)sina + 2(cosb —cosc)+ (b - c)sina + sinb)]

+ RH, (2sinc —sina —sinb) + H} tan(z/2 - 6,)

cos2a —cos2b

4
cos2b—cos2c
2

+R*H,(1-cosc)2sinc—sina—sinb)

(cosa—cosh)+(a—b)sina—
Py = R’

+(b—c)(sina+sinb)— —(sina+sinb)(sinb—sinc)

+RH12{(1 —cosc)tan(ﬂ/Z —91)+%(2sinc —sina —sinb)}

+§H13 tan(z/2—6),)

~sina(sina —sinb)+2(cosh —cosc)

708

(A.1¢)

(A.1d)

(A.2a)
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l(b—a)-!— sin 2a —sin 2b
3| 2 4
sin2b —sin2c¢
+—
2

—sina(cosa—cosb)+(c—b)

~(sina +sinb)cosb —cosc)

+R*H,(2sin ¢ —sin a —sin b)sin ¢ (A.5¢)

+RH12 tan(;z/2—6’l{Sinc+%(25inc—sina—sinb)}

+§H13 tan®(7/2-6),)

Py = —BRHf(zsinc —sina —sinb)+ %Hﬁ tan’(z/2 - 6, )} (A.5d)
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ABSTRACT: Ultimate yield surfaces of concrete-filled L-shaped multi-celled steel tube column (L-CFT) under
biaxial bending and axial force are studied in this paper. The characteristics of the axial force-bending moment
interaction curves under uniaxial bending is first revealed, while the rotational symmetry of the overall interaction
curve is verified mathematically. Based on the relative positions of the elastic centroid axis and the plastic neutral
axis under pure bending, six cases are identified whose interaction curves show slightly different features. The
interaction curves between axial force and bending moments are grouped into two categories. Finally, the interaction
surfaces of L-CFT under biaxial bending and axial force are analyzed. The characteristics of these curves are
discussed and verified mathematically, and further the approximate formulas for design purpose are provided. Based
on the comparative study of a large number of examples, the proposed formulas show good accuracy and are on the
conservative side.
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1 INTRODUCTION

L-shaped, T-shaped and cruciform columns can be designed to be invisible at four corners of a
room, making better use of living space, and therefore are welcomed by architects who need to
meet the captious requirement of apartment buyers in their design work. In the case of reinforced
concrete frames, the Ministry of Housing and Urban-Rural Development of China issued a
technical specification (JGJ149-2006 [1]) to codify the application of such members and this
specification was renewed in 2017. Such types of columns in reinforced concrete under biaxial
bending had been experimentally and numerically investigated (Hsu [2-3]). The Structural analysis
of frames built of such columns requires a slightly modified stiffness matrix where the product of
inertia of the column cross section must be included (Sun [4]). Steel-reinforced concrete (SRC)
columns of such special types have also been studied (Zhao [5]). Concrete-filled steel tube columns
(CFT) are now the most frequently used members in high-rise buildings. It has high bearing
capacity, excellent seismic and good fire-resistant behavior, is easy to construct and therefore
relatively cost-effective. In the case of residential buildings, concrete-filled multi-celled L-shaped
and T-shaped steel tube columns have been attracting the attention of structural engineers and
researchers due to the same demand on living spaces.

As regards to the 3D (P—-M _—M ) cross section strength, Chen and Atsuta [6] developed

systematic approaches to find the section strength of steel under axial force and biaxial bending.
For CFT members, Hajjar and Gourley [7] provided a perfect description on modeling of
stress-strain relations of both steel and concrete and developed polynomial expressions to represent
the three-dimensional surface for the section strength of rectangular CFTs, the proposed equations
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may be applied in the pushover analysis. The China Association for Engineering Construction
Standardization issued in 2004 a specification (CECS159-2004 [8]) on the design of CFT members,
in deriving the design equations, the stress distribution in steel and concrete is based on full
plasticity assumption. The effect of confinement of steel tube to concrete is assumed to produce
only an increase in ductility of the concrete and no increase in strength. The stress in concrete is
shown in Figure 1a, the interaction curves are shown in Figure 1b, and can be expressed by

Egozc: M, =1 (1a)
PP MPXO

£2a023+(1—ac) My 4 (1b)
PP PP MPXO

where

P --axial force;
P, -- axial plastic capacity of the CFT section, B, =Af +Af

M_ -- bending moment;

X

ok 3

M, -- plastic bending moment of the CFT section in case of no axial force;
f, --yield strength of steel;

f, -- characteristic strength of concrete;

A, -- area of steel tube;

A, -- area of concrete;

ac — Ac fck
PP

Both the theoretical results based on full plasticity assumption and the curves of Eq. 1 are shown in
Figure 1b. Eq. 1 is safe and simple, so it was included in the most widely applied software SATWE
as a new type of cross section immediately after the issuing of CECS159-2004.

f e )
y f 1.0 —
w k " Box600x12, Q345, C35
1 . A Box600x12, Q345, C60
T I — S —=— Box600x12, Q345, C35
) . o 0.8 e PSR | A Box600x12, Q345, C60)
a, N L. + + \
[ | P AR NA, _ \'\\_k
y 0.6 ey : N \ }\ :
X
<= P/PP Theoretical A\A

tL% _ 0.4+ results b : -\. \A)»

w A

Equations in [

024 [ CECS159-2004 + /4

Aﬁ a

b ] I
’ K ’ ’ 00 , ; ‘ ; ‘ :
Cross section steel concrete M Myt o
(a) analytical model (b) interaction curves

Figure 1. Comparison of Theoretical Results with CECS159-2004
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Although a general method for computing the 3D strength surface is available, and the software
XTRACT (Chadwell and Imbsen [9]) is free and has found application in the research work, there
exists true need by the designers for simple design equations of L-shaped/T-shaped CFT sections.
The present paper will address this need.

In recent years, several groups of researchers (Shen et al. [10]; Zuo et al. [11]; Zhang et al. [12];
Wang and Lv [13]) investigated the static and seismic behavior of L-shaped/T-shaped
concrete-filled tube columns, including the local stability of the L-shaped/T-shaped tube, and the
strengthening effect of penetrating binding bolts. Zuo et al. [11] computed the 3D strength of
L-shaped CFT with equal legs and one thickness of the tube wall. Lei et al. [14] investigated
T-shaped tubes with their total width identical to total depth. Both proposed complicated interaction
equations for the combined action of axial force and biaxial bending and applicable only for the
investigated shape of the cross section.

In this paper, the L-shaped CFT members are slightly different from the above studies in that the
cross-section is composed of 3 rectangular and/or square tubes. A multi-celled tube column has the
merit that the concrete in each cell is confined by its own tube so that the improvement in ductility
may be estimated by currently available researches on square or rectangular CFTs. Also, the limit
on the width-to-thickness ratio of the steel plate elements, specified for CFT members in CECS
159-2004, is directly applicable.

The maximum yield strength of concrete-filled L-shaped multi-celled tube column (abbreviated
L-CFT hereafter) under axial force and uniaxial or biaxial bending is studied in this paper.
L-shaped and T-shaped CFT cross sections comprise of 3(L) and 4(T) rectangular/square tubes, so
it is assumed that the effect of confinement of steel tube toconcrete is assumed to produce only an
increase in ductility of the concrete and no increase in strength (Hajjar and Gourley [7]), so uniform
stress blocks are assumed both for the steel and the concrete as in the equations of CECS159-2004.

2 ULTIMATE STRENGTH UNDER UNIAXIAL ECCENTRIC LOAD
2.1 Elastic Properties of L-shaped Section

The sections of concrete-filled L-shaped multi-celled steel tube column investigated in this paper
are shown in Figure 2, the section is composed of a flange box and a web box, the size of the flange
box is h, xb,, the size of the web box is h, xb,, and they are actually composed of two different

kinds of steel plates with thickness of t, and t,. Each plate of the section is assigned a name as
shown in Figure 2. The total width of L-shaped section is b =h, +b,, the total heightis h=0Db +h,,
the steel tube is filled with concrete.

The origin of the coordinate system is first located at the left-bottom corner of the section shown in
Figure 2. Both steel and concrete are elastic, the elastic modulus of them are E, and E,

Y..) . The following

assumptions are adopted: 1) The L-shaped CFT section obeys the Bernoulli’s assumption; 2) In the
full plastic hinge state, the steel reaches the compressive yield strength f , the compression

respectively. The elastic centroid of the section is located at Point C(x

sc?

concrete reaches its standard value of compressive yield strength f,, the tensile strength of
concrete is ignored.
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left flange b

1 h+ b2 |
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upper flange . A i I
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Y elastic 2 g v
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t2.
bottom flange ; : —
b2

left web  right web

Figure 2. L-shaped Steel Tube Column Section

According to the parameters illustrated in Figure 2, the area of steel and concrete respectively in
flange box and web box can be given by (c-concrete, s-steel, f-flange, w-web)

A, = (b —2t)(b—t, —2t,) (2a)
A, =2bt, + (b, —2t)(t, +2t,) (2b)
A, =(h,—t,)(b, - 2t,) (2¢)
A, =2ht, +(b, —2t)t, 2d)

Denoting «; = E_/E_, the transformed area of the section is

A=A, +A, + DT A 3

Qg

The coordinate of the elastic centroid (X_,Y.) 1is

X, :L{{zht2 +(b, = 2t,)(t, +2t,) + A+ (0= 2)0, _2t2)}(b—%b2)
¢ Qg
0 (4a)
+(h’ —tf)[t1 + b -2t }+lblt12}
2ay 2
_1 Arlp L _ Av |1 gy
ysc - Am {[ Asf + a, ](h 7 b1)+(h2 +t2)|:(hz tz)tz + ZaE :| + 2 b2t2 } (4b)

After the elastic centroid has been found, the origin of the coordinate system will be moved to the
centroid. All properties and bending moments will be calculated about the centroid coordinate
system.
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The moment of inertia about the X- and y-axis are

Ix = Ix,bot - A\tot yszc (53)

’ EPYRE
| bt :[%+&fj(h_%blj +éb1(tl3+2t§)+(b—tl—2t2)[t1(b1_t1)2+(b1 2t) }

12
L 2t, + 2 —2 h; AL (b, —2t,)t
3 oy 3 oy
Iy = Iy,bot ™ Mot stc (SC)
2
o = [“’2 “2O2 ) L ont, 4 (21, +4,)b, —2t2)}£b—lb2J +1(1—ij(b1 —2t)t
o 2 3 o
1 (b,-2t)° | 1 b —2t G4
5 - -
+T§@(mﬁ+@)+(h—2g—g)%20%—g) +—iiggi—}+§(2g+ laEljw
Ixy = Ixy,bot - Aot Xsc ysc (Se)
1, 1 1., 1,
Ixy,bot = Eb t1(h + hz) + (b1 - 2t1)(h _Eb1)(5t1 + hlt2 + btz) +Et2h2 (b + h1)
1., 1 1 1 1., . 1
+Et2 (b2 —2t2)(b—5b2)+a—E (h_zbl)(bl —2t1) E(h1 _tl )+(b2 —2t2)(b—5b2) (Sf)
1 1
+5(h2 _tz)(bz _2t2)(b _Ebz)(hz +t2)}
where |, is the moment of inertia around y=0, 1, is the moment of inertia around x=0,
liybor 18 the moment of inertia around the origin of the coordinate system.

When both steel and concrete of the section yield, the center of the axial compressive strength is
located at(X_,, Y,.) (measured from the left-bottom corner):

X.. :Pi{[zhtz £+ (b, —26,)(2t +1,) £, + (b, —2t,)(h—2t, - t,) fck](b—%bz)
p

(62)
2 1 2 2 1 2
+t,h, fy +5(bl =2t)(h™ -t ) f, +E(bl -2t fy}

1 b 1 1
ycc :F{(A‘sf fy + Acf fck)(h _EIJ_i_chZZ fy +E(b2 _2t2)(h22 _t22) fck +E(b2 _2‘[2)1:22 fy} (6b)

p
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The center of the axial tensile strength is located at (X,,Y,.) (measured from the left-bottom

tc?

corner):
1 1 , 1 ,
X, = m{[zhtz +(b, —2t,)(2t, +t2)](b—5b2) +t,h, +5(b1 —2t)t; } (7a)
m . +t,h +—(b, —2t)t; } 7b
Ay [& (g Jre 5 )

Introduce the following notations for axial forces and bending moments

P=(A;+A)T, (8a)
Po=(As + Ay (8b)
P.=P+P (8¢c)
a, =P /P )
M e =P (Ve = Yo) (10a)

=P.(Ye = Yi) (10b)
Mo =Po(Xe = X) (10c)
My =R (X, —X.) (10d)
where

P -- axial plastic capacity of the steel part of the L-CFT section;

P -- compressive capacity of the concrete part of the L-CFT section;

Cc

M. -- the bending moment around the centroid axis X when the full L-CFT section yields in

X,Ic
compression;

M, -- the bending moment around the centroid axis X when the full L-CFT section yields in

tension;
M, . -- the bending moment around the centroid axis y when the full L-CFT section yields in

y.rc
compression;

M, -- the bending moment around the centroid axis y when the full L-CFT section yields in
tension;

. 2 2 . . . .
f, --yield strength of steel, f =235N/mm” and f =345N/mm" respectively in this paper;

f, -- standard value of compressive yield strength of concrete, C30-C60 (cubic strength) are
adopted in this paper.
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2.2 P-M,-M_ Curve of L-CFT Sections for the

Plastic Neutral Axis Parallelled to x-axis

Uniaxial bending means that the plastic neutral axis is parallel to the centroid axis. Uniaxial
bending around the X axis of the section will be studied first.

221 Characteristics of P—M_ interaction curves

When a plastic hinge forms under the action of axial force and bending moment, the plastic neutral
axis may be located in the upper flange, in the flange concrete, in the middle flange, in the web
concrete or in the bottom flange. The axial force and the bending moment of the L-CFT section for
these 5 cases can be written down respectively, they are not presented in this paper for brevity.

b
h1 . b2
Tt
- }A DA N ) t2 .
o) > o ol
[ T it“ o T PEnyE:My,xE
plgstlc neutral al: . Lo M M
axis NI scyVix;max +Vlyxsc
. . < P
elastic centroid o
X axis S,
ta.
b2

Figure 3. Interactive Relation of L-shaped Section when
Plastic Neutral Axis is Parallel to the X axis

Let M, be the bending moment around the y axis when the plastic neutral axis is parallel to the
X axis. Assume P (the axial force) is positive when it is compression, M_ is positive when it
produces compressive stress in the upper flange, M, is positive when it produces compressive

stress in the right web. As the plastic neutral axis is located in different locations, the axial forces
and bending moments are given different notations, they are defined in Figure 3 and Table 1.

Table 1. Notations of Forces when Plastic Neutral Axis is Parallel to the X Axis

Forces Position of plastic neutral axis
P.M_ M . Full tension
Bottom surface of the middle
PE’MXE’My,xE ﬂan
ge
R.M, .M . Full compression

+ + . . .
P..M xmax ? M yxse  Elastic centroid X axis

After graphical presentations of the P-M_ and P-M _ curves for many different
combinations of dimensional parameters and material strengths, a typical P—M_ curve is
identified and shown in Figure 4.
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Figure 4. Geometric Symmetry Point of the P—-M_ Curves

There are 4 points on the curve:
PointA(M_ ,,—P,): full tension

Point B(M,_,,0) : pure bending when the flange box in compression
Point C(M,PR.): P. =max(P,,P.,P,), M. is the corresponding bending moment

Point D(M ., P,): full compression

X,Ic?

Cc

We note that Point D is rotationally symmetric with Point A about Point S (%(M i M m),% P J .

M,, is the plastic bending moment when the section is under pure bending around the X axis.

P. is the axial force when the plastic neutral axis coincides with the elastic centroid axis X. It can

been verified that at this location the plastic bending moment is maximum for any variation of the
cross sections and any strength combinations of steel and concrete, and will be denoted by

M+

X,max *

The maximum negative moment is (M___ P ) when the flange box is in tension and the plastic

X,max ? ° sc

neutral axis coincides with the elastic centroid axis.

The centroid axis X divides the steel into two parts, A, and A _, and it divides the concrete into
two parts, A, and A_. Referring to Figure 5, when the plastic neutral axis coincides with the
elastic centroid axis, we have the follow relations.



Interaction Curves for Concrete-filled L-shaped Multi-celled Steel Tube Sections under Combined Biaxial Bending and Axial Force 718

TLT fck fck
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Figure 5. Plastic Moments when Plastic Neutral Axis Coincides with the Centroid Axis

The axial force and the bending moment when the flange box is in compression:

Pe=(A-A)f, +A.f, (11a)

Mx,max = fy (J.&+ ydA_J.&7 ydA) + fckJ.AmL ydA= Ms,sc + Mc,sc (1 lb)
The axial force and the bending moment when the flange box is in tension:

Po=—(A.-A) T, +A f, (11c)
M, =1, (IAH ydA—J.Ay ydA)+ o j& ydA=-M__+M_, (11d)

where M__ is the plastic moment of steel (Figure 5b);

s,SC

M is the plastic moment of concrete above the centroid axis (Figure 5¢);

c,s¢

M__ is the plastic moment of concrete below the centroid axis (Figure 5c¢);

c,s¢

These moments are provided by stresses in steel and concrete shown in Figure 5.

M, =f, ( jAH ydA—J.AS? ydA) =M +M_, (12a)
Mc, = IM ydA (12b)
M= 1,], yoA (12¢)

M = —fyL\_ ydA (12d)
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Pe=(A. A, +Af, (12e)
Because P, +P. =Af, =P, so one has

P.—0.5P. =0.5P. - P, (13a)
Summation of two maximum bending moments

M e + M = Fue j% ydA+ f, j/%_ ydA=M? +M_ =S_f, (13b)

where S = L% ydA.

When the cross section is in full tension and in compression, the bending moments are

X,1t s,S¢ $,SC X,S

M, = fyL\vydA— ny‘Ag_ydAz—M+ +M, =S f, (14a)

M,,.=S.f,+S fckz—Mm+M+ +M: (14b)

X,c c,s¢ c,8¢

where S = L\ ydA

Thus
Mx,n+Mx,rc = MCJ:sc+Mctsc :M):max+M):,max (14C)
So Point (M_,..,P.) is rotationally symmetric with the maximum positive moment (M .. ,P.)

about Point S (%(M w M m),% |ch )

For any location of the plastic neutral axis (Figure 6), A’,,A’,A.,A. are the steel and concrete

areas above and below the neutral axis. The axial force and bending moment when the upper flange
is in compression are

P =(A -A)f +ALf, (15a)
M* = fy(j& ydA—j& ydA)+ fckjl% ydA (15b)

the axial force and the bending moment when the web concrete is in compression are

P =—(AL - A)f,+A T, (15¢)

M =—fy(j& ydA—L\L ydA)+ fckj'& ydA (15d)
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and
P"+P =P

M +M] = fckj‘& ydA+ fckf% ydA=S_ f

x,c 'ck

fy fck fck
A 1
K. ) ;
a4 O
3 N.A * l ‘
|
2 ’ A; - | | A Ac
2 AL ‘ AA '
| |
| |
| (I
L&)
M, M Mo
(@) (b) (©

Figure 6. Plastic Moments for Different Location of the Plastic Neutral Axis

so we have
P"-0.5P.=0.5P, - P~ (16a)
M; + M; = M&:sc + M;SC = Mx,n + Mx,rc = M;max + M):,max (16b)

So we have verified that the left of the P—-M_ curves in Figure 4 is rotationally symmetric with

the right of the P—-M_ curves about Point S (%(M w T M m),% PC) .

The pure bending plastic moment is M, , when the flange concrete is in tension. The rotationally

symmetric Point of (M,,,0) on the right of Figure 4is (M_,P,), and

¢ ¢

M‘:_Ml:x0+(Mx,rt+Mx,rc) (17)

C

Extensive examples show that M| +M_

c,s¢ c,sC

are small quantities, and

M):rmax
14,02 (18)

X,max

2.2.2  Determination of Point C and Point E

Except Point A(M_,—P.), Point B(M,,,0) and Point D(M_,,P,), the following 3 points will be

X,Ic?



721 G.S Tong and X.G. Li

used to define Point C onthe P—M_ curves:
(Mg, P) s (M5 RO) and (M,R)

X,max % ' sc c

Many P—M_ interaction curves are obtained, several typical curves are shown in Figure 7, they

are plotted with m_ as the abscissa against p as the ordinate, where

M
m, =—> (19a)
MPXO
P
p=> (19b)

Six cases are identified and are listed in Table 2 according to the relative positions of the elastic
centroid axis X and the plastic neutral axis under pure bending around the x axis. The relative
values of axial forces for these 6 cases are also given in Table 2.

Table 2. Classification of Section Type

Position of plastic  Position of Maximum of
Case No neutral axis under  elastic P.,P,P; Figure
pure bending centroid axis X (Point C)
Casela Flange P, Figure 7a
concrete
Caselb Flange concrete Middle flange B Figure 7b
Caselc Web concrete P, Figure 7¢
Case2a , Middle flange  P; Figure 7d
Middle flange .
Case2b Web concrete P, Figure 7e
Case3 Web concrete Web concrete P Figure 71
In Figure 7, the axial force at Point C is
P = max(P;, P, R) (20a)

M . are the bending moments corresponding to P. (i.e. if P.=max(P,,P,,P)=P,, then
M,.=M_;if P.=max(P,P,,P)=P ,then M _.=M_=-M; ). The axial forces at Point C of

xE ?
these 6 cases are listed in Table 2.
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Figure 7. Interaction Curves of L-shaped Section when Plastic Neutral Axis is Parallel to the X-axis
(Notation: FBh, xb, xt,, WB h, xb, xt,, FB=flange box, WB=web box)

According to the characteristics mentioned above, for these six cases, we can use piecewise linear
model ABCD to express the p—m_ curve when the section is under uniaxial compression and

bending around X-axis as
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. - mxn
Line A-B: — —p+m =1 (21a)
l-a,
. l-m .
Line B-C: —=p+m_=1 (21b)
C
; . 1-pc —
Line C-D: p+————(m,-m)=1 (21c)
xC X,IC
where
m _ Mx,rt m _Mx,rc p _i m _ MxC 22
X,rt M ;:XO H X,IC M ;:XO s C PP s xC M ;:XO ( )

The interaction curves of the axial force P and the accompanying bending moment M, are also

shown in Figure 7, they are plotted with m,, as the abscissa against p as the ordinate, where

m = M.
yx M]:—yO (23)

where Mg is the plastic bending moment when the section is under pure bending around the

y-axis and the web box is in compression, it is calculated by a similar method as M, ;.

There are three key points for each curve shown in Figure 7(a2, b2, c2, d2, €2, {2), the bending
moment M, and the axial force P at each point can be represented by

A(M _Ps)’E(M PE)aD(My,rcaPP)

y.rt? y.xE?>

where Point E is related to the plastic neutral axis at the bottom surface of the middle flange (see in
Table 1).

After that, we can use piecewise linear model AED to express the p—m,  — curves in Figure 7 as

. a, —1-p
LineA-E: o, —p _H(m“ - my’n) =1 (24a)
y.xE y.rt
Line E-D: p+1_—pE(m .—m rc):1 (24b)
my,xE - my,rc g g

In Figure 7(a2, b2, c2, d2, e2, f2), the bending moment M yx and the axial force P at Points A'-D’

are also rotationally symmetrical with Points A-D about the point (l( M . +M ),l P j .
2 y.r y.re 2 Cc
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After the right of the P—M_ and P-M _ curves have been formulated, the left of these curves
can be found using the rotational symmetry. Similarly, the P—M —M_ curve can be found when

the plastic neutral axis is parallel to the y-axis.
2.2.3  Simplified equations for practical application

Designers truly need simple design equations for L-shaped and T-shaped CFTs, so we simplify Eq.
21 and Eq. 24 for practical application.

Based on the results of a large number of examples, when the section is in full tension, we take the
coordinate of Point A as (0,—P,) approximately. When the section is in full compression, we take

the coordinate of Point D as (0,P)).

So Eq. 21 can be simplified as

P M

Line A-B: ——+—*=1 (25a)
Ps Px0
Line B—C:(I—M—jc]iJr Mf =1 (25b)
MPxO PC MPxO
Line C-D: 3+ 1—i M, =1 (25¢)
P P ch

Eq. 24 can be simplified as

P P M
Line A-E: —+|1+-2& | — =1
Ps ( Ps J My,xE (263)
M
Line E-D: £+ {1 —&ji =1 (26b)
PP PP My,XE

Obviously, Eq. 25 and Eq. 26 are simple enough and can be used by designers conveniently.

3. P-M,-M, RELATIONS OF L-CFT SECTIONS

An ultimate yield surface of the L-CFT section under biaxial bending and axial force is shown in
Figure 8, the curves are plotted with m, as the abscissa and m, as the ordinate for a given axial

force ratio p.
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Figure 8. m _—m, Curves of L-shaped Section under Biaxial Bending and Axial Force

There are 4 key points on each m,—m,curve for a prescribed value of p, the coordinates of these

4 key points are given as (m,m,;), i=1,2,3,4:

Point (m,,m,,) is the right-most point of each curve,
Point (m,,,m,,) is the highest point of each curve,
Point (m,,m;) is the left-most point of each curve,

Point (m,,m,,) is the negative highest point of each curve.

It has been found that they are points when the plastic neutral axis is parallel to the X axis or the y
axis, so they can be calculated by equations presented in Section 2.

Figure 9(a) shows a plastic neutral axis passing through a rectangular section, the upper part is in
compression. If it is a concrete section, the axial force and bending moment are

P=2b(d—e)f, (27a)

M, =bf, [d*—(e+btand)’ |+2b°f, (etan&—%btanz 9) (27b)
2 3

M, = Eb f, tan@ (27¢)

when the parameter € is unchanged, and the neutral axis crosses two vertical boundaries, then the
axial force is constant.
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Figure 9. The Influence of Plastic Neutral Axis on the Axial Force and Bending Moment

Differentiate M with respect to @, and let the derivative be zero:

1

dMX —
cos’ @

déo

0

= {—2b2 (e+btand) f, +2b*f, (e —%btan HH

from which, we obtain 6=0.
The second derivative is

2sin @
cos’ 6

2
%:(—2b3f0k—§b3f0kj ! +[—2b2(e+btan6?) fck+2b2(e—§btan9j fck}

cos’ @
and its value at =0 1is

d*M

X

de’

38
3

=2b°f,

6=0

b*f, <0

That is, when the plastic neutral axis is parallel to the X axis, M

X

is a maximum. If the rectangle

is in steel, this conclusion is also valid, and M _ is either a maximum or a minimum (negative

maximum).

Figure 9(b) shows the L-shaped CFT section with a sloped neutral axis and the coordinate system.
From the above derivation it can be deduced that for the L-shaped CFT section, when the plastic
neutral axis is parallel to the X or y axis, the bending moment is either a maximum or a minimum
under a prescribed axial force, because the L-CFT section can be seen a combination of several

rectangular steel and concrete subsections.

Points (M, m;) divide the m —m_ curves into four segments, they can be fitted by

xi 2

On the upper right side m, <m <m ,m <m <m,:

2-p 2-p
[mx_mﬂj + my_m)’l =1
mxl - mx2 my2 - myl

(28a)
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On the upper left side m,<m_<m

1.6+ip
[ mx2 _ mx j
mx2 - mx3

y3 =

s My <M <m,

1A6+% p
. m, —m,, 1
my2 - my3

On the lower right side m,, <m_<m ,m, <m <m,:

2-p
mx — mx4
+
mxl - mx4

2-p
m,, —m, J .

myl - my4

On the lower left side m,<m <m,m,6<m <m;:

1.6+§ p 1<6+§ p
(mx4_mx] + m)’3_m)’ =1
mx4 - mx3 my3 - my4

Table 3. Parameters of Examples

N romm_ seotonmm (V) 6 (Nimr') e
1 160x160x8 160x160x8  26.8 345 0.290
2 200%x200x6 200x200x6  26.8 345 0.418
3 100%200%6 100x350%6  26.8 345 0.301
4 200%x400x8 200x700x12  20.1 235 0.359
5 200%x400x8 250x450x10 38.5 235 0.568
6 250%350%6 200x400x8  20.1 235 0.462
7 100x250%6 100x250x6  38.5 235 0.471
8 200%400x8 200x400x10 38.5 235 0.539

(28b)

(28¢)

(28d)

Table 3 list 8 L-CFT sections with different values of f, and f , they are adopted to check the

accuracy of Eq. 28. In Figure 10, solid lines show theoretical results based on full plasticity
assumption, they are compared with Eq. 28 which are represented by dot lines, good agreements

are achieved.

Eq. 28 can be used to calculate the ultimate yield surfaces of L-CFT of different parameters, it
should be noted that the width-to-thickness of the section need to be limited to prevent the local

plate buckling. Both flange and web box are required to satisfy (

1

b h b, h|_
-2 2 1<60,[235/ f, .
t 't t, ] Y

2
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Figure 10. Comparison of Theoretical Results with Eq. 28
(Solid line: Theoretical Results, Dotted Line: Eq. 28

4. CONCLUSION

The maximum yield strength of concrete filled L-shaped tube section under biaxial bending and
axial force was studied. In the maximum strength state, the steel reaches its yielding strength while
the concrete reaches its characteristic strength of compression with neglecting the part under
tension.

First the plastic strengths under uniaxial compression and bending are investigated, the
characteristics of the axial force-bending moment interaction curves are revealed, the rotational
symmetry of the whole interaction curve is verified mathematically. Results show that when the
L-CFT section is under uniaxial compression and bending around the X axis, there are 6 cases
according to the positions of elastic centroid axis and plastic neutral axis under pure bending,
P-M, and P—M_ curves are approximated by multilinear expressions respectively using the

values (P, M, M ) ofthe key points in different positions of plastic neutral axis.

Under axial force and biaxial bending of L-CFT section, a series of m,—m, curves under different

axial force ration p are presented. Examples show that the ultimate bending moment around x and y
axis is maximum when the plastic neutral axis is parallel to X and y axis respectively, this
characteristic is also verified mathematically. These maximum points are then used to help
formulate the p-m, —m_ equations of the L-CFT section. According to the comparison of a large

number of examples, the proposed formulas are accurate enough and on the safe side.
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