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BEHAVIOUR AND MATHEMATICAL MODEL FOR 

SEMI-RIGID THREADED-SLEEVE CONNECTION 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Threaded-sleeve connection (TSC) is a new type of semi-rigid connection for spatial grid structures. In this paper, bending 

behaviour of the TSC was analyzed and a mathematical model for prediction of moment-rotation behaviour was proposed. 

Firstly, experiments were conducted to investigate the bending performance and damage form of the TSC. The 

moment-rotation curves of the specimens were obtained as well. Then, solid finite element model was established through 

ANSYS. Comparing the theoretical analysis and experiments, it was observed that the numerical results agreed well with 

the experimental data, which indicates the feasibility of the finite element analysis method. Finally, the calculation formul as 

of the initial moment and the initial rotation of the TSC were obtained through MATLAB curve fitting. The shape parameter 

n was determined. Based on the Kishi-Chen power model, the moment-rotation model of the TSC was developed. 

Therefore, it will be possible to take into account semi-rigid analysis for a spatial grid structure with TSC easily and find the 

more actual behaviour of the structure. 
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1.  Introduction 
The joint of spatial grid structures is regarded to be either pinned or rigid, 

which simplifies the design procedure normally. However, the disadvantage of 

such approach is the structures just working at part of their ultimate strength, 

thus the components of the structure are lightly stressed [1]. And most joints of 

spatial grid structures actually exhibit semi-rigid deformation behaviour, which 

contributes substantially to overall force distribution among the members [2]. 

Since 1980s, interest in the effect of semi-rigid joint on the behaviour of 

spatial grid structures has grown significantly. It is concluded from previous 

publications [3, 4] that the rigidity of the joints makes considerable effects on 

the load-displacement of spatial grid structures. Meanwhile, it is an important 

factor on the capacity and failure form of the structures [5-9]. Fan et al. [10] 

proposed a new classification system for joints in spatial grid structures. And 

some general theoretical formulations and computational algorithms have been 

developed for spatial grid structures. However, these theoretical methods are 

proposed on some assumptions, in which the bending rigidity of the joint is 

defined as linear elastic springs [7, 11-13], which could not reflect the 

non-linear rigidity of the joint clearly. Cao et al. [14] and Ma et al. [15, 16] 

proposed a numerical method to simulate the property of spatial grid structure 

with semi-rigid joints through defining the non-linear rigidity of the joints as 

non-linear springs. Based on this method, the first issue of the research on 

spatial grid structures with semi-rigid joints is seeking for an approach to 

predict or obtain the non-linear rigidity of the joints. 

The semi-rigidity of a joint is usually described by the moment-rotation 

(M-θ) curve. For spatial grid structures, the semi-rigidity of most commonly 

used connections has been studied. The experimental study conducted by Ueki 

et al. [17] illustrated the M-θ relationships for the semi-rigid ball joints of S14, 

D14 and D06. Elsheikh [18] obtained the bending stiffness of one type of 

flexible member-end joint system through experiments. Chenaghlou [6] found 

that the compressive axial force had important effects on the M-θ characteristics 

of the MERO joints. And he proposed a three parameter exponential model of 

the M-θ behaviour of the ball joints and MERO joints. López et al. [11] 

investigated the rigidity of the ORTZ joints by experimental and numerical 

methods. Ma et al. [15] investigated the M-θ characteristics of bolt-ball joints, 

which exhibited significant non-linearity of joint response even at an early stage 

of loading. Fan et al. [19] experimentally studied the semi-rigidity of socket 

joints and bolt-ball joints subjected to bending with/without axial force. Cao et 

al. [14] and Ma et al. [15, 16] studied the semi-rigid bolt-ball joint and its 

application in single-layer shells. 

In order to better research the mechanical properties of the spatial grid 

structures with semi-rigid joints, it’s necessary to propose mathematical models 

for the prediction of the M-θ curves of these joints. Several kinds of 

mathematical models for M-θ curves have been proposed for steel 

beam-to-column joints, i.e. linear model, polynomial model, exponential model 

and power model [20-22]. With such models, the connections may be simulated 

as spring elements with M-θ behaviour in the nonlinear analysis of semi-rigid 

structures [14-15, 21, 23]. However, as for spatial grid structures, only a few 

prediction methods for the jointing systems have been proposed. Chenaghlou et 

al. [6, 24] proposed an exponential mathematical model for ball joints utilized 

in spatial grid structures. However, the parameters of this model (i.e. ultimate 

moment capacity and initial stiffness) have to be obtained by additional 

experimental tests or plastic analysis, which is inconvenient for its application. 

Kishi and Chen [25] collected available experimental results and set up 

steel joint data banks, including the test data and some predictive equations for 

steel beam-to-column joints. Kishi-Chen power model is one of the practical 

models [20, 26] as illustrated in Fig. 1 and Eq. 1. 

 

 

Fig. 1 Kishi-Chen power model 

 
𝑀 =

𝑅𝑘𝑖𝜃𝑟

{1+(𝜃𝑟/𝜃0)𝑛}1/𝑛
                                              (1 ) 

 
where Mi and Mu are the initial moment capacity (elastic stage) and the ultimate 

moment capacity respectively. Mu equals to 1.75Mi. Rki is the initial stiffness, Ɵi 

is the initial rotation (elastic stage), Ɵ0 is the equivalent plastic rotation, Ɵ0 = Mu 

/ Rki, Ɵr is the arbitrary rotation and n is the shape parameter [26]. Kishi-Chen 

power model is still a three parameter model. In order to propose a model for 

joint, it’s better to propose models for the initial moment, the initial rotation and 

the shape parameter n. 

Threaded-sleeve connection for spatial grid structures, named as TSC, 

consists of welded ball and thread joints, and realizes the space connection of 

the grid structures through threads, as illustrated in Fig. 2 [27]. In order to better 

investigate its mechanical property, it is necessary to analyze its rigidity clearly 

before its application. 
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Fig. 2 Schematic of the TSC 

 

The objective of this paper is to summarize the semi-rigid behaviour of 

the TSC and propose its mathematical model based on Kishi-Chen power 

model for prediction of M-θ curve. Firstly, experiments are conducted to 

research the bending performance and damage form of the TSC and obtain its 

M-θ curves of the specimens. Secondly, solid finite element model of the 

specimen is established through ANSYS and static analysis is performed to 

simulate the bending performance of TSC and the M-θ curve for comparison. 

Thirdly, the calculation formulas of the initial moment and the initial rotation 

of the TSC are derived from MATLAB curve fitting. The shape parameter n is 

determined. Based on the Kishi-Chen power model, the moment-rotation 

model of the TSC is developed. 

 
2.  Experimental study 

 
To illustrate the bending performance and failure form of the TSC, pure 

bending experiments were carried out. 

 

2.1. Specimen and instrumentation 

 

Most geometric parameters of the TSC specimens besides the pitch of 

threads in this study were designed according to literature [27]. To satisfy the 

processing conditions, the pitch of threads for the specimens was 2 mm, which 

is different from 3 mm (half of the wall thickness of the joints) in literature 

[27]. However, it didn’t have effect on semi-rigid behaviour of the TSC. Two 

kinds of steel with yield strength of 235MPa and 345MPa named as Q235 and 

Q345 were utilized for joints and tube respectively [28]. Therefore, the 

strength of tubes is much larger than that of the joints, which ensures that the 

joints yield or break earlier than structural members. The material properties 

of Q235 were obtained from tensile tests on coupons according to the Chinese 

mechanical testing standard [29]. The tested yield strength, the ultimate tensile 

strength and the elastic modulus of Q235 is 245.5 MPa, 383.3 MPa and 181.8 

GPa, respectively. 

The details of the connection are shown in Fig. 3, in which the size of the 

welded ball was Φ200 mm×8 mm, and the wall thickness of Joint-1 and 

Joint-2 was 4 mm. And the pitch of the threads was 2 mm. The greater wall 

thickness of the tubes is provided to prevent the instability and local buckling 

in the tube earlier than the failure of the joints [19]. The small square steels on 

the specimens were used to fix the dial gauges. The short tube on the bottom 

of the ball was used to test the horizontal displacement of the specimen, which 

enables the reduction of the measurement error of vertical displacement. 

 

 

 

(a) The configurations of connection 

 

 

(b) The configurations of specimen 

Fig. 3 The details of specimen (mm) 

 

2.2. Loading scheme 

 

Fig. 4(a) presents the loading frame for the experiments, which shares 

sufficient stiffness. The forces were loaded through two manual screw lifts and 

measured by force sensors. The support form was hinged by setting the 

specimen on the solid round steel bar, shown in Fig. 4(b). The strain gauges 

were located at the end of the tube, the end of the joints and middle of the 

threaded-sleeve, shown in Fig. 5. The gauge at the end of the tube is to monitor 

the tube failure in the whole load steps. The displacements were measured by 

dial gauges. The arrangements of the force sensors and dial gauges are also 

shown in Fig. 5. 

 

  

(a) Loading frame (b) Support form 

Fig. 4 Loading frame and support form 

 

 

Fig. 5 The arrangement of strain gauges and force sensors 

 

In first stage, the specimens were subjected to a small load and unloaded in 

order to ensure the loading apparatus and the dial gauges were working properly, 

which will allow the different parts of the specimen to work as a whole [19]. 

During the test, load increment of every step was 0.5 kN. Due to the 

symmetrical load of the two lifts, the whole connection was stayed in pure 

bending. The bending moment was applied by means of the load (P) and the 

distance between the load point and the support (L). Each load step kept 15 

minutes to ensure the stability of the test results. The rotation could be 

calculated with the displacements of each part. Fig. 6 depicts the loading and 

bending moment calculation diagram for specimens subjected to pure bending. 

 

 

Fig. 6 Loading condition and mechanical diagram 
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2.3. Experimental results 

 

The failure of the specimens can be describes as two steps. Step 1: the 

extended part of threads yielded and the specimen flexed, as shown in Fig. 7(a). 

During this step, the extended parts of the threads yielded, which indicates the 

connection out of work. Step 2: one thread of Joint-1 engaged with the sleeve 

(on the tensile area) slid out from the sleeve, as shown in Fig. 7(b). This failure 

process could be called thread stripping, which resulted from the deformation 

un-compatibility and contact status change between the threaded-sleeve, Joint-1 

and Joint-2 during loading. However, after the tripping finished, the connection 

was able to continue bearing the load without occurrence of brittle failure, since 

the load could continue to redistribute to another thread. This is a positive 

feature of the TSC. 

 

 

(a) Step 1: flexure 

 

   

(b) Step 2: thread stripping 

Fig. 7 Failure forms of the specimens 

 

The bending performance of the connections can be represented by M-θ 

curves that describe the relationship between the applied bending moment M 

and the corresponding rotation θ of the connection. Fig. 8 shows the M-θ 

curves of the specimens subjected to pure bending. During the initial stage, 

with the increasing of the moment, the rotation of the specimens increases 

linearly (elastic stage). The average initial bending stiffness of specimens is 

around 492.6 kN·m/rad. When the moment reaches 2.6 kN·m (average value 

of the specimens), the growth trend slows down. The moment here refers to 

the moment of the interface of the Joint-2 and the tube. The average post-limit 

stiffness of specimens is around 126.6 kN·m/rad. 

 

 

Fig. 8 M-θ curves of the specimens 

 

3.  Numerical simulation 

 

3.1. FEA model 

 

Finite element analysis (FEA) for TSC were performed with the program 

ANSYS. The FEA model of the specimen is established according to literature 

[27]. The threads were simplified as horizontal zigzags [30, 31]. 

The material of the TSC model is Q235, with elastic modulus E of 

2.01×105 MPa and Poisson's ratio of 0.3. The measured yield strength of the 

material is 250 MPa. Q235 is anisotropic bilinear hardening material with 

strain-hardening modulus of 0.02 [32, 33]. 

The model is meshed with hexahedral solid elements Solid185 in ANSYS, 

and contact elements Targe170 and Conta174 are used to simulate the contact 

pairs between threads and the contact pairs between the end faces of joints, see 

Fig. 9(a). All the contact pairs are surface-surface contact and are set as type 

of Standard. Coulomb friction is used in the tangent direction of the contact 

surface. For contact between threads, the friction coefficient is 0.12 [34-35]. 

And for contact between Joint-1 and Joint-2, the friction coefficient is 0.3 

[34]. 

All FEA models are performed with the nonlinear geometry. In order to 

simulate the features of the TSC, the nodes of the left hemisphere of the 

welded hollow ball joint are fixed, which makes the connection subjected to 

pure bending, see Fig. 9(b).  

A Mass 21 element with small mass of 0.0001kg is established in the 

center of the surface 1-2 and coupled with all nodes in this surface to simulate 

the bending state of the connection. The bending moment is loaded on this 

element, as shown in Fig. 9(b). 

 

 

(a) Meshing of FEA model 

 

 

(b) Boundary conditions and load 

Fig. 9 Meshing and boundary condition of FEA model 

 

3.2. Simulation results 

 

Fig. 10 shows the von-mises stress nephogram of the specimen under 

moment of 2.0 kN·m. The stress nephogram of the integral model is shown in 

Fig. 10(a). Due to the small geometric size, the stress concentration is easy to 

occur between the threads. This should be ignored in the discussion. Fig. 10(b) 

presents the stress nephogram of the welded ball. The maximum stress is 233 

MPa. As illustrated in Fig. 10(c), the maximum stress of the joints situates at 

the extended part of threads. The stress of the compression zone is larger than 

that of the tension zone. Fig. 10(d) is the stress nephogram of the 

threaded-sleeve, the maximum stress situates at the middle. Overall, the most 

weakness area of the TSC locates in the extended part of threads of Joint-1, 

which agrees with the failure step 1 of the tests. 

 

 

 

 

(a) The stress nephogram of the integral model 
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(b) The stress nephogram of welded ball 

 

 

(c) The stress nephogram of joint-1 and joint-2 

 

 

(d) The stress nephogram of the sleeve 

Fig. 10 The stress nephogram of the model (MPa) 

 

3.3. Comparison between the numerical results and experimental data 

 

Fig. 11 presents the comparison between the M-θ curves of the FEA 

model and the specimens. The initial moment of the FEA model is 2.5 kN·m, 

and it is about 3.85% smaller than that of the average test results. The initial 

stiffness of the FEA model is 587.3 kN·m/rad, which is about 9% larger than 

that of the tests. The average post-limit stiffness of the FEA model is 19.1 

kN·m/rad, which is about 19.2% larger than that of the tests. The error 

between the tests data and the simulation results possibly comes from not only 

the adoption of experience value for the friction coefficient of the specimens 

used in the simulation, but also the hard determination of the practical 

machining accuracy of the threads. 

Fig. 12 illustrates the stress of partial measuring points (i.e. tips of Joint-1 

and Joint-2, middle of the threaded sleeve) of the FEA model and Specimen-2. 

As illustrated in Fig. 12, it is shown that the FEA method can simulate the 

stress state of the specimen accurately. 

The comparisons above illustrate that the numerical model provides a 

reasonable estimation of the practical behaviour of the TSC. 

 

 

Fig. 11 Comparison of tests data and simulation results 

 

  

(a) Stress of joint-1 (top) (b) Stress of joint-1 (bottom) 

  

(c) Stress of the sleeve (top) (d) Stress of the sleeve (bottom) 

  

(e) Stress of joint-2 (top) (f) Stress of joint-2 (bottom) 

Fig. 12 Comparison of stress for TSC 

 
3.4. Parametric analysis 

 

According with literature [27], the pitch of threads is half of the wall 

thickness of the joints. Thus, the influence factors on the bending performance 

of the TSC are the material of the connection, outer-diameter and wall 

thickness of the joints. On the basis of the FEA method proposed in this 

section, to discuss the influence of the parametric of the TSC on its bending 

performance, this study obtained 90 groups of M-θ curves of different 

connections with material of Q235 and Q345, outer-diameters of joints of 32 

mm-160 mm, wall thickness of joints from 3 mm to16 mm. 

Fig. 13 shows the influence of diameter of joints on initial moment of the 

connections. It is obviously that the initial moment increases with the 

increasing of diameters nonlinearly. Fig. 14 presents the influence of wall 

thickness of joints. Moreover, the initial moment increases with the increasing 

of wall thickness. 

 
 
 
 

 

Fig. 13 Influence of diameter on initial moment 
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Fig. 14 Influence of wall thickness of joints on initial moment 

 
4.  Mathematical model 

 

4.1. Mathematical model derivation 

 

The preceding research studied the semi-rigidity of TSC, and proposed its 

FEA method. However, the simulation method is complex for further research 

and its application in real project. Thus, a mathematical model for semi-rigid 

behaviour of the TSC is needed. Hence, the model of TSC is proposed on the 

basis of Kishi-Chen power model in this paper. 

The following basic assumptions are made: 

(1) The material is assumed to be linearly elastic perfectly plastic for the 

connection; 

(2) The deformation of the connection assemblage is relatively small; 

(3) The failure occurs as the plastic collapse mechanism is formed in the 

connection. 

Eq. 2 is the calculating formula for the initial bending moment of tube 

with circular cross section. Based on Eq. 2, the calculating formula for the 

initial bending moment of the TSC is obtained through MATLAB curve fitting, 

as illustrated in Eq. 3. 

 
𝑀𝑚𝑎𝑥 = [𝜎]𝑊𝑧 = [𝜎]

π

32𝐷
[𝐷4 − (𝐷 − 𝑡)4]                          (2) 

 
𝑀𝑖 =

π

32𝐷
[(0.9022𝐷)4 − (0.9060𝐷 − 1.9325𝑡)4][𝜎]                 (3) 

 
In Eq. 2 and 3, D is the outer-diameter of Joint-1 and Joint-2, t is the wall 

thickness of the joints and [] is the allowable stress of the material. 

The calculation formula for moment can be described as 

 
𝑀𝑚𝑎𝑥 =

𝜃𝐸𝐼

𝐿
                                                   (4) 

 
where E is the elastic modulus, I is the inertia moment and L is the 

effective calculating length. 

On the basis of Eqs. 3-4, the calculation method for the initial rotation of 

the TSC is obtained through MATLAB curve fitting, as shown in Eq. 5. 

 
𝜃𝑖 =

[𝜎](10.731+95.108𝑃)

𝐷𝐸
                                           (5) 

 
where P is the pitch of threads, P=t/2. 

Thus, the initial bending stiffness (Rki) of the TSC is equal to Mi / Ɵi. The 

equivalent plastic rotation (Ɵ0) is equal to Mu / Rki. 

Based on the Kishi-Chen power model (Eq. 1), different shape parameters 

(n) for TSC with different configurations were obtained through curving 

fitting as well, as shown in Table 1. 

 
Table 1 

Shape parameters (n) of the TSC 

Outer-diameter of Joints /mm n 

32<95 2.2 

95<130 2.1 

130170 2.7 

 
Based on Eq. 3, Eq. 5 and Table 1, the mathematical model for semi-rigid 

behaviour of the TSC can be summarized as 

 

𝑀 =
𝑀𝑖𝜃𝑟

𝜃𝑖{1+(0.5714𝜃𝑟/𝜃𝑖)
𝑛}1/𝑛

                                    (6) 

 
4.2. Mathematical model validation 

 

According to Eq. 3, the initial moment of the specimen is 2.1 kN·m, 

which is 10.5% larger than the average result of the specimens. As the pitch of 

the specimens is not strictly machined in accordance with literature [27], and 

the ratio of pitch to wall thickness has great influence on the M-θ behaviour of 

the connection, the M-θ curves of the specimens are not appropriate to validate 

the fitting effect of the proposed mathematical model here. 

Take 4 connections (C1-C4) as numerical examples to validate the 

proposed mathematical model. The material and geometric parameters are 

shown in Table 2. 

 
Table 2 

Material and parameters of C1-C4 

No. Material 

Outer-diameter of 

Joints /mm 

Wall thickness of 

Joints /mm 

Pitch of threads 

/mm 

C1 Q235 60 4 2 

C2 Q345 60 4 2 

C3 Q235 140 8 4 

C4 Q345 140 8 4 

 
Fig. 15 compares the M-θ curves of C1-C4 obtained through FEA method 

and the proposed mathematical model. It is observed that the proposed 

mathematical model agrees well with the FEA method, which indicating that 

the mathematical model can predict well the semi-rigid behaviour of the TSC. 

It will be useful for the further research on the mechanical performance of 

single-layer spatial grid structures with TSC. 

 

 

(a) M-θ curves of C1 and C2 

 

 

(b) M-θ curves of C3 and C4 

Fig. 15 Comparison of M-θ curves based on different methods 

 

5.  Conclusions 

 

In this paper, the semi-rigid behaviour of the TSC is studied through pure 

bending experiments and numerical simulation. And its mathematical model 

based on Kishi-Chen power model for prediction of M-θ curve is proposed. 

The main conclusions of the investigation are summarized as follows: 

(1) Pure bending experiments are conducted to study the bending 

performance and damage form of the TSC and obtain the M-θ curves of the 

specimens. The failure process of the TSC is flexure first and then followed by 

thread stripping. After the stripping, the connection is able to continue bear the 

bending, and there is no brittle failure or broken in the tests. 

(2) The FEA model of the specimen is established through ANSYS. The 
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bending performance of the TSC is analyzed and the M-θ curve is obtained to 

compare with the test results. It is illustrated that the numerical results fit well 

with the test data, indicating that the FEA method can provide a reasonable 

estimation of the practical behavior of TSC. 

(3) On the basis of a series of parametric analysis, the calculation formula 

of the initial moment and the initial rotation of TSC are obtained through 

MATLAB curve fitting. The shape parameter n of TSCs with different 

outer-diameters of joints is determined. 

(4) Based on Kishi-Chen power model, the M-θ mathematical model of 

the TSC is obtained. The validity of this model has been verified using four 

numerical examples. The model has been found to perform well for TSC. 

Therefore, it will be possible to take into account semi-rigid analysis for a 

spatial grid structure with TSC easily and find the more actual behaviour of 

the structure. In spatial grid structures, most joints exhibit semi-rigid 

behaviour. It will be useful for the design and application of spatial grid 

structures with semi-rigid joints. 

 

Acknowledgments 

 

The authors are grateful to the financial support of National Natural 

Science Foundation of China (Grant Nos.: 51578019 and 51378031) and the 

Beijing Natural Science Foundation (Grant No.:8152006). 

 

References 

 
[1] Turvey G.J., “Analysis of pultruded glass reinforced plastic beams with semi-rigid end 

connections”, Composite Structures, 38(1-4), 3-16, 1997. 

[2] Emmanuel A. and Glenn M., “Moment-rotation functions for steel connections”, Journal of 

Structural Engineering, 117(6), 1703-1718, 1991. 

[3] See T. and McConnel R.E., “Large displacement elastic buckling of space structures”, 

Journal of Structural Engineering, 5(112), 1052-1069, 1986. 

[4] Fathelbab F.A., The Effect of Joints on the Stability of Shallow Single Layer Lattice Domes, 

Ph.D. Dissertation, University of Cambridge, Cambridge, 1987. 

[5] López A., Puente I. and Serna M.A., “Numerical model and experimental tests on 

single-layer latticed domes with semi-rigid joints”, Computers and Structures, 85(7), 

360-374, 2007. 

[6] Chenaghlou M.R., Semi-Rigidity of Connections in Space Structures, Ph.D. Dissertation, 

Department of Civil Engineering, University of Surrey, Guildford, October, 1997. 

[7] Chenaghlou M.R. and Nooshin H., Response of Semi-Rigidly Jointed Space Structures, 

Space Structures 5, Thomas Telford, 2002. 

[8] Kato S., Mutoh I. and Shomura M., “Collapse of semi-rigidly jointed reticulated domes with 

initial geometric imperfections”, Journal of Constructional Steel Research, 48(2), 145-168, 

1998. 

[9] Zhang H.D. and Han Q.H., “A Numerical investigation of seismic performance of large span 

single-layer latticed domes with semi-rigid joints”, Structural Engineering and Mechanics, 

48(1), 57-75, 2013. 

[10] Fan F., Ma H.H., Cao Z.G. and Shen S.Z., “A new classification system for the joints used in 

lattice shells”, Thin-Walled Structures, 49(12), 1544-1553, 2011. 

[11] López A., Puente I. and Serna M.A., “Direct Evaluation of the buckling loads of semi-rigidly 

jointed single-layer latticed domes under symmetric loading”, Engineering Structures, 29(1), 

101-109, 2007. 

[12] Lee K.S. and Han, S.E., “Semi-rigid elasto-plastic post buckling analysis of a space frame 

with finite rotation”, Advanced Steel Construction, 7(3), 274-301, 2011. 

[13] Shon S.D, Hwang K.J. and Lee S.J., “Numerical evaluation of buckling behaviour in space 

structure considering geometrical parameters with joint rigidity”, J. Cent. South Univ., 21(3), 

1115-1124, 2014. 

[14] Cao Z.G., Du P., Chen Z.M. and Wan Z.S., “The stability and stressed skin effect analyses of 

an 80m diameter single-layer latticed dome with bolt-ball joints”, International Journal of 

Steel Structures, 16(2), 279-288, 2016. 

[15] Ma H.H., Fan F. and Shen S.Z., “Numerical parametric investigation of single layer latticed 

domes with semi-rigid joints”, Journal of the International Association for Shell and Spatial 

Structures, 49(2), 99-110, 2008. 

[16] Ma H.H, Fan F., Wen P. and Shen S.Z., “Experimental and numerical studies on a 

single-layer cylindrical reticulated shell with semi-rigid joints”, Thin-Walled Structures, 86, 

1-9, 2015. 

[17] Ueki T., Matsushita F., Shibata R. and Kato S., “Design procedure for large single-layer 

latticed domes”, Space Structures, 4(1), 237-246, 1993. 

[18] Elsheikh A.I., “Numerical analysis of space trusses with flexible member-end joints”, 

International Journal of Space Structure, 8(3), 189-197, 1993. 

[19] Fan F., Ma H.H., Chen G.B. and Shen S.Z., “Experimental study of semi-rigid joint systems 

subjected to bending with and without axial force”, Journal of Constructional Steel Research, 

68(1), 126-137, 2012. 

[20] Kim S.E. and Choi S.H., “Practical advanced analysis for semi-rigid space frames”, 

International Journal of Solids & Structures, 38, 9111-9131, 2001. 

[21] Liew J.Y.R., Chen W.F. and Chen H., “Advanced inelastic analysis of frame structures”, 

Journal of Constructional Steel Research, 55(1), 245-265, 2000. 

 

[22] Hsieh S.H., “Analysis of Three-Dimensional Steel Frames with Semi-Rigid Connections”, 

Structural Engineering Report 90-1, School of Civil and Environmental Engineering, Cornell 

University, Ithaca, NY, 1990. 

[23] Chen W.F., Goto Y. and Liew J.Y.R., “Stability Design of Semi-Rigid Frames”, John Wiley 

& Sons Inc, New York, 1996. 

[24] Chenaghlou M.R., Nooshin H. and Harding J.E., “Proposed mathematical model for 

semi-rigid joint behaviour (M-θ) in space structures”, International Journal of Space 

Structures, 29(2), 71-80, 2014. 

[25] Kishi N. and Chen W.F., “Semi-rigid steel beam to column connections: data base and 

modeling”, Journal of Structural Engineering, 115(1), 105-109, 1989. 

[26] Kishi N. and Chen W.F., “Moment-rotation relations of semi-rigid connections with angles”, 

Journal of Structural Engineering, 116(7), 1813-1834, 1990. 

[27] Li S.Y., Li X.Y., Xue S.D. and Ye J.H., “Strength performance of threaded-sleeve connector 

under axial force”, Advances in Structural Engineering, 19(7), 1177-1189, 2016. 

[28] GB/T 700-2006, “Carbon Structural Steels”, 2006, Beijing, Standards Press of China. (in 

Chinese) 

[29] GB/T 2975-1998, “Steel and Steel Products-Location and Preparation of Test Pieces for 

Mechanical Testing”, 1998, Beijing, Standards Press of China. (in Chinese) 

[30] Liu N. and Bu G.G., “Calculation of load capacity of bolt hole”, Proceedings of the 5th China 

CAE Engineering Analysis Technical Conference, Lanzhou, China, 170-172, 2009. (in 

Chinese) 

[31] Tanaka M., Miyazawa H., Asaba E. and Hongo K., “Application of the finite element 

method to bolt-nut joints - fundamental studies on analysis of bolt-nut joints using the finite 

element method”, Bulletin of the JSME, 24(192), 1064-1071, 1981. 

[32] Chen J., “Stability of Steel Structures Theory and Design”, Science Press, Beijing, 2001. (in 

Chinese) 

[33] Guo B. and Liu F., “Strength and stiffness of tubular L-joints”, Engineering Mechanics, 

22(6), 1047-1059, 2005. (in Chinese) 

[34] Eugene A. A., Theodore B. III and Ali M. S., “Mark’s Standard Handbook for Mechanical 

Engineers”, 11th Edition, McGraw-Hill Companies, Inc, New York, 2007. 

[35] Satoshi I., Takashi Y., Atsushi I. and Shinsuke S., “Three-dimensional finite element 

analysis of tightening and loosening mechanism of threaded fastener”, Engineering Failure 

Analysis, 12(4), 604-615, 2005. 

 



 

 
 

Advanced Steel Construction – Vol. 15 No. 2 (2019) 129–136 
DOI:10.18057/IJASC.2019.15.2.2 

129 

 
 

MECHANICAL PROPERTIES OF CORRODED HIGH PERFORMANCE STEEL 

SPECIMENS BASED ON 3D SCANNING 
 

Lin-fa Xiao1, Jian-xin Peng1,*, Jian-ren Zhang1 and Chun-sheng Cai2 
 

1School of Civil Engineering, Changsha University of Science and Technology, Changsha, China 

2Department of Civil and Environmental Engineering, Louisiana State University, USA 

*(Corresponding author: E-mail: jianxin_peng78@163.com) 

 

A B S T R A C T  A R T I C L E  H I S T O R Y 

 

An experimental study was performed to investigate the impact of corrosion on the mechanical properties of high 

performance steel (HPS) specimens. Fifteen HPS specimens were designed and subjected to electrochemically accelerated 

corrosion. The geometric features of the specimens were quantified by using 3D scanning technology. Then, tensile tests 

were employed to study the mechanical properties of the corroded HPS specimens. The relationship between the 

mechanical properties of the corroded HPS specimens and corrosion damage was discussed in detail. Meanwhile, a 

three-stage constitutive model was proposed to evaluate the mechanical behaviors of the degraded HPS specimens. Finally, 

a finite element model based on 3D scanning technology was developed and verified to investigate the stress distribution 

and failure of the tensile specimens. Results show that the maximum cross-sectional loss ratio 𝜌𝐴 is a suitable parameter for 

describing the mechanical properties of the degraded HPS specimens. The failure modes of the HPS specimens gradually 

vary from ductile to brittle as 𝜌𝐴 varies from 0% to 50.28%. It is found that the yield or ultimate load decreases linearly as 

the 𝜌𝐴 .increases. The corrosion-induced ductility reduction has an exponential relationship with 𝜌𝐴 . A comparison 

between the numerical results and experimental results shows that the proposed three-stage constitutive model is rational.  
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1.  Introduction 

 

High Performance steel (HPS) is defined differently in each country. In 

the United States, for example, it is defined as steel with high strength, good 

toughness and good weldability, whereas in Europe and China it is defined as 

having one of the excellent properties, such as high strength steel. In this paper, 

HPS represents the high strength steel. Compared with ordinary steel, HPS is 

favored by civil engineers for its higher strength, better ductility, and lower 

thickness effect. At present, HPS has been widely adopted in many 

engineering structures, such as the Minato Ohashi Bridge [1] and the Millau 

Bridge [2]. Because of its good structural performance and economic benefits, 

the research and application of HPS have become the hot topics in the area of 

steel structures. For example, Shi et al. [3] conducted cyclic loading tests on 

HPS, and analyzed its constitutive model and structural reaction. Wang et al. 

[4] carried out bending tests on HPS485W I-beam, and concluded that the 

buckling strength and lateral support of the web played a major role in the 

failure modes of I-beams subjected to bending. Kayser et al. [5] found that the 

yield strength and ultimate strength depend on the thickness and direction of 

the sample, and its good toughness and strength is suitable for structural 

seismic resistance. Considering the influencing factors of repeated loading, 

damage, residual stress, low-cyclic performance, and hysteretic behavior, Li et 

al. [6-7] studied the compressive performance and bending capacity of Q460 

high strength steel columns. Based on the experimental and numerical results, 

Lee et al. [8] evaluated the flexural ductility of the negative bending moment 

of a 690MPa I-beam. These works mainly focus on the mechanical behavior of 

non-corroded HPS specimens or structures. 

Although paint coating is often used to prevent steel structures from being 

corroded, for steel members located in harsh environments such as coastal 

areas, or due to deicing salts and chemical plants, corrosion occurs inevitably 

as the spalling of the coating [9]. This may lead to decrease of cross-section 

dimensions, change the slenderness ratio, cause stress concentration, and 

consequently reduce the bearing capacity of the structures [10]. Therefore, 

corrosion is a major threat to their structural durability and safety performance. 

Many efforts have been directed to study the mechanical behavior of ordinary 

corroded steel specimens or structures. For example, Khedmati et al. [11] 

investigated the strength and failure behavior of randomly corroded steel 

specimens subjected to in-plane compression load, and found that the 

reduction of the buckling strength was greater than that of the ultimate 

strength. Nakai et al. [12] carried out tensile and compressive buckling tests of 

steel specimens subject to pitting corrosion, and suggested that pitting 

corrosion results in a significant reduction in tensile strength and buckling 

strength of steel specimens. Beaulieu et al. [13] found that the compressive 

bearing capacity of angle steel was reduced by corrosion, and a residual 

compression capacity model was proposed based on the residual average 

thickness. With the interaction of corrosion, aging, load and other unfavorable 

factors, deterioration of the structural performance would be aggravated, and 

the structure eventually need to be strengthened or rebuilt. At present, these 

previous works [14-16] have focused on mechanical behaviors of 

non-corroded HPS components and related connections, and few studies have 

been directed on the degradation characteristics of corroded HPS specimens or 

structures. The existing durability design method of HPS is based on the 

research results of ordinary steels, which may lead to unpredictable 

consequences due to the different mechanical characteristics of HPS. 

Therefore, the mechanical behavior of corroded HPS specimens or structures 

needs to be researched. 

A suitable corrosion parameter should be determined to describe the 

corrosion level. In the previous studies, the mass loss rate, the average 

sectional loss rate, and the average corrosion penetration depth were often 

used to characterize the corrosion level of structural components [17-20]. 

These parameters represent the average corrosion degree of specimens. 

However, the corrosion damage of steel is a process with randomness and 

spatial variability, which leads to uneven cross-sectional loss along the length 

of the structure component. As a consequence, the failure condition of 

specimens with non-uniform corrosion cannot be accurately described by 

average corrosion levels. The existing researches [21-23] showed that the 

corrosion degree can be better evaluated by using the maximum 

cross-sectional loss ratio through the calculation of the minimum residual area. 

The traditional method for determining the residual area was first to divide the 

specimen into several parts, and then to weigh them [24]. This method can 

obtain the residual area, but the experimental process was time-consuming and 

the results were rough. These shortcomings hindered the further application of 

the traditional measurement methods to the geometric modeling of corroded 

components due to its complex corrosion surfaces. 

In this study, a new technique, termed as 3D optical scanning, is employed 

to resolve the aforementioned problems. The 3D scanning has the advantages 

of high precision, portability, and high efficiency. Additionally, it can 

automatically reconstruct the shape of the specimen and neglect the influence 

of the surface complexity. There were some efforts on this application to the 

corrosion characteristics and reliability assessment of corroded structures. 

Kashani et al. [25] obtained the geometrical characteristics of corroded steel 

bars based on 3D scanning, and proposed probability distribution models of 

area pitting coefficient, residual second moment of area coefficient, and load 

eccentricity coefficient. Fernandez et al. [26] investigated the influence of 

pitting on the failure process and mechanical properties according to scanning 

results, and a 3D finite element model for simulating the pitting was presented 

and verified. Zhang et al. [27] carried out the time-dependent reliability 

analysis of corroded RC beams on the basis of 3D geometric models. In this 

study, 3D scanning technique was employed to determine the minimum 

residual area of corroded HPS specimens. 

The proposed study aims to explore the impacts of corrosion on the 

mechanical properties of corroded HPS specimens. Fifteen HPS specimens 

were obtained by using electrochemical accelerated corrosion. The geometric 
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features of the specimens were quantified by using 3D scanning technology, 

and the maximum cross-sectional loss ratio 𝜌𝐴 was identified to evaluate 

corrosion damage. Then, the degradation of mechanical properties affected by 

corrosion was discussed after static tensile tests. Further, a three-stage 

constitutive model for the corroded HPS specimens was proposed and 

validated. Finally, a finite element model was established and verified to 

investigate the stress distribution and failure behavior.  

 

2.  Experimental program 

 

2.1. Specimens details 

 

In this study, fifteen 460D steel specimens with a yield strength of 

460MPa and dimensions of 220mm×30mm×8mm (length×width×height) were 

designed and fabricated according to the standard of GB/T 228—2002 [28]. 

Three of the specimens were the non-corroded control specimens. The others 

represent specimens with different corrosion degrees, as summarized in Table 

1. The chemical composition of the specimens is shown in Table 2. The 

specimen details are shown in Fig. 1. 

 

2.2. Accelerated corrosion process 

 

In this research, the mass loss rate was used to control the corrosion time. 

To accelerate the corrosion process, an electrochemical accelerated corrosion 

method was employed. As illustrated in Fig. 2, twelve steel specimens, 

connected in series with copper wires at the central position, were placed in 

the plastic groove with a 5% NaCl solution. To prevent corrosion of the 

gripped end, epoxy resin and waterproof tape were used to wrap it tightly. The 

specimens were linked to the positive end as the anode. One stainless steel 

plate, as the cathode, was connected to the negative end of the DC power 

supply providing a stable electric current of 1000mA. Under the action of 

current, the anode undergoes an oxidation reaction, and the Fe2+ produced on 

the surface of the steel plate is continuously lost. Meanwhile, the cathode 

undergoes a reduction reaction. As a result, electrochemical corrosion occurs, 

and the corrosion rate can be controlled by adjusting the applied electric 

current. In order to achieve the designed degree of corrosion, Faraday's law 

was employed to estimate the duration of the applied corrosion current [29]. 

After reaching a specified corrosion level, the corroded steel specimens were 

taken out from the plastic tank and cleaned according to the procedure 

described in ASTM G1-03 [30], and then the mass loss rate was calculated and 

listed in Table 3. 

 

 

Fig. 1 Dimensions of specimen 

 

 

Fig. 2 Schematic diagram of accelerated corrosion test 

 

 

Fig. 3 A 3D scanning device 

 

Table 1 

Summary of HPS specimens 

Specimen Corrosion Quantity 

D0-i 0 3 

D5-i 5% 3 

D10-i 10% 3 

D15-i 15% 3 

D20-i 20% 3 

(Notes: i represents the sequence number of specimens (i =1, 2, 3).) 

 

Table 2 

Chemical composition of steel specimens 

Material C Si Mn P S Ceq Cr Nb Ni Cu 

Q460D 0.16 0.21 1.48 0.014 0.005 0.42 0.04 0.19 0.01 0.01 

 

 

Table 3 

Mechanical parameters of corroded HPS specimens 

No.  𝜌𝑚  𝜌𝐴 𝐴min(𝑚𝑚
2) 𝐸𝑐(× 10

5)(N/𝑚𝑚2)  𝐹𝑦(kN) 𝐹𝑢(kN) 𝛿𝑢(mm) 

A0avg 0 0 160 1.59 91.01 99.59 5.29 

D5-1 5.97% 19.82% 128.3 0.82 66.43 85.51 4.92 

D5-2 8.14% 22.10% 124.6 1.23 62.39 83.76 4.66 

D5-3 8.14% 23.40% 122.6 1.27 65.04 86.23 4.36 

D10-1 10.36% 26.78% 117.1 2.02 59.55 79.05 4.89 

D10-2 10.65% 26.89% 117 1.62 60.70 81.11 4.76 

D10-3 10.76% 26.96% 116.9 1.95 59.73 79.97 4.78 

D15-1 14.37% 33.68% 106.1 1.12 53.49 75.18 4.52 

D15-2 19.48% 43.45% 90.48 1.42 46.28 65.17 4.49 

D15-3 20.71% 43.69% 90.09 1.16 45.94 62.34 3.83 

D20-1 20.97% 44.97% 88.05 1.49 44.42 62.46 3.37 

D20-2 26.37% 50.28% 79.95 0.65 40.00 56.25 4.11 

D20-3 28.51% 55.75% 71.8 0.74 35.95 50.51 3.06 

where 𝜌𝑚 is the mass loss rate; 𝜌𝐴 is the maximum cross-sectional loss 

ratio; 𝐴𝑚𝑖𝑛 is the minimum residual area;𝐸𝑐 is the elastic modulus;𝐹𝑦 is the 

yield load;𝐹𝑢 is the ultimate load; and𝛿𝑢 is the elongation at the ultimate 

load. 

 



Lin-fa Xiao et al.  131 

 
 

2.3. 3D laser scanning of steel specimens 

 

After cleaning, a 3D scanning device (see Fig. 3) with accuracy of 29 μm 

was employed to reconstruct the geometric model of the corroded specimens. 

Optimized operations, such as filtering and noise processing, were performed 

to obtain more realistic point cloud data by using Geomagic Control software. 

A curved surfaces model was generated based on the point cloud data. Finally, 

the geometrical dimensions of corroded specimens can be determined. All the 

corroded steel specimens were treated with 3D scanning, and some specimens 

were extracted to compare the difference between the real shape and the 3D 

geometry model. As shown in Fig. 4, 3D laser scanning can well reflect the 

surface morphology of corroded steel specimens. 

 

2.4. Monotonic test 

 

All the specimens were tested on the microcomputer controlled 

electro-hydraulic servo universal testing machine, as shown in Fig. 5. The 

extensometer was placed within the gauge range to measure the elongation of 

the specimen [31]. The tensile test was controlled by displacement until the 

specimens failed. The load displacement curve can be automatically recorded 

by the computer, and the characteristic mechanical parameters, such as yield 

load, ultimate load, and elongation can be conveniently determined. The 

tensile test results were shown in Table 3. 

 

3.  Experimental results and discussion 

 

3.1. Maximum cross-sectional loss ratio 

 

To visually appreciate the geometrical characteristics of the corroded HPS 

specimens, the scanned images of steel specimens with different corrosion 

levels are showed in Fig. 6. As Fig. 6 shows, the cross-sectional losses of the 

steel specimens are not evenly distributed both around the width and the 

length of the specimen. The surface of specimen D5-1 with low corrosion 

damage is relatively flat and has small pits. The cross-section sizes of 

specimens reduce gradually as corrosion degree increases, and the large 

corrosion pits even disappeared for seriously corroded specimen D20-3. This 

phenomenon is inconsistent with corrosion behavior of steel bars. This is 

because the diffusion process of chloride ions in each direction for steel bars in 

concrete is variable [32-33]. Fig. 7 presents the cross-sectional area of the 

corresponding specimens. The cross-section profile of specimens varies from 

flat to irregular shape with the increasing corrosion loss. Therefore, the 

weakest cross section position is unknown and is difficult to determine 

through ordinary methods. 

In addition, the residual sectional area with a spacing 3mm along the 

length of specimens was obtained with Geomagic Control software. The 

discreteness of the cross-sectional area is characterized by Discrete Coefficient 

(CV). Fig. 8 plots the variation of cross-sectional areas of specimens. As Fig. 8 

shows, the cross-sectional area of steel specimens decreases gradually from 

130 mm2 to 80 mm2 as the corrosion rate increases from 19.82% to 50.28%. 

The CV increases as corrosion gradually becomes serious. For example, the 

increase of CV in specimen D20-2 is 6.03 times that of specimen D5-1. This 

shows that the cross-sectional distribution is very uneven when a structure is 

corroded seriously. 

Fig. 9 shows the cross-sectional area distribution and fracture position of 

the corroded HPS specimens. As Fig. 9 shows, the areas of steel specimens 

randomly change along the longitudinal direction, which indicates the 

randomness of the corrosion damage. The minimum cross-sectional area of the 

corroded specimen is very close to the fracture position, which suggests that it 

is reasonable to characterize mechanical properties of the corroded steel 

specimens with the maximum cross-sectional loss ratio [34]. This is different 

from some researches [35] taking the minimum thickness or maximum 

corrosion depth as the corrosion parameters, because the section loss of steel 

specimens includes the loss rates in both the width direction and the depth 

direction in this test. In addition, the assumption that the mass loss rate is used 

to characterize the corrosion degree can be ruled out by considering that slight 

corrosion occurs at the clamping ends of specimens. Therefore, the maximum 

cross-sectional loss ratio 𝜌𝐴, as listed in Table 3, is used to analyze the 

mechanical properties of the corroded HPS specimens in this study. 

 

3.2. Fracture characteristics 

 

The fracture characteristics of specimens D0-1, D5-3, D10-3, and D20-2 

are shown in Fig. 10. The fracture shape of the non-corroded specimen D0-1 is 

crescent. Obvious dimples and necking are observed on the fracture section, 

which can be considered as a ductile failure. As the corrosion degree 

 

 

(a) test sample 

 

(b) scanned sample 

Fig. 4 Comparison of surface morphology 

 

 

Fig. 5 Universal testing machine 

 

 

Fig. 6 3D scanning morphologies of steel specimens 

 

 

D5-1 

 

D15-3 

 

D20-3 

Fig. 7 Cross sectional scanning morphology of steel specimens 

 

 

Fig. 8 Longitudinal distribution of cross section area 

 

increases, the fracture features of the corroded specimens D5-3 and D10-3 

change from the crescent to regular shape, while the fracture condition of 

specimens D20-2 subjected to severe corrosion is irregular. The dimples 
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gradually disappear, and then the failure behavior varies from ductile to brittle. 

This implies that corrosion gradually transforms the failure mode from the 

ductile failure to brittle failure. This is probably due to the impact of both 

corrosion pits and the irregular shape of cross-section, which makes the 

fracture surface become a high stress zone. When the corrosion becomes more 

serious, this section may reach the ultimate stress earlier. The necking would 

appear more rapidly and the specimen fails earlier.  

 

 

  

  

Fig. 9 Representative area-position diagram 

 

  

(a) D0-1 

  

(b D5-3 

  

(c) D10-3 

  

(d) D20-2 

Fig. 10 Fracture morphologies 
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3.3. Mechanical behaviors of HPS specimens 

 

3.3.1. Load-elongation curves 

Fig. 11 presents the load-elongation curves of some representative 

specimens after static tensile tests. As Fig. 11 shows, the load-elongation 

results are quite different as a result of the different degrees of corrosion 

damage. The yield load of specimen D20-3 with a 55.75% corrosion rate is 

60.5% lower than that of the control specimen D0avg, and the ultimate load is 

decreased by 49.3%. There are obvious yield plateau and necking stage before 

the fracture failure for specimens D0avg and D5-2. When the 𝜌𝐴 reaches 

26.78%, the necking phenomenon of specimen D10-1 disappears and the yield 

plateau shortens obviously. For severe corrosion specimens D15-3 and D20-3, 

an obvious yield plateau cannot be observed. Therefore, corrosion has an 

adverse impact on the strength and deformation of corroded HPS specimens. 

Results are presented in Fig. 12 and Fig. 13 in terms of 𝜌𝐴 versus yield 

load 𝐹𝑦  and the ultimate load 𝐹𝑢  and 𝜌𝐴  versus the relative elongation, 

respectively. The relative elongation δ𝑟 is defined as the ratio of elongation 

of corroded specimens and that of the control specimens. As Fig. 12 shows, 

both 𝐹𝑦  and 𝐹𝑢  decrease linearly with the increase of the maximum 

cross-sectional loss ratio 𝜌𝐴. The load degradation of 𝐹𝑦 is faster than that of 

𝐹𝑢, which indicates that corrosion has a more adverse impacts on the yield 

load degradation. The high R-squared values further confirm the rationality of 

applying the maximum cross-sectional loss ratio to predict the degradation of 

mechanical properties. As showed in Fig. 13, the relative elongation δ𝑟 
decreases gradually as the maximum cross-sectional loss ratio 𝜌𝐴increases. 

Through regression analysis with Origin software, a parabolic attenuation 

model is considered to be a good agreement with the tested data. The 

degradation of δ𝑟 caused by corrosion (lower than 25%) is relatively small. 

With further corrosion, it drops sharply. This can be explained that the cross 

section of the corroded steel specimens is very unevenly distributed along the 

axial direction, and the phenomenon of sectional eccentricity and stress 

concentration are ubiquitous, resulting in complex multi-axial stress under 

axial tension. The minimum section would reach the ultimate stress in advance, 

then the necking behavior occurs prematurely, and finally the elongation at 

ultimate load decreases. When the degree of corrosion exceeds a critical value, 

the phenomenon is prominent. 

 

3.3.2. Elastic modulus 

Zhang et al. [36] found that the elastic modulus was not affected by 

corrosion for ordinary corroded steel specimens. In order to understand how 

the corrosion influences the elastic modulus of the HPS specimens, the 

relation between the elastic modulus and the maximum cross-sectional loss 

ratio is analyzed as shown in Fig. 14. With the increase of 𝜌𝐴, the variation 

pattern of the elastic modulus changes insignificantly, and it fluctuates near a 

certain value. Therefore, we can assume the 𝜌𝐴 does not affect the elastic 

modulus. The fluctuation of elastic modulus is mainly due to the variation of 

the different specimens and test error. This phenomenon is similar to that of 

corroded ordinary steel and corroded steel bars [36]. Therefore, the effect of 

corrosion on the elastic modulus is ignored. 

 

3.3.3. Yield and ultimate strengths 

In this paper, relative nominal yield strength 𝑅𝑛𝑦 , relative nominal 

ultimate strength 𝑅𝑛𝑢 , relative real yield strength 𝑅𝑟𝑦  and relative real 

ultimate strength 𝑅𝑟𝑢 are introduced to characterize the strength properties 

[37]. Relative strength is defined as the ratio of nominal or real strength of 

corroded specimens and that of non-corroded ones𝑓0. The nominal yield 

strength 𝑓𝑛𝑦 or the nominal ultimate strength 𝑓𝑛𝑢 is the ratio of the yield or 

ultimate load and the minimum residual area, respectively. Similarly, the real 

yield strength 𝑓𝑟𝑦 or ultimate strength 𝑓𝑟𝑢 is the ratio of the yield or ultimate 

load and the real cross-sectional area, respectively. 

Fig. 15 shows the variation of the yield strength and ultimate strength 

with the corrosion rate. As shown in Fig.15, the nominal and real yield 

strength decrease almost by following the same path, while the nominal and 

real ultimate strength increase with the maximum cross-sectional loss ratio. 

This is due to the large stiffness of the HPS specimens and the small reduction 

of the cross-sectional area under the yield load, which would not cause 

obvious decline of 𝑓𝑟𝑦  and 𝑓𝑛𝑦 . However, 𝑓𝑟𝑢  and 𝑓𝑛𝑢  are obviously 

different as the area has changed obviously during the tensile test. Fig. 16 

presents the relative nominal and real yield strength, and the relative nominal 

and real ultimate strength are plotted in Fig. 17. It could be noticed that the 

relative nominal or real yield strength decreases exponentially with the 

increase of the maximum cross-sectional loss ratio, while the increase of the 

relative nominal or real ultimate strength conforms to a similar parabolic law. 

This provides a new path to determine the real yield strength and the real 

ultimate strength of the corroded HPS specimens. 

 

3.3.4. Ductility 

Ductility reflects the plastic deformation ability before failure. In order to 

take into account the impacts of corrosion on both the structural strength and 

strain, the reduction of energy absorption [38] is introduced to characterize the 

ductility of the corroded HPS specimens. It could be described as 

 

𝑅𝑒 =
𝑒𝑐

𝑒0
 (1) 

 

where 𝑅𝑒 is the reduction of energy absorption, 𝑒𝑐 and 𝑒0 are the total 

energy value of corroded specimens and the control specimens, respectively. 

The energy is determined by integrating the area under the nominal 

stress-strain curve. 

Fig. 18 shows the impact of corrosion damage on the ductility of the HPS 

specimens characterized by 𝑅𝑒. As shown in Fig. 18, 𝑅𝑒 decreases rapidly 

when 𝜌𝐴 is less than 32%, and then 𝑅𝑒 reduces slowly with the increase of 

𝜌𝐴. The deterioration characteristic of 𝑅𝑒 is well fitted by the exponential 

function. The law of energy attenuation is similar to the results of corroded 

steel rebar carried out by other researchers [39]. 

 

 

Fig. 11 Load-elongation curves 

 

 

Fig. 12 Effect of corrosion on yield and ultimate load 

 

 

Fig. 13 Effect of corrosion on relative ultimate elongation 
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Fig. 14 Effect of corrosion on elastic modulus 

 

 

Fig. 15 Effect of corrosion on yield strength and ultimate strength 

 

 

Fig. 16 Effect of corrosion on relative nominal or real yield strength 

 

 

Fig. 17 Effect of corrosion on relative nominal or real ultimate strength 

 

 

Fig. 18 Effect of corrosion on ductility 

 

 

Fig. 19 Establishment process of 3D finite element model 

 

3.4. Constitutive model of corroded HPS specimen 

 

Some related studies [34, 40] have proposed the constitutive model of 

corroded steel specimens, but some parameters are not clearly identified, such 

as shape parameter. Therefore, a simplified three-stage constitutive model of 

HPS specimens is proposed in this study, and the descending segment is 

ignored for its shorter duration. The mathematical expression is shown as: 

 

𝜎 =

{
 

 
𝐸𝑐휀, 0 ≤ 휀 ≤ 휀𝑦
𝑓𝑛𝑦, 휀𝑦 < 휀 ≤ 휀ℎ

𝑓𝑛𝑦 + (𝑓𝑛𝑢 − 𝑓𝑛𝑦) (
𝜀−𝜀ℎ

𝜀𝑢−𝜀ℎ
)


, 휀ℎ < 휀 ≤ 휀𝑢


 (2) 

 

where 𝐸𝑐 is the modulus elasticity of corroded specimens, 𝐸𝑐 = 𝐸0; 𝑓𝑛𝑦 

is the nominal yield strength, 𝑓𝑛𝑦 = 𝑅𝑛𝑦𝑓0; 𝑓𝑛𝑢  is the nominal ultimate 

strength, 𝑓𝑛𝑢 = 𝑅𝑛𝑢𝑓0 ; 휀𝑦  is the yield strain, 휀𝑦 = 𝑓𝑛𝑦 𝐸𝑐⁄ ; 휀𝑢  is the 

ultimate strain, calculated by δ𝑟; and 휀ℎ is the hardening strain. According to 

the results of tensile test, 휀ℎ is expressed as: 

 

휀ℎ = 0.019 − 0.017𝜌𝐴,𝑅2 = 0.76 (3) 
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4.  Numerical analysis 

 

4.1. Numerical model 

 

Finite element models are established to further investigate the strength, 

stress distribution, and fracture behaviors of the corroded HPS specimens. The 

real geometry model of the corroded specimen is applied to develop the 

numerical model. The corrosion morphology of the specimen can be truly 

reflected in the finite element model. Fig. 19 depicts the main process from the 

point cloud file to the final solid finite element mesh model. The point cloud 

data of the corroded specimen is fitted to the curved surfaces after wrapping, 

repairing, and grid division by the Geomagic software. Subsequently, the 

IGES format file is exported to the ANSYS software for numerical simulation.  

According to the above-mentioned experimental analysis, the modulus 

elasticity is determined by 𝐸0, and the Poisson's ratio is set as 0.3. The real 

constitutive model of the 460D steel specimen is derived from Eq. (2) in the 

numerical analysis [37], and characterized by the multi-linear kinematic 

hardening model. Von Mises yield criterion is adopted for the numerical 

analysis. An automatic incremental-iterative solution procedure is employed 

until the analysis reaches to the predetermined termination limit. Solid187 

element and tetrahedral mesh are employed for the numerical analysis. A mesh 

width of 4 mm is used to achieve efficient computation time and high accuracy 

after an investigation of FEM mesh size. The displacement of the X, Y and Z 

directions at the left end of the specimens is fixed, and only the Y and Z 

direction displacements of the other edge are fixed to simulate the actual 

tensile situation. The uniform incremental displacement is applied to the right 

end of the steel specimens. 

 

4.2. Numerical results 

 

4.2.1. Comparison of load-elongation behavior 

Fig. 20 presents a comparison of numerical and experimental 

load-elongation behaviors of steel specimens subjected to corrosion. As Fig. 

20 shows, the result of numerical simulation is slightly higher than the test one 

because of the more ideal constraints in the numerical model. In general, the 

numerical results are in good agreement with the experimental values. This 

indicates that the finite element model established in this paper based on 3D 

scanning can well describe the failure behavior of the corroded specimens.  

 

4.2.2. Stress distribution 

Fig. 21 presents the stress diagrams of specimen D20-3 at different time 

steps. As shown in the figure, the stress distribution is uneven. The stress in 

the S region is maximal, and reaches yielding strength firstly. The associated 

necking behavior is more obvious in this region. This can be attributed to the 

thinner cross-section area and the sharper corrosion pits in this section. The 

comprehensive effect would result in the formation of complex stresses, and 

lead to non-uniform deformation and premature yielding and failure. 

Fig. 22 presents the stress distribution at the ultimate load of specimen 

D15-3. It can be seen that the stress from the numerical simulation is close to 

the real stress of the test. The maximum necking position of the numerical 

model is almost the same as the fracture position of the test one, which occurs 

at the minimum cross-section position. This indicates that the finite element 

model based on the 3D scanning can truly reflect the failure behavior of the 

corroded HPS. 

 

 

Fig. 20 Comparison of experimental and numerical load-elongation curves 

 

 

Step1 

 

Step24 

 

Step27 

 
Step50 

Fig. 21 Stress nephogram of specimen D20-3 at different time steps (unit：MPa) 

 

 

Fig. 22 Stress distribution at ultimate load 

 

5.  Conclusions 

 

This study aims to investigate the mechanical properties of corroded HPS 

affected by corrosion. 3D scanning technology was applied on 15 specimens 

to determine the geometric features. Tensile tests and numerical simulations 

were performed to analyze the mechanical degradation behavior. The main 

conclusions obtained from this study can be summarized as follows: 

(1) The fracture position of the corroded specimens occurs at the 

minimum section area location. The maximum cross-sectional loss ratio 𝜌𝐴 is 

reasonable to evaluate the mechanical behavior of the corroded steel 
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specimens. 

(2) Corrosion affects significantly the tensile failure of the HPS 

specimens, which changes the fracture morphology of specimens from 

crescent to irregular shape. The failure of the seriously corroded specimens is 

very brittle without obvious dimples and necking at the fracture surface. 

(3) The yield and ultimate load decrease linearly as the maximum 

cross-sectional loss ratio increases. The relative nominal or real yield strength 

decreases exponentially, while the relative nominal or real ultimate strength 

increase in a similar parabolic way. 

(4) A three-stage constitutive model of HPS specimens is proposed in this 

study, and a comparison between the experimental results and numerical 

results has been performed to verify and demonstrate the application of the 

proposed constitutive model of HPS specimens. 

It is noted that the maximum cross-sectional loss ratio is the precondition 

to determine the deterioration law of mechanical parameters. In practical 

engineering, it can be obtained by some measuring means. As a result, the 

mechanical parameters of the corroded material can be calculated according to 

the degradation model proposed in this paper, and then the preliminary 

evaluation of strength and deformation of structural performance can be made. 

The preceding findings are suitable for HPS specimens subjected to 

electrochemically accelerated corrosion, which may have some differences 

from the real corrosion condition. Additionally, the number of specimens is 

limited and further research needs to be carried out to further verify these 

conclusions. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Finding an optimum design based on collapse safety assessment for bracing systems in steel structures can result in a safer 

and economical design, and therefore is highly desirable. Several works in the literature have successfully applied various 

design methodologies for braced frames. The occurrence of unforeseen events outside the scope of these designs might 

jeopardize their structural integrity. Therefore, tools such as incremental dynamic analysis and modal pushover analysis 

have been developed to assess the probability of structural collapse. However, their implementation in the design process 

is challenging because their procedures are onerous and time-consuming. To overcome this issue, a straightforward method 

utilizing empirical equation to estimate the collapse margin of the structure is used. The proposed methodology uses the 

brace locations and sections as variables. A probabilistic analysis using multi-element removal identifies the bracing layouts, 

and explicit equations determine their optimal discrete sections. The methodology creates all the possible schemes, then 

identifies the optimal one that has the highest safety index based on a targeted collapse margin ratio. Through solving four 

typical examples of steel framed structures, the practicality, and accuracy of the proposed approach are proved.   
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Notation 

 

The following symbols are used in this paper: 
opt

B
A  = optimal brace section; 

opt

b
A  = optimal discrete brace section; 

s

B
A  = total area of the bracing system; 

s

b
A   = database brace section; 

Ay  = pseudo-acceleration (g); 

B = binary matrix representing the bays; 

B’ = modified binary matrix representing the bays; 

bTC = number of brace forming the type of configuration; 

Cdt = matrix candidate; 

c_sp = count of the sub-parent; 

E = elasticity modulus of the brace (Mpa); 

fr = residual strength (Mpa); 

fy = yield strength (Mpa); 

h = structural height with respect to the ground level (mm); 

IM = intensity measure; 

Kopt = optimal lateral shear stiffness; 

kc = negative slope stiffness; 

ke = initial stiffness; 

ks = second slope stiffness; 

L = total length of the brace (mm); 

l = effective length of the brace (mm); 

Ndb = number of designable bay; 

Nopt = optimal number of the brace; 

Ntb = number total of bay; 

Nub = number of undesignable bay; 

n = number of story; 

Pos = total number of possible brace layouts of the structure; 

pc = number of possible combination for the repartition of the braces; 

pst = matrix containing all possible combinations for brace location; 

Rc = collapse strength ratio; 

SDS = design spectral response acceleration parameter at short periods; 

SD1 = design spectral response acceleration parameter at a period of 1 s; 

SI = safety index; 

SP = sub-parent; 

TL = long-period transition period; 

TS = SD1/SDS; 

T_sp = total number of sub-parent; 

T_p = total number of parent; 

T0 = 0.2SD1/SDS; 

T1 = period of the structure at 1 s; 

uc = maximum displacement (mm); 

uy = yield displacement (mm); 

V = story shear (Mpa); 

X = element of the matrix candidate; 

α = inclination angle of the brace (rad); 

αc = kc/ke; 

αs = ks/ke; 

β = dispersion of the IM; 

f
Δ  = flexure drift (mm); 

opt

s
Δ  = optimal shear drift (mm); 

target
Δ  = target drift (mm); 

opt   = optimal lateral deflection (mm); 
opt

s
  = optimal shear displacement (mm); 

f
  = flexure displacement (mm); 

ζ = damping (%); 

θ = median of the fragility function; 

μ = index ratio of the overturning moment distribution; 

μc = ductility coefficient; and 

ρtotal = total rotation of the slab (rad). 

 

1.  Introduction 

 

The basic design of braced steel structures focuses on their structural 

resistance under frequent and rare earthquakes. With the evolution of the 

computer-aided design, a wide range of design objectives integrates the bracing 

final layout, including topological, geometrical and economic aspects [1]. The 

occurrence of severe events outside the scope of the designs above might 

compromise the integrity of the braced steel structures. The urge to understand 

the unforeseen events leads the researchers to develop innovative ways to assess 

the structural collapse. However, their implementation in the structural design 

remains challenging because the procedures used for estimating the structural 

safety are often onerous and time-consuming. A design methodology based on 

safety criteria would provide a promising tool to obtain an optimal braced steel 

structures design. 

Structural collapse assessment extended to a wide range of engineering 

applications in the past two decades. The breakthrough in the understanding of 

the structural collapse due to seismic events was the introduction of the 

incremental dynamic analysis (IDA) by Vamvatsikos and Cornell [2]. The 

outcome of IDA permits to create a collapse probability curve for the studied 

structure. Although the researchers are unanimous concerning the efficiency 

and reliability of the IDA, they think that it is computationally demanding and 

remains a time-consuming process. They have solved these restrictions by 

approximating the fragility curve with a few series of time history analysis 

(THA) [3-5]. Liu et al. [6] improved the efficiency of the dynamic THA by 

considering geometric nonlinearity. The pushover analysis is also an acceptable 

method for seismic design [7, 8]. On the other hand, Han et al. [9] and Moon et 

al. [10] completely avoided the use of THA by establishing empirical equations. 
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Although this method has some limitations, it gives an acceptable 

approximation of the fragility curve and tremendously improves the calculation 

time of the collapse assessment. FEMA [11] extended the use of the fragility 

curve by proposing a collapse margin ratio (CMR), which becomes the primary 

parameter associated with the evaluation of structural safety. The higher the 

CMR value is, the safer the structure will be. However, several variables related 

to a given ground motion [12, 13], and to the structure [14, 15] might increase 

or decrease the CMR. Also, Xian, et al. [14] stated that CMR is firmly a case-

dependent factor. Therefore, the utilization of some optimization algorithm that 

evolves the use of source models [16, 17] to get the safest structure conflict with 

the present understanding of the CMR. 

Thus, the utilization of CMR as design criteria of the bracing system for a 

given steel structures implies the identification of several brace schemes, i.e. 

brace locations and optimal discrete sections. The issue of the brace locations 

involves the use of probability, more precisely, the occurrence of a given brace 

combination at a given floor and the interaction between that brace combination 

to the others from different floor level. The closest example of this procedure is 

the member removal method [18], where, in this work, the focus of the removal 

is the braces. Gholizadeh and Poorhoseini [19] use predefined brace 

combinations as variable to search the optimal layout of the steel braced frame. 

However, in this work, the authors consider every possible layout to obtain their 

respective optimal total brace sections, which increases the complexity of their 

computational work. Therefore, the proposed design algorithm should calculate 

a single optimal section for all the braces at a given floor, and utilize a database 

composed of the available commercial brace section as variables for the discrete 

results [20]. This approach may take more time and effort, but higher accuracy 

could be achieved. 

The scope of this work is to propose a design optimization of steel 

structures using concentric braces based on collapse safety assessment. The 

brace locations and sections are the variables of this investigation. This paper is 

organized as follows. The next section presents the methodology to identify all 

possible bracing locations; followed by the elaboration of the brace sizing 

optimization, and finalized by the solution algorithm based on CMR calculation 

to get the optimal design.  Examples are presented to show the application and 

efficacy of the proposed method. 

 

2.  Possible brace schemes using probabilitic analysis of multi-element 

removal 

 

2.1. Designable matrix 

 

The idea of designable matrix comes from the fact that in actual 

constructions, engineers do not always have the free choice to install the braces 

in any locations of the building, due to architectural constraints or owners’ 

preferences. The bay where the installation of braces is not permitted is named 

undesignable bay. To quickly count the number of the designable and 

undesignable bays in a given structure, an initial matrix B (B stands for bays), 

representing an elevation view of the building, is established. The elements of 

this matrix form a binary representation, as follow, 

   

( )
tb , tb

,

0 Undesignable bay
          1,..., ;  1,...,

1 Designable bay

i jn N

i j

B
B i n j N

B


=

= = =
=

  (1) 

 

where n and Ntb are the number of story and the total number of bay, 

respectively; the subscript i and j represents the story and the bay. Eq. 2 gives 

the expression of Ntb. 

 
tb db ub

i i iN N N= +    (2) 
 

with 

 
tb

db

,

1

i
N

i i j

j

N B
=

=    (3) 

 

where Ni
db and Ni

ub represent the number of the designable and 

undesignable bays at the i-th story, respectively. 
 

2.2. Matrix brace locations 

 

A probabilistic analysis of multi-element removal identifies all possible 

designable matrix, also known as parents (P), regarding the matrix B. First, the 

algorithm counts and locates each designable bay (DB), by creating a vector DB 

with Eq. 4. 

 

( )tb db

,
for 1 1,..., ;  1,..., , 1,...,i

k i j i i
DB j B i n j N k N= = = = =   (4) 

 
Then, to get all possible combinations for the brace location at the i-th story, 

the authors use the command “nchoosek” in Matlab as shown below. 

 

( ),i

k
pst nchoosek DB u=    (5) 

 

where pst is a matrix containing all possible combinations of the elements 

of DBk
i taken u at a time, and u is a number increasing from 0 to (Ni

db-1). The 

matrix pst has u columns and q! / ((q-u)! u!) rows, where q is the length of DBk
i. 

The first sub-parent, SP, for the i-th story is Bi itself, and then the remaining 

ones utilize the matrix pst as a reference by replacing the element “1” in Bi by 

“0” corresponding to the brace location in each row of pst. 

 

, _ db

if 0

if 1,..., 1

i

i c sp

i i

B u
SP

B u N

=
= 

 = −
   (6) 

 

with 

 

,

,

,

,

,

0 if & 0

0 if & 1

0 if & 0

1 if & 1

i i j

i i j

i j

i i j

i i j

pst j B

pst j B
B

pst j B

pst j B

= =


= =
 = 

 =
  =

   (7) 

 

where B’ is the modified binary matrix representing the bays based on pst 

and B; c_sp stands for the count of the sub-parent. It allocates a number to each 

sub-parent at a given i-th story. c_sp has an increasing value starting from zero 

to T_spi, which is the total number of sub-parent (T_sp) for the i-th story. 

 

( )
1

1

_ 1 ! ! !

db

i
N

i

u

T sp q q u u

−

=

= + −    (8) 

 

where T_spi is the total number of sub-parent for the i-th story. 

Eq. 9 gives the total number of the parent, T_p, resulting from the 

combination of each sub-parent. 

 

1

_ _
n

i

i

T p T sp
=

=    (9) 

 

The matrix parent has three dimensions, i.e. its row, its column, and its page 

correspond to n, Ntb, and pp, respectively. The algorithm creates the matrix 

parent row by row on all the pages by adding in series the sub-parents (SP) of 

the current row, as illustrated in figure 1. 

 

Fig. 1 Illustration of the matrices parent and scheme 

 

2.3. Matrix brace sections 

 

The schemes are the possible repartitions of a given variable related to the 

braces, e.g. mass, stress, or section, inside a parent. In this work, the parent 

provides the boundaries of the search for all possible brace sections of the 

structure. The authors opt for the brace section as a parameter for the creation 

of the schemes because the assignment of actual commercial braces for the 

schemes is simple with the section than the other parameters. With the 
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assumption that only one discrete brace section ( s

bi
A ) is allocated for each story, 

the distribution of optimal number of the brace (Ni
opt) at the i-th story over the 

number of designable bay (Ni
db) gives exactly pci possible combinations for the 

repartition of the braces (pci), or also tagged as “candidates”. Eq. 10 shows the 

expression of pci. 

 

( ) ( )
( )

db db db optdb

opt opt opt

1 ... 1

1 ...1

i i i ii

i

i i i

N N N NN
pc

N N N

− − + 
= =   − 

   (10) 

 

where further details concerning Ni
opt can be found in the next section. 

The candidates, Cdt, come from the manipulation of each i-th row of a 

given parent, and take the form of a vector Cdt, constituted by element X. When 

a possible combination coincides with a designable bay, then ,

k

i j
X  takes the 

value of s

bi
A , otherwise it is zero. k represents the candidate. 

Eq. 11 displays the general expression of all the possible brace sections at 

the i-th story. 

 

tb

tb

tb

1 1 1

,1 ,2 ,
,1

2 2 2
,2 ,1 ,2 ,

,

,1 ,2 ,

  ... 

  ... 
 =

... ...

  ... 

i

i

i i i i

i

i i i N
i

i i i i N

i pc pc pc pc

i i i N

X X X
Cdt

Cdt X X X

Cdt
X X X

  
   

   
     

   
   
       

  

   (11) 

 

In the particular case where the final layout of the bracing systems must be 

symmetric, the rows of Cdt will be sorted out by the following condition, 

 

( )tb

tb

, , 1
          1,..., ;  1,...,  and 1,...,

i

k k

i j i ii N j
X X i n j N k pc

+ −
= = = =    (12) 

 

If no candidates are found, the optimal number of bay Ni
opt needs a 

reevaluation by increasing the coefficient of reduction ci. The next section will 

give detailed information about ci. 

By assuming that the number of candidates found at each story starting with 

the first story, passing at the i-th story, and ending with the n-th story is equal 

to pc1,…, pci,…, pcn, respectively. Eq. 13 gives the total number of possible 

layouts of the bracing system of the structure, symbolized by Pos. 

 

1

1

... ...
n

i n i

i

Pos pc pc pc pc
=

=     =    (13) 

 

3.  Optimal discrete brace sections derived from base-shear method 

 

3.1. Overview and assumptions 

 

The present brace sizing optimization of seismic steel frame structure aims 

to reduce the total steel weight of the braces, which acts as a rough indicator of 

bracing construction cost. It evaluates the total optimal brace section at each 

story and then identifies the optimal discrete brace section related to that story. 

The algorithm uses a database of steel brace sizes, selected from commercially 

available hot-rolled, wide-flange standard steel sections, as design variables. 

The proposed optimization assumes that the resisting systems against to lateral 

loads are the braces, while the beams and columns support the gravitational load. 

Moreover, the deformation of the structure results from the shear and flexure 

displacements, which are the deformation of the braces and the rotation of the 

lower columns, respectively. Figure 2 and Eq. 14 come from the above 

assumptions. 

 
opt opt

s fi i i
  = +    (14) 
 

where δi
opt is the optimal lateral deflection at the i-th story; δsi

opt and δfi are 

the displacements caused by shear and flexure forces, respectively. The authors 

disregard the cross section of beams and columns as variables in the 

optimization procedures similar to the work of Moghaddam et al. [21]. However, 

the methodology checks the stability of all the columns under the combination 

of gravitational and lateral loads according to ASCE-360 [22]. 

 

Fig. 2 Illustration of the combination shear-flexure displacement 

 

3.2. Flexure displacement 

 

Based on the work of Coeto and Teran-Gilmore [23], the bracing systems 

are assumed to behave globally like a beam; thus, the global flexural drifts are 

a consequence of the axial deformation of the support columns. Within this 

context, the global flexural stiffness of the structure can be estimated in the i-th 

story (Ibi) through the full consideration of the axial areas of the support columns 

and the distances, which separates them. 

The flexural drift, 
f
 , at the i-th story is given by the following, 

 

total

f

1

i

i i

j

j

h




=

 =


   (15) 

 

where ρtotal and h are th total rotation of the slab and the structural height 

with respect to the ground level, respectively. 

And the flexural displacement at the i-th story, as: 

 

f f

1

i

i j

j

 
=

=    (16) 

 

3.3. Optimal shear displacement 

 

The optimal shear drift, opt

s
 , can be expressed in function of the lateral 

force (Vi) and the optimal stiffness (Kopt) at the i-th story, as follow: 

 

opt

s opt

i

i

i

V

K
 =    (17) 

 

Moreover, the optimal shear displacement, opt

s
 , at the i-th story, as: 

 

opt opt

s s

1

i

i j

j

 
=

=    (18) 

 

and 

 
opt opt 2

opt

1

cosbi
N

bj i

i

j i

EA
K

L



=

=    (19) 

 

where E and Li are respectively the braces’ modulus of elasticity and the 

total length of the brace at the i-th story, αi is the braces’ inclination angle, Nbi
opt 

is the optimal number of braces at the i-th story, and 
opt

bj
A  is the optimal area 

of the brace at the j-th bay located at the i-th story. 

 

3.4. Total optimal brace section 

 

The optimal number of braces at a given i-th story depends on the number 

of bay available to install the braces, and the type of configuration of the bracing 

system used. Eq. 20 describes the relation between opt

i
N and 

opt

,bj i
A . 

 

opt opt

1

opt

bi
N

Bi bj

j

A A
=

=    (20) 
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where opt

Bi
A  is the total sum of the optimal section of the brace at the i-th 

story. 

By developing Eq. 18, and using the definition of drift, the expression of 

the optimal lateral displacement in function of the optimal lateral drift is giving 

by Eq. 21: 

 

opt opt

s s 1

1

i

i i j

j

j 
− +

=

=     (21) 

 

Substituting the expression of the optimal lateral drift in Eq. 17: 

 

1opt

s opt

1 1

i
i j

i

j i j

V
j

K


− +

= − +

=    (22) 

 

Replacing Eq. 20 into Eq.19 gives a new expression of opt

s
  

 

opt

s opt 2cos

i i

i

Bi i

V L

EA



 =    (23) 

 

with  

 
db

i i i TC
L N l b=    (24) 

 

where li is the effective length of the brace at the i-th story, and bTC 

corresponds to the number of braces forming the type of configuration used, i.e. 

bTC=1 if one brace constituted the setting of interest (e.g. diagonal bracing), and 

bTC=2, in the case of two braces (e.g. V-bracing). 

To get the total optimal area of braces, opt

Bi
A , at the i-th story, Eq. 21 can be 

expanded as the following 

 

( )opt opt opt opt opt opt

s s s 1 s 2 s2 s1
2 3 ... 1

i i i i
i i     

− −
=  +  +  + + −  +     (25) 

 

Subtract both sides of Eq. 25 with opt

s 1i


−
, then use Eq. 14 to get the 

following 

 

( ) ( )( )
1

opt opt opt opt

1 f f 1 s s

1

i

i i i i i j

j

     
−

− −

=

− − − =  +     (26) 

 

The optimal structural drift, Δδi
opt, and the flexural drift, Δδfi, at the i-th 

story can be identified in Eq. 26, Therefore, the sum of opt

s
  below the i-th 

level can be represented by 
s
  as shown in Eq. 27. 

 

1

s s1opt 2

1

       with  0
cos

i
j j

i

j Bj j

V L

EA
 



−

=

  =  =    (27) 

 

Δδopt of the i-th story depends on the target drift, Δδtarget, of the selected 

structural performance level, and it bounds by the following condition. 

 
opt target

i
       (28) 

 

A proposed way to estimate Δδopt is to multiply Δδtarget by an index ratio 

corresponding to the effect of the external force inputted into the structure. The 

authors use the overturning moment distribution to calculate this index ratio, μ, 

at the i-th story because of its relation to the height of the structure. Eq. 29 comes 

from the assumption that the n-th story displays the highest drift.  

 
opt target

i i
   =     (29) 

 

Eq. 30 gives the final expression of opt

Bi
A . 

 

( )
opt

target 2

f s
cos

i i

Bi

i i i i

V L
A

E    
=

 −  − 
   (30) 

 

 

3.5. Optimal discrete brace section 

 

The optimal discrete brace section, s

bi
A , selected from the predefined 

database, comes from the identification of the optimal brace section, opt

bi
A . This 

database contains m sections that are sorted from the smallest to the biggest 

section, which refer to s1

b
A  and sm

b
A , respectively. The following condition 

bounds the value of opt

bi
A :  

 
s1 opt sm

b bi b
A A A     (31) 

 

The sizing optimization selects a single discrete section for all the braces at 

the i-th story because of the following reasons. 1) Multiple sections of brace 

suggest the presence of weak brace, i.e. the dissipation of the lateral force at the 

i-th story by the braces will not be uniform. 2) This weak brace might lead to 

earlier damage in the frame of the structure, because, as the braces are located 

at the same story, the weak brace reaches its strength limit earlier that the other 

ones. 3) Moreover, in many design projects, the one brace section choice at each 

i-th story is the way to design the bracing system. 

Therefore, opt lim
bi

x
A

→
 can be calculated by using Eq. 20, 

 

opt

opt

opt

Bi

bi

bi

A
A

N
=    (32) 

 

The optimal number of brace at the i-th story is given by the following, 

 

( )opt db

bi TC i i
N b N c= −    (33) 

 

where ci is a coefficient of reduction that is initially equal to zero. The 

augmentation of its value from zero to (Ni
db-1) permits to identify all the 

candidates at the i-th story, as expressed in Eq. 10. s

bi
A  corresponding to 

opt

bi
A  is the section sdata

b
A  that has the smallest difference between the discrete 

and the exact sections. Eq. 34 expresses that statement. 

 

( ) ( ) ( )s s s opt

s s

1

min           , 1,...,1

s.t.:

data data

bi b b bi

bi bi

g A A A A data m m

A A
−

= − = −


   (34) 

 

where the selected discrete section at the i-th story is the maximum 

allowable section to be chosen at the i+1th story. This restriction aims to avoid 

any formation of soft stories in the building. When the algorithm finds no 

discrete section, it assigns null sections for that candidate, and then increases ci 

to get a new optimal number of the brace, Ni
opt. 

The sizing optimization minimizes the total volume of braces, in which the 

upper bound value sm

b
A  constrains the discrete section s

bi
A . 

 

scheme

1

min:

s. t.: 0

n

s

z i bi

i

s sm

bi b

v L A

A A

=

=

 


   (35) 

 

where scheme

z
v  is the optimal volume of the braces for the z-th scheme. 

Some parents might give the same scheme. In that case, the algorithm saves 

the information of the first scheme and ignores the others. The next step of the 

proposed methodology will utilize these series of different schemes to identify 

the optimal one. 

 

4.  Optimal design of bracing systems using collapse safety assessment 

 

4.1. Overview 

 

The present design optimization of braced steel structures can be 

conceptually stated as: 

Objective: Maximize the CMR of the structure, which is a safety indicator; 

Variable: The brace location and section, mathematically expressed by the 

matrix SP; 

Constraint: Candidates are non-null vectors, i.e. each level of the steel frame 

structure should at least have one brace. 
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4.2. Collapse safety evaluation 

 

FEMA [11] discusses the concept of CMR in full details and defines its 

value as follows 

 

50%

Sch

MCE

IM
CMR

IM
=    (36) 

 

where IM50% corresponds to the intensity measure when 50% of the ground 

motion causes structural collapse and IMMCE is the intensity measure of the 

maximum considered earthquake causing structural collapse. 

The basic expression of the cumulative distribution function that defines 

the collapse fragility curve is as follow [24-26]: 

 

( )
( )1ln IM

P C IM




− 
 = 
 
 

   (37) 

 

where P(C|IM) is the probability that a ground motion with IM causes the 

structure to collapse; Φ() is the standard normal cumulative distribution function; 

θ is the median of the fragility function, and β is the dispersion of IM. 

Eq. 37 can be rewritten as: 

 

( )
( )1ln1

1 erf
2 2

IM
P C IM





−  
  = +
  

  

   (38) 

 

Then IM is isolated as follow: 

 

( ) ( )( )2 RootOf erf _ 2 1Z P C IM

IM e



− + −

=     (39) 

 

By substituting each IM in Eq. 36, and incorporating Eq. 38 with IM equal 

to IMMCE gives a simple expression of CMR: 

 

Sch

MCE

CMR
IM


=    (40) 

 

More frequently, the spectral acceleration for a specified period and 

damping quantify the parameter IM. Thus, by using the expression of the 

spectral acceleration for the given period T1, and replacing the expression of the 

median of the fragility curve θ by the one used in the empirical equations, the 

following is obtained: 
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   (41) 

 

where Ay is the pseudo-acceleration where the system yields, which is given 

by the force-deformation relation from the modal pushover analysis (MPA); 

(Rc)ζ is the collapse strength ratio with damping ζ and has an empirical equation 

in the work of Han, et al. [9]. SDS and SD1 are the design spectrum response 

acceleration parameters at short and 1-s periods, respectively. The transition 

periods T0, TS and TL are well detailed in ASCE-7 [27]. 
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  (42) 
 

If ζ is other than five percent, the following expressions are used 
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with 
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where the controlling parameters for the strength-limited bilinear model 

[28], illustrated in figure 3, are initial stiffness ke, second slope stiffness ks=αske, 

negative slope stiffness kc=αcke, yield strength fy, yield displacement uy, 

maximum strength fc, and displacement uc at fc, ductility coefficient μc=uc/uy and 

residual strength fr=λfy. Related to those parameters are T1, the small amplitude 

natural vibration period associated with initial stiffness ke; and Ay, the pseudo-

acceleration related to yield strength fy. 

 

Fig. 3 Idealized pushover curve 

 

The authors idealized the pushover curves by using the procedure described 

in the work of Han, et al. [9]. The lateral loads use in the MPA followed the 

procedure established by Chopra and Goel [8]. Also, the limitations concerning 

the empirical equations, Eq. 42, Eq. 43, and Eq. 44 depend on the used design 

spectrum response acceleration parameters, SDS and SD1 and the boundaries of 

the CMR. Deduced from Eq. 36, this minimum CMR value is not inferior nor 

equal to one. On the other hand, its maximum value is difficult to designate with 

an exact certainty because any changes in the parameters of the CMR calculation 

might give a value bigger than the supposed highest one. This latter confirms 

the conclusion reached by Xian, et al. [14] that CMR is a case-dependent factor. 

Therefore, the issue of an acceptable maximum CMR needs a deeper 

investigation, which is out of the scope of the current work. For the sake of 

simplicity and understanding the relationship between the CMR and all the 

parameters in Eq. 43, the authors identify and use one reasonable maximum 

CMR throughout the current and remaining sections of this work. By reviewing 

some CMR values in the literature [12, 29-31], the authors observe that IM50% 

equal to three times of IMMCE covers most of the cases, which leads to a CMR 

value of three. Moreover, a structural collapse resistance of three times the 

maximum considered earthquake in the design is satisfactory.  

To determine the range of the parameters the above empirical equations 

according to the boundaries of the CMR (1 < CMR ≤ 3), the authors utilized the 

range in the work of Han, et al. [9] (see table 1).  

Figure 4 illustrates the variation of the CMR areas with different damping 

values. By establishing an upper bound of the CMR, the maximum range of T1 

follows the expression of the line formed by the considered damping. Examples 

of this expression lay in figures 4-6, and show the influence of the extreme 

values of αs and αc on the area of the CMR. Figure 7 uses all the parameters to 

create several CMR curves depending on different damping values. The missing 

data in figure 7b are above the upper limit of the CMR, which signifies that the 

range of μc might decrease depending on the damping. 

 

Table 1 

Variables considered for the braced steel structures 

Parameters Range 

T1 0.2 – 4.0 

αs 0.00 – 0.20 

αc -0.1 – -0.5 

μc 1 – 6 

ζ 2 – 20 
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Fig. 4 Area of CMR with different ζ 

 

Fig. 5 Area of CMR with the parameters ζ, and αs 

 

Fig. 6 Area of CMR with the parameters ζ, αs, and αc 

4.3. Optimal brace scheme 

 

Fig. 7 CMR curves for different damping values (a) ζ = 2%; (b) ζ = 5%; (c) ζ = 20% 

 

The last step of the proposed methodology analyses the schemes from the 

parents and identifies the safest one among them, i.e. the scheme that has the 

highest CMR. The proposed methodology utilizes the aforementioned upper 

bound of the CMR and assumes that the optimal safety criteria is related to that 

value. This safety value will be the target of the search of the safest scheme by 

the utilization of the safety index (SI) in Eq. 45: 

 

scheme

target

CMR
SI

CMR
=    (45) 

 

where CMRscheme and CMRtarget are the CMR of the investigated scheme and 

the target CMR for the structural design, respectively. 

In this proposed methodology, the search for the optimal scheme has two 

possible stopping criteria: 1) when one of the schemes presents a SI superior or 

equal to one, and 2) all the possible schemes are analyzed. Therefore, the 

scheme that has the largest SI is the safest one. Figure 8 shows the overall steps 

for the proposed optimization. 

Fig. 8 Flowchart of the proposed design optimization 

 

5.  Numerical examples 

 

5.1. Modeling using OpenSees 

 

The authors choose OpenSees because of its popularity and its rapid and 

efficient analytic simulation [32, 33]. They follow the “line-element” approach 

[34] to model the CBFs. Each investigated model considers the gravity load 

during the simulation process. The seismic design of the CBFs follows the 

requirements described in ASCE-7 [27] concerning the special concentrically 

braced frames with response modification coefficient, R=6, overstrength factor, 

Ω0=2, and deflection amplification factor, Cd=5. As the behavior of the bracing 

system affects the entire structure, their modeling has to be precise. Ten 

nonlinear fiber elements form the braces, as suggested by Uriz and Mahin [35] 

to fulfill the minimum number of elements for global and local analyses of the 

bracing systems. The latter adopt a quadratic out-of-plane imperfection equal to 

their effective length divided by one thousand and a corotational geometric 

transformation. The gusset plate connection uses the modeling method proposed 

by Hsiao et al. [36], which have a rotational hinge at both ends of the brace to 

simulate their behavior. The “zeroLength” element represents the rotational 

hinge by using the command “uniaxialMaterial” with the material behavior 

“Steel 02”, which depicts the fatigue of the material [37]. Figure 9 gives global 

and close-up views of the modeling method for the braced frame in OpenSees. 
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Fig. 9 OpenSees modeling method 

 

5.2. Building models 

 

The authors investigate four steel frame structures divided into two cases, 

as shown in figure 10. The cases A present some undesignable bays on their 

sides, while the cases B have none. In both cases, the number of stories 

differentiates the models. The dead and live loads are 6500 N/mm2 and 2000 

N/mm2, respectively. Chevron with a hallow shape section is the type of CBFs 

configuration considered for the analyses. All cases use CMRtarget=3 and ζ=5%. 

For the computational analyses, the authors used one workstation equipped with 

thirty-two core processor of 2.6 GHz, and sixty-four gigabits of memory size. 

 

Fig. 10 Plan view and elevation of the buildings 

 

5.3. Results and discussions 

 

Figures 11-12 present the outcomes of the cases A and B. The presentation 

of the scheme samples illustrates the manipulation of the bracing systems done 

by the probabilistic analysis using multi-element removal and the sizing 

optimization. The two vertical axis represent the CMR and the SI of the schemes. 

The points depict the CMR value of each individual scheme, while the line steps 

indicate the maximum value of SI. The table at the bottom of the figures 11-12 

are the sample representation of the evolution of the schemes throughout the 

analysis, and the safest scheme for each cases is displayed at the bottom right 

inside.  

Two criteria define the safest schemes: 1) the safety index reaches its 

maximum value (SI=1). This first criterion applies to the case A2 and B2. 2) 

The number of possible scheme is reached, thus the scheme with the highest SI 

is the one. This second criterion appears with the case A1 and B1. Case A2 and 

B2 reached their maximum safety index with the fifty-ninth and the four 

hundred and thirty-eighth schemes, respectively, while the seventy-fourth and 

the hundred and nineteen-ninth schemes of the case A1 and B1 were the safest 

among their respective groups. In all four cases, the schemes with symmetrical 

layout have high SI value. 

The authors observed that, depending on the size of the matrix B, the search 

of the possible schemes might become tedious when the CMRtarget is 

overestimated, or it is not included in the optimization. For instance, without 

CMRtarget, the case B1 took twenty-nine hours to complete (55 parents and 181 

schemes), while the case B2 lasted for nineteen days (234 parents and 1944 

schemes). Despite this lengthy analysis, the proposed methodology assesses the 

collapse margin of an approximately hundred structures in one day, which is 

clearly more practical and very quick compared to the earlier works in this area. 

CMRtarget within the range of four to five seems to give a reasonable convergence 

 

 

Fig. 11 Result of the design optimization of the cases A 

 

Fig. 12 Result of the design optimization of the cases B 

 

of the safety search. Although it allows shortening the analysis time, the 

proposed method might leave behind some realistic schemes when the selection 

of the schemes implements with general conditions. In this work, the scheme’s 

selection followed the status of uniqueness and non-null brace sections. More 

realistic results should appear earlier in the analysis if the condition of 

symmetric schemes was considered. Eq. 12 gives the implementation of this last 

condition in the creation of the schemes. The cases A are clear examples of the 

above statement. If symmetricity was considered in the optimization algorithm, 

their safest schemes would appear sooner during the analysis; also, it will reduce 

the number of selected schemes, which reduces the computational time as well. 

Therefore, for research purpose, to show the full extent of the proposed 

methodology, the authors opt to analyze both symmetric and asymmetric 

schemes. 

Finding an optimal brace layout based on safety criteria is a complicated 

problem that needs to be studied on a case-by-case basis. The utilization of 

probabilistic analysis using multi-element removal and a combination of MPA 

and the empirical equation of CMR allow the proposed method to achieve that 

goal. The proposed sizing optimization minimizes the section of the brace 

systems by selecting the optimal discrete section based on the optimal number 

of brace and the total optimal brace section. To obtain a more accurate brace 

section design, all columns and beams sizes should be accounted for in the 

optimization. 

 

6.  Conclusions 

 

A new methodology incorporating optimization technique with 

probabilistic analysis using multi-element removal has been introduced to 

improve the safety design of steel structure with concentric braces. It has proved 

to be a potentially useful tool for the understanding of the optimal placement 

for the bracing systems. The proposed methodology is capable of a quick and 

practical estimation of the collapse margin of several structures in a short time 

compared to the prior methods in this field. It considered the braces location and 

section as variables and optimized the structure according to the safety index of 

the selected schemes. 

The range of the period T1 relates closely to the target CMR and the 

damping. A higher upper bound value of the CMR is possible, but also, it 
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modifies the range of some parameters such as T1 and μc. 

To efficiently use the proposed methodology, the authors suggest at least 

the following conditions for the selection of the schemes: uniqueness, non-null 

brace sections, and symmetricity. Further conditions such as specific brace 

cross-sections (personalized database), and predetermined brace layout patterns 

(case A has an inverted T pattern) can be included in the creation and selection 

of the scheme to channel the safety search toward particular schemes. Moreover, 

the results from the numerical examples highlight that symmetrical brace 

layouts are safer than the asymmetrical ones, and fully braced structures do not 

have high safety index. 

The findings above are based on the assumptions and limitations adopted 

in this study, which are the focus on the steel frame structures controlled by its 

fundamental mode, the braces parameters (location, number, and cross-section), 

the unchanged main frame, and the constraint regarding the range of the 

parameters of the empirical equation. The proposed methodology provides a 

useful basis for more comprehensive seismic collapse assessment of steel 

structures if the design of the braces and the structural frame are simultaneously 

considered and more general parameters about the CMR calculations are 

developed. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This research evaluated the beam-to-column connection classification index recommended by Eurocode 3 Part 1.8 and 

ANSI/AISC 360-10 specifications. A test programme was considered to examine the moment–rotation (M–θ) curve of 

semi- and fully rigid connections with variable parameters. The maximum moment capacity and initial elastic stiffness of 

the connections were the main parameters resulting from the M–θ curve. The performance of beams with semi-rigid 

connections was also evaluated through a classical method. The results clearly showed that the Eurocode 3 specification 

provides a more reliable classification index for the investigated connections. By evaluating the data of this research, a new 

classification system based on the rigidity, ultimate strength level, and ductility requirements was proposed. The results of 

this research provide an important contribution to the existing literature as the actual responses of beam-to-column 

connections are semi-rigid, and therefore such behaviour should be included in the analysis and design method. 
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1.  Introduction 

 

In the traditional design of structures, the actual performance of beam-to-

column connections is idealized and categorized into two groups: Fully Rigid 

“FR” connections and flexible connections. In real situations, however, neither 

idealized group is realistic as the majority of beam-to-column connections show 

semi-rigid performance that represents a third category, the so-called Partially 

Restrained “PR” connections. According to the majority of design regulations, 

it is only compulsory to consider the flexibility of connections for the third 

category, even though it is evident that ideal connection behaviour can be put 

in this category in some way. It is also important to consider that increasing 

connection flexibility results in significant second-order (P-Δ) in the frame that 

should be accounted for during the design process. Furthermore, the rotational 

distortion of the connections affects the displacements of the frame and causes 

redistribution of moments between columns and beams. Thus, identification of 

the actual flexibility of steel beam-to-column connections is a crucial need in 

the design and analysis procedure of steel structures. 

The main problem in developing a connection classification index is the 

need to provide criteria that can meet the requirements of serviceability as well 

as the ultimate limit states design. With regard to the serviceability issue, the 

main concerns are the rotation and other stiffness-related features. With regard 

to the ultimate limit issue, the strength limits are the main parameter. The energy 

absorption capacity, ductility, and rotation are critical aspects of structures that 

are located in seismic regions. In both ANSI/AISC 360-10 [1] and Eurocode 3 

Part 1-8 specifications [2], three categories of connections are defined, namely 

flexible connections, rigid connections, and semi-rigid connections. The basic 

assumption in classifying connections is concerned with the moment–rotation 

(M–θ) curve characteristics. A simple connection transmits a negligible moment; 

however, it is supposed to have adequate rotation capacity to resist the required 

rotation. A fully rigid (FR) connection transfers the moment with a small 

rotation between the beam and column. Partially restrained (PR) connections 

transfer moments; however, the rotation between the beam and column should 

be considered during the design process. Accordingly, connection components 

should have sufficient stiffness and strength capacity. From the perspective of 

the Moment-Rotation, defining the sections in the M–θ diagram by nonlinear 

curves is adequate. This fact is shown in Fig. 1, where three basic responses are 

indicated. 

AISC seismic provisions claim that all prequalified connections such as 

bolted unstiffened, stiffened extended end-plate (EEP), bolted flange plate 

(BFP), and SidePlate moment connections are FR for use with special moment 

frames (SMFs) and intermediate moment frames (IMFs) when designed and 

constructed in accordance with the requirements of AISC. The availability of a 

large database on the actual M–θ characteristics of various connections makes 

it possible to conduct extensive verification of the rigidity and classification 

 

 

Fig. 1 Basic nonlinear connection response regions 

 

indices proposed by AISC and Eurocode 3 “EC3”. To this end, over the past 

few decades, a great deal of effort has been expended within the research arm 

of the structural engineering profession to address the topic of classification of 

connections and their impact on the structural response [3-10]. These analyses 

mainly involve the calculation of stiffness and strength from the experimental 

M–θ curve, which is validated using Finite Element analyses. There are many 

published works describing continued and even expanded work on this issue, 

especially with regard to semi-rigid connections [11-19]. These studies mostly 

consider the effect of semi-rigid joints on the structural performance of frames. 

In recent years, Talebi et al [17], Concepción Díaz et al [20], Zahmatkesh et al. 

[21] suggested a new method for the optimum design of semi-rigid steel 

connections using kriging and Latin hypercube approaches. This methodology 

was applied to two examples involving bolted EEP connections. A unique 

technique for 3D semi-rigid steel frames was developed by Nguyen and Kim 

[22]. In their technique, connections were defined by 3D nonlinear spring 

elements to consider the distribution of plasticity effects. The response of semi-

rigid bolted connections under cyclic loading was investigated by Brunesia et 

al. [23]. In their study, examples of full-scale moment-resisting connection 

systems were numerically analysed, focussing on top-and-seat angle 

components which were observed to control the global response of the joint in 

terms of the failure mechanisms, dissipation energy capabilities, and ductility 

capacity of the whole resisting system. 

In previous works, researchers have proposed a connection classification 

http://www.sciencedirect.com/science/article/pii/S0143974X12001447
http://www.sciencedirect.com/science/article/pii/S0168874X13001807
http://www.sciencedirect.com/science/article/pii/S0168874X13001807
http://www.sciencedirect.com/science/article/pii/S0143974X1400025X
http://www.sciencedirect.com/science/article/pii/S0143974X1400025X#af0005
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index, which is generally obtained from the M–θ curve. The results of these 

studies provide major contributions to the EC3 Part 1-8 and ANSI/AISC 360-

10 regulations. This paper aims to evaluate the adequacy of the connection 

classification index proposed by AISC and EC3. This task is carried out by 

conducting experimental tests on EEP and SidePlate beam-to-column 

connections with variable parameters. The proposed classification system was 

also arranged using tests and theoretical data such that the abovementioned 

connections can easily fit into the proposed classification system. 

 
2. Connection Response Considerations 

 

The responses of flexible or semi-rigid connections when subjected to 

gravity loading are investigated in this part. For a beam segment with rotation 

at each end, the moment, Mbeam, is calculated based on the following equation:  

 

𝑀_𝑏𝑒𝑎𝑚 = 2𝐸𝐼/𝐿 𝜃 − (𝑤𝑙^2)/12      (1) 

 

where  

L and I are the length and second moment inertia of the beam, respectively, 

E is the elasticity module. 

 

In beams with flexible connections, the moment and rotation based on Eq. 

1 are calculated as 0 and (𝑊𝑙^3)/24𝐸𝐼, respectively. For a Fixed End Moment 

situation considering rotation equal to 0, it is found that 𝑀_𝑏𝑒𝑎𝑚 =
−(𝑤𝑙^2)/12. The linear relationship between the rotation and moment at the 

end of the beam is found by plotting Eq. 1, as shown in Fig. 2.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 2 Rotation versus moment for a beam with flexible and fixed connections 

 

On the other hand, the moment in the connection, Mconn, has a relationship 

with the connection stiffness and rotation, as illustrated in the Eq. 2 and 

presented in Fig. 3: 

 

𝑀_𝑐𝑜𝑛𝑛 = −𝑛𝜃        (2) 

 

where 

n is the connection rotational stiffness. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 3 Rotation versus Moment for Connection 

 
The M–θ diagram is a straight line, but it does not behave linearly forever, 

and at a particular point it will experience failure. Fig. 4 shows the moment 

versus rotation for different connection types that are combined by a typical 

beam line. Geschwindner [24] showed that as long as the connection resists 

more than 90% of the moment of the fixed connection, it is possible to classify 

it as rigid; on the other hand, those connections that resist less than 20% of the 

moment of the fixed connection should be classified as flexible, as shown in Fig. 

4. Any performance between these two categories is considered as a semi-rigid 

connection. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 4 Beam-to-Column connection classification based on moment resistance [24] 

 

Geschwindner [24] also investigated the superposition of the straight line 

of FR, semi-rigid, and flexible connections on the typical beam line, as shown 

in Fig. 5. He calculated the secant stiffness of the connection, 𝑘𝑖, at 90, 50, and 

20% of the stiffness of a beam with a rigid end, based on the following equation: 

 

𝑘𝑖 = 𝑀𝑖/𝜃𝑖          (3) 

 

where 

Mi = moment at the intersection of a straight line with the beam line (kN-

m), 

θi = rotation at the intersection point with the beam line (rad). 

 

Finally, he proposed three categories by solving the following equation: 

 

(𝑘𝑖 𝐿)/𝐸𝐼                  (4) 

 

By solving Eq. 4 for the secant stiffness of the connection, 𝑘𝑖, at 90, 50, 

and 20% of the stiffness of a beam with a rigid end, values of 18, 2, and 0.5 

were calculated, respectively. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 5 Beam and connections equilibrium using the secant stiffness [24] 

 

3. Classification Index Proposed by Eurocode 3 and AISC 

 

3.1. AISC 360-10 Classification 

 

The AISC classifications consider the stiffness, ductility, and strength of 

beam-to-column connections. The stiffness at service load, KS, is defined by 

the following equation: 

 

𝐾𝑠 = 𝑀𝑠/𝜃𝑠          (5) 

 

where 

θs = rotation at service load (rad), 

Ms= moment at service load (kN-m). 
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If (𝑘𝑠 𝐿𝑏)/(𝐸𝐼𝑏  ) ≥ 20 , the connection is considered to be FR. 

Accordingly, it is able to maintain the angles between the connected members. 

If (𝑘𝑠 𝐿𝑏)/(𝐸𝐼𝑏) ≤ 2, the connection should be considered flexible as it rotates 

without increasing the moment. These two boundaries are presented in Fig. 6. 

Those connections having a stiffnesses between these two boundaries are semi-

rigid and the stiffness of the connection should be defined in the analysis process.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 6 AISC connection classification [1] 

 

The strength of a connection is the maximum moment that it is capable of 

carrying, Mn, as shown in Fig. 6. If the M–θ response does not exhibit a peak 

load, then the strength can be taken as the moment at a rotation of 0.02 rad [25]. 

Those connections that transfer less than 20% of the connected beam plastic 

moment, Mp, at a rotation of 0.02 rad should be considered to have no flexural 

capacity.  

The ductility required for a connection will depend upon the particular 

application. For example, the ductility requirement for a braced frame in a non-

seismic area is generally less than the ductility required in a high seismicity area. 

Generally, in a situation where the connection strength exceeds the beam 

strength, the ductility of the whole system is governed by the beam and the 

connection remains elastic. If the connection capacity exceeds the beam 

capacity slightly, the connection experiences plastic deformation before the 

connected beam experiences its full capacity. If the beam capacity exceeds the 

connection capacity, then deformations only take place in the connection itself. 

In Fig. 6, the rotation capacity of the connection, θu, is defined by the rotation 

at the point where either (i) the connection resistance has dropped to 0.8 Mn or 

(ii) the deformation is more than 0.03 rad.  

 

3.2. Eurocode 3 Part 1-8  

 

Eurocode 3 classifies connections by considering their stiffness and 

strength. The initial rotational stiffness, Sj.ini, will be compared to the 

classification boundaries shown in Fig. 7. Connections classified as FR are 

assumed to have adequate rotational stiffness to carry out an analysis based on 

full continuity. In Fig. 7, zone 1 is representative of a FR connection if 

 

𝑆𝑗 𝑖𝑛𝑖 ≥ (𝐾𝑏 𝐸𝐼𝑏)/𝐿𝑏        (6) 

 

where 

Kb is 8 for braced frames or 25 for moment-resistant frames. 

 

A flexible connection transfers the internal forces without developing 

moments. Based on Fig. 7, the connections are considered flexible (zone 3) if 

 

𝑆𝑗𝑖𝑛𝑖) ≤ (0.5𝐸𝐼𝑏)/𝐿𝑏          (7) 

 

A connection that does not address the criteria of FR and flexible 

connections is categorized as semi-rigid (zone 2). According to this regulation, 

semi-rigid connections are capable of transferring the shear forces and moments. 

Fig. 7 Eurocode 3 Connection Classification Boundaries  

 

The initial rotational stiffness, Sj.ini, is calculated from the flexibilities of 

the connection’s basic components, each characterized by a coefficient, ki. For 

instance, Sj.ini is determined from the following equation for end-plate 

connections: 

 

𝑆𝑗 =
E𝑧2

𝜇 ∑
1

𝑘𝑖
𝑖

                                              (8) 

 

where 

ki is the stiffness coefficient for the basic joint component I, 

z is the lever arm, 

μ is the stiffness ratio (𝑆𝑗 𝑖𝑛𝑖/𝑆𝑗). 

 

4. Test Rig and Case Studies  

 

For full-scale experimental testing, a test rig for a cantilever beam with a 

1.3-m span and a column 1-m high was employed. The reacting frame was 

constructed by using wide channel sections with 22-mm holes that were 

attached to the strong floor of the laboratory (Fig. 8). The columns were 

restrained from lateral movement at both ends. The beam was also restrained 

from lateral movement in the middle. The concentrated load was applied by a 

hydraulic jack at the tip of the beam. To simulate quasi-static loading, a 

monotonic push-down loading was employed in which the loading was 

accomplished by using 5-kN increases until significant deformation of the beam 

occurred. After that, the increase in the vertical displacement of the beam 

controlled the loading segments, as a small increment led to a substantial 

increase in deflection. This loading protocol continued until failure of the 

specimen. Failure was recognized once a quick or substantial decrease in the 

applied load or a significant vertical displacement occurred. An inclinometer 

was attached in the connection shear panel zone to measure the rotational 

deformation. Moreover, the vertical deflection of the specimen was measured 

using a linear LVDT installed at the tip of the beam. 

 

Fig. 8 Test rig for experimental tests 
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4.1. Case Studies  

 

Eight unstiffened EEP connections were arranged for testing. According 

to Eurocode 3 Part 1.8, in EEP connections, an equivalent T-stub in tension 

is considered to calculate the capacity of basic components. A T-stub consists 

of a bending-loaded flange and tension-loaded web, as shown in Fig. 9. The 

screw axes are subjected to tension that is counteracted by supporting forces 

at the outer edges, which are idealized as rigid supports. The T-stub model 

differentiates three failure modes: first, failure of the bolts and yielding of the 

flanges; second, full yielding of the flanges; and third, failure of the bolts [26]. 

 

Fig. 9 Definition of T-Stub and Orientation 

 

 

In this study, the connection components were selected according to the 

norms and practices of existing steel structures in Malaysia. Besides, as the 

country is located in a low seismic zone and has not experienced a severe 

earthquake so far, the connection is only designed to resist gravity loading, 

and continuity plates were omitted. Fig. 10 highlights the configuration of the 

connection. 

 

Fig. 10 Unstiffened EEP connection used in existing steel structures in Malaysia 

 

The sizes of the column, beam, end-plate, and bolts are shown in Table 

1. The specimens were categorized as EEP 1 to EEP 8. The end-plate widths 

varied from 200 to 250 mm and the number of tension bolt rows varied from 

two to three. The bolt size and thickness of the end-plate varied with the 

moment capacity of the connected beam. 

 

Table 1  

Properties of sections and EEP connections 

Specimen  Column sections Beam sections 
Bolt size 

(mm) 

Number of 

rows in tension 

 

Width 

Size of end-plate / SidePlate 

Thickness    Depth 

(mm) 

EEP 1 HB 300 × 300 × 83.5 HB 500 × 200 × 102 20 3 200 12 700 

EEP 2 HB 300 × 300 × 83.5 HB 500 × 200 × 102 20 3 250 12 700 

EEP 3 HB 300 × 300 × 83.5 HB 500 × 200 × 102 24 3 200 15 700 

EEP 4 HB 300 × 300 × 83.5 HB 500 × 200 × 102 24 3 250 15 700 

EEP 5 HB 250 × 250 × 63.8 HB 450 × 200 × 65.1 20 2 200 12 650 

EEP 6 HB 250 × 250 × 63.8 HB 450 × 200 × 65.1 20 2 250 12 650 

EEP 7 HB 250 × 250 × 63.8 HB 450 × 200 × 65.1 24 2 200 15 650 

EEP 8 HB 250 × 250 × 63.8 HB 450 × 200 × 65.1 24 2 250 15 650 

SidePlate W36 × 395 W40 × 294 – – 1025 50 2000 

 

A hot-rolled I-shaped Perwaja Steel Section produced locally in Malaysia 

was used in this study in conformity with the British Standards Institute BS 

EN (EN 10113-3, 1993).  

Table 2 shows the section properties used in this study. 

 

 

Table 2  

Section properties 

Section 
Depth 

(mm) 

Width 

(mm) 

Flange Thickness 

(mm) 

Web Thickness 

(mm) 

Ixx ˟108 

(mm)4 

Mp 

(kN.m) 

HB 300 × 300 × 83.5 294 302 12 12 1.664 440 

HB 500 × 200 × 102 506 201 19 11 5.5481 873 

HB 250 × 250 × 63.8 244 252 11 11 0.8703 124 

HB 450 × 200 × 65.1 446 199 12 8 2.8134 497 

W36 × 395 960 427 55 30 114.5 9520 

W40 × 294 1008 452 40 21 100.7 7857 

 

 

One test of the SidePlate moment connection was carried out to evaluate 

the adequacy of the proposed joint classification by AISC and EC3 for FR 

connections. In this connection type, a pair of parallel full-depth side plates 

has been incorporated to join the beam to the column (Fig. 11). The SidePlate 

moment connection has been designed in such a way as to guarantee that the 

connection deformation and energy dissipation mechanisms appear outside 

the connection components and the column itself. The connection between 

the beam and column is carried out through two cover plates attached to the 

beam end and side plates. Therefore, the beam should not touch the column 

so that this physical separation will eliminate the peaked triaxial stress 

concentration present in all other types of welded moment connection. 

Moreover, the application of two thick side plates operating with column 

webs will eliminate the unbalanced shear distortion within the panel zones. 

The properties of the connection components are shown in Table 1.  
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Fig. 11 Typical side plate moment connection system 

 

5. Results and Discussion  

 

The complete M–θ curves for all eight EEP connections are shown in  

Fig. 12.  

 

 

 

 

 

 

Fig. 12 M–θ curves of all EEP connections 

 

In all of the tests, the specimens experienced nonlinearity early on in the 

first step of the loading sequence. The concentrated deformation appeared 

mainly in the tension area over the top bolt rows. The failure modes of the 

EEP connections, however, were dependent on the geometrical configuration. 

Two different failure modes were identified: (i) deformation of the end-plate 

and column flange in the tension zone and (ii) deformation of the end-plate 

and column flange in the tension and compression zones. The modes of failure 

for all specimens are shown in Fig. 13. Generally, the results of the 

experimental test indicated that the size of bolts and thickness of the end-plate 

had negligible influences on the initial stiffness and M–θ performance of the 

connections. 
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Fig. 13 Failure mode for all EEP connections  

 

The M–θ curve for the Side Plate moment connection is shown in Fig. 

14. This figure clearly shows that this connection experienced very limited 

rotation compared to the EEP connection. However, it developed the full 

capacity of the connected beam.  
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Fig. 14 M–θ Curve of side plate beam-to-column connection 

 

In this specimen, plastic hinges appeared at the beam flanges under a 

vertical load of 10000 kN. After that, the beam flanges experienced a slight 

but visible buckling. In the next stages, the specimen showed full formation 

of the plastic hinge. The following failure sequence occurred: (i) plastic 

deformation, (ii) local buckling of beam flanges, and (iii) fracture initiation at 

the beam flanges with development into the web. The failure mode at the final 

stage of the test is shown in Fig. 15. 

 

 

Fig. 15 Damaged state of side plate connection 

 

 

5.1. AISC Classification Overview  

 

Table 3 shows the calculated value of 
𝑘𝑠𝐿

𝐸𝐼
 for both types of connections. 

The results indicate that all EEP connections should be categorized as flexible 

connections. For EEP 1 to EEP 4, the beams’ flexural strength is twice that of 

the columns, and the connection performance is adversely affected, resulting 

in failure to develop the full capacity of the beam. The average ratio of the 

maximum connection capacity, Mn, to the beam plastic moment, Mp, beam, 

was 0.35. However, all eight EEP connections transferred more than 20% of 

the beam plastic moment at a rotation of 0.02 radians. Table 3 also shows that 

the Side Plate moment connection possesses a higher value of 
𝑘𝑠 𝐿

𝐸𝐼
 than is 

recommended by AISC. This confirms that the SidePlate moment connection 

has enough stiffness to maintain continuity between the beam and column 

with negligible rotation. The results also showed that the Side Plate moment 

connection has a maximum moment capacity that is well in excess of the 

beam plastic moment. In the Side Plate, as the connection capacity 

significantly exceeds the beam capacity, the ductility of the whole system is 

controlled by the beam, and the connection remains elastic.  
 
 
 
 
 

 
Table 3  

Connection assessment based on AISC classification 
Specimen  Ms 

(𝑘𝑁. 𝑚) 

Mn 

(𝑘𝑁. 𝑚) 

M0.02 Rad 

(𝑘𝑁. 𝑚) 

θs 

(𝑟𝑎𝑑𝑖𝑎𝑛) 

θu 

(𝑟𝑎𝑑𝑖𝑎𝑛) 

Mp, Beam 

(𝑘𝑁. 𝑚) 

Ks 

(
𝑘𝑁. 𝑚𝑚

𝑟𝑎𝑑𝑖𝑎𝑛
× 106) 

𝑘𝑠 𝐿

𝐸𝐼
 

EEP connection  

EEP 1 150 303.3 260 0.005 0.043 833.53 30.00 0.34 

EEP 2 150 312.5 273 0.004 0.042 833.53 37.50 0.43 

EEP 3 150 328.7 312.4 0.0025 0.027 833.53 60.00 0.69 

EEP 4 150 329.2 275 0.003 0.045 833.53 50.00 0.58 

EEP 5 80 177 145 0.0035 0.06 475 22.85 0.52 

EEP 6 100 220 165 0.005 0.073 475 20.00 0.45 

EEP 7 100 237 200 0.003 0.037 475 33.34 0.76 

EEP 8 100 253 190 0.003 0.042 475 33.34 0.76 

Side Plate connection 

SP-1 5885.1 14712.6 - 0.006 0.00345 7269.5 9808.4 23.5 
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5.2. Overview of Eurocode 3 Classification 

 

Table 4 shows the initial rotational stiffness ( 𝑆𝑗,𝑖𝑛𝑖 ), component 

flexibilities (Ki), and beam stiffness for both types of connections. The results 

indicated that all eight EEP connections can be categorized as semi-rigid 

connections based on their stiffnesses. 

 

Table 4 

Connection Assessment based on Eurocode Classification 
Specimen K1 

 

K2 

 

Keq 

 

𝐸𝐼𝑏

𝐿𝑏
 

(
𝑘𝑁. 𝑚𝑚

𝑟𝑎𝑑𝑖𝑎𝑛
× 106) 

𝑆𝑗,𝑖𝑛𝑖 

 

(
𝑘𝑁. 𝑚𝑚

𝑟𝑎𝑑𝑖𝑎𝑛
× 106) 

EEP connection 

EEP 1 3.4 5.3 5.3 84.9 60.1 

EEP 2 3.4 5.3 3.36 84.9 52.8 

EEP 3 3.4 5.3 6.65 84.9 73.7 

EEP 4 3.4 5.3 4.3 84.9 67.6 

EEP 5 2.3 5.4 3.46 43 45.2 

EEP 6 2.3 5.4 2.96 43 42.4 

EEP 7 2.3 5.4 4.35 43 49.6 

EEP 8 2.3 5.4 3.95 43 47.1 

Side Plate connection 

SP-1 ∞ ∞ – 412.6 10850 

 

The EC3 classification only considers three types of beam-to-column 

connections, called welded, bolted angle flange cleat, and bolted end-plate 

connections, when calculating the initial rotational stiffness, 𝑆𝑗,𝑖𝑛𝑖. EC3 only 

provides some general recommendations for other beam-to-column 

connections. Based on this regulation, the basic component flexibilities, K1 

and K2, approach infinity in the presence of two parallel thick side plates. By 

substituting these two values in Eq. 7, the resulting initial rotational stiffness, 

𝑆𝑗,𝑖𝑛𝑖, was found to have an infinite value. Accordingly, the bilinear concept 

was assumed for determining the initial stiffness, Sj.ini, for the SidePlate 

moment connection. In this technique, the intercept constant moment, Mi, 

was selected as the moment equivalent to the intersection of the moment axis 

and the strain hardening tangent stiffness line, which passes through the last 

point, as shown in Fig. 16. As a result, the intercept constant moment is highly 

dependent on the connection’s ultimate moment [27]. Table 4 indicates that 

the SidePlate connection can be classified as a FR connection according to 

EC3, as the ratio of the initial stiffness to the beam stiffness was 26.  

 

 

 

 

 

 

 

 

 

 

Fig. 16 Description of initial stiffness 

 

6. Development of a New Classification System 

 

The proposed classification was developed based on the connection 

strength, stiffness, and ductility requirements. Accordingly, the proposed 

system considered three groups, that is, (i) flexible, (ii) FR, and (iii) semi-

rigid. 

 

6.1.  Boundaries Based on Rigidity and Ultimate Strength Level 

 

 

To classify connections based on rigidity, the initial rotational stiffness, 

𝑆𝑗,𝑖𝑛𝑖, is considered along with the connected beam rigidity. EC3 considers 

values of 25 and 8 as the boundary limitations of rigid to semi-rigid 

connections for unbraced and braced frames, respectively. To validate these 

proposed values, it is important to examine one-story moment and braced 

frames, as shown in Fig. 17. 

 

 

 

 

 

 

 

 

 

 

Fig. 17 Single-Story braced and unbraced frames 

 

Fig. 18 shows the relationship between the relative beam-to-column 

rigidity ρ and relative connection-to-beam rigidity 𝑆̅. Fig. 18 indicates that 

for the moment frame, the flexibility of the connection decreases the Euler 

buckling load. 

 

Fig.18 Relationship between �̅� and ρ 
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EC3 proposes a boundary ρ value of 1.4 for unbraced frames. It is 

believed that values of ρ  1.4 do not satisfy the beam-to-column connection 

ratio prescribed by the AISC 341-10 seismic provisions for structural steel 

buildings for special moment frames. Besides, ρ < 1.4 is non-conservative, as 

shown in Fig. 19. Fig. 19 indicates that when ρ = 0.1, the buckling load based 

on 𝑆 ̅= 25 is 85% of the buckling load for 𝑆 ̅= . Accordingly, 𝑆̅ = 25 is a 

suitable boundary value for moment frames to be considered as FR. 

 

Fig. 19 Relationship between ρ and the Euler Buckling Load 

 

The data in Table 3 show that the use of a moment capacity of 0.38 MP 

is adequate for the flexible to semi-rigid boundaries. For FR boundaries, 
however, the ultimate bending moment is higher than 0.6 MP, or perhaps even 

higher than the beam plastic moment MP. Besides, the proposed boundary 

classification uses the value of the relative connection-to-beam rigidity, 𝑆̅, of 

25 proposed by EC3. The proposed boundary classification is developed 

based on the ratio of Mn to Mp,beam and the ratio of the beam rigidity 
𝐸𝐼𝑏

𝐿𝑏
 to 

Mp,beam, given as 

 

𝑚 =
𝑀𝑛

𝑀𝑝 𝑏𝑒𝑎𝑚

                                                                                                        (9) 

𝜙 =
𝐸𝐼𝑏

𝐿𝑏𝑀𝑝 𝑏𝑒𝑎𝑚

 × 10−3                                                                                  (10) 

 

Fig. 20 shows the proposed boundary classification diagram for unbraced 

frames. The boundary for rigid to semi-rigid connections is developed based 

on the following assumptions: 

When 

 

  𝜙 ≤ 0.025       𝑚 ≥ 25𝜙                                                                                  (11) 

 

When 

0.025 < 𝜙 ≤ 0.15      𝑚 ≥
25𝜙 + 3.25

7
                                                        (12) 

The boundary for semi-rigid to flexible connections is developed based 

on the following assumptions: 

When 

𝜙 ≤ 0.05        𝑚 ≥ 5𝜙                                                                                         (13) 

When 

0.05 < 𝜙 ≤ 0.15       𝑚 ≥
5𝜙 + 2

7
                                                                  (14) 

The boundaries in Fig. 20 are trilinear rather than bilinear, based on the 

following justifications: 

i. The experimental results indicated that a connection possesses 

linear behaviour up to two-thirds of its maximum moment 

capacity, Mn. 

ii. The beam also behaves linearly above two-thirds of the ultimate 

moment capacity, Mn, but with a much lower slope. Plasticity in 

beams with I-sections starts at about Wel/Wpl = 0.9, theoretically. 

 

 

 

 

Fig. 20 Boundary classifications for connections in unbraced frames based on their rigidities 
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Fig. 21 shows that all eight EEPs are categorized as semi-rigid 

connections while the SidePlate connection is classified as a rigid connection. 

Fig. 21 also shows that the proposed boundary classification predicted 

conservative results for SidePlate. This issue can be explained by the fact that 

SidePlate is representative of hyper-strength connections that have moment 

resistance that is truly higher than the plastic moment of the connected beam. 

 

 

Fig. 21 Comparison between the test results and the proposed boundaries classification 

 

It is recommended that the beam length be selected so that the initial stiffness 

of the beam matches that of the connection. In other words, the initial M–θ 

curve slope, Cc, of the connection should match the beam stiffness 
𝐸𝐼𝑏

𝐿𝑏
⁄ . 

Kishi and Chen [3] evaluated a variety of beam-to-column connections to find 

the most appropriate beam length. Table 5 shows the reference length and the 

ultimate moment developed for a total of 55 different connections proposed 

by Kishi and Chen; however, it is not clear whether or not these data 

considered shear panel zone effects. Table 5 also shows that stiff connections 

demand a shorter equivalent reference length. In other words, a shorter length 

is required for stiffer connections to match the beam stiffness (i.e., C = Cc). 

The findings of this study are consistent with those of Kishi and Chen, 

showing that a value of le = 3d would be suitable for an EEP and a value of le 

= 1.2d would be appropriate for SidePlate connections if the shear panel zone 

effects are considered (d = depth of beam). 

Table 5 

Reference lengths for different steel beam-to-column connections 

Description 

Rigid connections Semi-rigid connections Flexible connections 

Bolted stiffened EEP  

 

Flush 

end-plate 

Top/seat 

angles and 

web angle 

Header 

plate 

Double 

web 

angles 

Equivalent length le 1𝑑 < 𝑙𝑒 < 2𝑑 2𝑑 < 𝑙𝑒 < 5𝑑 4𝑑 < 𝑙𝑒 < 7𝑑 ≅ 10𝑑 ≅ 15𝑑 

Ultimate moment Mu ≅ 0.9𝑀𝑝 ≅ 0.6𝑀𝑝 ≅ 0.45 − 0.6𝑀𝑝 ≅ 0.2𝑀𝑝 ≅ 0.15𝑀𝑝 

 

 

6.2. Boundaries Based on the Ductility Requirement  

 

The ductility requirement for classification purposes was calculated 

based on the following equation: 

 

𝜃𝑅 = 𝑘𝜃𝑢                                            (15) 

 

Where 

𝜃𝑢 is the theoretical plastic rotation of the connection calculated as follows 

and shown in Fig. 22: 

 

𝜃𝑢 =
𝑀𝑛

𝐶𝑐
                           (16) 

 

Fig. 22 Definition of the required ductility for the connection 

 

The value of k is a function of the code requirements, frame type, and 

location seismicity. The AISC specification proposes a k value of 4 for 

medium seismic requirements. The initial stiffness, Cc, of the beam-to-

column connections is calculated as: 
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𝐶𝑐 =
(𝐸𝐼)

𝑎𝑑
                                                                 (17) 

 

where 

a is the equivalent length factor of the connected beam according to Table 

5 (1~15), which makes the beam stiffness match the connection stiffness.  

The non-dimensional ductility requirement, �̅�𝑅, is calculated based on 

the following equation: 

 

𝜃𝑅
̅̅ ̅ =

𝜃𝑅

𝜃𝑝

                                                                                                               (18) 

 

where 𝜃𝑝 is the theoretical plastic rotation of the connected beam using 

the plastic moment and a value of 3d that represents the reference length 

factor (average equivalent reference length between the EEP and SidePlate 

connection).  

 

Therefore, 𝜃𝑝 for the EEP connection is calculated as follows: 

 

𝜃𝑝 =
𝑀𝑝

(
𝐸𝐼
3𝑑

)
                                                                                                           (19) 

The following equation shows the development of the required non-

dimensional ductility, �̅�𝑅: 

𝜃𝑅
̅̅ ̅ =

𝜃𝑅

𝜃𝑝

= 𝑘𝑀𝑛 (
𝑎𝑑

𝐸𝐼
) (

𝐸𝐼

3𝑑
)

1

𝑀𝑝

= (
𝑘

3
) (

𝑀𝑛

𝑀𝑝

) 𝑎                                        (20) 

 

Finally, by substituting Eq. 17 into Eq. 20, the non-dimensional ductility 

requirement, �̅�𝑅, is calculated as follows: 

 

𝜃𝑅
̅̅ ̅ = (

𝑘

3
) (

𝑀𝑛

𝑀𝑝

) (
𝐸𝐼

𝐶𝑐𝑑
)                                                                                 (21) 

 
Eq. 21 indicates that the non-dimensional ductility requirement, �̅�𝑅, is 

influenced by the ratio of the ultimate moment capacity of the connection, Mn, 

to the beam plastic moment, Mp. It has an adverse relationship with the initial 

stiffness of the connection Cc. In other words, flexible connections demand 

higher ductility. Fig. 23 shows the connection strength boundaries as well as 

the non-dimensional ductility requirement, �̅�𝑅, line. By solving Eq. 21 and 

using data from Table 5, the non-dimensional ductility requirement, �̅�𝑅, can 

be drawn.  

 

Fig. 23 shows that the idealized line intersects the plastic strength 

boundary at a value of �̅�𝑅 = 1.35 (FR connection) and the non-dimensional 

ductility requirement at a value of �̅�𝑅 = 2.5 (flexible connection). Fig. 23 also 

indicates that the proposed non-dimensional ductility boundary line provides 

an acceptable prediction in comparison with the experimental test results.  

 

7. Summary and Conclusions 

 

This paper has presented an investigation of the connection classification 

index proposed by AISC and Eurocode 3. A test programme was conducted 

to evaluate the static M–θ characteristics of the EEP representative of semi-

rigid connections. Initial stiffnesses and complete M–θ curves were evaluated 

for connections with different geometries. According to the experimental and 

theoretical results, the following conclusions were drawn: 

i. AISC provided a conservative boundary limitation for flexible to 

semi-rigid connections considering the results of classical 

methods.  

ii. The experimental M–θ curves indicated that all EEP connections 

experienced large rotation. Consequently, this flexible 

performance should be addressed in the analysis process of the 

whole structure. It is also important to recognize that the flexibility 

of connections resulted from large second-order (P-Δ) effects in 

the whole structure that should be considered in the analysis 

process. 

iii. Eurocode 3 provided a reliable classification index in which the 

initial rotational stiffnesses ( 𝑆𝑗,𝑖𝑛𝑖 ) were adequately predicted 

compared to those obtained from the bilinear concept. 

iv. Experimental test results showed that the size of bolts and 

thickness of the end-plate had a negligible influence on the initial 

rotational stiffness of the EEP beam-to-column connection. 

v. The beam-to-column flexural capacity ratio should satisfy the 

AISC seismic requirements [28]. Furthermore, the design criteria 

should provide sufficient strength in the elements of the 

connections to ensure that the inelastic deformation of the 

connection is achieved by beam yielding. 

vi. According to the proposed classification system, the flexibility of 

semi-rigid connections should be taken into account in the global 

analysis of the structure. In general terms, semi-rigid connections 

are not recommended for unbraced frames due to the extensive 

horizontal deformation which may cause problems in the overall 

stability. However, for braced frames, the introduction of semi-

rigid connections may lead to more economical results due to the 

optimisation of the steel material for the beams.  

vii. When analysing semi-rigid frames, the behaviour of the joints 

needs to be modelled; this is associated with a mathematical model 

of the M–θ curve considering the connection strength, stiffness, 

and ductility characteristics. Therefore, one of several M–θ curve 

representations including linear, bilinear, multilinear, and 

nonlinear should be used in the analysis procedure. The most 

accurate representation can be obtained using continuous 

nonlinear functions such as the M–θ curves resulting from this 

study for EEP and SidePlate connections, although the multilinear 

representation is commonly used. 
 

 
Fig. 23 Non-dimensional ductility requirement boundary 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Residual stresses and geometrical imperfections are important factors that affect the inelastic lateral-torsional buckling 

(LTB) capacity of flexural members.  In this paper, the influence of the magnitudes of residual stresses and initial 

geometrical imperfections in the form of member out-of-straightness on the flexural resistance of steel delta girders (SDG) 

is investigated.  Based on test data reported for welded plates and monosymmetric welded I -sections, a residual stress 

pattern for SDG is proposed.  Six different combinations of residual stress and geometrical imperfection magnitudes are 

then used in a finite element simulation study of a series of SDG under uniform bending and simply-supported boundary 

conditions.  The flexural resistance curves computed for these SDG are compared with one another to demonstrate that 

both residual stresses and initial member out-of-straightness have a noticeable influence on the moment capacity of SDG, 

especially in the inelastic LTB region.  These curves are also compared against the flexural strength equations provided in 

the current AISC specifications.  The comparison reveals that the AISC equations often over-predict the flexural strength 

of SDG.  An SDG flexural strength reduction factor is then proposed to allow for the design of these SDG using the AISC 

design equations. 
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1.  Introduction 

 

A Steel Delta Girder (SDG) is formed by welding two inclined rectangular 

plates to the compression flange and the compression portion of the web of a 

hot-rolled or welded I-section as shown in Figure 1.  When compared to a 

conventional I-shaped section, SDG provides enhanced lateral and torsional 

stiffness that results in a noticeable increase in the lateral-torsional buckling 

(LTB) capacity of the beam. 

Research on SDG started as early as 1961 by Hadley [1] who performed 

experimental tests at the University of Washington.  The results of these tests 

has led to the construction of two bridges that employ SDG in the U.S. [2].  In 

the past decade, several researchers [3, 4, 5, 6] examined the flexural capacity 

of SDG numerically using general purpose finite element (FE) software.  These 

studies have included both elastic and inelastic analyses. While both these 

analyses are needed to understand the full range of flexural behavior of SDG, 

the main shortcoming of these studies, especially those on the inelastic LTB 

capacity of SDG, is that they have ignored the effect of residual stresses [3, 6].  

However, the presence of residual stresses alters the yield pattern in the cross-

section and has been shown to have an important effect on the inelastic lateral 

torsional buckling capacity of the beam.  

 

 

 

 

 

 

 

 

 

  

 

 

 

 

 

 

 

 

Fig. 1 A typical SDG with dimension notations 

 

The flexural resistance curve in the current AISC specifications [7] is 

divided into three regions based on the unbraced length of the compression 

flange as illustrated in Figure 2. For relatively short-span beams or beams with 

continuous or closely spaced lateral supports, the beam falls into the plastic zone 

or what is referred to as the plateau region. The plastic zone resistance is the 

plastic moment capacity for compact sections, the yield moment multiplied by 

a web plastification factor 𝑅𝑝𝑐 for non-compact sections, and the yield moment 

multiplied by a bending strength reduction factor 𝑅𝑝𝑔 for slender sections.  As 

the span length or distance between lateral supports increases, the beam will fail 

at a lower moment by inelastic LTB.  Under inelastic LTB, yielding occurs in 

some parts of the cross-section, while other parts remain elastic.  Although the 

actual transition from the plateau (fully plastic) region to the elastic LTB region 

is nonlinear, for simplicity a linear interpolation between the fully plastic and 

the elastic regions was adopted by AISC.  For long beams or beams with a large 

laterally unbraced length, failure will be in the form of elastic LTB, and the 

theoretical elastic LTB moment is used as the nominal flexure strength of the 

beam.  To determine the region under which a beam falls, the lateral unbraced 

length of the compression flange 𝐿𝑏 is compared against two limiting values 

𝐿𝑝 and 𝐿𝑟 as shown in Figure 2.  𝐿𝑝 and 𝐿𝑟 are the limiting laterally unbraced 

lengths for the limit states of full cross-section yielding and inelastic lateral-

torsional buckling, respectively.  Depending on the type of sections, different 

equations for 𝐿𝑝 and 𝐿𝑟 are given by the AISC specifications.  However, no 

expressions for 𝐿𝑝  and 𝐿𝑟  are currently available for SDG.  This will be 

addressed in more detail in a later section of this paper. 

Residual stresses and geometrical imperfections in the form of member out-

of-straightness play an important role in reducing the flexural capacity of beams 

in the inelastic range.  Furthermore, the distributions and magnitudes of 

residual stresses vary between hot-rolled and welded sections, and hence their 

effect on inelastic LTB is different.  In welded beams, compressive residual 

stresses at the tips of the flanges are generally less than those of hot-rolled beams, 

and thus the start of inelasticity on the compression flange is delayed.  In 

addition, the spread of yield in the flanges of welded sections is often more rapid 

due to a near uniform residual stress distribution, which results in an almost 

uniform moment resistance of these beams in the inelastic range.  This is 

different from hot-rolled sections in which, as mentioned earlier, the moment 

resistance is assumed to decrease linearly in this range.  Due to the importance 

of the magnitudes of residual stresses and geometrical imperfections on the 

inelastic LTB capacity of beams, recent studies has been dedicated to the study 

of their effects on I-sections [8, 9]. 

While research on the effects of residual stresses and geometrical 

imperfections on I-sections are well-documented, their influence on SDG has 

not received much attention.  A major objective of the present work is therefore 

to shed light on the subject by investigating how material and geometrical 

imperfections can affect the flexural resistance of SDG.  To this end, based on 

an extensive literature survey a residual stress pattern that can readily be 

incorporated in a numerical simulation study of SDG is proposed.  A three-

dimensional (3D) nonlinear inelastic FE model is then developed to determine 

the flexural resistance of SDG under uniform bending with various magnitudes 

of residual stresses and initial imperfections.  The FE model and the modeling 

techniques used are verified against the experimental result of a test beam that 
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failed by inelastic LTB.  The numerical simulation results are compared with 

one another as well as against the flexural strength equations contained in the 

current AISC specifications.  Based on these comparisons, conclusions and 

recommendations on the behavior and design of these SDG are provided. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 2 Nominal moment versus unbraced length of compression flange 

 

2.  Residual stresses 

 

The manufacturing process of steel sections plays an important role in the 

formation of residual stresses and hence the residual stress patterns are different 

for hot-rolled and welded I-sections. Clarin [10] and Abambres and Quach [11] 

provided in-depth reviews of a number of previous experimental and analytical 

work on residual stresses. The residual stresses in hot-rolled as well as welded 

doubly symmetric and monosymmetric I-sections will be discussed in this 

section. Note that residual stresses in high strength steel, cold-formed sections, 

and hot-rolled monosymmetric sections are not considered in this review. 

Residual stresses in hot-rolled members are induced as a result of uneven 

cooling at the end of the rolling process.  The main factors affecting the 

distribution and magnitude of residual stresses in hot-rolled members are the 

rolling temperature, the section geometry, the cooling conditions, the 

straightening procedures and the material properties [12, 13].  Furthermore, 

heavy profiles tend to have higher residual stresses and a different distribution 

pattern due to different cooling behavior of thick plates [14]. Thus, the 

following review is only valid for light to medium weight sections, i.e., sections 

with maximum web-to-flange thickness of 25 mm.  On the other hand, cold 

straightening after the hot rolling process is known to reduce residual stresses 

in members.  Because no detailed research has been reported to determine the 

exact influence of cold straightening [15], its beneficial effects are often 

conservatively ignored. 

 

2.1. Bisymmetric sections 

 

Over the years, a number of researchers have investigated residual stresses 

in hot-rolled bisymmetric I-sections, both experimentally and analytically.  

However, noticeable differences are reported in the published residual stress 

measurements and the proposed distribution patterns. This discrepancy could be 

attributed to different cooling conditions and cold-straightening techniques. 

Thus, a single residual stress pattern is not expected to be able to accurately 

predict the residual stresses present in all members.  Galambos and Ketter [16] 

proposed a bi-linear residual stress distribution for light to medium weight I-

sections.  This pattern has been used quite often in North America for 

modeling residual stresses in compact I-sections and is depicted in Figure 3(a).  

Young [17] proposed a parabolic distribution for residual stresses in hot-rolled 

I-section as shown in Figure 3(b).  One common feature of these proposed 

residual stresses is that they were assumed to be independent of material 

properties as long as the yield stress is not exceeded.  Furthermore, their 

magnitude and distribution must be such that equilibrium in the axial direction 

is satisfied given that these residual stresses are self-equilibrating. 

Fukomoto, Itoh and Kubo [18] and Dux and Kitipornchai [19] performed 

experimental measurements of residual stresses in hot-rolled I-sections.  The 

residual stress patterns so obtained are given in Figure 4.  However, the authors 

did not propose a simplified residual stress pattern suitable for use in analytical 

and numerical study of its effect on beam strength.  Other residual stress 

patterns contained in the literature include that of Trahair [20], who proposed 

residual stress distributions that are parabolic in the flanges and quartic in the 

web, and the work of Szalai and Papp [21], who proposed a quartic distribution 

that satisfies all equilibrium conditions including torsion and warping effects. 

These two polynomial residual stress distributions require lengthy computations 

to obtain their patterns.  

The European Convention for Constructional Steelwork (ECCS) [22] 

proposed a bi-linear residual stress pattern for hot-rolled I-sections where the 

maximum compressive and tensile stresses are equal.  However, ECCS makes 

a distinction between the magnitude of residual stresses in I-sections and H-

sections as shown in Figure 5.  These proposed residual stress patterns are 

mostly used in Europe and were utilized in the development of the flexural 

resistance curves in EC3 [23].  

 

Fig. 3 Residual stress pattern by (a) Galambos and Ketter [16] and (b) Young [17] 

 

 

Fig. 4 Experimental residual stress patterns measured by (a) Fukomoto et al. [18]  

and (b) Dux and Kitipornchai [19] 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 5 Residual stress pattern proposed in ECCS [22] 

 

Measurements of residual stresses in welded cross-sections [12, 24, 25, 26] 

have clearly indicated that there is a significant difference in both the magnitude 

and distribution pattern when compared to hot-rolled I-sections.  The 

comparison is shown in Figure 6.  Residual stresses in welded I-sections are 

caused mainly by locally concentrated heating which results in uneven cooling 

in the cross-section. The welding speed, heat input, number of passes and the 

technique used in cutting the plates (mill-cut or flame-cut technique) also affect 

the residual stress pattern and magnitude in welded sections [11].  The 

significant difference in residual stresses between mill-cut (mechanically cut) 

and flame-cut (oxygen-cut) plates is observed at the flange tips.  As opposed 
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to mill-cut plates, flame-cut plates have tension residual stresses at the flange 

tips, as illustrated in Figure 7(b), which has been found to improve LTB capacity 

of the girder [27]. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 6 Pattern of measured residual stresses (not-to-scale) of: (a) hot-rolled 10 × 5 3 4⁄  

UB 21 [26] and (b) universal mill plates welded 9 × 9 [12] 

 

Fig. 7 Representation of measured residual stresses in (a) welded and mill-cut plates and 

(b) welded and flame-cut plates [27] 

 

Other proposed residual stress patterns for welded sections include that of 

Dwight and Moxham [28], who proposed a rectangular tension block and 

related its width to either the welding size or the heat input.  This pattern was 

supported by the work of Young and Dwight [26].  Yu and Tall [29] proposed 

a triangular tensile residual stress block that leads, for very short spans, to higher 

buckling curves compared to those obtained using the rectangular shape. Prawel, 

Morell and Lee [30] proposed a bi-linear residual stress pattern for welded I-

section, shown in Figure 8(a), based on residual stress measurements of plates 

with shear cut edges.  Kim [31] proposed the “best-fit” Prawel residual stress 

distribution, shown in Figure 8(b), where the peak stress values were reduced 

to match the experimental data from different sources.  ECCS [22] used a 

trapezoidal tensile stress block and a rectangular compressive block in the 

flanges. Other measurements of residual stresses in welded beams have been 

reported by Dux and Kitipornchai [19] and Fukumoto and Itoh [32]. 

 

 

Fig. 8 Residual stress pattern reported by (a) Prawel et al. [30] and (b) Kim [31] 

 

2.2. Monosymmetric sections 

 

Studies of residual stresses in welded monosymmetric beams are rather 

limited. Fukumoto [33] provided measured residual stresses for four 

monosymmetric beams as shown in Figure 9. Kitipornchai and Wong-Chung 

[34] suggested a residual stress pattern for welded monosymmetric beams. The 

pattern is shown in Figure 10(a) and is based on tendon force concept developed 

by White [35, 36]. The tendon force 𝐹 is given by: 

 

𝐹 = 𝐵𝐴𝑤𝑒𝑙   (1) 

 

where 𝐵 is the welding process constant, and 𝐴𝑤𝑒𝑙 is the area of added 

weld metal. In Figure 10(a), the stresses 𝑓𝑐1, 𝑓𝑐2 and the dimensions 𝑐1, 𝑐2 are 

functions of the tendon force 𝐹.  This requires the area of the weld and the 

welding technique be known before the residual stresses in the cross-section can 

be calculated.  Unfortunately, this information is not normally available and 

was not provided in the Fukumoto’s tests.  This renders the proposed pattern 

by Kitipornchai and Wong-Chung to be impractical especially for comparison 

with previous measurements. Trahair [37] proposed a simple residual stress 

pattern for welded monosymmetric beams.  This is shown in Figure 10(b) 

where the compression residual stresses in the smaller flange were reduced. In 

addition, he ignored the residual stresses in the web because lateral-torsional 

buckling is only slightly affected by web yielding. This residual stress pattern 

was used in an analytical work to develop design equations for monosymmetric 

beams in the inelastic range. 

 

 

Fig. 9 Residual stresses measured for welded monosymmetric beams [33] 

 

 

Fig. 10 Residual stress pattern proposed for welded monosymmetric beams by (a) 

Kitipornchai and Wong-Chung [34] and (b) Trahair [37] 

 

3.  Proposed residual stress pattern for SDG 

 

From the above discussion, it can be seen that residual stress patterns in 

steel cross-sections are affected by a number of factors.  These include, but 

not limited to, size and geometry of the sections, fabrication methods, rate and 

manner of heating and cooling, measurement techniques [38], straightening 

procedure, material properties, etc.  However, regardless of the measured 

residual stress patterns, the two conditions that need to be satisfied are: (1) the 

maximum compressive and tensile residual stresses should not exceed the yield 
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stress Fy of the material, and (2) the residual stresses must be self-equilibrating, 

i.e., the sum of force over the cross-section in the longitudinal direction should 

be zero.  These two conditions will be enforced in the proposed residual stress 

pattern for steel delta girders. 

The addition of delta stiffeners to an I-section will affect the existing 

residual stresses in the girder due to the welding process.  Since experimental 

data of residual stress measurements for SDG are not available, a residual 

stress pattern is to be deduced from existing patterns.  This will be achieved 

by superimposing the residual stresses of rectangular steel plates to those of 

monosymmetric welded I-sections and enforcing axial or longitudinal 

equilibrium over the cross-section.  Three different types of plates are used 

in welded sections: as-rolled, flame-cut, and mechanically-cut steel plates.  

The residual stress distributions vary among the three types of plates.  The 

mechanically-cut steel plate refers to a shear cutting technique that does not 

include heat input in the process.  On the other hand, flame-cut steel plates 

are produced by oxy-fuel cutting, laser or plasma cutting, and few other 

technologies that introduce intense heat input to the edges of the steel plate.  

This process will create high tensile stresses in the heat affected zone that often 

reach the yield stress of the material 𝐹𝑦.  The penetration depth of the tensile 

stresses depends on various factors such as the thickness of the plate, the 

welding method, the number of passes, etc.  Consequently, the compressive 

residual stresses are to be calculated so they will satisfy longitudinal 

equilibrium.  Welding of mechanically-cut steel plates will result in a residual 

stress pattern similar to that of flame-cut steel plates.  Thus, ECCS [22] 

proposes a simplified residual stress pattern shown in Figure 11 for use in steel 

plates that are flame-cut at both edges, or in mechanically-cut steel plates that 

are welded at both edges. 

 

 

 

 

 

 

 

Fig. 11 Residual stresses in flame-cut plates at both edges or in mechanically-cut plates 

welded at both edges [22] 

 

ECCS [22] recommends that the width of the tension block zone 𝑐 and 

the compressive residual stress 𝑓𝑐 be calculated using the equations: 

 

𝑐 =
1100√𝑡

𝐹𝑦
  (2) 

 

𝑓𝑐 = 𝐹𝑦
2𝑐

𝑏 − 2𝑐
 (3) 

 

where 𝑐 is the width of each tension zone in mm, t is the plate thickness 

in mm, 𝐹𝑦  is the steel yield stress in MPa, 𝑓𝑐  is the compressive residual 

stress, and 𝑏 is the total width of the steel plate. 

In monosymmetric I-sections, the compressive residual stress in each 

flange is dependent on its relative dimensions.  Two residual stress patterns 

for monosymmetric welded I-sections are available in the literature and have 

been reviewed in Section 2.  The first one was proposed by Kitipornchai and 

Wong-Chung [34] and requires prior knowledge of the welding area and 

welding technique; thus, it is not very practical. The second pattern was 

proposed by Trahair [37] and will be used as the base pattern for SDG.  A 

uniform compressive web residual stress equals to 0.3𝐹𝑦 is added to Trahair’s 

pattern.  The width of the two tension blocks where yielding occurs in the 

material due to welding is obtained from longitudinal equilibrium.  To 

superimpose the residual stress patterns of the delta stiffeners (rectangular steel 

plates) and the monosymmetric I-section, the following assumptions are made: 

• The material yields at the locations of the welds. This is a conservative 

approach and is adopted in a number of proposed residual stress patterns 

for welded sections as discussed in Section 2. 

• At the point of intersection between the delta stiffeners and the top 

flange, equal tension block width 𝑐2 is assumed for both components 

as shown in Figure 12. 

• At the point of intersection between the delta stiffeners and the web, the 

width of the web tension block 𝑐4 is twice that of the delta stiffeners 

tension block 𝑐2 due to having one line of weld on each side of the web. 

• Once the residual stresses of the delta stiffeners are added, the widths 

of the compression blocks in the top flange and the web, 𝑐1 and 𝑐3, are 

obtained from longitudinal equilibrium.  

The proposed residual stress pattern for SDG is shown in Figure 12.  This 

simple pattern satisfies longitudinal equilibrium and is easy to incorporate in a 

FE simulation. The same pattern will be used regardless of whether the initial 

section is a hot-rolled or a welded I-section.  The compressive residual stress 

values and the dimensions shown in Figure 12 are calculated using the 

following equations: 

 

𝑓𝑐1 = 0.3𝐹𝑦 (4) 

 

𝑓𝑐2 = {

0.3𝐹𝑦        (𝑒𝑞𝑢𝑎𝑙 𝑓𝑙𝑎𝑛𝑔𝑒 𝑠𝑖𝑧𝑒)

0.3𝐹𝑦
𝑏𝑡
𝑏𝑐
    (𝑢𝑛𝑒𝑞𝑢𝑎𝑙 𝑓𝑙𝑎𝑛𝑔𝑒 𝑠𝑖𝑧𝑒)

 (5) 

 

𝑓𝑐3 = 𝐹𝑦
2𝑐2

𝑤𝑑 − 2𝑐2
 (6) 

 

𝑐1 =
0.3

1.3
𝑏𝑐 − 2𝑐2 (7) 

 

𝑐2 = 1100
√𝑡𝑑

𝐹𝑦
 (8) 

 

𝑐3 =
0.3

2.6
 ℎ − 𝑐2 (9) 

 

𝑐4 = 2200
√𝑡𝑑

𝐹𝑦
 (10) 

 

𝑐5 =

{
 

 
0.3

1.3
𝑏𝑡               (𝑒𝑞𝑢𝑎𝑙 𝑓𝑙𝑎𝑛𝑔𝑒 𝑠𝑖𝑧𝑒)

𝑏𝑡  
0.3𝑏𝑡 𝑏𝑐⁄

1 + (0.3𝑏𝑡 𝑏𝑐⁄ )
  (𝑢𝑛𝑒𝑞𝑢𝑎𝑙 𝑓𝑙𝑎𝑛𝑔𝑒 𝑠𝑖𝑧𝑒)

 (11) 

 

where 𝑐2 is in mm, 𝑡𝑑 is in mm, and 𝐹𝑦 is in MPa.  The cross-section 

dimensions used in these equations are given in Figure 1.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 12 Proposed residual stress pattern for SDG 

 

4.  FE model description and validation 

 

4.1. Geometry, loads, and boundary conditions 

 

A full nonlinear three-dimensional (3D) finite element model was 

developed to simulate the lateral-torsional buckling (LTB) of prismatic SDG 

using the general purpose commercial finite element software Abaqus version 

6.14-2.  The flanges, web, delta and vertical stiffeners were all modeled using 
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S4R shell element, which is a 4-node shell element with reduced integration.  

Fork boundary conditions (flexural and torsional simply-supported) were used 

at both ends of the SDG and concentrated equal and opposite moments were 

applied at a distant reference, as shown in the structural model of Figure 13, to 

distribute the moment over the full cross-section near the ends. Because 

preliminary analyses had shown that high stress concentrations and web 

yielding could occur near the ends of the girder, transverse (vertical) stiffeners 

were provided at those locations. The transverse stiffeners were assumed to 

have the same thickness as the delta stiffeners and were connected to the Delta 

girder using the tie constraint option in Abaqus. 

 

 

Fig. 13 Structural model used in FE simulations 

 

4.2. Material properties 

 

All plate components of the SDG were modeled using A572 Grade 50 

material.  The yield stress 𝐹𝑦 is 345 MPa and the tensile strength 𝐹𝑢 is 450 

MPa.  The modulus of elasticity is 200 GPa and the Poisson’s ratio is 0.3.  

The following assumptions were used to generate the engineering stress-strain 

curve used for the analysis: (1) The stress was constant in the yield plateau 

region, (2) the strain at the onset of strain hardening was ten times the yield 

strain, (3) the strain hardening region was modeled using three straight line 

segments with the stress and strain at the end of the initial strain hardening 

region equal to 415 MPa and 0.03125 m/m, respectively; and the stress and 

strain at the end of the secondary strain hardening region equal to 450 MPa (the 

tensile strength) and 0.12 m/m, respectively, (4) the stress in the tertiary strain 

hardening region remained constant at 450 MPa. The final assumption is 

justified by the fact that the maximum stress reached in all simulations was 

much lower than the tensile strength 𝐹𝑢. The engineering stress-strain curve 

was converted, as shown in Figure 14, to true stress-strain curve prior to 

implementation in Abaqus. 

 

Fig. 14 Engineering and true stress-strain curves 

 

4.3. Modeling imperfections 

 

4.3.1. Residual stresses 

The S4R shell element used in this research employs a one-point Gauss 

integration rule.  Hence, the FE model of the SDG was meshed in accordance 

with the dimensions 𝑐𝑖, i=1,2..5 as indicated in Figure 12, to model the residual 

stresses in each stress block.  The magnitudes of residual stresses—based on 

the proposed model of Section 3—were introduced in the initial analysis step 

using the predefined initial stress option in Abaqus as shown in Figure 15. 

 

4.3.2. Geometrical imperfections 

Several techniques exist for modeling initial geometrical imperfections.  

The most commonly used  technique is to model the beam’s out-of-

straightness as the first or lowest global out-of-plane buckling mode with a 

maximum value of 𝐿𝑏 1000⁄  (where 𝐿𝑏 is the unbraced length of the beam) 

as permitted by the AISC Code of Standard Practice [39].  Boissonnade and 

Somja [40] compared the different available techniques for modeling initial 

geometrical imperfections and concluded that using the lowest global out-of-

plane buckling mode with a maximum value of  𝐿𝑏 1000⁄  was suitable for 

modeling geometrical imperfections.  Thus, for each SDG an eigenvalue 

analysis was first performed.  The nodal displacements of the lowest global 

out-of-plane buckling mode were then scaled to a maximum value of 𝐿𝑏 1000⁄  

and introduced to the inelastic FE model.  This FE model was used to perform 

the inelastic LTB analyses.  The effects of the magnitude of structural 

imperfections on the LTB capacity will be explored in Section 5. 

 

Fig. 15 Implementation of residual stresses in the FE model 

 

4.4. Mesh size 

 

Based on the results of a convergence study, the mesh size of all 

components of SDG has an approximate maximum element size of 5 cm.  

However, the finite element mesh at some of the tension residual stress blocks 

requires the use of smaller element sizes so the residual stress pattern can be 

modeled more accurately. The number of elements used for each component of 

the SDG is dependent on the component’s width.  The convergence study has 

shown that the selected element dimensions are adequate to produce a good 

solution. 

 

4.5. Analysis procedure 

 

The residual stresses are in a self-equilibrating condition when the beam is 

perfectly straight. However, when these stresses are applied in conjunction with 

initial geometrical imperfections, a general static stabilization step needs to be 

implemented to ensure that these stresses reach a state of equilibrium before any 

external loads are to be applied. The NLGEOM option in Abaqus was turned on 

to allow for large displacements (geometric nonlinearity).  In the second step, 

the modified Riks buckling method was used to perform the nonlinear inelastic 

bucking analysis of the SDG under uniform moment.  The Riks method solves 

for loads and displacements simultaneously, using the load magnitude as an 

additional unknown.  Thus, an additional quantity is needed to measure the 

solution’s progress.  To do this, Abaqus uses the static equilibrium path in a 

load-displacement space along with the arc length. Figure 16 depicts the lateral 

torsional buckling (LTB) failure of one of the girders. 

 

 

Fig. 16 Inelastic buckling failure shape of one of the girders 

 

4.6. Validation of the FE model 

 

Analytical closed-form equations for the inelastic LTB of monosymmetric 

beams are not available.  Hence, the results of the FE model need to be verified 

against experimental work.  The only available experimental testing on SDG 

was performed by Hadley [1].  The main objective of these tests was to 

determine whether the delta stiffeners could satisfactorily stiffen the web to 
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replace the vertical stiffeners.  Consequently, none of the tested girders failed 

by LTB and therefore cannot be used in the FE model verification. 

To verify the FE model, a comparison was made between the experimental 

and FE simulation results of LTB tests conducted by Dux and Kitipornchai [21].  

In their study, nine simply-supported beams were tested and they all failed by 

inelastic LTB under three different loading patterns, i.e., three different moment 

gradients.  Figure 17 shows the three-point bending test setup selected for the 

FE verification.  The tested beam, designated “No. 2” in the experimental work, 

is a hot-rolled universal 250UB37 I-section with a total span 𝐿 of 9 m.  Based 

on experimental tests and laboratory measurements, the authors provided full 

cross-section dimensions, residual stresses and initial imperfections 

measurements, and material properties for all tested girders.  Hence, all these 

measurements and properties were incorporated in the FE model that employed 

the same analysis procedure, element type and mesh size used to model the SDG.  

Dux and Kitipornchai [21] reported the buckling load of the test beam to be 

62.6 kN (± 0.25 kN error margin).  The buckling load obtained in the FE 

simulation was 60.0 kN.  The difference between the experimental and the FE 

simulation results is 4.15%.  However, because the fillet areas at the junction 

of the web and flanges (1% of the total area for 250UB37 section) were 

neglected in the FE modeling, a slightly lower buckling load than the 

experimental one is expected.  Moreover, the use of mean values for material 

properties and residual stresses in the FE simulation could also lead to small 

errors in the comparison.  This result, however, shows that the nonlinear FE 

model and the modeling techniques described in an earlier part of this section 

should provide reasonably accurate results for studying the inelastic LTB 

behavior of SDG. 

 

 

Fig. 17 Test configuration for FE verification 

 

 

5.  Imperfection sensitivity study 

 

5.1. Effects of geometrical imperfections and residual stresses 

 

This section will investigate the sensitivity of LTB strength of SDG to 

geometrical imperfections and residual stresses over a practical range of 

unsupported lengths Lb.  Experimental data have shown that the measured 

residual stresses could be well below the recommended values in nominal 

residual stress patterns [21].  This can be attributed to the effects of various 

cold straightening techniques.  In addition, Dux and Kitipornchai [21] and 

Essa and Kennedy [41] reported maximum initial imperfections of 𝐿𝑏/3300 and 

𝐿𝑏 /2000, respectively, in their experimental studies.  On the other hand, 

residual stresses are sometimes completely neglected in FE analysis of LTB 

behavior [6, 42]. 

In this sensitivity study, a series of SDG with geometries that cover a 

practical range of flange and web widths and thicknesses, depths, as well as 

inclined stiffener width and thickness values were created.  Their LTB 

capacities at different lateral unsupported length Lb were obtained using FE 

simulations for various initial imperfection and residual stresses magnitudes.  

Five SDG were selected to showcase a sample of the obtained results.  Their 

cross-section dimensions are provided in Table 1.  All the FE simulations were 

run using flexural and torsional simply-supported boundary conditions and 

uniform moments as discussed in Section 4.  For each SDG, three values of 

maximum initial imperfections were considered: 𝐿𝑏 /1000, 𝐿𝑏 /2000 and 

𝐿𝑏/4000; and two magnitudes of the proposed residual stress pattern described 

in Section 3 were used: Full (RS) and half (0.5RS) of its specified magnitude.  

This results in a total of six LTB curves for each SDG.  The SDG moment 

capacity Mcr versus unsupported length Lb curves are presented in Figures 18 to 

22.  For purpose of comparison, the AISC [7] flexural strength Mn curves are 

also plotted in these figures.  However, it should be noted that the equations 

used to generate the AISC flexural strength curves are recommended for 

monosymmetric I-sections, not SDG, so some discrepancies are expected.  

The equations used to compute the AISC flexural strength curves are given as 

follows: 

 

For LbLp: 𝑀𝑛 = 𝑀𝑝 = 𝐹𝑦𝑍𝑥  1.6𝐹𝑦𝑆𝑥𝑐 (12) 

 

For Lp<LbLr: 𝑀𝑛 = [𝑀𝑝 − (𝑀𝑝 − 𝐹𝐿𝑆𝑥𝑐) (
𝐿𝑏 − 𝐿𝑝
𝐿𝑟 − 𝐿𝑝

)] ≤ 𝑀𝑝 (13) 

For Lb>Lr: 𝑀𝑛 =
𝜋2𝐸𝐼𝑦

𝐿𝑏
2 {

𝛽𝑥
2
+√(

𝛽𝑥
2
)
2

+ [
𝐶𝑤
𝐼𝑦
+
𝐺𝐽

𝐸𝐼𝑦

𝐿𝑏
2

𝜋2
]} (14) 

 

where 

 

𝐿𝑝 = 1.76𝑟𝑦√
𝐸

𝐹𝑦
 (15) 

 

𝐿𝑟 =
1.38𝐸√𝐼𝑦𝐽 

𝑆𝑥𝑐𝐹𝐿
 (16) 

     × √
2.6𝛽𝑥𝐹𝐿𝑆𝑥𝑐

𝐸𝐽
+ 1 + √(

2.6𝛽𝑥𝐹𝐿𝑆𝑥𝑐
𝐸𝐽

+ 1)
2

+
27.0𝐶𝑤
𝐼𝑦

(
𝐹𝐿𝑆𝑥𝑐
𝐸𝐽

)
2

 

 

𝐹𝐿 =

{
 

 0.7𝐹𝑦             𝑤ℎ𝑒𝑛  
𝑆𝑥𝑡
𝑆𝑥𝑐

≥ 0.7

𝐹𝑦
𝑆𝑥𝑡
𝑆𝑥𝑐

≥ 0.5𝐹𝑦      𝑤ℎ𝑒𝑛  
𝑆𝑥𝑡
𝑆𝑥𝑐

< 0.7

 (17) 

 

𝛽𝑥 = 0.9ℎ𝑜 (
2𝐼𝑦𝑐
𝐼𝑦

− 1) [1 − (
𝐼𝑦
𝐼𝑥
)
2

] (18) 

 

in which Zx is the plastic section modulus about the strong (bending) axis of the 

cross-section, Sxc and Sxt are the elastic section moduli with respect to the strong 

axis as referred to the compression and tension side of the cross-section, 

respectively, Ix and Iy are the moments of inertia about the strong and weak axis 

of the cross-section, respectively, Iyc is the moment of inertia of the compression 

flange and the delta stiffeners about the weak axis of the cross-section, ry is the 

radius of gyration about the weak axis of the cross-section, ho is the distance 

between flange centroids, Cw is the warping constant, J is the torsional constant, 

E is the elastic modulus, G is the shear modulus, and Fy is the nominal yield 

stress. 

 

Table 1 

Dimensions of SDG used in the imperfections sensitivity study (in mm) 

1 𝑑 𝑏𝑐,𝑡 𝑏𝑑 ℎ𝑑 𝑤𝑑 𝑡𝑐,𝑡 𝑡𝑤 𝑡𝑑 

1 360 170 85 111.5 105.2 12.7 8 8 

2 550 210 140 103.1 108.3 17.2 11 12 

3 390 300 150 70.4 86.9 19 11 12 

4 390 300 200 117.3 138.4 19 11 12 

5 590 300 200 180 1485.7 25 13 14 

 

The results of the sensitivity study show that the magnitude of residual 

stresses and initial imperfections affect the moment capacity as well as the shape 

of the LTB curve.  It is observed that the nonlinearity of the curves increases 

when the magnitudes of residual stresses and initial imperfections decrease.  In 

addition, the LTB curve changes from an upward concave shape to a downward 

concave shape. The maximum difference between the moment capacity curves 

is generally obtained in the middle of the inelastic range, which is in agreement 

with the results obtained by Nethercot [43].  As expected, the LTB curves 

converge at the full cross-section plastic moment capacity when Lb is small, and 

become asymptotic towards the elastic LTB curves when Lb is large.  

Moreover, the flexural capacity of the beam increases when the magnitudes of 

residual stresses and imperfections decrease. The results are consistent with the 

observations by Subramanian and White [9] who examined the buckling curves 

of hot-rolled and welded I-sections under various imperfection magnitudes.  

The maximum difference in the moment capacity among the six numerically 

obtained LTB curves for each SDG is found between the case of full magnitude 

residual stress along with an imperfection of 𝐿𝑏 /1000 and the case of half 

magnitude residual stress along with an imperfection of 𝐿𝑏 /4000.  This 

maximum difference ranges from 12.2% to 18.2% in SDG 5 and 3, respectively.  
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These results highlight the sensitivity of the LTB curves to the magnitudes of 

imperfections and the necessity to include residual stresses in inelastic LTB 

studies.  Otherwise, the LTB capacity of the girders will be overestimated.  

 

5.2. Comparison with AISC 

 

When the SDG moment capacity Mcr curves are compared with the AISC 

flexural strength Mn equations, the maximum deviation of the numerically 

obtained moment capacity Mcr,FE from the AISC nominal flexural strength 

Mn,AISC for each SDG—with various imperfections over the range of laterally 

unsupported length Lb under investigation—are presented in Table 2 in the form 

of a ratio Mcr,FE/Mn,AISC.  The results show that when the full magnitude of 

residual stresses along with the largest geometrical imperfections of 𝐿𝑏/1000 

are used, the flexural capacity evaluated using the AISC flexural strength 

equations often over-predicts the moment capacity for these girders, especially 

for values of Lb at the vicinity of Lr (the limiting lateral unsupported length for 

inelastic lateral torsional buckling).  This difference is the most noticeable in 

the inelastic LTB  

 

 

Fig. 18 LTB curves for SDG 1 with various imperfections 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 19 LTB curves for SDG 2 with various imperfections 

 

 

Fig. 20 LTB curves for SDG 3 with various imperfections 

 

Fig. 21 LTB curves for SDG 4 with various imperfections 

 

range and reaches a value of 20% for SDG 1 and 2.  On the other hand, 

reducing the magnitudes of imperfections in the FE simulations could produce 

slightly conservative results.  For instance, the results for SDG 4 with half 

magnitude residual stresses and initial imperfections of 𝐿𝑏 /4000 gives a 

Mcr,FE/Mn,AISC value of 8%. 

 

 

Fig. 22 LTB curves for SDG 5 with various imperfections 

 

Table 2 

Mcr,FE/Mn,AISC for each SDG under various imperfection magnitudes 

SDG 
RS, 

L/1000 

RS, 

L/2000 

RS, 

L/4000 

0.5RS, 

L/1000 

0.5RS, 

L/2000 

0.5RS, 

L/4000 

1 0.80 0.84 0.87 0.84 0.87 0.90 

2 0.80 0.84 0.85 0.83 0.87 0.89 

3 0.88 0.92 0.94 0.93 1.05 1.07 

4 0.93 0.95 0.97 1.04 1.06 1.08 

5 0.84 0.87 0.89 0.88 0.90 0.92 

 

Assuming Mcr,FE/Mn,AISC follows a lognormal distribution and using only 

data for the more commonly encountered values for initial out-of-straightness 

of Lb/1000 and Lb/2000, the mean value for Mcr,FE/Mn,AISC was calculated to be 

0.9.  Applying a steel delta girder strength reduction factor RSDG of 0.9 to 

Mn,AISC at Lr, and reducing this factor proportionally as Lb decreases until it 

becomes 1.00 at Lp, i.e., 

 

For LbLp: 𝑅𝑆𝐷𝐺 = 1.0 − 0.1 (
𝐿𝑏 − 𝐿𝑝
𝐿𝑟 − 𝐿𝑝

) (19) 

 

It can be seen from Figures 18 to 22 that the proposed flexural strength 

curve Mn,proposed  is more capable of predicting the flexural capacity for SDG 

over a large range of Lb with different imperfections and can therefore be used 

for the design of these girders. 

Furthermore, it is observed that the length of the plateau region from Lb=0 

to Lb=𝐿𝑝  is in fairly good agreement between the AISC equations and FE 

simulation results.  Therefore, the expression for Lp as given in the AISC 

specifications and presented in Eq. 15 can be used to determine 𝐿𝑝 for SDG. 

However, the current AISC equation for 𝐿𝑟 as presented in Eq. 16 tends 

to under-predict the unsupported length needed for the beam to undergo elastic 

LTB as the numerically obtained buckling curves often require a larger 𝐿𝑟 
value to merge with the theoretical elastic solution.  This observation is in 

agreement with the results obtained by Subramanian and White for I-sections 

[9].  It is worth noting that the AISC specifications do not differentiate 

between hot-rolled and welded cross-sections, plus the fact that Eq. 16 is 

applicable only for monosymmetric I-sections, the observed error in 𝐿𝑟  is 

expected.  Nevertheless, this error becomes less noticeable if the inelastic LTB 

region of the current AISC equation is modified by the steel delta girder strength 

reduction factor given in Eq. 19 and the new Lr is now obtained as the 

intersection point where the modified AISC inelastic LTB line meets with the 

elastic LTB curve. Although experimental measurements have shown that the 

maximum geometrical imperfections can be below 𝐿𝑏 /1000 [21, 41], and 

Subramanian and White [9] have recommended using reduced imperfection 

magnitudes in FE simulations so the numerical results will match more closely 

with the AISC equations and experimental data, this does not preclude the 

possibility that other manufactured beams may reach the maximum allowable 

tolerance as per AISC Code of Standard Practice [39].  Therefore, to be on the 

conservative side and until more experimental data is available on the actual 

magnitude of imperfections present in beams, the authors herein still believe it 
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is prudent to evaluate flexural capacity of beams using the full magnitude 

residual stresses and an initial imperfection not less than 𝐿𝑏/2000. 

 

6.  Summary and conclusion 

 

In this paper, the influence of initial geometrical imperfections and residual 

stresses on the flexural resistance of steel delta girders (SDG) was investigated.  

Previous studies on the inelastic behavior of SDG have ignored the effect of 

residual stresses due to a lack of knowledge of the residual stress distribution in 

these girders.  To this end, a residual stress pattern for SDG was proposed.   

This pattern was developed using reported residual stress data for welded plates 

and monosymmetric I-sections.  The proposed residual stress pattern satisfies 

the two important conditions of: (1) The maximum tensile and compressive 

residual stresses will not exceed the material yield strength, and (2) the net force 

acting on the section in the longitudinal direction is zero.  The proposed 

residual stress pattern is easy to use and can readily be incorporated in FE 

simulations. 

A nonlinear inelastic FE model was then developed and verified against the 

results of a test beam.  Thereafter, sensitivity studies on the effects of 

geometrical imperfections and residual stresses were conducted.  The 

numerically obtained moment capacity curves were first compared with one 

another and then evaluated against the flexural capacity curve of the AISC 

specifications [7].  The key observations of these studies are summarized as 

follows: 

1. The results of the sensitivity study have shown that the effect of residual 

stresses must be considered in determining the inelastic LTB capacity of 

SDG; otherwise, the numerical results will overestimate the LTB 

capacity of the girder.  

2. The effects of residual stresses and imperfections are most prominent in 

the inelastic lateral torsional buckling (LTB) region, and reducing the 

magnitudes of residual stresses and initial imperfections can increase the 

flexural resistance of the girder. 

3. The moment capacity curves for each girder with various imperfection 

magnitudes converge at the full cross-section plastic moment capacity 

for small values of the lateral unsupported length Lb, and towards the 

theoretical elastic moment for larger values of Lb.  The difference in 

moment capacities is most noticeable in the inelastic LTB range. 

4. The magnitudes of these material and geometrical imperfections affect 

not only the moment capacity, but the shape of LTB curves.  The 

nonlinearity of the curves increases when the magnitudes of these 

imperfections decrease. 

5. When compared to the flexural strength curve of the AISC specifications, 

the FE simulation results show a difference of up to 20% for the case of 

using full magnitude residual stresses and geometrical imperfection of 

𝐿𝑏/1000, and approximately 8% for the case of using half magnitude 

residual stresses and geometrical imperfection of 𝐿𝑏/4000. 

6. The FE simulation results are in good agreement with the AISC 

suggested length for the plateau region 𝐿𝑝; however, the results show 

that the current AISC equation for 𝐿𝑟 provides unconservative results.  

A new approach to determine Lr, taken as the intersection of the modified 

AISC inelastic LTB line and the elastic LTB curve, is therefore proposed. 

7. A steel delta girder strength reduction factor RSDG is proposed.  When 

this factor is applied to the inelastic LTB region, the AISC flexural 

strength equations can then be used for the design of SDG. 

 

References 
 

[1] Hadley H.M., “Exploratory test on a steel delta girder”, Civil Engineering Magazine, 50-52, 

1961. 

[2] Hadley H.M., “The bridge delta girder - single-webbed and doublewebbed”, Engineering 

Journal, AISC, 132-136, 1964. 

 

[3] Arabzadeh A. and Varmazyari M., “Strength of I-girders with Delta stiffeners subjected to 

eccentric patch loading”, Journal of Constructional Steel Research, 65, 1385-1391, 2009. 

[4] Hatami F. and Esmaeili N., “Optimization of height at delta stiffened in steel girders by 

numerical modeling”, Journal of American Science, 9(2s), 1-5, 2013. 

[5] Sahnehsaraei M.J. and Erfani S., “Analysis of elastic buckling behavior of steel delta girders”, 

International Journal of Engineering & Technology, 3(3), 372-377, 2014. 

[6] Mohebkhah A. and Azandariani M.G., “Lateral-torsional buckling of Delta hollow flange 

beams under moment gradient”, Thin-Walled Structures, 86, 167-173, 2015. 

[7] AISC, “Specification for Structural Steel Buildings (ANSI/AISC 360-16)”, American 

Institute of Steel Construction, 2016. 

[8] Chacon R., Serrat M. and Real E., “The influence of structural imperfections on the resistance 

of plate girders to patch loading”, Thin-Walled Structures, 53, 15-25, 2012. 

[9] Subramanian L., and White D.W., “Resolving the disconnects between lateral torsional 

buckling experimental tests, test simulations and design strength equations”, Journal of 

Constructional Steel Research, 128, 321-334, 2017. 

[10] Clarin M., High Strength Steel - Local Buckling and Residual Stresses, Lic. Thesis, Sweden: 

Lulea University of Technology, 2004. 

[11] Abambres M. and Quach W.M., “Residual stresses in steel members: a review of available 

analytical expressions”, International Journal of Structural Integrity, 7(1), 70-94, 2016. 

[12] Beedle L.S. and Tall L., “Basic column strength”, Journal of the Structural Division, 86(5), 

139-173, 1960. 

[13] Alpsten G.A., Thermal Residual Stresses in Hot-Rolled Steel Members, Fritz Engineering 

Laboratory Report 337.3. Bethlehem, PA: Lehigh University, 1968. 

[14] Alpsten G.A. and Tall L., “Residual stresses in heavy welded shapes”, Welding Journal, 

49(3), 93-105, 1970. 

[15] Ziemian R.D. (Ed.), Guide to Stability Design Criteria for Metal Structures, 6th Edition, John 

Wiley and Sons, Inc., 2010. 

[16] Galambos T.V. and Ketter R.L., “Columns under combined bending and thrust”, Journal of 

the Engineering Mechanics Division, 85, 1-30, 1959. 

[17] Young B.W., “Residual stresses in hot rolled members”, IABSE reports of the working 

commissions, 23, 25-38, 1975. 

[18] Fukomoto Y., Itoh Y. and Kubo M., “Strength variation of laterally unsupported beams”, 

Journal of the Structural Division, 541-562, 1977. 

[19] Dux P.F. and Kitipornchai S., “Inelastic beam buckling experiments”, Journal of 

Constructional Steel Research, 3(1), 3-9, 1983. 

[20] Trahair N.S., Flexural-torsional Buckling of Structures, E and FN Spon, 1993. 

[21] Szalai J. and Papp F., “A new residual stress distribution for hot-rolled I-shaped sections”, 

Journal of Constructional Steel Research, 61, 845-861, 2005. 

[22] ECCS, Manual on Stability of Steel Strucutres”, European Convention for Constructional 

Steelwork, Technical Committee 8, 1976. 

[23] EC3, “Eurocode 3: Design of Steel Structures”, Part 1-1: General Rules and Rules for 

Buildings (EN 1993-1-1), European Committee for Standardization (CEN), 2005. 

[24] Nagaraja Rao, N.R. and Tall L., “Residual stresses in welded shapes”, Welding Journal, 43(7), 

295-302, 1964. 

[25] McFalls R.K. and Tall L., “A study of welded columns manufactured from flame-cut plates”, 

Welding Journal, 48(4), 141-146, 1969. 

[26] Young B.W. and Dwight J.B., Residual Stresses and Their Effect on the Moment-Curvature 

Properties of Structural Steel Sections, CIRIA Technical Note 32, Construction Industry 

Research and Information Association, 1971. 

[27] Cherenko D.E. and Kennedy D.L., “An analysis of the performance of welded wide flange 

columns”, Canadian Journal of Civil Engineering, 18(14), 537-554, 1991. 

[28] Dwight J.B. and Moxham K.E., “Welded steel plates in compression”, The Structural 

Engineer, 47(2), 49-66, 1969. 

[29] Yu C.K. and Tall L., “Significane and application of stub column test results”, Journal of the 

Structural Division, 97(ST7), 1841-1861, 1971. 

[30] Prawel S.P., Morrell M.L. and Lee G.C., “Bending and buckling strength of tapered structural 

members”, Welding Journal, 53(2), 75-84, 1974. 

[31] Kim Y.D., Behavior and Design of Metal Building Frames Using General Prismatic and 

Web-tapered Steel I-section Members”, (Doctoral Dissertation), Georgia Institute of 

Technology, School of Civil and Environmental Engineering, 2010. 

[32] Fukumoto Y. and Itoh Y., “Statistical study of experiments on welded beams”, Journal of 

Structural Division, 107(ST1), 89-103, 1981. 

[33] Fukomoto Y., “Numerical data bank for the ultimate strength of steel structures”, Der 

Stahlbau, 21-27, 1982. 

[34] Kitipornchai S. and Wong-Chung, A.D., “Inelastic buckling of welded monosymmetric I-

beams”, Journal of Structural Engineering, 113(4), 740-756, 1987. 

[35] White J.D., Longitudinal Shrinkage of a Single Pass Weld, University of Cambridge. Report 

CUED/C-Struct/TR.57, 1977. 

[36] White J.D., Longitudinal Stresses in Welded T-Sections, University of Cambridge. Report 

CUED/C-Struct/TR.60, 1977. 

[37] Trahair N.S., “Inelastic buckling design of monosymmetric I-beams”, Engineering Structures, 

34, 564-571, 2012. 

[38] Schajer G.S., Practical Residual Stress Measurement Methods, Wiley, 2013. 

[39] AISC, Code of Standard Practice for Steel Buildings and Bridges, AISC 303-05, American 

Institute of Steel Construction, 2010. 

[40] Boissonnade N. and Somja H., Influence of Imperfections in FEM Modeling of Lateral 

Torsional Buckling, Proceedings of the Annual Stability Conference, Grapevine, TX, 2012. 

[41] Essa H. and Kennedy D., Distortional Buckling of Steel Beams, Structural Engineering Rep. 

No. 185, University of Alberta, Department of Civil Engineering, 1993. 

[42] Hassanein M.F., Kharoob O.F. and El Hadidy A.M., “Lateral-torsional buckling of hollow 

tubular flange plate girders with slender stiffened webs”, Thin-Walled Structures, 65, 49-61, 

2013. 

[43] Nethercot D.A., “Inelastic buckling of monosymmetric I-beams”, Journal of Structural 

Division, 99(ST7), 1696-1701, 1973. 

 



 
Advanced Steel Construction – Vol. 15 No. 2 (2019) 165–172 
DOI:10.18057/IJASC.2019.15.2.6 

165 

 
 

EXPERIMENTAL STUDY OF UNLIPPED CHANNEL BEAMS  

SUBJECT TO WEB CRIPPLING UNDER ONE FLANGE LOAD CASES 
 

Shanmuganathan Gunalan and Mahen Mahendran * 

 
1 Queensland University of Technology, Brisbane, Australia 

* (Corresponding author: E-mail: m.mahendran@qut.edu.au) 

 

A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Cold-formed steel members are becoming increasingly popular in the building industry due to their superior strength to 

weight ratio and ease of fabrication as opposed to hot-rolled steel members. However, they are susceptible to various 

buckling modes at stresses below the yield stress of the member because of their relatively high width-to-thickness ratio. 

Web crippling is one of the failure modes that occurs in steel channel sections under transverse concentrated loads or 

reactions. Recently a test method has been proposed by AISI to obtain the web crippling capacities under both one-flange 

and two-flange load cases. Using this test method 21 tests were conducted in this research to investigate the web crippling 

behaviour and strengths of an unlipped channel section with stocky webs known as DuraGal Channels under end-one-flange 

(EOF) and interior one-flange (IOF) load cases. DuraGal channels with different web slenderness and bearing lengths were 

tested with their flanges unfastened to supports. In this research the suitability of the currently available design rules for 

unlipped channels subject to web crippling under one flange load cases was investigated, and suitable modifications were 

proposed where necessary. This paper presents the details of this experimental study and the results. 
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1.  Introduction 

 

Cold-formed steel members have many advantages over hot-rolled steel 

members. Among them DuraGal channel sections are commonly used as bearers 

of floor systems in residential, industrial and commercial buildings [1]. They 

are thicker channel sections with varying geometry to suit various requirements 

including higher moment capacities and longer spans. Figure 1(a) shows the 

DuraGal channel section profile while Figure 1(b) shows its applications in 

buildings as joists and bearers. Table 1 shows the nominal dimensions of 

DuraGal channel sections available in the market. 

Web crippling is a form of localized failure mode that can occur when the 

members are subjected to transverse concentrated loadings and/or reactions. 

(see Figure 2). Cold-formed steel joists and bearers that are unstiffened against 

this type of loading are vulnerable to these failures. In a typical floor system, 

web crippling failures can occur at bearer to column and joist to bearer 

connections depending on various structural details given in Table 2. Failure 

modes of bearers can be different according to the loading locations such as 

interior columns, end columns and joists supported by bearers. One-flange 

loading or reaction occurs when the clear distance between the bearing edges of 

adjacent opposite concentrated actions or reactions is greater than 1.5d1, where 

d1 is the depth of the flat portion of the web. Two-flange loading or reaction 

occurs when the clear distance between the bearing edges of adjacent opposite 

concentrated actions or reactions is less than or equal to 1.5d1. End loading or 

reaction occurs when the distance from the edge of the bearing to the end of the 

member is less than or equal to 1.5d1 while interior loading or reaction occurs 

when the distance from the edge of the bearing to the end of the member is 

greater than 1.5d1. To simulate these practical loading conditions, there are four 

loading cases for web crippling as recommended in the cold-formed steel 

specifications including American and Australian standards [2,3]. These 

loading cases are used to investigate the web crippling capacities of cold-formed 

steel beams. They are End-One-Flange (EOF), End-Two-Flange (ETF), 

Interior-One-Flange (IOF) and Interior-Two-Flange (ITF) loading as shown in 

Figure 3.  

Current cold-formed steel design rules to predict the web crippling 

capacities are empirical as they were developed based on extensive testing of 

many cold-formed steel sections such as C-, Z- and hat sections and built-up 

sections undertaken since 1940s [4-28]. Since 2005, a unified bearing capacity 

equation has been developed that defines specific coefficients for the key 

parameters influencing the bearing capacities of C-, Z-, Hat and built-up 

sections [13]. They are clear web height to thickness ratio (d1/tw), inside bent 

radius to thickness ratio (ri/tw), bearing length to thickness ratio (lb/tw), in 

addition to web thickness (tw) and yield stress (fy) [2,3]. However, it should be 

noted that these capacity equations are not applicable to some of the DuraGal 

channels due to their large inside bent radius to thickness ratios (ri/tw).  

The details of suitable test procedures that should be adopted in web 

crippling studies are presented in the AISI standard test method published in 

2008. These test procedures are different to those used by Young and Hancock 

[19,20] who investigated the web crippling behaviour of DuraGal channels 

using experimental studies. The AISI standard test method [29] recommends 

that the test specimen shall be both laterally and torsionally stable. Thus, for a 

channel section where the geometry does not permit the application of the load 

through the shear centre, the test specimen shall consist of two opposed sections. 

The cold-formed steel shapes shall be interconnected using rigid connecting 

elements such as angles to form the box shape. When using rigid connecting 

elements, they shall be located at approximately the ¼ and ¾ points along the 

longitudinal axis of the box shape. However, the test set-ups used in the past 

research [19,20], are different to those recommended by the AISI standard test 

method [29] for EOF and IOF load cases. Hence there is a need to investigate 

the effects of test set-up given in the AISI standard test method on web crippling 

capacities. 

This research is aimed at investigating the web crippling behaviour and 

strength of unlipped channels with stocky webs under EOF and IOF load cases 

and determining the accuracy of currently used design rules. Test specimen 

length and test setup were selected based on the AISI standard test method [29]. 

Experimental web crippling capacities were compared with the predicted web 

crippling capacities using the current design rules and suitable modifications 

were proposed where necessary. 

 

 

  (a) Duragal channel section     (b) Floor system 

Fig. 1 Cold-formed steel floor systems 

 

 

Fig. 2 Web crippling failure at a reaction point 
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Table 1 

Duragal channel sections 

Section Depth (mm) Flange (mm) Thickness (mm) Radius (mm) 

300x90x8 300 90 8.0 8 

300x90x6 300 90 6.0 8 

250x90x6 250 90 6.0 8 

230x75x6 230 75 6.0 8 

200x75x6 200 75 6.0 8 

200x75x5 200 75 4.7 4 

180x75x5 180 75 4.7 4 

150x75x5 150 75 4.7 4 

125x65x4 125 65 3.8 4 

100x50x4 100 50 3.8 4 

75x40x4 75 40 3.8 4 

 

Table 2 

Different conditions for single web channel sections 

Conditions Options 

Column 3 Support condition Fastened versus Unfastened 

Flange condition Stiffened (lipped) versus Unstiffened (unlipped) 

Loading condition EOF, IOF, ETF and ITF load cases 

C33 
 

 

(a) End one flange loading (EOF)   (b) Interior one flange loading (IOF) 

 

  (c) End two flange loading (ETF)   (d) Interior two flange loading (ITF) 

Fig. 3 Loading conditions for web crippling tests [2,3] 

 

2.  Previous studies on web crippling 

 

Theoretical elastic methods [30-32] can be used to analyse the web 

crippling behaviour of cold-formed steel members subjected to different load 

conditions. However, it should be noted that the web element of a cold-formed 

steel member is not identical to a four sided simply supported rectangular plate. 

The web of a cold-formed steel member cannot be considered as a rectangular 

plate with idealized boundary conditions (simply supported or clamped at its 

four sides). Also, the determination of critical elastic buckling load does not 

necessarily imply the failure of the web. Hence the additional load carrying 

capacity developed in the web beyond the elastic buckling load should be 

estimated. Due to these difficulties associated with the theoretical analysis, the 

development of web crippling design equations in most of the previous studies 

were based on experimental data. 

Winter and Pian [4] investigated the web crippling capacities of cold-

formed steel I-sections under four different load cases while Baehre [7] 

investigated the web crippling capacities of hat sections subjected to IOF 

loading. Hetrakul and Yu [8] researched the web crippling behaviour of cold-

formed steel sections having single unreinforced webs. Wing [9] and Wing and 

Schuster [10] investigated the web crippling capacities of multi-web cold-

formed steel sections under all load cases, except for EOF loading case. In this 

study the test specimens were fastened to the reaction supports. Santaputra et al. 

[11] conducted web crippling tests of hat sections and I-beams fabricated from 

very high-strength steels under various loading conditions. Bhakta et al. [12] 

experimentally investigated the influence of flange restraint on the web 

crippling capacity of beam web elements.  

Prabakaran [13] completed an extensive statistical analysis of the web 

crippling capacities of cold-formed steel sections by using the available 

experimental data found in the literature with an aim to develop one simplified 

design equation. He recommended a unified equation with different coefficients 

for the design of I-sections, single web sections and multi-web sections. Cain et 

al. [14] experimentally investigated the web crippling of Z-sections subjected 

to EOF loading and I-sections subjected to IOF loading. Gerges [15] and Gerges 

and Schuster [16] investigated the web crippling resistance of single web cold-

formed steel members with large inside bent radius to thickness (ri/tw) ratios, 

subjected to EOF loading. Also they developed new parameter coefficients for 

Prabakaran’s [13] web crippling equation based on tests performed on C-

sections fastened to the support. An experimental study of stiffened C-and Z-

sections subjected to web crippling was carried out by Beshara and Schuster 

[17]. ETF and ITF loading conditions were considered with particular emphasis 

on large ri/tw ratios, and the specimens being fastened to the support.  

An experimental investigation was carried out by Young and Hancock [20] 

to investigate the behaviour of cold-formed unlipped DuraGal channels 

subjected to web crippling under all four loading conditions (EOF, IOF, ETF 

and ITF). Figure 4 shows the test set-up used by Young and Hancock [20] for 

IOF load case. Based on the results of their research, the design web crippling 

strength predictions given by the old American and Australian standards [33,34] 

were found to be unconservative for the unlipped channel sections. In their 

paper, a simple plastic mechanism expression for web crippling strength of 

unlipped channels is also proposed. Macdonald et al. [21] conducted 

experimental and numerical studies to investigate the web crippling behaviour 

of lipped channel beams under ETF, ITF, EOF and IOF load cases. Figure 5 

shows the experimental setup used in Macdonald et al.’s [21] tests. They found 

that the bearing length, corner radii and clear height of web had an effect on the 

web crippling strength of lipped channel beams (LCB), particularly for EOF and 

IOF load cases. Uzzaman et al. [23-26] and Yousefi el al. [27,28] conducted 

experimental and numerical studies to investigate the effect of offset web holes 

on the web crippling strength of cold-formed steel lipped channel beams. They 

also did web crippling tests of LCBs without web openings.  

Recent web crippling studies also included an experimental investigation 

of a new hollow flange channel beam [35,36] and LCBs [37] under EOF and 

IOF load cases. Their study led to suitable web crippling design rules based on 

AS/NZS 4600 and AISI S100 design standards.  As part of their studies on 

DuraGal channel beams, Gunalan and Mahendran [38] conducted an 

experimental investigation into the web crippling capacities of cold-formed 

steel unlipped channels with stocky webs under ETF and ITF load cases. The 

flanges of these channel sections were not fastened to the supports in this study. 

It was found that the specimen lengths proposed by the AISI testing method 

should be used for the web crippling tests under ETF and ITF load cases. A 

detailed comparison of ultimate web crippling capacity results with those 

predicted by the current design equations in AS/NZS 4600, AISI S100 and 

Young and Hancock [20] showed that these equations are unconservative for 

these stocky channel sections under ETF and ITF load cases. Hence new design 

equations were proposed within these guidelines to accurately predict the web 

crippling capacities of unlipped channel sections based on test results. 

 

 

     (a) End view                        (b) Front view 

Fig. 4 Young and Hancock’s [20] web crippling test set-up for IOF load case 

 

 

(a) EOF load case     (b) IOF load case 

Fig. 5 Macdonald et al.’s [21] web crippling test set-up 
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3.  Current design rules 

 

3.1. AS/NZS 4600 and AISI S100 

 

Many different design equations have been proposed and used to predict 

the web crippling capacity in the past. Web crippling research commenced in 

1939 at Cornell University with the first design specification published in 1940 

by the American Iron and Steel Institute. Subsequent research at various 

institutions throughout the world led to the present day design standards in both 

AS/NZS 4600 [3] and AISI S100 [2]. In the older version of American 

Specification [33], different design equations were used to predict the web 

crippling capacity of cold-formed steel beams. Each of these design equations 

is only applicable to a certain type of cross section geometry and a particular 

load case. However, the new unified web crippling capacity equation (Equation 

1) adopted in AS/NZS 4600 [3] and AISI S100 [2] is applicable to different 

types of section geometry and load cases (ETF, ITF, EOF and IOF). These 

standards provide design guidelines for the bearing capacity (Rb) of open cold-

formed steel sections, which is based on Prabakaran [13] who performed an 

extensive statistical analysis of more than 1200 experimental web crippling 

capacities of a range of cold-formed steel sections and proposed a suitable 

unified design equation based on four web crippling coefficients (Equation 1). 

This design rule takes into consideration the clear height of web to thickness 

ratio (d1/tw), inside bent radius to thickness ratio (ri/tw), bearing length to 

thickness ratio (lb/tw), yield stress (fy) and web thickness (tw). Suitable values of 

the four coefficients in Equation 1 are given in Table 3 for unlipped channels 

under EOF and IOF load cases, where the flanges are not connected to the 

supports (unfastened). It should be noted that these coefficients are applicable 

for section where the inside bent radius to thickness ratio (ri/tw) is less than or 

equal to one. 

 

𝑅𝑏 = 𝐶𝑡𝑤
2𝑓𝑦 𝑠𝑖𝑛 𝜃 (1 − 𝐶𝑟√

𝑟𝑖

𝑡𝑤
) (1 + 𝐶𝑙√

𝑙𝑏

𝑡𝑤
)(1 − 𝐶𝑤√

𝑑1

𝑡𝑤
) (1) 

 

where C = coefficient; tw = thickness of web; fy = yield stress; ri = inside 

bent radius; lb = bearing length; d1 = depth of the flat portion of the web 

measured along the plane of the web; θ = angle between the plane of the web 

and the plane of the bearing surface; Cr, Cl and Cw = coefficients of inside bent 

radius, bearing length and web slenderness, respectively. 

 

3.2. Young and Hancock [20] 

 

Young and Hancock [20] conducted an experimental study on cold-formed 

unlipped DuraGal channels with comparatively stocky webs subjected to web 

crippling. Figure 4 shows their test set-up used for IOF load case where support 

reaction were transferred through the section web which is different to the test 

method given in AISI standard test method [29]. The specimen lengths were 

taken as 3(lb +d) for both EOF and IOF load cases where lb is the bearing length 

and d is the overall depth of the section. Test results were compared with the 

design equations in the older version of AS/NZS 4600 [34] and AISI [33]. It 

was found that these design equations are accurate under EOF load case, but are 

unconservative under IOF load case for unlipped channels. 

The web crippling capacities of DuraGal channels from their tests are 

compared with the predictions from the current design equations based on 

AS/NZS 4600 [3] and AISI S100 [2] (Tables 4 and 5). The design rules in 

AS/NZS 4600 are identical to those in AISI S100, and hence only AS/NZS 4600 

values are reported in this paper. Overall twisting failure was observed for 

Section 75x45x4 and hence it was ignored in these tables. The mean values of 

test to predicted web crippling capacities of unlipped channels by AS/NZ 4600 

[3] are 0.83 and 0.86 for EOF and IOF load cases, respectively. The 

corresponding coefficients of variation (COV) are 0.09 and 0.04, respectively. 

Tables 4 and 5 results show that AS/NZS 4600 [3] and AISI S100 [2] design 

equations are up to 32% unconservative for some of the channel sections when 

higher bearing lengths are used. Hence there is a need to investigate the 

applicability of the current AS/NZS 4600 and AISI S100 design equations for 

increased bearing lengths. Also, it should be noted that these design equations 

restricts the ri/tw ratio to one (Table 3) for IOF load case and hence are not 

applicable to many DuraGal sections in Table 5. 

Young and Hancock [20] also developed design equations to predict the 

web crippling capacities of channels with stocky webs based on their test results. 

These equations were derived using a combination of theoretical and empirical 

analyses. It was assumed that the bearing load is applied eccentrically to the 

web due to the presence of the corner radii, which produces bending of the web 

out of its plane. This will lead to a plastic mechanism as shown in Figures 6 and 

7.  

 

𝑃𝑝𝑚 =
𝑀𝑝𝑁𝑚

𝑟
[𝐶𝑎 − 𝐶𝑏 (

ℎ

𝑡
)] (2) 

 

𝑀𝑝 =
𝑓𝑦𝑡𝑤

2

4
  (3) 

 

𝑟 = 𝑟𝑖 +
𝑡𝑤

2
 (4) 

 

𝑁𝑚 = 𝑁 + 𝑖𝑑 for interior loading (5a) 

 

𝑁𝑚 = 𝑁 +
𝑒𝑑

2
 for end loading (5b) 

 

where Ppm = web crippling strength; Mp = plastic moment per unit length; r 

and ri = centreline and inside corner radii, respectively; h = depth of the flat 

portion of the web; d = overall depth of the web; tw = thickness of the web           

fy = yield stress; N = bearing length; Nm = the assumed mechanism length; Ca = 

1.44; Cb = 0.0133. The correction factors for interior loading are i = 1.3 and 1.4 

for IOF and ITF load cases, respectively, while for end loading they are e = 1.0 

and 0.6 for EOF and ETF load cases, respectively. 

 

Table 3 

AS/NZS 4600 web crippling coefficients for unfastened unlipped channels  

Load case C Cr Cl Cw ϕw ri/tw d1/tw lb/tw lb/d1 

EOF 4 0.40 0.6 0.03 0.85 ≤ 2 ≤ 200 ≤ 210 ≤ 2 

IOF 13 0.32 0.1 0.01 0.85 ≤ 1 ≤ 200 ≤ 210 ≤ 2 

ϕw = Capacity reduction factor

Table 4 

Young and Hancock’s [20] test results for EOF load case 

Section d (mm) bf (mm) tw (mm) ri (mm) L (mm) lb (mm) fy (MPa) E (MPa) PTest (kN) PTest/PAS/NZS4600 PTest/PEq.(2) 

300x90x6 298.6 91.0 6.00 8.4 1079.0 45.0 435 203000 62.5 0.90 1.11 

300x90x6 298.6 90.9 6.00 8.4 1167.5 90.0 435 203000 64.8 0.74 0.94 

250x90x6 249.7 89.9 5.99 7.9 925.9 45.0 445 203000 61.3 0.82 1.04 

250x90x6 249.3 90.1 5.99 7.9 1018.1 90.0 445 203000 64.3 0.68 0.86 

200x75x5 198.8 76.0 4.72 4.2 764.6 37.5 415 203000 43.7 0.87 0.97 

200x75x5 198.7 75.8 4.71 4.2 839.8 75.0 415 203000 49.3 0.78 0.87 

125x65x4 125.6 65.7 3.84 3.9 528.8 32.5 405 203000 29.7 0.90 1.15 

125x65x4 125.0 65.5 3.85 3.9 594.0 65.0 405 203000 35.3 0.85 1.01 

100x50x4 99.3 50.5 3.85 4.1 440.0 25.0 440 203000 31.4 0.94 1.35 

100x50x4 99.3 50.4 3.85 4.1 490.0 50.0 440 203000 34.4 0.83 1.11 

Mean          0.83 1.04 

COV          0.09 0.14 
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Table 5 

Young and Hancock’s [20] test results for IOF load case 

Section d (mm) bf (mm) tw (mm) ri (mm) L (mm) lb (mm) fy (MPa) E (MPa) PTest (kN) PTest/PAS/NZS4600 PTest/PEq.(2) 

300x90x6 298.6 91.3 6.00 8.4 1125.0 45.0 435 203000 134.6 0.90 1.07 

300x90x6 298.7 91.3 6.00 8.4 1169.0 90.0 435 203000 143.4 0.88 1.04 

250x90x6 249.2 90.0 5.99 7.9 974.3 45.0 445 203000 132.3 0.84 1.03 

250x90x6 249.8 89.9 5.99 7.9 1023.0 90.0 445 203000 142.8 0.83 0.99 

200x75x5 198.7 75.9 4.72 4.2 816.8 37.5 415 203000 91.2 0.90 0.94 

200x75x5 198.9 75.9 4.74 4.2 855.2 75.0 415 203000 94.5 0.85 0.86 

125x65x4 125.0 65.5 3.86 3.9 587.0 32.5 405 203000 57.4 0.88 1.07 

125x65x4 125.0 65.7 3.86 3.9 618.5 65.0 405 203000 63.6 0.90 1.02 

100x50x4 99.2 50.4 3.84 4.1 505.0 25.0 440 203000 56.3 0.83 1.18 

100x50x4 99.2 50.4 3.83 4.1 529.2 50.0 440 203000 57.9 0.79 1.05 

Mean          0.86 1.02 

COV          0.04 0.08 

 

 

 (a) One flange loading           (b) Two flange loading 

Fig. 6 Mechanism model proposed by Young and Hancock [20] 

 

 

(a) Interior loading           (b) End loading 

Fig. 7 Plastic hinge position and mechanism length, (Nm) assumed by [20] 

 

4.  Experimental study 

 

4.1. Test specimens 

 

After a detailed study of the previous studies on the web crippling 

behaviour of unlipped channel beams, two series of experimental studies were 

conducted to investigate the behaviour of cold-formed steel unlipped channels 

with stocky webs subject to web crippling under EOF and IOF load cases. 

Twenty one tests were conducted with flanges of test sections not fastened to 

the bearing plates. Suitable test sections and thicknesses were selected based on 

the available literature and the standard DuraGal sections and thicknesses 

commonly used in structural applications. The section depth of DuraGal steel 

channels varies from 75 mm to 300 mm and the thickness varies from of 4 mm 

to 8 mm. Hence four commonly used sections with three nominal thicknesses 

of 4, 5 and 6 mm were selected in the current study. Test specimen length and 

test setup were selected based on the AISI standard test method [29]. Tables 6 

and 7 include their measured external dimensions (d and bf), thicknesses (tw), 

internal radius (ri) and length (L). Three different bearing lengths lb (50 mm, 

100 mm and 150 mm) were used for both EOF and IOF load cases.  

The nominal yield stress of DuraGal steel channel sections considered in 

this study is 450 MPa. However, an experimental study was undertaken to 

determine the accurate mechanical properties. Tensile coupon tests were 

conducted on four different sections to obtain their stress-strain curves and 

mechanical properties (elastic modulus, yield stress and ultimate strength). Test 

specimens were cut in the longitudinal direction of DuraGal channel sections. 

The base metal thickness and width of each specimen were measured at three 

points within the gauge length using a micrometer and a vernier calliper, 

respectively. The averages of these measured dimensions were used in the 

calculations of mechanical properties. The tensile specimens were tested in an 

Instron testing machine by loading at a constant strain rate (3.3 x 10-4 s-1) until 

failure. A calibrated extensometer with a 50 mm gauge length was used to 

measure the longitudinal strain. Table 8 summarizes the mechanical properties 

(yield stress, ultimate stress and elastic modulus) determined from the tensile 

coupon tests. 

 

 

Table 6 

Test specimen details and results for EOF load case 

Test Section d (mm) bf (mm) tw (mm) ri (mm) L (mm) lb (mm) PTest (kN) 

E-1 230x75x6 230.0 74.6 5.95 8.0 990 100 77.3 

E-2 230x75x6 230.0 74.5 6.00 8.0 1140 150 89.7 

E-3 180x75x5 179.0 74.9 4.60 4.0 840 100 56.7 

E-4 180x75x5 179.5 74.9 4.70 4.0 991 150 65.9 

E-5 150x75x5 149.5 75.1 4.75 4.0 750 100 61.6 

E-6 150x75x5 151.0 75.0 4.70 4.0 900 150 63.4 

E-7 100x50x4 100.5 50.0 3.85 4.0 450 50 38.6* 

E-8 100x50x4 100.5 49.9 3.90 4.0 600 100 41.3T 

E-9 100x50x4 101.0 49.9 3.85 4.0 750 150 39.3T 

* - Corresponding Young and Hancock’s [20] value is 34.4 kN;  

T - Combined twisting and web crippling failure. 

 

 

Table 7 

Test specimen details and results for IOF load case 

Test Section d (mm) bf (mm) tw (mm) ri (mm) L (mm) lb (mm) PTest (kN) 

I-1 230x75x6 229.0 74.9 6.0 8.0 840 50 136.0 

I-2 230x75x6 229.5 74.9 6.0 8.0 990 100 150.5 

I-3 230x75x6 229.5 74.7 6.0 8.0 1140 150 157.0 

I-4 180x75x5 180.0 75.7 4.7 4.0 690 50 88.8 

I-5 180x75x5 180.0 74.6 4.7 4.0 840 100 100.0 

I-6 180x75x5 179.0 75.4 4.7 4.0 990 150 110.7 

I-7 150x75x5 149.5 74.9 4.7 4.0 595 50 91.0 

I-8 150x75x5 150.0 74.9 4.7 4.0 750 100 103.1 

I-9 150x75x5 150.5 75.0 4.7 4.0 900 150 111.8 

I-10 100x50x4 101.0 49.8 3.8 4.0 450 50 61.9* 

I-11 100x50x4 101.0 50.0 3.8 4.0 600 100 70.5 

I-12 100x50x4 101.0 49.9 3.8 4.0 750 150 71.0T 

* - Corresponding Young and Hancock’s [20] value is 57.9 kN;  

T - Combined twisting and web crippling failure. 
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Table 8 

Mechanical properties of test specimens 

Section 230x75x6 180x75x5 150x75x5 100x50x4 

Yield strength (MPa) 483 457 468 449 

Ultimate strength (MPa) 540 532 547 539 

Elastic modulus = 200,000 MPa 

 

4.2. Test set-up and procedure 

 

Tests were conducted using a 300 kN Instron testing machine in the 

Structural Laboratory. Figures 8 and 9 show the test set-up used in the web 

crippling tests of this research for EOF and IOF load cases, respectively (see 

Figures 3(a) and (b)). Two channel sections were considered for EOF and IOF 

load cases as recommended in [29]. A 25 x 25 x 5.0 EA is fastened to the top 

and bottom flanges to interconnect the two sections at ¼ and ¾ points along the 

span. The support system was designed to ensure that the test beam had pinned 

supports at the top and bottom using half rounds except at one bottom support, 

where a roller support was simulated by ensuring a smooth surface between half 

round and test surfaces. Preliminary tests with and without simulating a roller 

support at one bottom end showed that its effect on the web crippling failure 

load is negligible (<2.5%). 

Test specimens were located between the bearing plates and a small load 

was applied first to allow the loading and support systems to settle evenly on 

the bearings. The measuring system was then initialised with zero values and 

the loading was commenced. The cross-head of the testing machine was moved 

at a constant rate of 0.7 mm/minute until failure. During the tests, the 

displacements of specimens were recorded in addition to the applied load. 

Displacement transducers were located on the test beam near the supports (for 

EOF load case) and near the loading point (for IOF load case) to measure the 

lateral (web) deflections as shown in Figures 8 and 9, respectively. 

 

 

Fig. 8 Web crippling test set-up for EOF load case 

 

 

Fig. 9 Web crippling test set-up for IOF load case 

 

4.3. Test results and discussion 

 

Tables 6 and 7 show the web crippling capacities (ultimate loads) of 

DuraGal channel sections as obtained from this experimental study for EOF and 

IOF load cases, respectively while Figures 10 and 11 show the typical failure 

modes of channels under these load cases, respectively. Young and Hancock’s 

[20] tests were based on a different test set-up (Figure 4) and these tests (Tables 

4 and 5) were repeated in our study according to the new AISI standard test 

method [29] and their results reasonably agree with our corresponding results 

as shown in Tables 6 and 7. Their test results were found to be slightly lower 

compared to our results. This may be due to the varying imperfection levels and 

possible variations in the yield strength of the test specimens. Hence it was 

concluded that both these test set-ups can be used to conduct the web crippling 

experimental study under EOF and IOF load cases. Therefore the test results 

from Young and Hancock [20] are also used for further investigation together 

with the current test results.  

 

 

(a) Test E-1        (b) Test E-2 

 

(c) Test E-3      (d) Test E-5 

Fig. 10 Web crippling failure modes under EOF load case 

 

 

(a) Test I-2        (b) Test I-3 

 

   (c) Test I-2         (d) Test I-7 

Fig. 11 Web crippling failure modes under IOF load case 

 

 

(a) Test E-8 (EOF load case)     (b) Test I-12 (IOF load case) 

Fig. 12 Combined twisting and web crippling failure 
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Figure 12 shows the combined twisting and web crippling failure mode of 

channel sections when longer specimen lengths were used (Tests E8, E9 and 

I12). Such twisting failures were not considered here for further investigations 

in Tables 9 and 10. Figures 13 (a) and (b) show the typical load versus deflection 

curves from the web crippling tests under EOF and IOF load cases, respectively. 

Tables 9 and 10 compare the experimental ultimate web crippling 

capacities with the predictions from the design equation (Equation 1) based on 

AS/NZS 4600 [3] and AISI S100 [2]. The test results from Young and Hancock 

[20] are also included in these tables. For the prediction of web crippling 

capacities, support and flange conditions were taken as unfastened, unstiffened 

flanges and one-flange loading or reaction based on Table 2 and the 

corresponding web crippling coefficients are given in Table 11. When applying 

the design rules of AS/NZS 4600, the coefficients prescribed by the standards 

are used. For EOF load case, the mean value of test to predicted web crippling 

capacity of DuraGal channels by AS/NZS 4600 is 0.80 while the corresponding 

coefficient of variation (COV) is 0.11. For IOF load case, the mean value of test 

to predicted web crippling capacity of DuraGal channels by AS/NZS 4600 is 

0.83 while the corresponding COV is 0.05. Tables 9 and 10 show that AS/NZS 

4600 and AISI S100 design equations are about 34% unconservative for some 

cases under EOF load case, and they are about 24% unconservative under IOF 

load case.  

Tables 9 and 10 also compare the test results with the predictions from the 

design equation (Eq. 2) given in Young and Hancock [20]. The coefficients 

proposed by Young and Hancock for use with Equation 2 are given in Table 12. 

For EOF load case, the mean value of test to predicted web crippling capacity 

of unlipped channels with stocky webs by Young and Hancock [20] is 0.96 

while the corresponding coefficient of variation (COV) is 0.19. For IOF load 

case, the mean value of test to predicted web crippling capacity of DuraGal 

channels is 0.95 with a COV of 0.13. Tables 9 and 10 show that Young and 

Hancock’s [20] design equations are up to 35% unconservative under EOF load 

case and are up to 26% unconservative under IOF load case, when higher 

bearing lengths are used. 

Based on the comparison of test results with the currently available design 

rules, it was found that they are not accurately predicting the web crippling 

capacities of stocky web channels. Hence there is a need to modify the existing 

design rules and/or propose new design rules to predict the web crippling 

capacities of unlipped channels with stocky webs. 

 

Table 9 

Comparison of test results with predictions for EOF load case 

Test Section lb PTest 

(mm) 

Test/Predicted ultimate load ratios 

   (mm) (kN) AS/NZS Prop. 1(a) Eq. (2) Prop. 2 

E-1 230x75x6 100 77.3 0.74 1.02 0.93 1.00 

E-2 230x75x6 150 89.7 0.73 1.08 0.86 1.02 

E-3 180x75x5 100 56.7 0.75 1.00 0.80 0.93 

E-4 180x75x5 150 65.9 0.72 1.03 0.70 0.90 

E-5 150x75x5 100 61.6 0.73 0.96 0.80 0.89 

E-6 150x75x5 150 63.4 0.66 0.95 0.65 0.82 

E-7 100x50x4 50 38.6 0.90 1.11 1.20 1.19 

E-8Y 300x90x6 45 62.5 0.90 1.06 1.11 1.13 

E-9 Y 300x90x6 90 64.8 0.74 1.00 0.94 1.08 

E-10 Y 250x90x6 45 61.3 0.82 0.95 1.04 0.97 

E-11 Y 250x90x6 90 64.3 0.68 0.92 0.86 0.92 

E-12 Y 200x75x5 37.5 43.7 0.87 0.94 0.97 0.93 

E-13 Y 200x75x5 75 49.3 0.78 0.98 0.87 0.95 

E-14 Y 125x65x4 32.5 29.7 0.90 1.02 1.15 1.04 

E-15 Y 125x65x4 65 35.3 0.85 1.10 1.01 1.07 

E-16 Y 100x50x4 25 31.4 0.94 1.01 1.35 1.15 

E-17 Y 100x50x4 50 34.4 0.83 1.02 1.11 1.10 

Mean    0.80 1.01 0.96 1.00 

COV    0.11 0.06 0.19 0.10 

Y - Tests conducted by Young and Hancock [20] 

 

 

 

 

Table 10 

Comparison of test results with predictions for IOF load case 

Test Section lb PTest 

(mm) 

Test/Predicted load ratios 

   (mm) (kN) AS/NZS Prop. 1(a) Eq. (2) Prop. 2 

I-1 230x75x6 50 136.0 0.79 0.93 1.00 1.00 

I-2 230x75x6 100 150.5 0.80 0.94 0.96 1.03 

I-3 230x75x6 150 157.0 0.78 0.92 0.89 1.00 

I-4 180x75x5 50 88.8 0.77 0.96 0.80 0.83 

I-5 180x75x5 100 100.0 0.79 0.98 0.77 0.85 

I-6 180x75x5 150 110.7 0.81 1.01 0.74 0.87 

I-7 150x75x5 50 91.0 0.76 0.95 0.86 0.87 

I-8 150x75x5 100 103.1 0.79 0.98 0.81 0.88 

I-9 150x75x5 150 111.8 0.80 0.99 0.75 0.87 

I-10 100x50x4 50 61.9 0.84 1.03 1.09 1.12 

I-11 100x50x4 100 70.5 0.86 1.05 0.97 1.10 

I-12Y 300x90x6 45 134.6 0.90 1.05 1.07 1.15 

I-13Y 300x90x6 90 143.4 0.88 1.03 1.04 1.15 

I-14Y 250x90x6 45 132.3 0.84 1.00 1.03 1.05 

I-15Y 250x90x6 90 142.8 0.83 0.99 0.99 1.06 

I-16Y 200x75x5 37.5 91.2 0.90 1.12 0.94 0.97 

I-17Y 200x75x5 75 94.5 0.85 1.06 0.86 0.93 

I-18Y 125x65x4 32.5 57.4 0.88 1.08 1.07 1.06 

I-19Y 125x65x4 65 63.6 0.90 1.10 1.02 1.08 

I-20Y 100x50x4 25 56.3 0.83 1.02 1.18 1.13 

I-21Y 100x50x4 50 57.9 0.79 0.97 1.05 1.08 

Mean    0.83 1.01 0.95 1.00 

COV    0.05 0.05 0.13 0.11 

Y - Tests conducted by Young and Hancock [20] 

 

 

(a) EOF load case (Test E-2) 

 

(b) IOF load case (Test I-10) 

Fig. 13 Typical load versus deflection curves 
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5.  Proposed design rules 

 

5.1. AS/NZS 4600 and AISI S100 

 

Since the currently available web crippling capacity equations were found 

to be unconservative for unlipped channels with stocky webs, new design 

equations are proposed to predict the web crippling capacities of these channels 

based on experimental results. This approach is similar to that used in the current 

cold-formed steel design codes [2,3] in which Equation 1 is proposed with 

modified web crippling coefficients C, Cr, Cl and Cw given in Table 11. 

Experimental ultimate web crippling capacities are compared with the 

predictions from Equation 1 with the proposed coefficients (Proposal 1(a)). For 

EOF load case, the mean value of test to predicted web crippling capacity of 

DuraGal channel is 1.01 while the corresponding COV is 0.06. For IOF load 

case, the mean value of test to predicted web crippling capacity of DuraGal 

channel is 1.01 while the corresponding COV is 0.05. It shows that the web 

crippling capacities predicted by Equation 1 with proposed coefficients agree 

well with the experimental web crippling capacities of unlipped channels with 

stocky webs under IOF and EOF load cases. 

The North American Cold-formed Steel Specification [2] recommends a 

statistical model to determine a suitable capacity reduction factor. This model 

accounts for the variations in material, fabrication and loading effects.  The 

capacity reduction factor is given by Equation 6 (a). 

 

𝜑𝑤 = 1.52𝑀𝑚𝐹𝑚𝑃𝑚𝑒
−𝛽0√{𝑉𝑚

2+𝑉𝑓
2+𝐶𝑝𝑉𝑝

2+𝑉𝑞
2}

 (6a) 

with 𝐶𝑝 = [1 +
1

𝑛
] [

𝑚

𝑚−2
] (6b) 

 

where ϕw = capacity reduction factor; Mm, Vm = mean and coefficient of 

variation of the material factor = 1.1, 0.1; Fm and Vf = mean and coefficient of 

variation of the fabrication factor = 1.0, 0.05; Vq = coefficient of variation of 

load effect = 0.21; βo = target reliability index for cold-formed steel members = 

2.5; Cp = correction factor depending on the number of tests; Pm = mean value 

of the tested to predicted load ratio; Vp = coefficient of variation of the tested to 

predicted load ratio, but not less than 6.5%; n = number of tests; m = degree of 

freedom = n - 1. 

Using Equation 6 with the mean and COV values in Table 11 gave a 

capacity reduction factor (ϕw) of 0.91 for both EOF and IOF load cases for 

Proposal 1(a). Hence the coefficient C was modified in Proposal 1(b) (Table 11) 

in order to propose a universal capacity reduction factor of 0.85 for web 

crippling subjected to EOF and IOF load cases. 

 

5.2. Young and Hancock [20] 

 

It was found that the web crippling design equations proposed by Young 

and Hancock [20] are unsafe for some DuraGal channels. Hence new 

coefficients are proposed in Table 12 to predict the web crippling capacities of 

DuraGal channels using Equation 2 (Proposal 2). Experimental ultimate web 

crippling capacities are compared with the predictions in Tables 9 and 10 using 

the proposed coefficients given in Table 12. For EOF load case, the mean value 

of test to predicted web crippling capacity of DuraGal channel is 1.00 while the 

corresponding COV is 0.10. For IOF load case, the mean value of test to 

predicted web crippling capacity of DuraGal channel is 1.00 while the 

corresponding COV is 0.11. It shows that the web crippling capacities predicted 

by Equation 2 with the proposed coefficients in Table 12 agree well with the 

experimental web crippling capacities of unlipped channels with stocky webs 

under IOF and EOF load cases. The corresponding capacity reduction factor (ϕw) 

is 0.87 for both EOF and IOF load cases, respectively. 

 

Table 11 

Proposed coefficients based on AS/NZS 4600 design rules 

Load case Coefficients C Cr Cl Cw Mean COV ϕw 

EOF AS/NZS 4600 4.0 0.4 0.6 0.03 0.80 0.11 0.68 

EOF Proposal 1(a) 9.1 0.5 0.1 0.03 1.01 0.06 0.91 

EOF Proposal 1(b) 9.6 0.5 0.1 0.03 0.96 0.06 0.87 

IOF AS/NZS 4600 13.0 0.32 0.1 0.01 0.83 0.05 0.75 

IOF Proposal 1(a) 9.0 0.2 0.1 0.01 1.01 0.05 0.91 

IOF Proposal 1(b) 9.5 0.2 0.1 0.01 0.96 0.05 0.87 

 

 

Table 12 

Proposed coefficients based on Young and Hancock’s [20] design rules 

Load case Coefficients Ca Cb e i Mean COV ϕw 

EOF [20] 1.44 0.0133 1 N/A 0.96 0.19 0.73 

EOF Proposal 2 0.82 0.0110 3 N/A 1.00 0.10 0.87 

IOF [20] 1.44 0.0133 N/

A 

1.3 0.95 0.13 0.79 

IOF Proposal 2 0.87 0.0101 N/

A 

2.6 1.00 0.11 0.87 

 
6.  Conclusions 

 

This paper has described an experimental study into the web crippling 

capacities of cold-formed steel unlipped channels with stocky webs under EOF 

and IOF load cases. Twenty one tests were conducted on DuraGal channel 

sections with stocky webs for different bearing lengths. The flanges of these 

channel sections were not fastened to the supports in this study. A full 

description of the web crippling and ultimate strength behaviour of cold-formed 

steel sections is presented in this paper including ultimate loads, failure modes 

and load-deformation curves. It was found that the test method proposed by 

AISI S909 [29] and the test method used by Young and Hancock [20] gave 

similar ultimate loads for web crippling tests under EOF and IOF load cases. A 

detailed comparison of current and previous test results with those predicted by 

the current design equations in AS/NZS 4600, AISI S100 and Young and 

Hancock [20] showed that these equations are unconservative for these stocky 

channel sections under EOF and IOF load cases. Hence new design equations 

were proposed within these guidelines to accurately predict the web crippling 

capacities of unlipped channel sections. Future research in this field should 

include experimental and numerical studies of all the commonly used cold-

formed steel beam sections with a goal to develop an improved, unified web 

crippling design method based on the direct strength method for inclusion in the 

cold-formed steel standards. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The steel box section, with its excellent performance, has been extensively applied in self-anchored suspension bridges. 

The ultimate capacity of such sections, which needs to be exactly predicted, is crucial to the safety of the whole bridge. A 

narrow type steel box section (NTSBS) with width to height ratio of 4.18 is deployed in Egongyan Rail Special Bridge, 

which is a railway self-anchored suspension bridge with 1120 m span in total. In order to comprehensively investigate the 

ultimate capacity of NTSBS, the behavior of NTSBS under the most unfavorable internal forces is herein studied by 

means of experiments and numerical simulations. Firstly, a representative steel box girder is selected to be an 

experimental rescale model and the most unfavorable internal forces are determined by computation analysis. Then, a load 

test is conducted on the rescale model of NTSBS girder. The experimental method is introduced, including the loading 

method and layout of measuring points. During this loading procedure, the prestress loss of the steel strands in the 

self-loading system is considered in order to improve the accuracy of the actual eccentric loading. Subsequently, a finite 

element (FE) model meshed by shell element is validated using the test results and is used to investigate effects of 

residual stress and geometric imperfections. Finally, the FE method is extrapolated to the full scale model, the actual 

ultimate capacity is obtained, and effect of geometric imperfections of mid webs and failure mechanism are investigated.  
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1.  Introduction 

 

The Egongyan Rail Special (ERS) Bridge with spans of 

50+210+600+210+50 m (Fig. 1), which is the largest span self-suspension 

bridge worldwide, is located in Chongqin, China. Such a large span increases 

the demand for cross sections. In order to resist greater bending moment and 

axial force, a narrow type steel box section (NTSBS) (Fig. 2) is adopted in the 

bridge. Compared to steel box section applied in highway suspension bridge, 

of which width to height ratio is often greater than 10 and known as flat steel 

box section, the NTSBS has a small width to height ratio of 4.18 (18.8 m width 

and 4.5 m height). The NTSBS is composed of stiffened plates, thickness of 

top and bottom plate ranges from 32 to 44 mm, and thickness of side webs and 

mid webs is 40 mm and 20 mm, respectively. The diaphragm spacing is 2500 

mm, and the longitudinal stiffeners spacing ranges from 350 to 790 mm. All 

the steel material has a yield stress of 420 MPa. While satisfying the traveling 

space of the two-line trains, the NTSBS with thick flanges and high webs can 

provide larger bending moment and compression resistance indeed. However, 

the mid webs stiffened by Tee ribs, which are more slender compared to others, 

may limit excellent performance of NTSBS. The mid webs of NTSBS, whose 

ultimate compressive strength is about 0.7-0.8 of yield strength, are designed 

adopting the design rules specified in EN 1993 1-5 [1] and BS 5400 [2] to 

guarantee local buckling. The NTSBS are designed using Guidelines for 

Design of Highway Cable-stayed Bridge (GDHCB) [3], which is based on 

allowable load method with safety factor of 1.75. 
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Fig. 1 General layout of ERS Bridge (m) 
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Fig. 2 The section structure of orthotropic steel box girder (m) 

 

Generally, engineers will wonder whether ultimate capacity of the slender 

girder for self-anchored suspension bridge depends on the overall buckling 

mode. So the ultimate capacity of NTSBS should be analyzed by elastic 

bifurcation buckling theory. However, this is not the case. To investigate 

buckling behavior of the stiffening girder for self-anchored suspension bridges, 

deflection theory was derived by Jung et al. [4] and Hu et al. [5]. When the 

main beam is tied to the main cable through slings, the conclusion obtained is 

that any girder-dominant buckling mode does not globally occur in this type of 

bridge. And through the reduced scale overall bridge model test (Hu et al. [5]), 

overall buckling mode of the girder was not observed before the model bridge 

collapsed by flexural strength failure. Therefore, main concerns should be 

focused on second order elastic-plastic ultimate capacity of the steel box 
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section incorporating material nonlinearity, residual stress and geometric 

imperfections.  

It is important to recognize ultimate strength of stiffened plates to 

evaluate ultimate capacity of steel box section. Therefore, a lot of 

experimental and numerical studies are carried out on this topic. To verify the 

design strength of steel box girders for the new San Francisco–Oakland Bay 

Bridge, compression tests were conducted on two stiffened plates by Chou et 

al. [6]. The test results were compared with the 1998 AASHTO, 2002 

Japanese JRA specification and finite element (FE) analysis. Test on flat steel 

box section of San Chaiji Bridge was carried by Li et al. [7]. It was found that 

the ultimate strength of web plates with open stiffeners is much lower than 

material yield strength, the U ribs are recommended as stiffeners for the actual 

bridge. Through a series of numerical studies, Grondin et al. [8] concluded 

that overall buckling of the stiffened plate is the optimal failure mode because 

of its stable post buckling behavior. Shen [9] used FE models to analyze 

ultimate strength of welded square box section members without stiffened 

plates, and applications of column curves in design codes to these members 

was suggested. Zhang et al. [10] proposed a simplified method based on the 

fiber-beam element to predict strength and ductility of the thin-walled 

stiffened box steel pier, the local buckling of the base stiffened plate was 

considered in this method by two modified bilinear material models. Chen et 

al. [11] conducted a load test on a 1:4 scaled model of a steel arch rib to 

investigate buckling behavior of a convex box section of a steel arch bridge. 

The results showed the effect of local buckling on the axial compression 

strength of the convex arch rib is modest. And normalized stress-strain 

relationship was proposed to describe the compressive behavior. Estefen et al. 

[12] have investigated the effect of geometric imperfections on the ultimate 

strength of the double bottom of Suezmax tanker. Matthew et al. [13] 

investigated local buckling of trapezoidal rib orthotropic bridge deck systems, 

and found the local buckling of ribs located at the rib walls and the negative 

moment adversely affected the local buckling strength of the ribs.  

Researches on ultimate capacity of the whole bridge can be found in some 

literatures. Ellobody [14] used a whole double track bridge FE model to study 

the interaction of buckling modes in railway plate girders steel bridges, effects 

of bridge geometries, slenderness and steel strength on mechanical behavior 

and ultimate capacity of the railway bridge are discussed comprehensively. 

Nie et al. [15] developed a multiscale FE model to investigate the cable 

anchorage system of a self-anchored suspension bridge with steel box girders. 

In addition, the multiscale modeling method was validated by comparing with 

the traditional scale modeling method and full-scale modeling method. Olmati 

et al. [16] assessed robustness of the I-35W Minneapolis steel truss bridge. 

From the above, most previous investigations were focused on 

mechanical behavior of flat steel box girder for highway bridges, other forms 

of sections for railway bridges, or local buckling of stiffened plates. However, 

researches on ultimate capacity of NTSBS for the railway self-anchored 

suspension bridge under bias compression are rarely reported. 
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Fig. 3 Strategy of predicting the ultimate capacity of steel box girder for self-anchored suspension bridge 

 

The main objectives of this study are to present the experimental methods 

and the FE modeling to understand the buckling behavior of the NTSBS, to 

evaluate the ultimate capacity of that and investigate effects of residual stress 

and geometric imperfections. A research strategy is proposed to make this 

study more clear, as shown in Fig. 3. This study covers the following 3 aspects: 

(1) The selection of segment to be investigated: since the ERS Bridge has 

many sections along the span, a representative section should be selected to be 

tested as an specimen, and experiment load conditions are also determined 

according to the computation results of structural analysis; (2) Experimental 

study: the experiment specimen is designed and fabricated based on similarity 

theory. The self-loading system widely used in other experiments (Chen et al. 

[11]; Li et al. [7]) is employed as the loading devices. And to implement the 

modeling of eccentric loads in the self-loading system, an algorithm for the 

tension of prestress strands based on beam-column theory verified by 

elaborate FE analysis is presented; (3) Numerical study: a parametric analysis 

based on the validated FE model using the test results is then conducted to 

investigate the effects of residual stress and initial geometric imperfections. 

Finally, the FE model is extrapolated to the full scale (FS) FE model, the 

actual ultimate capacity is obtained, and effects of local buckling of mid webs 

and failure mode are analyzed. 

 

2.  The selection of investigated segment 

 

Three key sections are involved, namely, section ① at middle of the 

side span, section ② supported by the tower and section ③ at middle of 

the center span, as shown in Fig. 1. An investigated section is selected by 

analysis of the structural model and local elaborate shell (LES) models of the 

key sections, as shown in Fig. 4. 

The structural model of the bridge (Fig. 4 (a)) is established in the 

BNLAS software (Tang et al. [17]), the main cable is simulated by catenary 

element, and the sling is simulated by truss element, and the tower and 

stiffening girder are simulated by beam element. In this model, the actual 

loads and pier supports are considered. The actual loads include 5 types of 

loads, namely, the dead load (about 350 kN/m), the track load (67.8 kN/m), 

the crowded load (10 kN/m), the temperature (heating up to 25 centidegrees) 

and the transverse static wind load (about 5 kN/m). The track load is applied 

as concentrated loads, while the crowded load and transverse static wind load 

is applied as distributed loads. In the process of solution, geometric 

nonlinearity is considered while material nonlinearity is not. Young’s 

modulus is assumed as 34,500 MPa for the concrete, and as 206,000 MPa for 

steel, respectively. Possion’s ratio is assumed as 0.2 for concrete, and as 0.3 

for steel, respectively. By influence line analysis, the most unfavorable 

internal force of each key section and the distribution of the live loads, which 

are imposed as boundary conditions on LES models, are determined. 

LES models are often used to accurately predict the mechanical behavior 

of structures (Chen et al. [11]; Nie et al. [15]). Thus, to form a preliminary 

understanding of the buckling behavior of the NTSBS, static and eigenvalue 

buckling analysis are conducted through LES models of the three segments 

using the finite element software ANSYS. Considering the unfavorable 

conditions of axial force and bending moment, 9 cases (Table 1) are analyzed. 

SHELL181 is used in these LES models, because it is suitable for analyzing 

thin to moderately-thick shell structures. The element accounts for transverse 

shear deformation which plays an important role in simulating behavior of 

thick plates. The global element size is about 500 mm, and the element size of 

the key section segment is refined to about 250 mm. In addition, a beam188 

element with length of 1 mm along the longitudinal direction is created at 
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both ends of the LES models. One node of the beam element is positioned on 

the central of the section, and is coupled with all degrees of freedom of the 

nodes at the end section by using CERIG command. The other node of the 

beam element node is constrained, and is called constraint node. Boundary 

conditions of LES models are assumed as simple supported, as illustrated in 

Fig. 4 (b)-(d). Displacement along y and z directions as well as rotation around 

x are fixed at both constraint nodes of the LES models, while displacement x is 

constrained at only one constraint node. The axial force is imposed on the 

constraint node whose displacement z is free, and the bending moment is 

imposed on both constraint nodes. 
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Fig. 4 The line element model and the LES models 

 

The results of the eigenvalues buckling analysis from LES models are 

listed in Table 1 and reveal that local buckling of the section is sure to occur at 

the mid webs. Failure of the mid webs dominated by plate buckling indicates 

that these plates are rigidly stiffened. Failure modes of the mid webs are 

three half waves along the longitudinal directions. Meanwhile, buckling 

stress obtained from eigenvalue buckling analysis exceeds yield stress. 

Buckling coefficients ranging from 4.8 to 5.1 indicate risk of section buckling 

failure along the span is almost uniform. Accordingly, the 40 m segment at the 

middle of the center span (Fig. 1) is selected to be investigated. And 

experimental loads are based on the internal forces of case s7. 

 

Table 1  

Results of the buckling eigenvalues analysis of the three shell models 

Case 
Segment to be 

analyzed 

Live loads 

arrangement 

Buckling 

coefficient Buckling positions 

s1 

section ① 

Patten 1* 4.84 

Subpanels on mid webs 

s2 Patten 2* 4.88 

s3 Patten 3* 5.13 

s4 

section ② 

Patten 1 5.86 

s5 Patten 2 5.98 

s6 Patten 3 6.02 

s7 

section ③ 

Patten 1 5.02 

s8 Patten 2 4.92 

s9 Patten 3 5.06 

*Patten1: Axial force of the section i is the most unfavorable; Patten 2: moment of the 

section i is maximum; Patten 3: moment of the section i is minimum. i=①, for case s1, 

s2 and s3; i=②, for case s4, s5 and s6; i=③, for case s7, s8 and s9. 

 

3.  Experimental method 

 

3.1. Design of the experiment 

The design of the scale specimen is based on the principle of stress 

equivalence. There are two main factors, which are the selection of 

investigated region cut from the overall section and the scale ratio, 

considered in designing the scale specimen. Limited to loading conditions, it 

is not realistic to use a full section model to be tested. Therefore, it is 

reasonable that partial section investigated (Fig. 2) which contains two 

slender mid webs is used to test. And the scale ratio is 1/4. In this way, the 

specimen with total 10 m of span is also convenient for factory 

manufacturing. Noting that Q345 steel (characteristic yield strength is 345 

MPa) is adopted for the specimen instead of the Q420 used in the bridge 

because of limitations of the steel markets. Therefore, it is necessary to study 

the numerical analysis of NTSBS. Table 2 summarizes detailed information 

of the steel used in this specimen. Fig. 5 presented the general layout of the 

scale specimen. 

 

Table 2  

Information of steel in the specimen 

Classification of plates 
AT* 

(mm) 

MT* 

Cal (ad)* 

(mm) 

Materials 
( )y yf   

MPa(με) 

uf  

(MPa) 

Top plates (TP) 42 10.5(10) 

Q345 

349(1694) 505 

Bottom plates (BP) 32 8(8) 392(1903) 521 

Mid webs (MW) 20 5(5) 447(2170) 543 

Diaphragms 10~14 2.5~3.5(3)   

Ribs 

I ribs of TP 32 8(8)   

I ribs of BP 25 6.25(6) 378(1835) 526 

Web of Tee ribs 10 2.5(3)   

Flange of Tee ribs 14 3.5(3)   

*AT: Thickness of steel plates in the actual structure; MT: Thickness of the steel plates in 

the specimen; Cal (ad): Calculate values of the thickness based on the similarity principle 

(adjusted thickness). 

A self-loading system composed of two strong loading ends, the 

specimen and prestress steel strands is designed. There are 8 holes at loading 
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ends along the axial direction for the strands to pass through. The holes are 

arranged in four rows, each row of two holes. The geometric center of the 

holes is designed to coincide with the centroid of the section of the specimen. 

In addition, 15 strands, whose type is 7φ5 with a section area of 138 mm2 

and allowable stretch strength of 1395 MPa, are arranged in each hole, and 

are tied to the two loading ends separately. Each hole can represent a loading 

point. Additionally, 8 sensors are installed under the anchorage on the 

anchored side to precisely control loads. This specimen is supported by the 

bracket at the loading ends. Rubber bearings are adopted between the loading 

ends and lower support structures to make this model move along the 

longitudinal direction without difficulty. The specimen and the loading ends 

are fabricated separately in the factory, and assembled together in the 

laboratory. Lower support structures are anchored on the floor. An image of 

the self-loading system installed is shown in Fig. 6. 

3.2. Loading method and verification 

 

The experimental loads are designed by considering the actual most 

unfavorable internal force and effect of rescaling. The internal force of the 

partial section is extracted based on isolation method, which is based on 

selecting the nodes at the partial section of LES model ③ and integrating the 

resultant forces using FSUM command. The design loads are conversed by 

the similarity ratio relationship, and listed in Table 3. According to Guidelines 

for Design of Highway Cable-stayed Bridge, the minimum applied load 

should be 1.75 times the designed internal force. In other words, the ultimate 

bearing capacity of the NTSBS, even influenced by local buckling of the mid 

webs, geometric imperfections and residual stress, should be no less than 

1.75 times the design loads. So 13 loading cases in total are planned at 

present (Table 4), the maximum load can reach 1.9 times the design loads. 

The axial force and bending moment should be imposed in proportion.  
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Fig. 5 General layout of model (mm) 

 

 

Fig. 6 The self-loading system installed 

 

Table 3  

Conversion results of the actual design internal force on the specimen 

 
Axial force Fd 

(kN) 

Moment in plane Myd 

(kN·m) 

Out-of-plane Moment Mzd 

(kN·m) 

The section ③ 3084473 109384* 176340 

The investigated 

region 
91225 54621 Included in Fd 

The specimen 5702 853 Included in Fd 

*: positive bending direction is defined as the bending about which the top plate is in 

compressive state. 

 

To simulate the eccentric loads of case 1 to 13, both the total force of each 

loading point (TFELP) and the tension of each prestress strand (TEPS) should 

be determined. In order to easily adjust loads, the jack (Fig. 6(c)) which 

stretches a single prestress strand each time is used. To make sure of the 

uniformity of the stress of the strands at each loading point after the stretching 

is finished, the tension of the strands stretched by the jack should be different 

because of the prestress loss of the prestress strands (PLPS). In this way, stress 

of steel strands at one loading point can be uniform and unexpected fracture of 

any one strand can be avoided. The computing method of the values of TFELP 

and TEPS are introduced in detail in this section. 

A simplified plane model of the self-loading system is proposed 

according to structural mechanics, as illustrated in Fig. 7. This model can be 

divided into two parts: Part 1 reflects the balance relationship between the 

section of the specimen and the prestress strands, and is used to calculate the 

TFELP; Part 2 reflects the compatibility of deformation, and is used to 

calculate PLPS and TEPS. 

The F and M of each loading cases are objective loads and should be 

equal to eight TFELPs accumulated. Assumptions are made that 4 TFELPs in 

the top two rows equal F1 and 4 TFELPs in the bottom two rows equal F2. 

Therefore, F1 and F2 are given by force equilibrium equations: 

 

1 2

1 1 1 2 2 3 2 4

4 4

2 2 2 2

i

i i

F F F F

M Fl F h F h F h F h

= = +

= = + − −




 (1) 

 

Thus, F1 and F2 in the loading cases studied are figured out, and the 

results are listed in Table 4. 

The loads applied on strands compress the girder along the axial direction, 

resulting in the prestress loss of strands which had been already tensioned. On 

the basis of the deflection equation of the beam-column, an algorithm of PLPS 

in the self-loading system is put forward. And the following assumptions are 

made: 

• The loading ends are seen as rigid body; 
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• Prestress loss caused by vertical displacement of the loading point is 

neglected; 

• Prestress loss caused by the sag effect of the strands is ignored. 

As indicated in Fig. 7, once unknowns 1 , 2 , 3  and 4  are 

solved, it can be easy to determine PLPS of each prestress strand. The 

algorithm for solving such unknown parameters is proposed herein, 

considering one of the strands in row i stretched by the jack. 

 

Table 4  

Loading cases 

Cases Compressive force F (kN) Bending moment M (kN·m) F1 (kN) F2 (kN) Notation 

1 1500 224.39 258.5 124.2  

2 3000 448.79 516.9 248.4  

3 4500 673.18 775.4 372.6  

4 5700 852.70 982.1 471.9 1.0Fd 

5 6500 972.38 1120.0 538.2  

6 7000 1047.18 1206.1 579.6  

7 7500 1121.97 1292.3 621.0  

8 8000 1196.77 1378.4 662.4  

9 8500 1271.57 1464.6 703.8  

10 9000 1346.37 1550.8 745.2  

11 9500 1421.17 1636.9 786.6 1.7Fd 

12 10000 1495.97 1723.1 828.0  

13 11000 1645.56 1895.4 910.8  

 

While the jack stretched strands in row i, the deflection equation of the 

test beam is expressed as 

 

2 i iEIw Fw M− = +  (2) 

 

where, E is the elastic modulus of steel, 2Fi is defined as the tension force 

of row i, Mi is the bending moment caused by 2Fi, and I is the moment of 

inertia of the specimen section. The general solution of this constant 

coefficient second order non-homogenous differential equations is given by: 
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where, 2i ik F EI= . Then, by introducing boundary conditions, A and 

B are solved: 
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Thus, 
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The angle of rotation   of the girder is given by: 
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ji , which represents the axial displacement at the position of row j 

caused by 2 iF , is obtained through the geometric relation: 

 

2 tanji ei jh  =  +  (6) 

 

where, ei  denotes the compression of the central axial of the test beam 

caused by 2Fi. Thus, the sum axial displacement at the position of row j, j  

can be accumulated if several forces of 2F1, 2F2, 2F3 and 2F4 act on the 

loading ends together. j  is given by the following equation: 

 

2
2 tan

2

i i
j ji j i i

g

F k l
l h k h

EA
 =  = +    (7) 

 

where, gA  is the area of the specimen section. Obviously, there is a 

nonlinear relationship between j  and iF . With j , j  representing 

PLPS, is expressed as: 

 

j

j pE
l




 =  (8) 

 

where, Ep is the elastic modulus of the prestress strand. Eq. (8) is verified 

by the FE model of the self-loading system. According to loading process in 

the actual experiment, 4 jacks are used for each load case, and loading begins 

to simultaneously stretch the strands at the position of row 2 and 3, and 

finishes by simultaneously stretching the strands of the other two rows. 

Accordingly, there are 30 times to stretch strands in one case. It means that the 

loads of case i are applied in 30 load steps. To indicate the order of the 

tensioned strands, the strands are numbered, as shown in Fig. 8. In this way, 

Eq. 8 can be extended as: 
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where, ,RLjn i  represents the prestress loss of number R/Lj-n strand in 

loading case i. Hence, TEPS ,RLjn if  is calculated as: 

 

, , + 15, 1,2RLjn i RLjn i kif F k= =  (14) 

 

where, kiF  represents values of F1 or F2 in loading case i. Taking case 1 

and case 2 as example, the loading scheme is formulated according to this 

algorithm, as shown in Fig. 9. 

The self-loading system is modeled in the ANSYS software, each part of 

the system is precisely simulated, as illustrated in Fig. 10. This model is only 

adopted to verify Eq. 9-14. SOLID45 is used for anchorages and rubber 

bearings, the element size is around 20 mm for anchorages and around 80 mm 

for rubber bearings. LINK8 is used for strands, and the element number is 

meshed as one for each strand. SHELL181 is used for steel plates of specimen 

and loading ends, and the element size is about 60 mm for the specimen and 

80 mm for the loading ends. The element size of loading ends surface 
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contacting to the specimen and anchorages is refined to about 40mm. The total 

shell element number is 155,328, and the solid and rod element are 18,689 and 

120, respectively. The boundary conditions are defined as: ux=uy=uz=0 at the 

bottom surface the of rubber bearing on one side; and ux=uy=0 on the opposite 

side. The tension forces of the strands are modeled by the falling temperature 

method. The geometric nonlinear effects is taken into consideration. The 

static analysis is conducted by 30 load steps in case i. 

Two situations are included in the FE analysis: prestress loss and no loss 

of prestress. The former characterize that the TEPS is calculated by Eq. 14. 

The later characterize that ,RLjn i  is ignored in the TEPS. Results of stress 

of strands are compared in Table 5. And it reveals that only the stretched 

forces which include the prestress loss calculated by Eq. 14 are applied on the 

strands, the load can be transferred as expected, and the uniformity of the 

stress of the strands can be guaranteed. 

It should be noted that the tension of the strands only included the 

prestress loss caused by the elastic compression of the specimen, but 

anchorage retraction should also be taken into account in the practical loading 

procedure. Therefore, the loads applied are controlled more precisely by 

combining the loading scheme and the sensors shown in Fig. 6 (b). 
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Fig. 7 The simplified model of the self-loading system 
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Fig. 10 FE model of the self-loading structure 
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Table 5 

Results of stress of strands 

Strands 

Case1  Case2 

SRC* 

(MPa) 

SRNC* 

(MPa) 

OS* 

(MPa) 

 SRC* 

(MPa) 

SRNC* 

(MPa) 

OS* 

(MPa) 

R1-1~R1-15 125.8~129.2 102.2~121.7 126.1  250.9~256.0 193.1~213.2 252.2 

L1-1~L1-15 125.8~128.9 101.9~121.6 126.1  250.3~255.4 192.6~212.7 252.2 

R2-1~R2-15 125.7~129.8 93.3~108.4 126.1  251.6~258.4 190.0~205.9 252.2 

L2-1~L2-15 125.0~129.7 92.7~108.3 126.1  250.5~257.5 189.2~205.5 252.2 

R3-1~R3-15 57.8~61.3 33.8~46.4 57.4  115.7~122.1 70.2~84.0 114.8 

L3-1~L3-15 57.2~60.9 33.3~46.4 57.4  114.8~120.8 69.5~83.6 114.8 

R4-1~R4-15 57.3~58.8 50.5~55.7 57.4  115.6~119.2 93.0~99.2 114.8 

L4-1~L4-15 57.2~58.7 50.4~55.7 57.4  115.2~118.8 92.6~98.9 114.8 

*SRC: Stress range considering prestress loss; SRNC: Stress range not considering prestress loss; OS: Objective stress of each strand. 

 
3.3. Measuring points arrangement 

 

Massive measuring points of the displacement of the specimen and the 

strains of the plates are adopted to fully understand the limit state of this 

specimen. A placement scheme is put forward, as shown in Fig. 11. Two 

longitudinal strain-measurement lines are placed on the top plate and its ribs 

respectively. In addition, 1 longitudinal strain-measurement line is placed on 

the bottom plate and its ribs respectively. Additionally, 2 longitudinal 

displacement meters containing 6 points are placed on the upper and bottom 

plate. There are 13 longitudinal strain-measurement lines in total placed on 

mid webs, 7 lines placed on the subpanels and 6 lines placed on the Tee 

stiffeners. Besides, to obtain compression of the girder, 4 dial gauges are 

arranged on the surface of each loading end. 

 

4.  Finite element modeling 

 

The load ends and the prestress strands are ignored to reduce 

computational cost in the nonlinear FE model, and they are equivalently 

replaced by the internal forces. The nonlinear FE model incorporating residual 

stress and geometric imperfections is established in ANSYS. The specimen 

FE model is meshed by SHELL181 and the element size is about 50 mm. In 

addition, a beam188 element with length of 1 mm along the longitudinal 

direction is created at both ends of the FE model. One node of the beam 

element is positioned on the central of the section, and is coupled with all 

degrees of freedom of the nodes at the end section by using CERIG 

command. The other node of the beam element node is constrained, and is 

called constraint node. The boundary conditions are set to keep the force 

transmission the same as the experimental model. Hence, displacement along 

x and y directions as well as rotation around z are fixed at both constraint 

nodes of this model, while displacement z is constrained at only one constraint 

node. The axial force is imposed on the constraint node whose displacement z 

is free, and the bending moment is imposed on both constraint nodes. The 

finished model and boundary conditions are illustrated in Fig. 12 (a). To take 

the plate material nonlinear behavior into account, an elastic perfectly plastic 

constitutive model incorporating a Von Mises yield surface and a bilinear 

isotropic hardening rule is employed. Young’s modulus is assumed as 

206,000 MPa and Poisson’s ratio is assumed as 0.3. The yield strength is 

strictly consistent with the plates measured and is assumed to be 345 MPa 

for the unmeasured plates. Therefore, the yield strength is assumed as 349 

MPa for top plates, 392 MPa for bottom plates, 447 MPa for mid webs, and 

378 MPa for ribs of bottom plates, respectively.  

Previous studies (Shen. [9]; Sheikh et al. [18]; Luka et al. [19]; Shi et al. 

[20]; Yuan et al. [21]) have shown that the magnitude and shape of geometric 

imperfection have significant influence on the ultimate capacity of steel 

structures. For the box girder model, a number geometric imperfection mode 

can be taken into considerations. However, only local plate imperfections are 

assumed, and is inserted in the shape of the lower eigenvalue buckling 

modes. These plate buckling modes are 3 half waves shape, and eigenvalue 

buckling analysis must be performed for each plate. Referring to EN 

1993-1-5 [1], which recommends that the equivalent magnitude of geometric 

imperfections should be a minimum between a/200 and b/200 (a and b are 

length and width of the subpanel, respectively), the magnitude of geometric 

imperfections in this study is assumed as 7 mm, about a/100. In addition, the 

patterns of rectangular uniform residual stresses recommended by Chatterjee 

[22] are adopted for lack of residual stress measurement, and only one type of 

residual stress is accounted for, namely, the longitudinal residual stress 

occurring in plates. The tension residual stress is assumed as yield strength, 

while the compressive residual stress is assumed as 30 percent of the yield 

strength. The residual stress is implied as initial stress vial the command 

ISFILE, which implies that the 5 integration points of each shell element have 

the same initial stress value. Geometric imperfections are modelled via 

UPGEOM command. The geometric imperfections and residual stress 

imposed on the specimen FE model are illustrated in Fig. 12 (b) and (c), 

respectively. 

From above, there are four steps to complete the FE analysis. Firstly, the 

FE model is established without any imperfection and a static solution is 

conducted to acquire the stiffness matrix of the model. Secondly, plate 

buckling modes are solved by an eigenvalue buckling analysis. Thirdly, 

updating the coordinates of nodes in the FE model and implying residual 

stress, a nonlinear ultimate capacity analysis is conducted using the 

Newton-Raphson iterative procedure. The axial force and bending moments 

should be large enough to obtain the ultimate capacity of the specimen. 

Fourthly, the strain and displacement of the measuring points are extracted to 

obtain the ultimate capacity and load displacement curves. 
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Fig. 11 The layout of measure points 
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(a) The FE model of specimen
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Fig. 12 The FE model of specimen in ANSYS 

 

5.  Results and discussion of the rescale model 

 

5.1. Validate of FE model 

 

Measuring points at subpanels and stiffeners are assumed in uniaxial 

stress state. Taking mid web as an example, the distribution of measured strain 

along longitudinal direction calculated by FE model is compared with the test 

results, as shown in Fig. 13. When the stress level of cross section is lower, 

such as case 1, strain of measuring points can be very accurately predicted by 

FE model. When the stress level of cross section is higher, such as case 11, a 

certain fluctuation along the longitudinal direction is found among the strain 

of the measuring points and can be predicted relatively precisely by the 

assumed defect FE model. In addition, it indicates that the proposed loading 

method can precisely control the loads applied, and the loads applied can be 

transmitted to the box girder sections effectively. 

The load and displacement curves, including the load compression curve 

and the load mid-span deflection curve, are show in Fig. 14. It can be seen 

that the deformation predicted experimentally is slightly large than that 

predicted numerically, but the trends of curves between the test and FE model 

results are basically the same. The load and strains of measuring lines curves 

are shown in Fig. 15 and Fig. 16. The overall agreement between the test and 

FE analysis results can be clearly illustrated when F does not exceed about 

1.2 Fd, except for a few measuring lines d4, ff1 and b2. However, the 

developing trends of strain of d4, ff1 and b2 correlate well with test. When F 

exceeds 1.2 Fd, FE analysis results seem to underestimate strain. It may be 

caused by the complex non-linear mechanical behavior stemming from 

non-linear material and randomness of initial imperfections which are only 

simply assumed in FE model. 

Overall, FE model can be able to predict strain of stiffened plates and 

load and displacement relationships of the specimen, and it will be 

mentioned later that the FE model can also be capable of predicting the 

deformed modes of the mid webs.  
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Fig. 13 Change of strain along the longitudinal direction. 
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Fig. 14 Relationship between load and deformation 
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5.1. Failure mode and ultimate capacity 

 

When the applied load of the test model is up to case 11, no failure or 

buckling of the specimen is observed. Continuing stretching the prestress 

strands, the readings of the meters controlling the sensors increase. Therefore, 

this model structure still has bearing capacity. However, some local large 

deflection of the Tee stiffeners at mid webs has been seen by naked eye 

observation after loading case 13, and painting of the Tee ribs has also been 

peeling off. Furthermore, strains of parts of measuring points in mid webs and 

top plates exceed yield strain, for example, d3, d1 and f1 measuring lines, as 

shown in Fig. 17. At the end of the loading, the Tee ribs deform stably and no 

significant damage is found in their flanges. This phenomenon indicates that 

the specimen does not fail. Through further observation, two kinds of out- 

plane deformation modes of the Tee ribs can be summarized: the similar 

symmetric mode and the anti-symmetric mode. Fig. 18 illustrates the 

deformation modes of the Tee ribs at the mid webs. Based on the experiment 

results, out-plane deformation of Tee ribs occurs during the loading process. 

And these deformed shapes have been predicted numerically using the finite 

element model. One potential buckling mode of the mid webs should be 

flexural and torsional buckling of Tee ribs, and is caused mainly by the uneven 

stress distribution of the Tee ribs along the web height, which leads to the 

out-plane deflection of flanges of the Tee ribs. 

Since the obvious failure deformation does not take place under the load 

applied, the failure mode of the reduced scale model under the ultimate load is 

obtained by FE model, as illustrated in Fig. 18. Under the ultimate load, the 

stresses of bottom plates and diaphragms are small, while the stresses of other 

plates are approximate to yield strength, plastic zone is formed along the span. 

It indicates that the specimen model fails to resist larger applied load due to 

material yield of top plate and mid webs. It is observed that plate buckling of 

mid webs and flexural and torsional buckling of Tee ribs occur before the 

specimen fails. Although local buckling of mid webs, flexural failure due to 

steel yield dominates the structure. The ultimate capacity of FE model with 

residual stress and geometric imperfections taken into account reaches 2.01 

Fd, 5 percent larger than 1.9 Fd the experimental maximum load. 
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Fig. 15 Relationship between subpanel average and measured strain 
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Fig. 16 Relationship between stiffeners average and measured strain 
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Fig. 17 Yield point distribution of section Fig. 18 Deformation modes of Tee ribs 

 

5.2. Effects of residual stress and geometric imperfections 

 

Eight cases are analyzed to investigate effects of residual stress, 

geometric imperfections and buckling mode on behavior of the specimen. In 

Fig. 14, Fig. 15 and Fig. 16, the legend “RS 0.3 σy and 7 mm GI” is short 

for “ compressive residual stress of 30 percent of the yield strength and 7 

mm magnitude of geometric imperfections”, which is actual considered in 

FE model. And the meaning of other legends and so on. 

Three cases are studied to investigate effects of residual stress on 

mechanical behavior of the specimen. The residual stress is assumed as three 

levels, namely, compressive residual stress in the plate of zero, 12.5 and 30 

percent of the yield strength. The magnitude of geometric imperfections is 

taken as 7 mm. As shown in Fig. 14(b), Point 1, 2 and 3 represents beginning 

of bending stiffness degradation. The different position of these points 

demonstrate that as the compressive residual stress varies from zero to 30 

percent of yield strength, The bending stiffness is degenerated earlier with 2.1 

Fd changing to 1.5 Fd. However, it seems that residual stress has slight 

influence on the axial stiffness since there is no turning point observed in the 

load compression curve. On the other hand, both curves showed that the 

ultimate capacity drops from 2.27 to 2.01 times Fd, dropped by about 13 

percent, as compressive residual stress increases.  

As the compressive residual stress is assumed as 12.5 percent of the 

yield strength, four cases are studied to investigate effects of magnitude of 

geometric imperfections. It is observed that the 4 load and displacement 

curves almost coincide with each other, only slight reduction of ultimate 

capacity occurs as the magnitude of geometric imperfections increases. 

However, strains of measuring points are compared to indicate that the 

deformation of local stiffened plate is heavily influenced by geometric 

imperfections, as shown in Fig. 15 and Fig. 16. 

As show in Fig. 14, by comparing results between two cases, which are 

no geometric imperfections with compressive residual stress of 30 percent 

yield strength and 7 mm magnitude geometric imperfections with 

compressive residual stress of 30 percent yield strength, respectively, it is 

found that the geometric imperfections mode with assumed 3 half waves has 
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slight influence on strain of measuring points, bending stiffness, axial 

stiffness and ultimate capacity. 

In general, the specimen seems to be more sensitive to residual stress 

than geometric imperfections and buckling mode; and the ultimate capacity 

and bending stiffness are more susceptible to residual stress than the axial 

stiffness; the local strain is greatly affected by magnitude of geometric 

imperfections. 

 

6.  The full scale model 

 

6.1. FS FE model 

 

To eliminate the effect of rescale, the full scale narrow type steel box 

girder with section ③ can be modeled adopting the same method employed 

in modeling the specimen. The full scale model has length of 40 m. 

SHELL181 is used and the element size is about 150 mm. The mesh size is 

found accurate enough to model this structure by comparing with a more fine 

mesh size of 100 mm. The beam188 elements are still created to play the 

same role as in the specimen FE model. The boundary conditions are 

assumed as simply supported. Both axial force and bending moment are 

imposed on the constrain nodes. The load conditions are listed in Table 3. 

The residual stress, geometric imperfections and nonlinear material behavior 

are all taken into account. The yield strength for all plates is assumed as 420 

MPa. The tension residual stress is assumed as yield strength, while the 

compressive residual stress is assumed as 30 percent of the yield strength.  

Due to different geometric imperfections assumed, two full scale FE 

models are created for the analysis of NTSBS’s ultimate capacity. 

Case F1. In the first model, it should be noted that only geometric 

imperfections of mid webs is modeled because the mid webs are more prone 

to buckle, and is assumed three half waves in longitudinal directions. In 

addition, the magnitude of geometric imperfections is assumed as 28 mm. 

The full scale FE model is shown in Fig. 19. 

Case F2. The second model is assumed without geometric imperfections. 
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Fig. 19 FS model in ANSYS 

 

6.2. Failure mode and ultimate capacity 

 

For Case F1, the analysis reveals that the top plate yields first, followed 

by mid webs. Plate buckling mode and Tee ribs tripping mode are also 

observed. The results indicate that the NTSBS exhibits the expected failure 

mode, with plates and stiffeners of mid webs both reaching the yield strength 

until eventual collapse. Increasing the applied load, the final collapse of the 

NTSBS is caused by flexural strength failure. Fig. 20 shows the von Mises 

stress distributions and failure sequences in case F1. Similar to the case F1, 

the first elements to fail are the top plate in the case F2. Furthermore, a large 

area of top plates and mid webs yielding is also observed. 

The load and deformation curves are plotted as shown in Fig. 21. It can 

be shown that the relationship is linear when applied load is below minimum 

requirements of 1.75 times design loads by GDHCB. And as the load 

increases, the load versus deformation curves become nonlinear, which 

confirms that inelastic deformation occurs. The NTSBS’s ultimate capacity is 

2.37 Fd in case F1, and 2.44 Fd in case F2. It can be known that there is 2.8% 

difference in ultimate capacity between the two cases. Therefore, geometric 

imperfections assumed has slightly influenced on NTSBS’s ultimate 

capacity. 
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Fig. 20 Von Mises Stress distribution and failure mode of full scale model 
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Fig. 21 Relationship between load and deformation of the full scale model 

 

7.  Conclusions 

 

The ultimate capacity of NTSBS for ERS Bridge is investigated 

experimentally and numerically. Elastic buckling coefficients of different 

segments under different loading conditions are obtained by analyzing the 

structure model and the LES models, and compared to determine the 

investigated region of NTSBS. An experiment is carried out to understand 

the ultimate behavior of NTSBS under bias compression. The FE models of 

the specimen and full scale model are studied to investigate effects of 

residual stress, geometric imperfections on ultimate behavior of NTSBS. 

Based on the experimental and FE analysis results, the main conclusions can 

be summarized as follows: 

1. The designed loading device and loading method proposed can 

effectively simulate the eccentric compressive loads. 

2. It is concluded that based on the comparisons that the FE modeling 

incorporating residual stress and geometric imperfections is capable of 

predicting the fluctuation of strain along the longitudinal direction, the load 

strain curves, the load deformation curves and failure modes of the specimen. 

The fluctuation of strain along the longitudinal direction is mainly affected by 

geometric imperfections, and occurs when the stress level becomes high, as in 

case 11. By means of FE analysis, the load strain curves and load deformation 

curves of the specimen both develop two stages: linear behavior stage and 

nonlinear behavior stage, and nonlinear behavior occurs when load is up to 1.2 

Fd. It should be emphasized that Tee ribs deform remarkably as symmetric 

mode and anti-symmetric mode before the specimen fails. The specimen fails 

by strength failure of flexure, which is also a plastic collapse mode with a 

large of plastic zone detected on the top plate and mid webs. 

3. By comparison of  FE analysis results, the NTSBS seems to be more 

sensitive to residual stress than geometric imperfections. As the compressive 

residual stress increases, ultimate capacity and bending stiffness drops more 

significantly than the axial stiffness. The local strain is greatly affected by 

magnitude of geometric imperfections. Therefore, in the process of NTSBS 

fabrication, it is necessary to ensure that the residual stress needs to be 

controlled. In addition, plate welding deformation should be controlled to 

reduce the effect of geometric imperfections on local mechanical behavior of 

mid webs. 

4. To obtain actual ultimate capacity of the NTSBS, the FS FE model is 

analyzed. It reveals that the sequence of plates failure under the most 

unfavorable internal forces. The top plate yields first, followed by mid webs. 

As the load increases, the structure fails due to the formation of large area 

plastic zone on top flanges and mid webs. The similar conclusion can be 

drawn that the geometric imperfections of mid webs has slightly influence on 

the ultimate capacity of NTSBS based on results of the two typical models. 

Compared with the experimental model, integrity of the FS model makes the 

ultimate capacity greater, and the FE analysis results of NTSBS’s ultimate 

capacity indicate that this section is properly designed with a sufficient safety 

margin. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

With the improvement in steel production technology, high-strength steel, as a building material, has become a new current 

in civil engineering. To reveal the mechanical behavior of axially compressed high-strength steel Q550 (a nominal yield 

strength fy≥550 MPa) columns without axial constraint at elevated temperatures, the finite element method was used to 

establish several transient analysis models with the software ABAQUS. The accuracy of the finite element model was 

verified by comparison with the results of prior experiments. To investigate the mechanical behavior and failure mechanism 

of high-strength steel Q550 columns in fire, the fire resistance of Q550 columns was numerically simulated and analyzed 

based on effective finite element models. The effects of the parameters on the fire resistance of high-strength steel Q550 

column with a rectangular hollow section under axial compression were studied with an emphasis on the load ratio, initial 

imperfection amplitude, slenderness ratio and sectional dimensions. The results indicate that the load ratio is the main factor 

affecting the fire resistance performance of high-strength steel Q550 columns. 
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1.  Introduction 

 

As a special building steel, high-strength steel is produced by micro 

alloying and thermomechanical controlled rolling technology (Shi et al [1]) and 

has good ductility, processing properties and high yield strength (a nominal 

yield strength fy≥460 MPa). The use of high-strength steel not only decreases 

the section dimensions, steel consumption and hoisting difficulty, but also 

increases the usable area and then reduces the whole life cycle cost for the 

buildings. At present, high-strength steel has been applied to plenty of 

structures in China, such as the New CCTV Building and the National Stadium, 

with good results (Fan et al [2]；Chen [3]). High-strength steel Q460E/Z35 

was used in the National Stadium to decrease the wall thickness and welding 

working load, which facilitated joint construction. In the New CCTV Building, 

the use of materials was minimized with the adoption of high-strength steel 

Q460D and Q460E in columns and braces. 

Fire occasionally affects buildings. Fire safety cost in buildings remains at 

a high level in China, which means that fire safety in buildings in China is 

rigorous. From 2003 to 2012, there were 180 thousand fires per year in China 

with 1698 fire deaths, 1426 fire injuries and the direct economic losses of 1.626 

billion Yuan (Fu [4]). In 2012, there were 152 thousand fires in China with 

1028 fire deaths, 575 fire injuries and the direct economic loss of 2.18 billion 

Yuan [5]. In 2013, the number of fires almost tripled to 388 thousand in China 

and led to 2113 fire deaths, 1637 fire injuries and the direct economic losses of 

4.85 billion Yuan [6]. In 2014, there were 395 thousand fires in China with 

1815 fire deaths, 1513 fire injuries and the direct economic losses of 4.6 billion 

Yuan [7]. In 2015, the amount of fires decreased a little to 338 thousand in 

China, resulting in 1742 fire deaths, 1112 fire injuries and the direct economic 

losses of 3.95 billion Yuan [8]. Therefore, the harm caused by fire to human life 

should not be underestimated. 

So far, many researches on structural fire resistance have been conducted. 

Fan et al. [9] carried out theoretical analysis and finite element analysis of the 

fire temperature fields on large space steel structures. Fan et al. [10] conducted 

researches on the membrane effect of steel sheet-concrete composite slabs with 

special shape under fire. In order to facilitate the direct analysis and 

second-order inelastic analysis of steel structures, Du et al. [11] proposed a new 

flexibility-based beam-column element with member initial imperfection. 

However, there are few researches on the fire resistance of high-strength steel at 

present. High-strength steel (HSS) has several advantages, while the strength 

and stiffness are greatly reduced at high temperatures just as ordinary structural 

steel, resulting in the poor fire resistance. The Chinese Technical Code for fire 

safety of ordinary steel structures in buildings (CECS200:2006) [12], the 

American Code (AISC 360-2010) [13] and the European Code (EN 1993-1-2) 

[14] all proposed methods on the fire–resistant design of steel structures based 

on calculations and provided recommended values for the material reduction 

factors at elevated temperatures. But the fire-resistant design methods for 

ordinary steel columns and high-strength steel columns are completely 

different because the mechanical properties of ordinary steel and high-strength 

steel vary at high temperatures. So the current design method for high-strength 

steel is not very applicable. Firstly, the smelting of high-strength steel adopts 

micro alloying technology, resulting in high-strength steel with some special 

metal elements such as V, Nb, Mo, Cr, and so on, and these elements are in 

great request for fire-resistant steel (Liu et al [15]). Ordinary steel does not 

possess these metal elements, and such that the influence on the fire resistance 

of HSS requires further research. Secondly, with both high ultimate strength 

and yield strength, HSS has a high yield ratio, a short yield plateau or even no 

yield plateau and a short ultimate tensile strain (Shi [16]; Ban et al [17]), 

differing from ordinary steel. 

Several studies exist on the fire resistant design of high-strength steel in 

China. Liu et al. [15] found obvious differences by comparing the fire 

resistance of high-strength H-section steel columns(HS-HC) with the ordinary 

steel H-section columns(OS-HC) under axial compression at elevated 

temperatures. Wang [18] investigated the critical temperature and stability 

factor of high-strength steel columns and ordinary steel columns under axial 

compression at elevated temperatures, and the results showed that the critical 

temperature and stability factor of ordinary steel were not suitable for 

high-strength steel. Ge [19] carried out fire test and numerical simulation and 

analysis of axially compressed HS-HC with axial constraints at high 

temperatures and proposed key factors influencing the fire resistance of HS-HC 

under axial compression. Chen [20] conducted the finite element analysis on 

high-strength steel columns with an H section(HS-HC) and a rectangular 

hollow section(HS-HSS) under axial compression, and then compared the 

results with the design codes of American, European, the direct strength 

method (DSM) and Australian Standards (AS 4100: 1998) . Conclusions were 

made that the American and European design codes and the DSM are all 

conservative while the Australian code is optimistic for both HS-HC and 

HS-HSS at elevated temperatures. 

 

2.  Material tests 

 

2.1. Material tests of high-strength steel Q550 at room temperature 

 

Shi [16] conducted material tests on five Q550 specimens at room 

temperature, which were cut from the same original 5.8-mm-thick hot rolling 

plate. The test results showed that the ultimate strength and yield strength of the 

steel plate in the orthogonal direction were higher than those in the rolling 

direction. Qiu et al. [21-22] measured the elongation ratio, ultimate strength and 

yield strength of 12-mm-thick samples with high-strength Q550 and Q550GJ 

steel. Xue [23] also performed material tests on 12-mm-thick samples of 

high-strength steel Q550GJ at room temperature. The test results are given in 

Table 1. 

 

 

http://dict.youdao.com/w/ultimate%20strength/#keyfrom=E2Ctranslation
http://dict.youdao.com/w/ultimate%20tensile%20strain/#keyfrom=E2Ctranslation
http://dict.youdao.com/w/obvious%20difference/#keyfrom=E2Ctranslation
http://dict.youdao.com/w/be%20suitable%20for/#keyfrom=E2Ctranslation
http://dict.youdao.com/w/numerical%20simulation/#keyfrom=E2Ctranslation
http://dict.youdao.com/w/finite%20element%20analysis/#keyfrom=E2Ctranslation
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Table 1  

Test results of high-strength steel Q550 at room temperature 

Steel 

Grade 
Direction t/mm 

fy 

/MPa 

fu 

/MPa 

E 

/GPa 
δ/% fy / fu 

Shi [16] 

Q550 

├ 

5.8 

 

Ave 

741 

745 

743 

800 

796 

798 

204 

213 

208 

22.1 

21.6 

21.9 

0.93 

0.94 

0.93 

││ 

 

5.8 

 

Ave 

706 

701 

709 

706 

771 

772 

778 

774 

217 

201 

205 

208 

21.8 

22.5 

21.7 

22.0 

0.92 

0.90 

0.91 

0.91 

Qiu [21] 

Q550 
/ 12 

649 

666 

719 

738 

/ 

/ 

20.0 

25.0 

0.90 

0.90 

Qiu [22] 

Q550GJ 
/ 

12 

631 

624 

616 

787 

801 

801 

/ 

/ 

/ 

17.0 

18.0 

17.0 

0.80 

0.78 

0.77 

Ave 624 796 / 17.3 0.78 

Xue [23] Q550GJ / 
12 

633 746 / 22.0 0.85 

626 770 / 19.2 0.81 

645 757 / 21.0 0.85 

Ave 635 758 / 20.8 0.84 

Note: Dir is the abbreviation of cutting direction of the test specimens. The symbol ├ means that the specimens are perpendicular to the rolling direction, and symbol ││ means the 

specimens are parallel to the rolling direction. Ave is the abbreviation of ‘Average’ and represents the average value of test results. 

 

From Table 1, Q550GJ has a lower yield strength and a higher ultimate 

strength compared with Q550 and such that its yield ratio is less than 0.85, 

which satisfies the limit of the Chinese design code. The yield strength and 

ultimate strength of high-strength steel Q550 are close to each other, and the 

yield ratio is very high. Similar to ordinary steel, the strength of Q550 decreases 

with an increase in thickness. 

 

2.2. Material tests of Q550 at elevated temperatures 

 

At present, material test data on high-strength steel Q550 at high 

temperatures are limited. However, some scholars researched cold-formed 

high-strength steel G550 at high temperatures. 

Chen [20] conducted material tests on 1-mm-thick samples of cold-formed 

high-strength steel Q550 at high temperatures with a tensile strain rate 0.006 

min-1. Based on the experiments, the reduction formulas of the ultimate tensile 

strain, elastic modulus, ultimate strength and yield strength were proposed as 

well as the constitutive model for cold-formed high strength G550 steel at high 

temperatures. 

Chen and Ye [24-25] also did a series of material tests of 1-mm-thick 

cold-formed high-strength steel Q550 at high temperatures, including a 

standard tensile test of flat specimen, a standard tensile test of corner specimen, 

a thermal expansion test, a thermal steady test of flat specimen, a thermal 

transient test of flat specimen and a steady test of corner specimen. According 

to the experiment results, the reduction formulas of the ultimate tensile strain, 

elastic modulus, ultimate strength, and yield strength were proposed 

respectively at elevated temperatures. The constitutive model was also 

provided based on classical Ramberg-Osgood formula. 

However, the mechanical properties of cold-formed high-strength steel 

decreased rapidly with increasing temperature due to the gradual disappearance 

of the mechanical properties of cold-formed steel with small thickness at 

elevated temperatures (Chen and Ye [25]). 

Some scholars have measured the mechanical properties of other grades of 

high-strength steel at high temperatures. Liu [26], Schneider and Lange [27] 

and Chiew et al. [28] provided the material properties of the different classes of 

high-strength steel at high temperatures. Through the steady and transient test 

methods, Qiang et al. [29-30] obtained the elastic modulus, yield strength and 

ultimate strength of the S460N and S690 steel samples at high temperatures. 

The results were compared with those of the European Code (EN 1993-1-2), the 

American Code (AISC 360-2010) and Australian Standards (AS 4100: 1998), 

and the fitting formulas of the material properties were proposed. The results 

showed that the American Code (AISC 360-2010) and Australian Standards 

(AS 4100: 1998) were optimistic in some temperature ranges. Chen [20] carried 

out transient and steady tests on Bisplate80, and presented the fitting formulas 

for the reduction factor and constitutive model. 

As shown in Fig. 1 (a) and (b), the reduction factors for the material 

properties of high-strength steel at high temperatures differ greatly among 

varied grades and test methods (S, T, F and C refer to the Steady, Transient, Flat, 

and Corner tests, respectively). Conclusions can be drawn as follows. Firstly, 

when the temperature is more than 300°C, the reduction coefficients of the 

yield strength and elastic modulus of cold-formed G550 steel decrease rapidly. 

As reported in the literature (Chen and Ye [25]), as the temperature increased, 

the mechanical properties of cold-formed high-strength steel decreased 

gradually. Secondly, the reduction factors of the yield strength and elastic 

modulus vary significantly within different grades of high-strength steel at  

elevated temperatures, especially at 600°C. Finally, the reduction factors for the 

material properties of carbon steel at high temperatures proposed by the 

European Code (EN 1993-1-2) [14], the Chinese code (CECS200:2006) [12] 

and the American Code (AISC 360-2010) [13] are not applicable to 

high-strength steel. 

 

 

(a) Elastic modulus 

 

(b)Yield strength 

Fig. 1 Reduction factors of hss at elevated temperatures 

 

2.3. Constitutive model  

 

Ban et al. [31] and Shi et al. [32] proposed two-stage constitutive models 

for high-strength steel with and without yield plateaus and the accuracy of the 

two models was proved. According to the material test results (Shi [16]), 

high-strength steel Q550 exhibited a short yield plateau, and such that the 

two-stage constitutive model with a yield plateau was adopted in this paper. 

http://dict.youdao.com/w/expansion%20test/#keyfrom=E2Ctranslation
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The constitutive model is given in Eq. (1) and Fig. 2.  

 

σ = {

                              𝐸ε                              ,0 ≤ ε ≤ ε𝑦 

                                𝑓𝑦                              , ε𝑦 ≤ ε ≤ ε𝑠𝑡

𝑓𝑦 + (ε − ε𝑠𝑡)(𝑓𝑢 − 𝑓𝑦)/(ε𝑢 − ε𝑠𝑡) , ε𝑠𝑡 ≤ ε ≤ ε𝑢

               (1) 

 

 

Fig. 2 Constitutive model with a yield plateau 

 

The material data of high-strength steel Q550 in rolling direction from Shi 

[16] were adopted in this paper, and the reduction factors at elevated 

temperatures proposed by Qiang et al. [30] were used in the formula as shown 

in Fig. 3. 

 

 

Fig. 3 Reduction factors 

 

3.  Analysis methods and models 

 

3.1. Analysis methods 

 

In real fire conditions, steel columns are generally subjected to both 

temperature effects and external loads and the thermomechanical coupling 

method is adopted for analysis. There are two main types of thermomechanical 

coupling: the complete thermomechanical coupling analysis and the subsequent 

thermomechanical coupling analysis and the latter type was adopted in this 

paper. The results of the temperature field are not significantly influenced by 

the results of the stress analysis while the results of stress analysis are 

significantly influenced by the results of the temperature field. 

The subsequent thermomechanical coupling analyses includes transient 

analysis and steady-state analysis. In the steady-state analysis, the temperature 

field keeps unchanged and the load is applied to the columns gradually until 

columns fail. On the contrary, in the transient analysis, external load remains 

the same and the temperature increases to a certain rate until the failure of 

columns. When a real fire occurs, the steel column always bears a certain load 

with increasing temperature gradually. The material properties of steel decrease 

with increasing temperature and finally the steel columns lose capacity or 

stability. Therefore, the transient analysis is more in line with the actual 

situation. In this paper, the transient analysis method was adopted to analyze 

the fire resistance of high-strength steel Q550 column with a rectangular hollow 

section under axial compression. 

 

3.2. Analysis models 

 

The transient analysis model includes four submodels: the linear elastic 

buckling analysis model, the bearing capacity analysis model, the fire 

resistance analysis model and the heat transfer analysis model. The bearing 

capacity analysis model and the linear elastic buckling analysis model are used 

to calculate the ultimate bearing capacity of the steel column at room 

temperature, and the temperature field of the steel column can be simulated by 

the heat transfer analysis model. The fire resistance analysis model coupling the 

temperature and stress field is for analysis of the material properties of steel 

columns at high temperatures. 

 

4.  Analysis methods and models 

 

4.1. Establishment of the finite element model 

 

In this paper, the finite element software ABAQUS was adopted to 

establish the model. The four-node heat transfer quadrilateral shell element 

DS4 in ABAQUS was applied to the heat transfer analysis model. The rest 

analysis models adopted the S4R four-node shell element. The S4R element in 

ABAQUS is a generic shell element type with outstanding adaptability, which 

could be used in the simulation of thick and thin shell problems. 

(1) Linear buckling analysis model. The steel has a density of 78.50 kN/m3, 

with a Poisson ratio 0.3 and elastic modulus 2.076×1011 Pa. To simplify the 

boundary conditions of column, the cross section at each column end was 

coupled to a reference point as shown in Fig. 4(a). The column is simply 

supported and the displacements U1, U2, U3 and rotation UR2, UR3 are 

restrained at one end, while the other end is restrained at the freedom of U1, U2, 

UR2 and UR3, as shown in Fig. 4(b). A unit force was applied at the column 

end and a linear buckling analysis step was performed for the buckling mode of 

the steel column. 

 

 

(a) Coupling setting 

 

(b) End condition setting 

Fig. 4 Boundary condition settings 

(2) Bearing capacity analysis model. The arc length method was adopted 
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with elasto-plastic material and the unit load at column end was replaced with 

a displacement of -0.1 m. The initial imperfection and residual stress were 

introduced by keywords, and the residual stress proposed by Shi [16] was 

illustrated in the model shown in Fig. 5 (a) and (b). 

 

 

(a) Miss stress distribution 

 

(b) Residual stress distribution 

 

Fig. 5 Residual stress distribution model 

 

(3) Heat transfer analysis model. The thermal parameters of the material 

were introduced on the basis of the linear buckling analysis model. 

Considering that the composition of the steel had little effect on thermal 

parameters and the current research results of high-strength steel were still 

limited, the parameters of ordinary steel proposed by Wang and Li [33] and 

the relevant regulations of carbon steel from the European Code (EN 1993-1-2) 

[14] were adopted in this paper. To simulate the test specimens exposed to fire 

with four sides, the heat transfer analysis step was established in this paper. 

(4) Fire resistance analysis model. Based on the bearing capacity analysis 

model, mechanical parameters and the expansion coefficient of the 

high-strength steel material were introduced. The load specified under certain 

load ratio was applied at the column end, and the temperature in the heat 

transfer model was included to create the predefined field. 

 

4.2. Verification of the bearing capacity model 

 

To verify the accuracy and efficiency of bearing capacity model in 

section 4.1, the finite element model was established by the parameters of 

specimens 550LF4-210×210×6 and 550LF5-210×210×6 in reference (Shi [16]) 

and the model results were analyzed and checked against the test results. As 

shown in Table 2 and Table 3, the geometric dimensions, test results and 

numerical simulation results of the two specimens are given. The failure mode 

of the specimen exhibits an overall bending failure in a certain direction. Due 

to the limitation of length, only the failure mode and load-displacement curve 

of specimen 550LF4 are given in Fig. 6 and Fig. 7. 

 

Table 2 

Parameters of the models 

Specimens L /mm 
e0 /mm 

overall local 

550LF4 3292.6 4.63 0.494 

550LF5 3842.2 1.34 0.494 

Note: the section size of specimen 550LF4 is 209.7×211.5×5.8 (height × width × 

thickness); the section size of specimen 550LF5 is 210.8×211.4×5.8; ‘overall’ refers to the 

amplitude of overall imperfection; ‘local’ refers to the amplitude of local imperfection. 

 

Table 3 

Results of the models 

Specimens 
Bearing Capacity /kN 

Ffem//Fu 
Fu Ffem 

550LF4 2110.0 2260.8 1.07 

550LF5 2266.7 2310.7 1.02 

Note: Fu is the bearing capacity given by test results; Ffem is the bearing capacity 

calculated in numerical simulation. 
 

 

 

Fig. 6 Failure mode of LF4 

 

Fig. 7 Load-displacement curve of LF4 

 

The bearing capacity (2110 kN) of specimen 550LF4 given by finite 

element analysis is very close to that (2066.8kN) of the test result in the 

literature (Shi [16]) with a relative error -2.0%. The bearing capacity 

calculated by the model in this paper was 2260.8 kN with a relative error 

+7.0%. In previous studies, the testing bearing capacity of specimen 550LF5 

was 2266.7 kN, agreed well with the finite element analysis result 2108.1 kN 

with a relative error -7.0%. The bearing capacity in this paper 2310.7 kN 

possessed relative error +2.0%. The results indicate that the analysis model of 

the bearing capacity at room temperature in this paper has higher accuracy.  
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4.3. Verification of the Fire-Resistance Analysis Model 

 

In the reference (Liu [26]), the critical temperature of the high-strength 

steel Q460 column with the HW 200×200×8×12 section was solved by three 

methods (the critical stress, inverse calculation and finite element method) on 

the basis of mechanical property tests at high temperatures. The parameters 

from the reference (Liu [26]) were applied to establish the fire-resistance 

analysis model of the steel column under two different slenderness ratios and 

seven load ratios, as shown in Table 4. 

 
Table 4.  

Results of the fire-resistance analysis model 

λ=50 

n 0.3 0.4 0.5 0.6 0.7 0.8 0.9 

Tcr 767 730 692 653 614 575 535 

Tfe 768 731 700 669 638 603 570 

Tfe/Tcr 1.00 1.00 1.01 1.02 1.04 1.05 1.07 

λ=130 

n 0.3 0.4 0.5 0.6 0.7 0.8 0.9 

Tcr 809 788 760 725 681 623 549 

Tfe 829 793 762 715 680 619 519 

Tfe/Tcr 1.02 1.01 1.00 0.99 1.00 0.99 0.94 

Note: λ is the slenderness ratio; n is the load ratio; Tcr is the critical temperature in the 

reference (Liu [26]); Tfe is the critical temperature calculated by the model in this paper. 

 
It can be seen from Table 4 that the relative error of the model is small 

(less than 5%) when the load ratio n ranges from 0.1 to 0.8 under different 

slenderness ratios while slightly larger (6% and 7%) when n is 0.9. The data 

show that the fire-resistance analysis model of the steel column established in 

this paper is able to simulate the mechanical behavior of the steel column at 

high temperatures with high accuracy. 

 

5.  PARAMETRIC ANALYSES OF THE FIRE RESISTANCE 

 

With the finite element software ABAQUS, parametric analysis was 

conducted on high-strength steel Q550 columns with square hollow section 

under axial compression. In the finite element model, the temperature rose 

following the standard temperature-time relationship ISO-834. The effects of 

slenderness ratio, load ratio and initial imperfection amplitude on the fire 

resistance of axially compressed high-strength steel Q550 columns with 

square hollow sections were analyzed. Three section sizes were considered: 

80×80×4, 100×100×4 and 120×120×5 and the initial load ratio was set as 0.3 

in the analysis. The initial imperfection amplitude L/1000 and 3300mm-length 

specimen as well as a 110-mm pin hinge support at each column end were 

included. 

 

5.1 Load Ratio 

 

To investigate the effects of the load ratio on the fire resistance of 

high-strength steel Q550 columns with square hollow sections under axial 

compression, the load ratios 0.2, 0.3, 0.4, 0.5, 0.6, 0.7, 0.8 and 0.9 were 

contained. The initial imperfection amplitude and component length were kept 

constant with the value of L/1000 and 3300 mm respectively. Due to the 

limitation of space, only the axial displacement-load curves of the 100×100×4 

specimen are given in Fig. 8. The curves of maximum axial displacement and 

critical temperature of specimens are illustrated in Fig. 9 (a) and (b). 

 

 

Fig. 8 Load-Displacement curves - 100×100×4 

(a) Maximum axial displacement-load ratio curves 

 

(b) Critical temperature - load ratio curves 

Fig. 9 Effects of the load ratio on the fire resistance of the specimen 

 

Fig. 8 demonstrates the axial displacement-time curves of high-strength 

steel Q550 columns with a square hollow section of 100×100×4 at different 

load ratios. The curve can be divided into three stages: (1) the loading stage, 

when the specimens are loaded at room temperature, resulting in small axial 

displacements; (2) the temperature expansion stage, when the specimens 

elongate with the increase of temperature, the mechanical properties decrease 

at the same time. The specimen gradually yields and the curve tends to be 

horizontal. The temperature at the time specimen fails characterized by the 

axial displacement reaching the maximum value is defined as the critical 

temperature. (3) In the post-failure stage, the curve decreases rapidly after the 

destruction point and the ductility is relatively poor after failure. 

As shown in Fig. 9 (a) and (b): (1) The load ratio greatly influences the 

critical temperature and axial displacement. The critical temperature and the 

maximum axial displacement are almost negatively correlated with the load 

ratio; (2) When the load ratio exceeds 0.6, the section size of the specimen has 

a greater impact than other load ratios on the critical temperature. The critical 

temperature rises as the section size increases with constant specimen length.  

 

5.2 Initial Imperfection Amplitude 

 

To Fig. out the effects of the initial imperfection amplitude on the fire 

resistance of high-strength steel Q550 columns with square hollow section 

under axial compression, the length of components and the load ratio were 

kept constant at 3300 mm and 0.3 respectively, and the initial imperfection 

amplitudes included L/1000, L/500, L/300 and L/100 separately. Only the 

axial displacement-load curves of the 100×100×4 specimen are given in Fig. 

10 due to limitation of space.The relationship between maximum axial 

displacement and critical temperature of specimens are shown in Fig. 11 (a) 

and (b). 
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Fig. 10 Load-Displacement curves-100×100×4 

 

(a) Critical temperature-initial imperfection amplitude curves 

 

(b) Maximum axial displacement-initial imperfection amplitude curves 

Fig. 11 Effects of the initial imperfection amplitude on the  

fire resistance of the specimen 

 

Fig. 10 illustrates the axial displacement-time curves of high-strength 

steel Q550 columns with a square hollow section of 100×100×4 at different 

initial imperfection amplitudes. The developing law of this curve is similar to 

that of curve in Fig. 8.  

As shown in Fig. 10, the greater the initial imperfection amplitude is, the 

better the ductility will be after specimen fail. The axial displacement 

decreases slowly after the failure of the specimen. Reason for this 

phenomenon is that the stress state of the specimen is close to the eccentric 

loading state under large amplitude of initial imperfection amplitude. Ding [34] 

found that the ductility of an eccentric compression column in fire was better 

than that of an axial compression column. 

As demonstrated in Fig. 11 (a) and (b), the critical temperature and the 

maximum axial displacement are insensitive to initial imperfection amplitude 

and only reduces slightly when the initial imperfection amplitude is large (up 

to L/100). In addition, the increase of the square hollow section improves the 

critical temperature with limited extent. 

 

5.3 Slenderness ratio of the specimens 

 

To have a comprehensive understanding of the effect of the slenderness 

ratio on the fire resistance of high-strength steel Q550 columns with  square 

hollow section under axial compression, the load ratio and the initial 

imperfection amplitude maintain the value of 0.3 and L/1000 respectively. The 

specimens had various lengths of 2.8 m, 3.0 m, 3.3 m, 3.6 m, 3.9 m and 4.2 m, 

and the slenderness ratios ranged from 64 to 142. Similarly, only the axial 

displacement-load curves of the 100×100×4 specimen are given in Fig. 12. 

The maximum axial displacement-critical temperature curves of specimens 

are provided in Fig. 13 (a) and (b). 

 

Fig. 12 Load-Displacement curves-100×100×4 

 

(a) Maximum axial displacement - slenderness ratio curves 

 

(b) Critical temperature - slenderness ratio curves 

Fig. 13 Effects of the slenderness ratio on the fire resistance of the specimen  
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Fig. 12 illustrated the axial displacement-time curves of high-strength 

steel Q550 columns with square hollow section of 100×100×4 at different 

lengths with a similar development law with Fig. 8 dividing into three stages. 

It can be seen from Fig. 13 (a) and (b) that with an increase in specimen 

length, the maximum axial displacement increases. Simultaneously, the failure 

time of specimen shortens and the critical temperature reduces. Additionally, 

the length of specimen has no effect on the ductility after specimen failure, 

and the axial displacement-time curve drops rapidly after the critical 

temperature point. 

As shown in Fig. 13 (a) and (b), when the slenderness ratio kept constant, 

the increase of square hollow section of specimens has small reduction on the 

maximum axial displacement and critical temperature while the slenderness 

ratio has little effect. 

 

9.  Conclusions 

 

Based on the domestic high-strength steel Q550 material, the finite 

element software ABAQUS was adopted to analyze the fire resistance of 

axially compressed high-strength steel Q550 columns with rectangular hollow 

section and conclusions are drawn as follows. 

(1) The proposed high-strength steel column model is capable of 

simulating the mechanical properties of high-strength steel Q550 columns 

with square hollow section under axial compression at room and high 

temperatures. 

(2) The load ratio is a major factor affecting the critical temperature of the 

high-strength steel Q550 columns with rectangular hollow section under axial 

compression and significantly influences the maximum axial displacement 

during the fire process. 

(3) The initial imperfection amplitude has little impact on the critical 

temperature and the maximum axial displacement of the high-strength steel 

Q550 columns with rectangular hollow section under axial compression, but 

great influence on the mechanical behavior of the steel column after failure. 

Simultaneously, the greater the initial imperfection amplitude is, the better the 

ductility of specimen will be after failure. 

(4) The slenderness ratio has little effect on the critical temperature of 

high-strength steel Q550 columns with rectangular hollow section under axial 

compression. 

(5) When the length of steel column keeps constant and the load ratio 

exceeds 0.6, the rectangular hollow section size has great influence on the 

critical temperature of the axially compressed high-strength steel Q550 

columns, and the critical temperature of the steel columns can be improved by 

increasing the rectangular hollow sections. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This paper investigates disproportionate collapse resistance of braced steel frames exposed to fire. The influence of type, 

number and location of bracing systems on the global collapse is studied. The results show that using braces can enhance the 

fire-induced collapse resistance by 1 hour. For a single-compartment fire, the collapse can be prevented by using either 

horizontal or vertical braces. The presence of vertical braces at interior bays is essential to prevent collapse. It is necessary to 

use a combined horizontal and vertical bracing to prevent collapse for interior multi-compartment fires. For 

multi-compartment fires at corner, fire protections are required for the perimeter columns to prevent global collapse. Slabs 

have beneficial influence on the collapse resistance which can be resisted by a tensile ring around the perimeter of the heated 

slab, and also by tensile yield lines extended to the frame edge. It is suggested to ensure the fire partition at corner regi on to 

avoid fire spread to adjacent compartments since spreading of corner fires are more dangerous than that of interior fires.  
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1.  Introduction 

 

Since the Broadgate Phase 8 fire in London and the subsequent Cardington 

fire tests [1] in the 1990s, researchers have begun to investigate and understand 

the behavior of whole steel-framed structures in fire. It was confirmed that steel 

members in real multi-story buildings had significantly greater fire resistance 

than isolated members in standard fire tests. Especially since the collapse of 

Word Trade Tower (WTC) under the terrorist attack on September 11, 2001, 

there have been growing interests in understanding disproportionate or 

progressive collapse mechanism of structures under accidental loads [2-6]. The 

term “disproportionate collapse” is defined as "the spread of an initial local 

failure from element to element, eventually resulting in the collapse of an entire 

structure or a disproportionately large part of it" [7]. It implies that large 

displacements, even failure, of individual structural members are acceptable 

given the prevention of global structural collapse.  

As specified in various design codes [8,9], a common approach, called 

alternate path method, is applied by instantaneously removing the potentially 

damaged column (simulating the local damage), and assessing the progressive 

collapse resistance of the remains to ensure there are alternative load 

transferring paths to bridge over the missing member. However, this 

methodology is more applicable to blast or impact rather than fire effect, 

although it is typically considered to be “threat independent”. Firstly, the 

duration of fire (in hour) is much longer than that of blast (in millisecond), and 

thus the behavior of structures exposed to fire is a quasi-static process until the 

failure of heated members [10]. Secondly, the time when a structure collapses 

(i.e. fire resistance) is a key factor apart from whether it collapses. This fire 

resistance against structural collapse depends on the failure process of heated 

members which should be explicitly simulated in numerical models. In addition, 

only one column is removed each time in the alternate path method compared to 

several members simultaneously heated in the case of fire. Therefore, the local 

failure of all heated elements should be included in the structural analysis of 

buildings exposed to fire to ensure an accurate prediction of both collapse time 

and collapse mode.  

A review of fire-induced collapse mechanism of steel structures refers to 

the reference [11]. Usmani et al. [12] investigated the stability of WTC tower 

exposed to fire alone, based on a two-dimensional (2D) model. The results 

showed that the tower collapsed due to the loss of lateral support for columns. 

The details of this collapse mechanism were further studied [13-15]. It was 

found that the main reason for the collapse was the low membrane capacity in 

compression of the truss floor. Two collapse mechanisms, namely weak floor 

failure mechanism and strong floor failure mechanism, were proposed. Quiel 

and Garlock [16] compared the numerical results of 2D and 3D models of steel 

frames in fire. It was concluded that a 2D model was sufficient to provide a 

reasonable prediction if the slab was considered in the thermal analysis which 

can be neglected in the structural analysis. However, their studies did not 

consider complete collapse due to numerical convergence issues where the 

tensile membrane action of floors would have a significant influence. Sun et al. 

[17] found that lower load ratios and larger beam sections could result in a 

global collapse. Jiang et al. [18,19] studied the effect of fire scenarios on the 

collapse mechanism of 2D steel frames under fire. Four collapses modes were 

proposed including the global and local downward and lateral collapse. The 

effect of catenary action of beams and load ratio of columns was investigated 

[20], where only one column was assumed exposed to fire.  

Most previous studies focus on 2D planar frames. Although capable of 

capturing some key issues of the fire-induced collapse mechanisms of 

structures, they fail to fully consider the load redistribution path in a realistic 

structure [21], and especially the effect of floors through composite action to 

steel beams [22] and tensile membrane action [23, 24]. More recently, there are 

growing interests in three-dimensional (3D) modeling of steel framed 

structures. Pyl et al. [25] investigated the fire safety of a single-story portal 

frame where limited load transfer paths were available. Kilic and Selamet [26] 

investigated the fire-induced collapse modes of a 49-storey steel frame. It 

indicated that the location of fire on a single floor did not significantly change 

the collapse mechanism. This conclusion was questionable because it assumed 

that all the columns on one floor were heated which was an extreme situation. 

Agarwal and Varma [27] studied the fire-induced progressive collapse of a 

10-storey steel building. It was found that the columns played a key role in the 

overall stability of the building. The collapse mechanism of a 3D 8-storey steel 

frame with concrete slabs was studied by Jiang and Li [28,29]. It was found that 

the fire protection of steel members had a significant influence on the resistance 

of structures against fire-induced collapse. A protected frame did not collapse 

immediately after the local failure but experienced a relatively long 

withstanding period of at least 60 min [29]. A comparison between 2D and 3D 

models [29] showed that the 2D model produced conservative results by 

underestimating the collapse resistance, and it cannot capture the load 

redistribution in a 3D model where more loads were distributed along the short 

span than those along the long span. Therefore, the collapse mechanism of steel 

framed structures exposed to fire has been comprehensively investigated 

through 2D and 3D models. The collapse will be triggered by the buckling of 

the heated columns followed by lateral drift of adjacent cool columns, which is 

driven by the catenary action of the heated beams or tensile membrane action of 

the heated floors. Therefore, it is necessary to further investigate measures to 

improve the disproportionate collapse resistance of structures given these 

identified collapse mechanisms, which is the objective of this paper.  

The FEMA report [30] on the collapse of WTC towers proposed a call to 

determine “whether there are feasible design and construction features that 

would permit such buildings to arrest or limit a collapse, once it began”. 

Preventing the spread of local failure is the key to ensure the resistance to 

disproportionate collapse. Increasing structural redundancy is an effective way 

to enhance the robustness of structures against collapse. Some attempts have 

been made to answer the FEMA call by using bracing systems to enhance 

redundancy of structures at ambient temperatures. The results showed that the 
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braced frames had good collapse resistance under various column removal 

scenarios [31, 32]. The collapse may be triggered by the buckling of 

compression braces followed by the buckling of columns [32]. The frame with 

two braced bays had more robustness for mitigating collapse than that with 

three braced bays [33]. The effectiveness of using hat braces and vertical braces 

were verified [34,35]. Main and Liu [36] compared the robustness of 3D 

moment frames and braced frames against column loss, and they recommended 

to make all perimeter columns as part of a braced frame. Most previous studies 

on disproportionate collapse of braced frames at ambient temperatures focus on 

2D models, and the effect of bracing systems on the stability of 3D frames 

needs further investigation.  

In the case of fire, the application of bracing systems to improve 

disproportionate collapse resistance of steel frames is not well established in the 

literature. Sun et al. [37] and Jiang et al. [38] found that using hat trusses on the 

top of the frame exposed to fire facilitated the load redistribution to columns, 

but failed to resist the lateral drift of columns which may lead to a global 

downward collapse. A vertical bracing system can act as a barrier to prevent the 

spread of local failure to the rest of structures. It was recommended to use a 

combined bracing system in practical design. Nevertheless, all these studies are 

based on 2D models, and their validity and generalization in practice is 

questionable when it comes to 3D structures. The main objective of this paper is 

to investigate the influence of bracing systems on mitigating disproportionate 

collapse of 3D steel framed structures exposed to fire.  

This paper presented numerical analysis of fire-induced disproportionate 

collapse of three-dimensional steel framed structures. An 8-storey steel frame 

with reinforced concrete slabs was designed and analyzed for various fire 

scenarios and layouts of bracing systems. These include single-compartment 

fires and multi-compartment fires at interior and at corner of the frame, 

respectively. The effect of horizontal and vertical bracing systems on the 

collapse resistance of the frame under these fire scenarios was investigated. 

Recommendations for the selection of bracing systems were proposed to 

provide a guide for fire-resistant design of steel frames against disproportionate 

collapse. 

 

2.  Modeling of prototype building 

 

2.1. Design of prototype frame 

 

An 8-storey moment resisting steel framed building was modeled as a 

prototype structure in finite element software LS-DYNA, as shown in Figure 

1. Details of the frame configuration are presented in Jiang et al. [28] and are 

briefly summarized herein. The structural layout and member dimensions 

were based on the building in Cardington fire tests [1]. The frame had five 

bays of 6 m, five spans of 9 m and eight storey of 4 m. All connections were 

assumed rigid in this study, which is the common practice for steel frame 

buildings in seismic zones in China. All the primary beams and columns were 

taken as UB 356×171×51 and UC 305×305×198, respectively. Reinforced 

concrete slabs were simulated in the model with a thickness of 120 mm and 

reinforcing bars in a diameter of 12 mm and spacing of 200 mm. A uniformly 

distributed load of 6 kN/m2 was imposed on the slabs.  

The steel columns and beams were simulated by three-dimensional 

Hughes Liu beam elements, where the local buckling of beams or columns 

cannot be simulated by this element (only global buckling was considered). 

The slabs were modeled by layered shell elements, in which a distinct 

structural material, thermal material, and thickness can be specified for each 

layer (*PART_COMPOSITE). This allows distinct layers to be specified for 

the reinforcement, except for concrete through the thickness of the slab. An 

explicit dynamic analysis was carried out which can better capture the 

buckling of heated columns and post-buckling behavior of the remains than 

the implicit analysis. The explicit analysis overcomes convergence problems 

of implicit analyses by avoiding the calculation of the inverse of structural 

stiffness matrices. However, the avoidance of iterations in explicit analysis is 

at the expense of requiring extremely small time steps to ensure a stable and 

accurate prediction. To save the computing cost of explicit analysis, the hour’s 

real fire time has to be scaled down to seconds’ computing time without 

causing oscillation. Sensitivity analyses were conducted to determine the 

appropriate time scale [28], and the results showed that it was possible to run 

an 8-second explicit analysis instead of 1-hour heating in a standard fire. A 

default automatic adjustment of time steps in LS-DYNA, in an order of 

10-6~10-5s, was adopted for the explicit analysis in this study. This allows 

quasi-static responses before the buckling of the heated column and dynamic 

post-buckling responses. The numerical model has been validated against test 

results of a axially load column at ambient temperatures, a restrained steel 

column at elevated temperatures, simply supported reinforced concrete slab 

exposed to fire [28].  

 

 
(a)  

 
(b)    

Fig. 1 Model of a 3D multi-storey moment resisting frame:  

(a) plan view; (b) finite element model 

 

2.2. Design of fire scenarios 

 

The ISO 834 standard fire was used, and it was assumed that the slabs, 

columns and beams in the fire compartment were uniformly heated up to 4 

hours. Figure 2 shows the layouts of fire scenarios taken in this study. 

Single-compartment and multi-compartment fires were considered where all 

fires were assumed on the ground floor. The fire occurrence on the ground floor 

is considered to be the severest fire scenario compared to upper floors since the 

ground-floor columns have the largest load ratio compared to upper columns. A 

single-compartment fire at center of the ground floor (1-Fire-Center) and a fire 

at corner (1-Fire-Corner) were used (Figure 2a). The fire spread in the 

horizontal plane rather than vertical direction was accounted for in this study. 

This is because that the vertical fire spread has little effect on the collapse mode 

of structures, while the horizontal fire spread is prone to cause a global 

downward collapse of structures [18]. The horizontal multi-compartment fires 

include three interior compartments along the short span (3-Fire-Short), three 

interior compartments along the long span (3-Fire-Long), and four 

compartments at corner (4-Fire-Corner). It was assumed that all the fire 

compartments had the same temperature-time curve.  
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(b) 

Fig. 2 Layout of fire scenarios: (a) single-compartment fire; (b) multi-compartment fire 

 

2.3. Temperature and material properties 

 

Four-side and three-side fire exposures were assumed for the heated 

columns and beams, respectively. The temperature of the unprotected beams 

and columns exposed to fire was calculated according to EN 1993-1-2 [39], as 

shown in Figure 3a. The figure also shows the temperature time history of 

protected columns with a fire rating of 3 hours. This represents a high level of 

fire protection which was used in Section 5 as a mean to enhance the collapse 

resistance. A linear temperature history was assumed for the protected 

columns [40], varying from an initial value of 20 °C to a predefined critical 

temperature of 550 °C. The temperature distribution through the depth of the 

heated slab was taken from EN 1994-1-2 [41], as shown in Figure 3b. It was 

assumed that the temperature of reinforcement was taken as that of concrete at 

the same height.  

The Young’s modulus and yield strength of steel beams and columns 

were 200GPa and 355MPa, respectively. The compressive strength of 

concrete was 35MPa and the yield strength of reinforcement was 500MPa. 

The MAT_202 (MAT_Steel_EC3) was used for steel beams and columns at 

ambient and elevated temperatures. The temperature-dependent material 

properties of steel refer to EN 1993-1-2 [39]. The material MAT_172 

(MAT_CONCRETE_EC2) was used to model the reinforced concrete slab at 

ambient and elevated temperatures. The temperature-dependent properties of 

concrete and reinforcement are as specified in EN 1993-1-2 [42], as shown in 

Figure 3b. It was assumed that the temperature of reinforcement was taken as 

that of concrete at the same location. 

 

2.4. Design of bracing systems 

 

Bracing systems have been widely used in seismic design of structures to 

improve lateral load resistance. In this study, inverted V-bracing systems, 

commonly applied in concentrically braced frames (CBF), were used in this 

study. A square hollow structural section (HSS) was used, and its dimension 

was determined for special concentrically braced frames (SCBF) according to 

AISC 341 [43]. SCBFs are a special class of CBFs that are proportioned and 

detailed to maximize inelastic drift capacity.  The slenderness ratio and 

width-to-thickness ratio of braces for SCBF should satisfy the following 

requirements: 

 

𝑙 𝑟⁄ ≤ 4√𝐸 𝐹𝑦⁄  (1a) 

 

𝑏 𝑡⁄ ≤ 0.64√𝐸 𝐹𝑦⁄   (1b) 

 
In this case, the effective lengths (l) of braces along the long and short span 

are 6m and 5m, respectively. Considering E=200GPa and Fy=355MPa, it can be 

calculated that 4√𝐸 𝐹𝑦⁄ =94.9 and 0.64√𝐸 𝐹𝑦⁄ =15.2. The results of 6-m and 

5-m braces used for various storey are shown in Tables 1. All the braces satisfied 

the requirements in Eq. (1), except the 6-m brace on the top storey of the frame 

(with a difference of 9%). This discrepancy is acceptable since that the limit on 

the l/r is very hard to satisfy when the braces also need to satisfy the b/t 

requirement [44].  

Two types of bracing systems were adopted in this study: vertical bracing 

system placed along the entire height of the building and horizontal bracing 

system placed on individual floors (i.e. hat brace and belt brace). The hat 

brace is arranged on the top storey of the frame, while the belt brace on the 

interior storey. The influence of the type, number and location of bracing 

systems on the collapse resistance of frames was investigated in the following 

sections. The collapse behavior of unbraced frames exposed to fire was first 

presented, followed by braced frames under single-compartment and 

multi-compartment fires. All the steel members were unprotected, except 

where specifically noted. 
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Fig. 3 Temperature-time history of heated structural members: (a) steel beams and col-

umns; (b) reinforced concrete slabs 

Table 1  

Design of braces for SCBF 

Storey level 

6-m braces along the long span for SCBF 5-m braces along the short span for SCBF 

cross section (mm) l/r b/t cross section (mm) l/r b/t 

8 HSS 152×152×10 103.6 14.2 HSS 140×140×10 94.6 12.8 

7 HSS 152×152×10 103.6 14.2 HSS 140×140×10 94.6 12.8 

6 HSS 178×178×13 89.8 9.9 HSS 152×152×13 88.3 9.9 

5 HSS 178×178×13 89.8 9.9 HSS 152×152×13 88.3 9.9 

4 HSS 178×178×13 89.8 9.9 HSS 152×152×13 88.3 9.9 

3 HSS 178×178×13 89.8 9.9 HSS 152×152×13 88.3 9.9 

2 HSS 203×203×13 77.7 12.1 HSS 178×178×13 74.8 12.1 

1 HSS 203×203×13 77.7 12.1 HSS 178×178×13 74.8 12.1 
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3.  Behavior of unbraced frames under compartment fires 

 

The behavior of unbraced frames exposed to compartment fires (Figure 2) 

was first investigated, and the collapse mechanism was presented. Figure 4 shows 

the typical collapse modes of the frames under interior and corner fires where the 

ground floor was removed to clearly illustrate the behavior of ground floor 

columns. The collapse was represented by the sequential buckling of columns 

from the fire compartment to the adjacent compartments, as well as lateral drift of 

columns. The lateral drift was more significant in the center fire due to catenary 

action in the heated beams and tensile membrane action in the heated slab. The 

variation of axial displacements of the heated columns and adjacent columns 

under single-compartment fires is shown in Figure 5. The temperature of the 

heated column is also shown in the figure (marked in red). The heated columns 

first buckled at about 30 min for both center and corner fire when its temperature 

reached about 550 °C. This was followed by the first-round buckling of the 

adjacent columns along the short span (C2, C5, D2, D5 for the center fire; A3 for 

the corner fire), and then the second-round buckling of the adjacent columns 

along the long span (B3, B4, E3, E4 for the center fire; C1 for the corner fire). The 

buckling of the heated columns is because of the increasing compressive forces in 

them due to restrained thermal expansion and degrading material strength at 

elevated temperatures. The adjacent columns failed because of the increasing 

compressive forces in them due to load redistribution and lateral drift (P- effect) 

driven by the large deflection of the heated slab. The first-round buckling of the 

adjacent columns along the short span is due to the uneven load redistribution in 

the two in-plane directions where more loads are redistributed along the short 

span [28,29].  

The failure time of the heated column is defined as the time when its axial 

displacement returns back to its initial displacement before heating. After this 

point, there is a sudden increment in the axial displacement and reduction in the 

axial force. However, the run-away failure of the heated columns was slowed 

down by the tensile load bearing capacity of beams and slabs, until the first-round 

buckling of the adjacent columns. This process is represented by a plateau in the 

load-displacement curve as shown in Figure 5. The first plateau for the heated 

columns lasted about 60 mins and 40 mins for the center fire and corner fire, 

respectively. A shorter second plateau occurred for the heated columns under 

center fire due to the further load redistribution to the adjacent columns along the 

long span. The adjacent columns of the frame under the center fire also 

experienced a plateau of 40 mins. The frame under a corner fire collapsed quickly 

after the first-round buckling of adjacent columns. This indicates that a fire at 

corner is more dangerous than that at interior since more uniform load 

redistribution and tensile membrane action of slabs may take effect in the interior 

fire. This load redistribution process and slab resistance can be seen as a 

“buffering time” that delays the collapse of the whole frame. It was found that the 

frame collapsed quickly after the second-round buckling of the adjacent columns, 

and thus the collapse time of the frame can be defined as the time when this 

phenomenon occurs. 

Therefore, the key to mitigate the collapse of a frame is to uniformly 

redistribute loads to adjacent columns, and to limit the lateral drift of adjacent 

columns. The former can be achieved by using horizontal bracing, while the latter 

by vertical bracing. This feasibility for single-compartment fire was first 

investigated in the following section.  
 

  
(a) 

  
                            (b) 
Fig. 4 Collapse modes of unbraced frames subject to: (a) fire at interior; (b) fire at corner 
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Fig. 5 Time histories of axial displacements of columns in the unbraced frames 

 
4.  Behavior of braced frames under single-compartment fires 

 

4.1. Horizontal bracing system 

 

Four layouts of horizontal bracing systems were considered: hat braces at 

perimeter (Hat-perimeter), hat braces on the whole floor (Hat-wholeFloor), 

belt braces at the middle height (Belt-middle), and combined hat and belt 

braces (Hat&Belt). The layout of Hat-perimeter bracing and Belt-middle 

bracing is shown in Figures 6. The Hat-wholeFloor bracing is arranged 

between columns along the grid lines. The combined hat-belt bracing is a 

combination of Hat-perimeter and Belt-middle braces. For the belt braces, 

Smith and Coull [45] mentioned that the optimum location with one belt brace 

was in the middle height of the frame. So, one belt brace on the fourth storey 

was considered in this study. The influence of horizontal bracing systems on 

the collapse resistance of frames under the center and corner fire (Figure 2a) 

was investigated in this section. 

 

  
(a)   

  
(b) 

 
(c) 

Fig. 6 Layout of horizontal bracing systems: (a) plan view; (b) elevation view of 

Hat-perimeter; (c) elevation view of Belt-middle 
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4.1.1. 1-Fire-Center 
No collapse occurred for the frames with horizontal braces under a center fire. 

A comparison of axial displacements and axial forces of the heated and adjacent 

columns is shown in Figures 7 and 8, respectively. Due to the symmetry, the 

columns in the symmetric locations have the same responses. The Y-axis in 

Figure 8 represents the ratio of variation of axial forces in a column (P-P0) at 

elevated temperatures to its load-bearing capacity Pc at ambient temperature 

(Pc=7000kN for edge columns and Pc=10000kN for internal columns). The 

parameters P and P0 represent the transient and initial axial force in the column, 

respectively. This ratio can be considered as the temperature-dependent load ratio. 

For the column exposed to fire, a positive value denotes the increasing axial 

compression in it due to the restrained thermal expansion. For an adjacent column 

at ambient temperatures, a positive value represents the increment in its axial 

force due to the load redistribution.  
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(b) 

Fig. 7 Time histories of axial displacements of columns for 1-Fire-Center: (a) heated 

columns C3, C4, D3, D4; (b) adjacent columns C2, C5, D2, D5 
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(b) 

Fig. 8 Time histories of axial forces in columns for 1-Fire-Center: (a) adjacent columns 

C2, C5, D2, D5; (b) edge columns C1, C6, D1, D6  

 
Figure 7a shows that the presence of horizontal braces had negligible effect 

on the buckling of the heated columns at about 30 min, although the whole-floor 

hat braces produced larger axial forces in the heated columns compared to others. 

The variation of axial forces in the columns adjacent to the heated columns (C2, 

C5, D2, D5) and those at perimeter (C1, C6, D1, D6) was presented in Figure 8 

since more loads were transferred to the columns along the short span. The loads 

initially carried by the heated columns were transferred to the adjacent columns 

(C2, C5, D2, D5), leading to an increment of 0.2 in load ratio for the 

Hat-wholeFloor braces, and 0.28 for others.  

The load redistribution process took a period of about 60 mins and 90mins 

for the unbraced frame and belt-braced frame, respectively. In contrast, the frames 

with hat braces and combined hat-belt braces withstood the fire since no adjacent 

columns failed (Figure 7b). The adjacent columns (C2, C5, D2, D5) in the 

belt-braced frame buckled. This may be because of the relatively larger dynamic 

effect on the ground floor columns caused by the failure of the heated columns, 

compared to the presence of horizontal braces on the top floor. This is shown in 

Figure 8a where the belt-braced frame had a larger increased load ratio than the 

hat-braced frame. In this case, the collapse was confined in a relatively small 

region of the frame rather than a disproportionately large part of it, and thus it was 

assumed that the frame with belt bracing did not disproportionately collapse. The 

loads were further redistributed to the columns along the edge through braces, 

leading to an increased load ratio of 0.3, 0.15 and 0.05 for the belt braces, 

whole-floor hat braces and perimeter hat braces, respectively (Figure 8b). It was 

found that the Hat-wholeFloor bracing had the best collapse-resisting effect since 

it led to the smallest axial displacement of the heated and adjacent columns (with 

a difference of more than 100 mm). The presence of braces around the perimeter 

is sufficient to prevent collapse of the frame. 

There was no buckling of braces, except those in the frame with 

Hat-wholeFloor. The braces in compression adjacent to the fire compartment 

buckled due to the large deflection of slabs. 

 

4.1.2. 1-Fire-Corner 
Similarly, all the frames withstood the corner fire without run-away failure of 

adjacent columns, as shown in Figure 9b. The presence of hat braces (perimeter or 

whole floor) and belt braces held the failure of the heated columns at a large axial 

displacement of more than 700 mm (Figure 9a), compared to 170 mm for the 

combined hat-belt bracing. This large axial displacement is due to the buckling of 

braces above the fire compartment for these frames with single-type bracing 

systems. No buckling of braces occurred in the frame with combined hat-belt 

bracing where the deflection of the heated slab was greatly restrained. The 

presence of belt braces had a significant effect on the axial displacement of 

adjacent columns (Figure 9b). This indicates that the belt bracing had a better 

collapse resistance for the corner fire than a center fire. The perimeter and 

whole-floor hat braces had a similar effect on the buckling of adjacent columns, 

indicating that the interior presence of braces had little effect on the collapse 

resistance of the frame under a corner fire. The variation of axial forces in the 

heated columns was similar to that in the center fire.  Figure 10 shows the 

variation of axial forces in the adjacent columns. The combined hat-belt bracing 

resulted in a smaller dynamic effect of load redistribution in the adjacent columns 

with an increased load ratio of 0.35, compared to 0.6, 0.53, 0.49, 0.4 for the 

unbraced frame, Belt-middle bracing, Hat-perimeter bracing, and Hat-wholeFloor 

bracing.  

The belt braces placed in the middle height storey experience larger 

compressive forces than the hat braces, and thus become the weakness of 

horizontal bracing system. It was found that the frame with belt bracing alone 
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would collapse under a corner fire if a smaller cross section of belt braces was 

taken (i.e. the same as the hat braces). The collapse was due to the sequential 

buckling of the belt braces in compression. While the frame with belt braces in a 

smaller section withstood the center fire.  

The above results show that hat bracing and belt bracing had a good 

performance for the center fire and corner fire, respectively. A combined hat and 

belt bracing is recommended in view of the uncertainty of fire locations. Special 

attention should be paid to the strength of the belt braces to prevent the global 

collapse of frames.   
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(b) 

Fig. 9 Time histories of axial displacements of columns for 1-Fire-Corner: (a) heated 

column B2; (b) adjacent column A3 
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(b) 

Fig. 10 Time histories of axial forces of columns for 1-Fire-Corner: (a) adjacent column 

A3; (b) edge column A6 

 
4.2. Vertical bracing system 

 

Three locations of vertical bracing systems were considered: one braced bay 

at midspan (Vertical-midspan), two braced bays at interior (Vertical-interior), two 

braced bays at ends (Vertical-end). The layout of these vertical braces is 

illustrated in Figure 11.  
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(e) 

 
(f) 

Fig. 11 Layout of vertical bracing systems: (a) plan view of Vertical-midspan; (b) plan 

view of Vertical-interior; (c) plan view of Vertical-end; (d) elevation view of 

Vertical-midspan; (e) elevation view of Vertical-interior; (f) elevation view of 

Vertical-end 

 

4.2.1. 1-Fire-Center 
The frame with Vertical-end bracing collapsed, while the other frames 

withstood. Figure 12 shows the collapse mode at the end of the analysis where all 

the adjacent columns along the short span buckled but no global collapse occurred. 

In this case we assume that the frame with Vertical-end bracing collapses since a 

disproportionately large part of the frame collapses. Compared to the withstanding 

of adjacent columns in the frame with interior braces, the failure of adjacent 

columns in the frame with end braces was because of their large lateral 

displacements since the presence of braces at ends had limited effect on the lateral 

resistance of columns at interior. The large lateral displacement caused large P- 

effect in the columns, resulting in their buckling. The collapse of the frame with 

end braces alone indicates the importance to apply vertical braces at the interior 

bays. The variation of axial displacements and axial forces of columns is shown in 

Figures 13 and 14, respectively. The frame with end braces collapsed at about 200 

min (Figure 13b), which was a delay of 60 mins from the first-round buckling of 

the adjacent columns (C2, C5, D2, D5). The collapse time of the frame is defined 

herein as the second-round failure of adjacent columns (B3, B4, E3, E4 in this 

case), after which the frame may collapse quickly. The frames with midspan and 

interior bracing showed similar behavior.  

 

 
Fig. 12 Collapse of the frame with Vertical-end bracing under 1-Fire-Center (at 240 min) 
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(b) 

Fig. 13 Time histories of axial displacements of columns for 1-Fire-Center: (a) heated 

columns C3, C4, D3, D4; (b) adjacent columns C2, C5, D2, D5  
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Fig. 14 Time histories of axial forces in the adjacent columns C2, C5, D2, D5 for 

1-Fire-Center 

 

4.2.2. 1-Fire-Corner 

 

No frame with vertical bracing collapsed under corner fire. The 

Vertical-interior bracing had the best collapse resistance since it led to the smallest 

axial displacement (170 mm) of the heated columns, compared to more than 800 

mm for the other two layouts, as shown in Figure 15. This is because the interior 

bracing was just placed adjacent to the fire compartment, and thus provided strong 

vertical support to the storey above the fire compartment. The variation of axial 

forces in the adjacent column A3 is shown in Figure 16. For the interior-braced 

frame, the column A3 located at the un-exposed side of the bracing system which 

experienced large uplift effect of the bracing system at the early stage of heating, 

leading to reducing axial forces (Figure 16). 

The results in this section show that the frame with two braced bays at 

interior had a good performance under both center and corner fire. The 

presence of vertical braces at interior is important to enhance the collapse 

resistance. In practice, the vertical braces are always used in a combination of 

horizontal braces, and the behavior of frames with combined 

horizontal-vertical bracing systems was studied in the next section. 
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(b) 
Fig. 15 Time histories of axial displacements of columns for 1-Fire-Corner: (a) heated 

columns B2; (b) adjacent columns A3 
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Fig. 16 Time histories of axial forces of the adjacent column A3 for 1-Fire-Corner 

 
4.3. Combined horizontal and vertical bracing system 

 
A combination of hat braces at perimeter, belt braces in the middle height, 

and vertical braces at interior or ends was used in this section. Four layouts of 

combined bracing systems were modelled: Hat&Vertical-interior, 

Hat&Belt&Vertical-interior, Hat&Vertical-end, Hat&Belt&Vertical-end, as 

shown in Figure 17. The frame with Hat&Vertical-end bracing under the center 

fire collapsed, while the other frames withstood both the center and corner fire. 

Compared to the buckling of braces in the frame with Hat-perimeter bracing 

under a corner fire, the presence of vertical braces at interior prevented the 

buckling of hat braces. However, there was still buckling of hat braces in the 

frame with vertical braces at ends, which was prevented by adding belt braces.  

   
          (a)                    (b) 

   
                 (c)                    (d) 

Fig. 17 Elevation view of combined horizontal and vertical bracing systems: (a) 

Hat&Vertical-interior; (a) Hat&Belt&Vertical-interior; (c) Hat&Vertical-end; (d) 

Hat&Belt&Vertical-end 

 

A comparison of axial displacements of adjacent columns is shown in Figure 

18. It shows that the presence of vertical braces at interior had a much better effect 

on prevention of fire-induced collapse of the frame. The application of horizontal 

braces in the vertically braced frame helps to enhance the collapse resistance by 

reducing the axial displacements of columns. For the center fire, the combined 

horizontal and vertical bracing had negligible effect on the axial forces of adjacent 

columns since they showed a similar dynamic effect to those for individual 

bracing systems as shown in Figure 8 and Figure 14. The effect of combined 

horizontal-vertical bracing on the dynamic effect was more significant for the 

corner fire as shown in Figure 19, where the vertical braces at interior showed a 

better performance. This enhancement was more significant for the corner fire due 

to the greater effect of the horizontal bracing in the corner fire. 

Therefore, from the perspective of efficiency and cost effectiveness, the 

optimal layout of bracing systems to resist single-compartment fires is the 

combination of hat braces at perimeters and vertical braces at interior. The frame 

with this combined bracing showed good collapse resistance and reduced 

dynamic effect for both center and corner fires.  

 

5.  Behavior of braced frames under multi-compartment fires 

 

The results in the previous section verify that it is feasible to use a single type 

of bracing systems (horizontal or vertical) to prevent collapse of frames subject to 

single-compartment fires. A combination of horizontal and vertical braces can 

improve the collapse resistance by reducing the axial displacement of columns. 

This section is to check the collapse behavior of braced frames under 

multi-compartment fires (Figure 2b). The frames withstood the 

single-compartment fires were considered herein. It was found that all the frames 

with a single type of bracing systems (horizontal or vertical) collapsed under 

multi-compartment fires. The frames collapsed immediately after the first-round 

buckling of adjacent columns, with similar collapse modes as shown in Figure 4.  

The frame with the optimal combined bracing system (hat-perimeter and 

vertical-interior) for single-compartment fires withstood the 3-Fire-Short fire 

although it suffered from the buckling of adjacent columns at 78 min. However, it 

collapsed at 67 min and 33 min for 3-Fire-Long and 4-Fire-Corner, respectively. 

The application of belt braces in this optimal bracing layout cannot prevent the 

collapse. Compared to single-compartment fires, the first-round buckling of 

adjacent columns advanced due to the severity of multi-compartment fires. The 

time interval between the heated and adjacent columns decreased to 40 mins for 

the 3-Fire-Long fire, compared to at least 60 mins for 1-Fire-Center. The 

4-Fire-Corner is the severest fire scenario since the frame collapsed immediately 

after the buckling of the heated columns. To strengthen the bracing system, 

whole-floor hat braces were used instead of perimeter hat braces in the combined 

Hat&Belt&Vertical-interior bracing system. It was found that the strengthened 

frame withstood the 3-Fire-Long fire but still collapsed for 4-Fire-Corner. 

However, a further enhancement in the bracing systems (e.g. adding vertical 

braces at ends) cannot prevent the collapse of the frame under 4-Fire-Corner 

because the application of bracing systems is insufficient to prevent the buckling 

of adjacent columns which experienced large compressive axial forces due to the 

load redistribution.  

As an alternative, fire protections were applied on the perimeter columns of 

the frame with Hat-wholeFloor&Belt&Vertical bracing. The temperature time 
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history of the protected columns is shown in Figure 3. The protected frame 

withstood the 4-Fire-Corner fire, as shown in Figure 20. The protected columns in 

the fire compartment withstood for a period of 130 mins until its temperature 

reached about 400 °C. Figure 21 shows the variation of axial forces in adjacent 

columns of the braced frames under multi-compartment fires. The presence of 

whole-floor hat braces significantly reduced the dynamic effect, compared to 

perimeter hat braces.  
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(b) 

Fig. 18 Time histories of axial displacements of adjacent columns for: (a) 1-Fire-Center 

(C2, C5, D2, D5); (b) 1-Fire-Corner (A3) 
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Fig. 19 Time histories of axial forces of the adjacent column A3 for combined 

horizontal-vertical bracing under 1-Fire-Corner 

 

 
(a) 

 
(b) 

Fig. 20 Behavior of braced frame with Hat-wholeFloor&belt &Vertical&Protection 

bracing under 4-Fire-Corner: (a) first buckling of the protected columns at 130 min; (b) at 

240 min 
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Fig. 21 Time histories of axial forces of the adjacent columns for combined 

horizontal-vertical bracing under multi-compartment fires 

 

6.  Discussion 

 

6.1. Selection of bracing systems 

 

A single type of bracing systems (horizontal or vertical) is sufficient to resist 

the collapse of frames under a single-compartment fire. This means that if fire 

doors (or fire walls) are used for the compartmentation of a building, the amount 

of bracing systems can be reduced to the extent that only applying hat braces 

around the perimeter or vertical braces at the midspan bay. However, due to the 

uncertainty in the number and location of fire compartments, it is safer to use a 

combination of horizontal and vertical braces (i.e. combined hat-belt-vertical 

bracing). This combined bracing system can be used to prevent disproportionate 

collapse of the frame subject to interior fires, but may fail for corner fire. This 

means that efforts should be taken to prevent the multi-compartment fires at 

corner of the frame (e.g. enhancing the amount of fire doors or sprinkler systems). 

In this case no fire protection is needed. Otherwise, it is recommended to protect 

the perimeter columns on the ground floor to enhance the collapse resistance of 

the frame against potential multi-compartment fires at corner. This indicates that 
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effective fire partition, especially at corner of a building, can reduce the amount of 

bracing and fire protection.  

 

6.2. Effect of slabs 

 

The presence of concrete slabs has beneficial influence on the collapse 

resistance of frames exposed to fire. The heated slab did not collapse for 

single-compartment fire at center, but collapsed for multi-compartment fires at 

interior. As temperature increases, the load bearing mechanism of slabs changes 

from bending to tensile membrane action. The tensile membrane action in the 

heated slab is provided by the tensile forces in the reinforcement which is resisted 

by tensile forces in the reinforcement of adjacent slabs at ambient temperatures. If 

the buckling of columns is confined in a relatively small region (e.g. a braced 

frame under single-compartment fire at interior), the tensile forces in the 

reinforcement of the heated slab are resisted by a tensile ring around its perimeter 

provided by the reinforcement of adjacent slabs at ambient temperatures, as 

shown in Figure 22a. The points in while represent the location of columns. For a 

large area of buckling of columns, the tensile forces in the reinforcement of the 

heated slab are also maintained by four tensile yielding lines extended to the edge 

of the frame, as shown in Figure 22b and Figure 22c. The load bearing 

mechanism of slabs is important for the collapse resistance of frames since a 

smaller deflection of the slab will lead to a smaller lateral displacement of the 

columns, and thus a smaller P- effect. This indicates the necessity to enhance the 

fire resistance of columns to provide sufficient vertical support for slabs. This can 

be achieved by increasing its fire protection level or placing vertical bracing 

systems at the interior of the frame. It is also suggested to increase the 

cross-section of columns along the edges of the frame to provide strong resistance 

for the development of tensile forces in the reinforcement of slabs.  

Compared to the survival of the heated slab in the interior fire, the heated slab 

exposed to the corner fire collapsed. This is because of the loss of vertical support 

due to the buckling of the heated columns. The falling down of slabs is dangerous 

since it will impose large dynamic effect on the storey below, and thus cause 

storey-by-storey collapse of the frame. This again indicates that a corner fire is 

more dangerous than an interior fire.  

 

 
(a) 

 
(b) 

 
(c) 

Fig. 22 Distribution of maximum in-plane stress in the reinforcement of the ground-floor 

slabs: (a) frame with Hat-perimeter bracing under 1-Fire-Center (at 180 min); (b) frame 

with Belt-middle bracing under 1-Fire-Center (at 180 min); (c) frame with 

Hat-perimeter&Belt&Vertical bracing under 3-Fire-Short (at 180 min)  

7.  Conclusions 

 

This paper investigated the effect of bracing systems on the collapse 

resistance of 3D steel frames subjected to single and multi-compartment fires 

on the ground floor. The horizontal and vertical bracing systems as well as 

their combination were considered. The following conclusions can be drawn: 

(1) It is feasible to use bracing systems to enhance the collapse resistance 

of steel framed buildings. The presence of braces was beneficial for uniformly 

redistributing loads, limiting lateral drift of columns, and restraining 

deflection of slabs. The collapse of braced frames can be delayed by 60 mins 

compared to unbraced frames. 

(2) The collapse of frames under a single-compartment fire can be 

prevented by using either horizontal or vertical braces. A combination of hat 

braces at perimeter and vertical braces at interior is recommended since it 

showed a better performance for both interior and corner fires. It was found 

that the presence of vertical braces at interior bays of a frame was essential to 

prevent its collapse.  

(3) For a severer fire scenario of multi-compartment fire, it is necessary to 

use a combined horizontal and vertical bracing system. The combined 

hat-belt-vertical bracing can prevent the collapse of the frame under 

multi-compartment fires at interior of the frame. It is better to place hat braces 

on the whole floor to provide a more uniform load redistribution and strong 

restraint on the deflection of slabs. For a multi-compartment fire at corner, it 

is necessary to apply fire protection on the perimeter columns (e.g. 3-h fire 

rating) to prevent the collapse of the frame.  

(4) A corner fire may cause the buckling of horizontal braces in 

compression. A combination of hat and belt braces or combination of vertical 

braces at interior can prevent the buckling of braces.  

(5) The slabs have beneficial influence on the collapse resistance of 

frames exposed to fire. At high temperatures, the heated slabs resist loads by 

tensile membrane action which is resisted by a tensile ring around the 

perimeter of the heated slab provided by the adjacent slabs at ambient 

temperature. They can also be resisted by tensile yield lines extended to the 

edge of the frame when a large number of columns failed.  

(6) For fires at corner is more dangerous than those at interior, it is 

suggested to conduct fire partition at corner of buildings to ensure that the fire 

is confined in one compartment without spread to adjacent compartments. 

This fire partition is beneficial from the economic perspective since it can 

reduce the amount of bracing systems and fire protection demands.  
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

A prefabricated beam-column connection with short strands (SSPC) in self-centering steel frame was proposed in this paper. 

The connection connects the frame column with the short beam portions on both sides through short post -tensioned (PT) 

prestressed strands, thus having avoided on-site aerial tension and achieving a prefabricated connection. Two full-scale test 

specimens were designed; low cyclic loading quasi-static tests and numerical simulations were also conducted. The study 

indicated that the hysteresis loops of the prefabricated beam-column connection with short strands showed an obvious 

double-flag shape and displayed a significant self-centering feature and satisfying energy dissipation ability. Aside from 

the occurrence of plasticity of the beam flange reinforcing plates and the beam flange at the two SSPCs closer to the column,  

the strain at the locations was small, resulting in an elastic state. The results of the theoretical formula derivation, finite 

element analyses, and experiments were very consistent.  
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1.  Introduction 

 

Typical moment connections in steel moment resisting frames often 

dissipate energy by developing plasticity and result in large residual drift, which 

will affect the normal structure functions and greatly increase the difficulties of 

post-seismic repair. An alternative steel moment connection introducing 

unbonded posttensioned technology to prestress the beams on to the columns 

was developed aimed at reducing the post-seismic residual deformation and 

achieving self-centering function of the structures. The early experimental 

research on self-centering steel frame connections was conducted by Garlock et 

al. [3]. Extensive investigations on self-centering beam-column connections 

with top and seat angles to provide energy dissipation were subsequently 

published by Ricles et al. [4-5] and Garlock et al. [6-8]. Later research mainly 

focused on the impact of energy dissipation devices on seismic behavior and 

self-centering performances, including energy dissipating bars proposed by 

Christopoulos et al. [9-10], frictional energy dissipation devices attached to both 

top and bottom flanges of the beam presented by Rojas et al. [11], attached to 

the bottom of the beam flange proposed by Wolski et al. [12], bolted web 

friction device proposed by Lin et al. [13-14] and viscous dampers studied by 

Tzimas A et. al. [15]. Latest researches toward self-centering steel moment 

connections included that adopting superelastic shape memory alloys (SMA) 

bolts conducted by Wang W. et. al [16] and that using a rigid node above and 

below the beam flanges completed by Ali Jahangiri et. al. [17]. However, the 

above self-centering steel moment-resisting frame connections require on-site 

aerial tension of the prestressed strands, which would bring great difficulties to 

construction. Zhang et al. [18-20] proposed a prefabricated self-centering beam-

column connection with a bolted web friction device and a series of experiments 

and theoretical analyses have been carried out.  

In this paper, another new prefabricated beam-column connection with 

short strands (SSPC) has been proposed, which can similarly achieve the self-

centering mechanism, restore the initial structural feasibility and dissipate 

seismic energy by web friction devices (WFD). Additionally, the tension of the 

prestressed strands on the ground of the construction site is possible and the 

beam-column connection only requires bolts in the assembly process. Thus, the 

construction difficulties would be reduced, and simultaneously the quality and 

assembly efficiency would be improved. 

 

2.  Connection details 

 

The SSPC details are illustrated in Figure 1. The column is connected with 

both short beam portions by prestressing the eight high-strength steel strands; 

the intermediate beam portion is then assembled with short beam portion by 

splicing plates and high-strength bolts. And the energy dissipation device, WFD, 

is mainly achieved by adopting shear plates and high-strength bolts. The short 

beam web and the shear plate are connected with high-strength bolts; brass 

plates are sandwiched between them to ensure a stable friction behavior. 

Meanwhile, elongated circular holes are opened on the short beam web to allow 

the smooth slippage of high-strength bolts in the connection gap opening and 

closing processes.  

The gap opening of the contact surface between the beam and the column 

is shown in Figure 2. The WFD dissipates energy by friction and thus prevents 

damage to the beams and columns. And the connection can restore to its original 

position upon unloading under the force of the prestressed strands. 

 

3.  Theoretical formula derivations 

 

The ideal moment-gap opening rotation (M-r) relation of a SSPC is shown 

in Figure 3. From the events 0 to 1, the connection had an initial stiffness similar 

to the traditional welded moment connection. When the pressure upon gap 

opening at the interface between the beam and column was precisely zero; the 

stress of the prestressed strands was canceled, and thus, Md was the 

decompression moment. At Event 1, once the connection had overcome the 

imminent gap opening moment (MIGO), the beam tension flange lost contact with 

the shim plates at the column surface and gap opening occurs. MIGO is the sum 

of the decompression moment due to the initial stress of prestressed strands and 

the moment Mf due to friction in the web friction device (WFD). From event 1 

to 2, gap opening of the connection produced lead to the further elongation of 

the prestressed strand, and as a result the PT force of it increases. At Event 3, 

the gap opening reached its peak value, which led to the prestressed strand 

yielding. From event 2 to 4, the unloading process was performed, in which the 

moment was reduced by 2Mf for an opposite direction of the friction force in 

WFD, whereas a constant r was maintained. From events 4 to 5, unloading 

continued to develop until r decreased to zero, i.e., the beam upper and lower 

flanges made contact with the shim plate at the column surface. Continued 

unloading between events 5 to 6, reduced moment to zero, and the beam tension 

flange fully compressed on the shim plate (Deng et al. 2013). Loading in the 

opposite direction followed a similar process. 

After the connection produce the gap opening (as shown in Figure 2), the 

moment M in the SSPC is provided by the PT force and the friction in the WFDs，

respectively Mpt and Mf (Gandomi et. al. 2013), as follows Eq. 1: 

 

f pt
M M M= +  (1) 
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Fig. 1 SSPC details 

 
Fig. 2 Schematic of SSPC gap opening 

 

 

Fig. 3 Idealized M-θr behavior 

 

Mf is expressed as Eq. 2: 

 

f f
M F r= ; 

f f
F nn P=  (2) 

 

Where r is the distance from the rotation center to the centroid of the friction 

force, μ is the friction coefficient, n is the number of high-strength bolts, P is 

the pretension in each bolt, and nf is the total number of friction surfaces. 

Mpt is expressed as Eq. 3: 
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Where FTi is the PT force of the ith strand, FT is the total PT force of the 

strands, Hi is the distance from FTi to the rotation center and Hb is the beam depth. 

FTi is expressed as Eq. 4 (Christopoulos et. al. 2002): 

 

0Ti Ti Ti
F F F= +  (4) 

 

Where FTi0 is the initial PT force, ΔFTi0 refers to the increment of the PT 

force in the loading process. 

Supposing the prestressed strands are uniformly arranged and the total 

increment of PT forces is equal to the beam axis force (Ricles et. al. 2010), the 

equilibrium equation is expressed as Eq. 5 (Collins et. al .2002): 
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Where 
si

 (i=1,2,3,…,n) is the elongation of each strand as the gap 

opening rotation increases, 
b
  is the axially compressed deformation of the 

beam.
si

K  is the stiffness of the ith strand, b
K  is the compressive stiffness of 

the beam. 

ΔFTi is expressed as Eq. 6: 
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The reduction of the PT force was mainly induced by the sliding of the 

anchor clip and deformation of the anchorage end. Due to its larger diverging 

property, the clip-sliding amount was not considered in the theoretical 

calculations. The reduction of the PT force due to the anchorage end 

deformation was calculated by the following Eq. 7: 
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From the above, it is concluded that the sum of the PT force of all 

prestressed strands is derived as Eq. 8 follows: 

 

1

1

0 0

1 1 1

( )) (
n

b r
n n n

T Ti Ti Ti R
b si s

an
i s

T T si

i i i
i b

i

i

s

K
F F F F F F

H A E
K

K
l

K



=

=

= = =

= = + − = + −

+

  


 (8) 

 

Where FT0 is the sum of the initial PT forces for all prestressed strands. 

The moment caused by the tensile force (Mpt) according to the actual 

location of the prestressed strands can be expressed as Eq. 9: 
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4.  Experimental program 

 

4.1. Test Specimens 

 

Two test specimens, SSPC1 and SSPC2, were designed in this paper. The 

two test specimens have identical geometry except the initial PT force were 

133kN (0.25Ty) and 162kN (0.3Ty), respectively, where Ty is the yielding PT 

force. The dimensions of the column and the beam were 

350mm×350mm×16mm×22mm and 450mm×250mm×14mm×20mm, 

respectively. Reinforcing plates were welded on both sides of the column flange, 

with a thickness of 16mm. The column stiffening rib and the shear plate was 

30mm and 20mm thick, respectively. And the thickness of reinforcing plate 

welded on the outside faces of the beam flanges was 20mm. The six energy 

dissipation bolts were arranged in three rows and two columns, with a bolt 

specification of M20(10.9 property grade, nominal diameter of 20mm). The 
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other dimensions can be seen in Figure 4. The prestressed strand was a 1×19 

steel strand with a nominal diameter of 21.8mm. 

 

4.2. Material Properties 

 

The steel for both specimens adopts Q345B and the tensile testing results 

of the steel materials for both specimens are given in Table 1. The material 

properties for the prestressed strands are listed in Table 2. The friction 

coefficient between brass plate (3mm) and steel plate is 0.34 according to the 

experimental results. Figure 5 shows the friction test for the brass plates. 

 

4.3. Test setup and loading scheme 

 

The low cyclic quasi-static tests of two specimens were conducted on a self-

balancing loading system. Test setup and test photograph is shown in Figure 6 

and Figure 7 respectively. The length of the column was half the column height 

between two floors, i.e., the theoretical inflection point location. Hinge devices 

were installed on the upper and lower ends of the column so that the column 

ends could rotate freely in a horizontal plane without horizontal displacement. 

According to the test equipment conditions, the beam loading point was taken 

to be 2.3m from the center of the column. The actuator at the top of the column 

was used to simulate the axial force of the column, based on the axial 

compression ratio of 0.2. Two 100t electro-hydraulic actuators were used on the 

two free ends of the cantilever beams for cyclic displacement loading. 

The experimental loading scheme refers to the U.S. “Seismic Provisions for 

Structural Steel Buildings” (AISC 341, 2005), controlling the loading process 

by story drift. Specific loading processes are as follows: (1)0.375%rad, six 

cycles; (2)0.5%rad, six cycles; (3)0.75%rad, six cycles; (4)1%rad, four cycles; 

(5)1.5%rad, two cycles; (6)2%rad, two cycles; (7)3%rad, two cycles; (8)4%rad, 

two cycles; (9)5%rad, two cycles 

 

 

Fig. 5 Friction test of brass plates 

  

Fig. 4 Dimensions of SSPC specimens 

 

 

 

Fig. 6 Test setup Fig. 7 Test photograph 
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Table 1 

Tensile testing results of standard samples 

Thickness  

(mm) 

Yield strength 

(MPa) 

Ultimate strength 

(MPa) 

Percent elongation at fracture  

(%) 

Elastic modulus  

(×105MPa) 

Ratio of tensile and yield strength 

14 384 561 27.0 2.15 1.46 

16 392 555 23.3 2.06 1.42 

18 381 555 25.3 2.22 1.46 

20 384 550 25.7 2.09 1.43 

22 388 574 26.8 2.09 1.48 

30 350 505 26.5 2.07 1.44 

 

Table 2 

Prestressed strand material properties 

Strand Specimen Yield strength (MPa) Ultimate strength (MPa) Elastic modulus (GPa) 

1×19 

1860Mpa 

1 1728.3 1894.5 2.03 

2 1727.1 1895.8 2.05 

3 1732.8 1875.4 2.00 

average value 1729 1899 2.03 

 

  

Fig. 8 Arrangement of displacement measurements Fig. 9 PT force pressure sensors 

 

 

Fig. 10 Arrangement of strain gauges and prestressed strands of SSPC 
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(a) Pre-tightening of the anchorage end (b) Connecting transformation casing and pre-tightening of the tensioning anchor 

  

(c) Adjust PT force (d) Tensioning completed 

Fig. 11 SSPCs prestressed tension process 
 

4.4. Instrumentation 

 

The experimental measurements include the strain distribution of the 

specimens, the displacement and reaction force of the beam ends, the gap 

opening and closing at the beam–column interface and the PT force. The 

displacement data for the beam ends are collected by two displacement meters 

arranged on the top flanges. The gap opening size at the beam–column interface 

was monitored by linear displacement potentiometers fastened on the upper and 

lower reinforced plates of the beam flanges, as shown in Figure 8. The PT force 

was measured by the 500kN pressure sensor anchored at the end of each 

prestressed strand, as shown in Figure 9. Strain gauges are pasted in various 

positions to measure the strain development during loading, as shown in Figure 

10 

 

4.5. PT force of prestressed strands 

 

The prestressed strand was tensioned by a low retraction anchored 

tensioning method. The pressure sensor and anchorage were installed at the 

anchoring end first, and thus, the prestressed strand extruded from the anchor 

end with a 25-40mm exposed length. A threaded anchorage was installed in the 

tensioning end, and the PT force was controlled by adjusting the rotation amount 

of the screw nut. Then, a jack was used to tighten the tensioning end to 450kN, 

pre-tightening both the anchorage and tensioning ends to reduce the responding 

retraction of the anchor clip plate. After pre-tightening the end anchor, the 

prestressed strand was extended by a connection transformation device, and the 

pressure-bearing plates were placed on the end surface of the short beam portion, 

to establish a support surface at the beam end. Lastly, adjustment of the 

prestressed steel strands at the tensioning end was performed using a hydraulic 

jack, adjustable screw nut, and supporting reaction frame; the PT force of each 

prestressed steel strand was eventually adjusted to the predetermined value. The 

tensioning process and the overall post-tensioned specimens are shown in Figs. 

11(a)-(d). 

 

5.  Experimental results 

 

5.1. Test Observations 

 

The experimental results are presented using SSPC1 as an example, and the 

experimental photographs of specimen SSPC1 are shown in Figs. 12(a)-(f). 

When the story drift (θ) was between 0.00375rad and 0.0075rad, the connection 

was similar to a rigid connection; when the story drift reached 0.0068rad, a gap 

opening occurred at the beam-column interface. Afterward, the maximum gap 

opening width and bearing capacity of connection continued to increase with 

the story drift becoming larger. At the loading level of 0.02rad and 0.04rad, the 

corresponding gap opening width reached 6.65mm and 16.64mm, respectively; 

and the corresponding bearing capacity was 251.56kN and 340.98kN, 

separately. When the story drift reached 0.05rad, the maximum gap opening 

width was 20.63mm, and the ultimate bearing capacity was 363.68kN. Once the 

loading was complete, the connection was restored to the initial position, and 

the residual opening width was 0.94mm. 

The deformation trend of the specimen SSPC2 during the loading process 

was basically same as that of SSPC1. Due to the fact that the initial PT force in 

SSPC2 was higher than that in SSPC1, the gap-opening was relatively delayed; 

the beam-column contacting surfaces disengaged when the story drift reached 

0.0077rad. The maximum opening width of SSPC2 reached18.94mm, which 

was slightly smaller than that of SSPC1; the ultimate bearing capacity was 

385.04kN. The residual opening width of both connections was quite small, 

0.94mm and 0.21mm, respectively. Both connections achieved the self-

centering function. 

 

5.2. Hysteresis character and energy dissipation capability 

 

Figure 13(a)-(b) and Figure 14(a)-(b) show the hysteresis loops of the gap 

opening rotation r and story drift  versus the moment M, respectively. M is 

the moment developed at the beam–column interface under the applied 

displacement loading. 

The hysteresis loops of both SSPCs presented an obvious double flag shape 

and showed obvious self-centering characteristics. The hysteresis character 

with regard to gap opening for both connections was similar to that for a rigid 

connection but with higher stiffness and both connections remained in an elastic 

state. As the story drift continued to increase, a gap opening appeared between 

the beam and column, and the post-opening stiffness was decreased. The 

experimental results of the specimens are given in Table 3. As the initial PT 

force of the test specimen increased from 0.25Ty to 0.30Ty, the gap-opening was 

gradually delayed; the imminent gap opening moment MIGO increased from  

356.87kN·m to 412.27kN·m; the maximum moment at 0.05rad M0.05 increased 

from 772.82kN·m to 818.21kN·m; and the effective energy dissipation 

coefficient βE decreased from 0.436 to 0.408. Both values satisfied the basic 
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requirement of βE>0.25. The residual gap opening rotation upon unloading was 

0.204% and 0.045%, respectively, showing that a higher initial PT force resulted 

in a lower residual rotation. However, both residual rotations were at a relatively 

low level, indicating that the SSPCs possess excellent self-centering capability. 

In summary, for the SSPCs, as the initial PT force of the connections 

increased, the initial and post-opening stiffness of the connections, imminent 

gap-opening moment and maximum PT force all increased to certain extents; 

furthermore, the maximum gap opening width gradually decreased, and the 

energy dissipation ability showed a decreasing trend. Both test specimens in the 

experiment satisfied the basic requirement of an energy dissipation coefficient 

is greater than 0.25. 

 

5.3. Variations of PT force 

 

The PT force-story drift loops for S5 (as shown in Figure 10) of Specimens 

SSPC1 and SSPC2 are shown in Figure 15(a)-(b). 

Figure 15(a)-(b) demonstrate that the PT force gradually increases after the gap 

opening occurs. When the story drift returned to zero, the PT force basically 

returned to the initial prestressing level; however, the PT force would decrease 

to a certain extent due to factors such as retraction of the core wire of the 

prestressed steel strand and sliding of the anchor clips. 

Detailed data are listed in Table 4. The results show that the maximum PT

  

(a) θ=0.68%,gap opening width 1.02mm(θr=0.219%) (b) θ=2%,gap opening width 6.65mm(θr=1.427%) 

  

(c) θ=3%,gap opening width 11.35mm(θr=2.435%) (d) θ=4%,gap opening width 16.14mm(θr=3.463%) 

  

(e) θ=5%,gap opening width 20.63mm(θr=4.426%) (f) Return to initial position，residual opening width 0.94mm(θr=0.204%) 

Fig. 12 Test process of specimen SSPC1 

 

  
(a) SSPC1 (b) SSPC2 

Fig. 13 Moment–gap opening rotation response for both Specimens 
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(a) SSPC1 (b) SSPC2 

Fig. 14 Moment–story drift response for both Specimens 

 

  

(a) SSPC1 (b) SSPC2 

Fig. 15 PT force-story drift curves of S5 of Specimens 

 

  
(a) SSPC1 (b) SSPC2 

Fig. 16 PT force reduction of Specimens 

 
Table 3 

Experimental Results of both SSPCs 

Specimens T0/Ty θIGO (%rad) MIGO (kN·m) θmax (%rad) M0.05 (kN·m) βE θres (%rad) 

SSPC1 0.25 0.68 356.87 4.426 772.82 0.436 0.204 

SSPC2 0.30 0.77 412.27 4.064 818.21 0.408 0.045 

 
Where Ty: yielding PT force, Ty =540kN; T0: initial PT force; θIGO: story 

drift when imminent gap-opening occurs; MIGO: imminent gap-opening moment; 

θmax: maximum gap opening rotation; M0.05：maximum moment when θ=5%rad; 

βE: effective energy dissipation coefficient；θres: maximum residual rotation. 
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force of the eight prestressed strands of SSPC1 and SSPC2 were 0.70Ty and 

0.77Ty, respectively. Both values were lower than the designed yield PT force 

Ty; thus, normal function of the prestressed strand is guaranteed. As shown in 

Figure 16(a)-(b), the vertical axis is the ratio of the average PT force to the 

yielded PT force in each loading cycle; the horizontal axis refers to the 

corresponding story drift. Reduction of the SSPC1 PT force was mainly 

concentrated after the story drift reaching 0.02rad. When it was at 0.02rad, the 

PT force reduction rate was 15%; the reduction rate increased rapidly to 22%, 

32%, and 46% at 0.03rad, 0.04rad, and 0.05rad, respectively. For SSPC2, the 

PT force reduction rate was 7.5% when the story drift was 0.02rad, and it 

increased to 9%, 12%, and 27% when the story drift reached 0.03rad, 0.04rad, 

and 0.05rad, respectively. The PT force reduction was mainly concentrated after 

the story drift of 0.03rad. 

5.4. Strain analysis 

 

Figure 17(a)-(d) showed that the beam flange reinforcing plate and the 

inside of beam flange in both SSPCs entered a plastic state; under the same story 

drift, the strain was gradually reduced as the distance to the column flange 

increased. In addition to the plasticity development closer to the column flange, 

the other regions are all in an elastic state. 

The typical strain values of the column web and flange of the two SSPCs 

were relatively small (as shown in Figure 18(a)-(d), indicating that the column 

web reinforcing plate could effectively reduce the strain level at regions of the 

column web and that no residual strain was produced after returning to the initial 

position.

 
Table 4  
Experimental Results of PT Forces 

Specimens 

SSPC1 SSPC2 

Tmax/Ty Tr/Ty (T0-Tr)/T0 Tmax/Ty Tr/Ty (T0-Tr)/T0 

S1 0.69 0.13 46% 0.75 0.23 24% 

S2 0.7 0.14 42% 0.76 0.23 22% 

S3 — — — — — — 

S4 0.71 0.16 35% 0.77 0.25 16% 

S5 0.62 0.13 45% 0.7 0.21 27% 

S6 0.66 0.12 51% 0.72 0.19 36% 

S7 0.66 0.12 51% 0.73 0.21 30% 

S8 0.68 0.11 54% 0.71 0.21 30% 

Average value 0.67 0.13 46% 0.65 0.22 26% 

 

Tr: residual PT force; Tmax: maximum PT force; “—”: Error data acquisition 

 

  
(a) Beam flange reinforcing plate of SSPC1 (b) Inside of beam flange of SSPC1 

  
(c) Beam flange reinforcing plate of SSPC2 (d) Inside of beam flange of SSPC2 

Fig. 17 Strain of different positions of SSPCs beam 
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(a) Column web of SSPC1 (b) Column flange of SSPC1 

   

(c) Column web of SSPC2 (d) Column flange of SSPC2 

Fig. 18 Strain of different positions of SSPCs column 

 

 

Fig. 19 Finite element model of SSPCs 

 

6.  Finite element analysis (FEA) and theoretical calclulation of the 

SSPCs 

 

6.1. Establishment of finite element model 

 

Based on the completed experiments, the finite element analysis (FEA) of 

SSPCs was conducted by Software Abaqus6.11. The finite element model of 

SSPC and its grid arrangement can be seen in Figure 19. In the modelling 

process, the impact of geometric and material nonlinearities was considered.  

The steel material used for the test specimens was Q345B, for which the 

elastic property was defined by the Elastic modulus (E) and Poisson’s ratio (v), 

and the plastic property was given in the form of a stress-strain relation. The 

steel materials did not enter a reduction stage in the material test; thus the stress-

strain relation only used an enhanced bilinear model. According to the steel 

material test data, σy=392N/mm2, εy=0.19%, σu=555N/mm2, εu=22.0%, the 

elastic modulus E=206000Mpa and the Poisson’s ratio of ν=0.3 were used. The 

prestressed strands were in elastic state, and thus, only the Elastic modulus 

E=2.03GPa and the Poisson’s ratio ν=0.3 were defined.  

The main body of the finite element model for SSPCs adopted C3D8R solid 

element, and the post-tensioned strands selected T3D3 truss unit. In 

consideration of the calculation accuracy and efficiency, the global seed spacing 

for grid of FEA model selected 200mm, the reinforced plate of the beam flange 

and the shear plate at beam web selected 60mm and 30mm, respectively. The 

six degrees of freedom for column foot were restrained to simulate a rigid 

connection and the two lateral degrees of freedom at the column top were also 

restrained to allow the axial deformation of column under the action of axial 

load.  

The loading process was simulated by imposing certain displacement to the both 

beam ends and the loading scheme was same as that of the experiment, that is: 

(1)0.375%rad, six cycles; (2)0.5%rad, six cycles; (3)0.75%rad, six cycles; 

(4)1%rad, four cycles; (5)1.5%rad, two cycles; (6)2%rad, two cycles; (7)3%rad, 

two cycles; (8)4%rad, two cycles; (9)5%rad, two cycles.
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(a) θ=5%, gap opening width 20.63mm(θr=4.426%) (b) Return to equilibrium position，residual opening width 0.94mm(θr=0.204%) 

  

(c) θ=5%, gap opening width 19.97mm(θr=4.285%) (d) Return to equilibrium position，residual opening width 0.10mm(θr=0.023%) 

Fig. 20 Experimental and FEA deformation diagram of SSPC1 

 
Table 5 

Experimental and FEA results 

Specimens θIGO (rad) Initial opening width (mm) Maximum opening width (mm) Maximum residual opening width (mm) Ultimate bearing capacity (kN) 

SSPC1 

Test 0.68% 1.02 20.63 0.94 363.68 

FEA 0.6% 1.38 19.97 0.10 384.43 

SSPC2 

Test 0.77% 1.05 18.94 0.21 385.04 

FEA 0.8% 1.28 18.25 0.17 402.04 

 
6.2. Comparative analysis of finite element analyzing and test results of SSPCs 

 

6.2.1 Deformation  

The test specimen of SSPC1, with the initial PT force of 0.25Ty, was used 

as an example. When the story drift of the test and the finite element analysis 

reached 0.68%rad and 0.6%rad, respectively, a gap opening appeared between 

the beam and column. Then, as the story drift increased, the opening width and 

bearing capacity of the connection continued to increase; the maximum opening 

width was 20.63mm and 19.97mm, and the ultimate bearing capacity of the 

connection reached 363.68kN and 384.43kN, respectively. After returning to 

the equilibrium position, the maximum residual opening width of the test and 

finite element analysis was 0.94mm and 0.10mm, respectively, as shown in 

Figure 20(a)-(d). 

In the loading process, the variation trends of deformation for both SSPCs 

were basically the same; the connection deformation results of test and finite 

element analysis can be seen in Table 5. The residual opening width of both 

connections was relatively small, and the post-seismic self-centering 

mechanism was realized. The test and finite element analysis results below 

indicated that in the cyclic loading process, the deformation of SSPCs achieved 

by finite element analysis was very close to that of the test. 

 

6.2.2 Hysteresis loop and changes in stiffness 

The moment values of the two specimens can be calculated from the 

theoretically derived Eq. 1. Figure 21(a)-(b) shows the comparison of the 

moment-gap opening rotation hysteresis loops of both specimens from the 

theoretical formula calculation, finite element numerical simulation, and test 

results. Generally speaking, the hysteresis loops, hysteresis loop areas, and 

changing trends of the two test specimens obtained by finite element numerical 

simulation and theoretical formula calculation were basically consistent with 

those of the test results, indicating that the method adopted in the finite element 

simulation reflected the real situation of the specimens. The finite element 

analysis results were realistic and reliable and can be used as a basis for 

subsequent analysis. The difference of theoretical formula calculation and 

experimental results is small, and theoretical formula calculation can be used as 

the basis for future design and analysis. 

Taking SSPC1 as an example, the gap opening at the beam-column contact 

interface occurred when the story drift reached 0.68%rad and 0.6%rad, 

respectively, for the experiment and finite element analysis; correspondingly, 

the gap opening rotation were 0.22%rad and 0.30%rad, respectively, while the 

theoretical opening rotation angle was zero. The imminent gap opening moment 

of the experiment, finite element and theoretical calculations was 356.9kN·m, 

392.9kN·m, and 396.8kN·m, respectively. When the story drift reached 0.05rad, 

the maximum gap opening rotation increased to 4.43%rad and 4.29%rad for the 

experiment and finite element analysis, respectively. Taking the experiment 

maximum gap opening rotation as the theoretical analysis value, the ultimate 

moment reached 772.8kN·m, 816.9kN·m, and 852.8kN·m, respectively. Upon 

unloading, the maximum residual rotation was 0.20%rad and 0.02%rad, 

respectively. The imminent gap opening moment and ultimate moment of the 

connection from the finite element and theoretical calculations were basically 

the same as those of the experimental results, while the gap opening rotation 

obtained from the finite element calculation was more consistent with the 

experimental result. 

 

6.2.3 PT force variation 

Figure 22(a)-(b) shows that the PT force variations for S5 (as shown in 

Figure 10) of the SSPCs from the finite element analysis, theoretical formula 

calculation and experiment were the same. The beam and the column 

disengaged as the story drift increased, and the PT force gradually increased 

after the disengagement. The maximum PT force from the experiment, finite 

element and theoretical calculations was 381.7kN, 384.9kN and 387.3kN, 

respectively. When the story drift returned to zero at the end of each loading 

cycle, the PT force also basically returned to the initial prestressed value. The 

prestressed value in the finite element analysis was higher than the actual test 

value because factors such as the retraction of the core wire in the prestressed 

strand and anchor clip plate sliding were not considered. The theoretical formula 

calculation took into account the reduction of the PT force due to the anchor end 

deformation, as a result the theoretical formula calculation results were more 

consistent with the experimental results. 
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(a) SSPC1 (b) SSPC2 

Fig. 21 Comparison of experimental , theoretical and FEA moment–gap opening rotation relationship for Specimens 

 

  

(a) SSPC1 (b) SSPC2 

Fig. 22 Comparison of experimental , theoretical and FEA PT force–gap opening rotation relationship for S5 of specimens 

 

 
 

(a) θ=0.01 rad (b) θ=0.05 rad 

Fig. 23 PEEQ diagram of SSPC2 

 

 

6.2.4 Plasticity development 

 

The connection SSPC2 with a higher initial PT force was taken as an 

example to conduct the plasticity analysis. The equivalent plastic strain (PEEQ) 

of the beam and the column of SSPC2 is shown in Figure 23(a)-(b). The PEEQ 

became zero when the story drift θ was0.01rad; the connection was in an elastic 

state. At 0.015rad loading level, the maximum plasticity appeared at the beam 

flange reinforcing plate, for which the PEEQ was 1.58×10-3ε; the beam flange 

also showed plastic strain, which is consistent with the test result. As the story 

drift gradually increased, the plastic strain at the beam flange reinforcing plate 

gradually accumulated. At 0.05rad loading level, the maximum PEEQ reached 

2.97×10-2ε and the maximum plastic strain of the beam and the column 

increased to 1.4×10-2ε and 6.5×10-3ε, respectively. Aside from the beam flange 

reinforcing plate and beam flange, the parts basically did not show plastic 

development in the entire test process. The connection strain variations of the 

main components in the finite element analysis were basically same as those in 

the experiment. 
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7.  Conclusions 

 

In this paper, the theoretical formula derivation, experiment study, and 

finite element numerical simulation were conducted for two cross-shaped 

prefabricated beam-column connections with short strands. The impact of 

adjusting the initial PT force to the load bearing capacity, gap-opening 

deformation and energy dissipation capability of the connection were examined. 

The conclusions are as follows: 

1. The prefabricated beam-column connection with short strands has the 

advantage of avoiding on-site aerial tension and requiring only high-strength 

bolts for the assembly in the actual construction process. The hysteresis loops 

show an obvious double flag shape, indicating that this type of connection 

realizes a relatively favorable self-centering mechanism. 

2. As the initial prestressed forces of the connection increases, the initial 

stiffness, post-gap opening stiffness, imminent gap opening moment and 

maximum PT force all increase to a certain degree; while the maximum gap 

opening width gradually decreases, and the energy dissipation coefficient shows 

a descending trend. Both of the specimens satisfy the basic requirement of 

having an energy dissipation coefficient greater than 0.25 during the experiment. 

3. When the story drift reaches the specification defined by 0.02rad, the 

reduction of PT force for the connection is within 15%. The reduction in PT 

force is mainly concentrated after the story drift of 0.03rad, but the residual PT 

force still maintain a certain stiffness and structural failure does not occur. 

4. Aside from the resulting plasticity of the beam flange reinforcing plate 

and beam flange closer to the column, the strain development of both 

connections remained at a relatively low level and the typical positions such as 

column flange and web are basically in an elastic state. 

5. Through comparative analysis of the results from the theoretical formula 

calculation and finite element analyses to the experimental results, the 

feasibility of the theoretical formula derivation and finite element analyses was 

verified. The two methods not only lay the foundation for further research on 

this type of connections but also provide a reference for structural design. 
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