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ABSTRACT

ARTICLE HISTORY

In place of traditional on-site construction, modular steel construction (MSC) is an excellent alternative and it is gaining
popularity. The innovative construction method possesses higher construction speed and quality by moving large proportion
of the building to be manufactured in the factory, which is favarable to environmental protection. Schools, hotels, and
apartments have widely adopted modular steel construction as its convenience for transportation. This paper mainly focused
on the lateral behavior of corrugated steel plate shear walls (CSPSWs) with openings or slits in container-like modular steel
construction. A 3D finite element model (FEM) was established and validated against the test results. The failure process
of the CSPSWs with opening was revealed and discussed. Further, theoretical deduction was carried out to predict the initial
lateral stiffness of CSPSWs with opening and the proposed formulas agreed well with the test and simulation results. In
addition, parametric analysis was performed to reveal the lateral behavior of CSPSWs with vertical slits based on the
verified FEM. It indicated that the layer and location of the vertical slit have prominent influence on the initial stiffness and
ultimate load of CSPSWs. Meanwhile, in order to investigate the effect of opening location on the initial stiffness of
CSPSWs with openings, a parametric study was conducted and the reasonable location of the opening was recommended.
The present study provides useful design guidelines for the design of CSPSWs, which is beneficial to promoting the
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application of modular steel construction.
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1. Introduction

Modular construction, or off-site prefabricated volumetric construction, is
increasingly used for hotels, schools and hospitals, which can be modularized
manufactured [1][2]. A permanent modular structure is made up by the module
unit prefabricated in the factory and assembled together on the construction site
after transportation [3]. The main technical highlights of the innovative
construction method include higher efficiency, better quality and less resource
wastage. Therefore, modular construction is of particular interest across the
construction industry and academia [4][5].

Lawson et al. [6], Kim and Lee [7] have conducted case studies of modular
construction, indicating the superiority of modular construction. Liew et al.
[8]1[9] proposed the prefabricated prefinished volumetric construction (PPVC)
and introduced its potential practice. The lightweight concrete with different
strength grades was filled in the square hollow section (SHS) to satisfy the
varied load bearing requirements for columns in different layers. A review of
modular building structures was presented by Lacey et al. [10]. The structural
form, construction material as well as the existing inter-module connections
were summarized. Among the various types of modular construction, the
container-like modular steel construction has been widely employed attributable
to its convenience for transportation and connecting. The nonstandard container
can be transformed and finished for building function, shown as Fig. 1. The
dimensions of the module units are generally in the range of 3-5m in width, 10—
20m in length, and 3-4m in height. The corrugated steel plates are usually
served as the surface enclosures of the module. It is necessary to decorate the
corrugated steel plates with thermal insulation material to realize the building
function. Meanwhile, corrugated steel plate has been proven to be an favourable
lateral-force resisting component compared to steel plate shear walls (SPSWs)
[11][12].

with opening

Fig. 1 CSPSWs with openings in modular construction

For investigating the seismic mechinism of corrugated steel plate shear
walls (CSPSWs), a series of studies have been carried out. Giriunas et al. [13]
found that the surface corrugated steel plates were important lateral load-
resisting components for containers by numerical simulation. The strengthening
effect of sidewalls cannot be ignored. Corrugated steel shear walls performed
better than unstiffened steel plate shear walls (SPSWSs) according to the cyclic
tests conducted by Fereshteh et al. [14]. Deng et al. [15] investigated the initial
stiffness of CSPSWs in modular steel construction through numerical and
theoretical studies. The practical design formulas on initial stiffness of CSPSWs
were derived. Yu and Chen [16] studied the stiffness strengthening effect of
corrugated sidewalls in container-like modules. The initial stiffness and a
simplified numerical model of CSPSWs were presented.

Finite element analysis and cyclic tests were conducted on two kinds of
steel plate shear walls with non-uniform spacing slits by Lu et al [17]. It
indicated that the steel plate shear wall can dissipate more energy through the
development of plasticity in the strip between the slits. In addition, Lu et al. [18]
conducted finite element analysis of self-centering steel plate shear walls with
slits under cyclic loading, and the numerical results agreed well with the test
ones. Wang et al. [19] designed an innovative modular panel with slits on steel
plate shear walls, and a series of tests under cyclic load were taken to revel its
seismic characteristic. Meanwhile, considering the necessity of openings to
install windows or doors for realization of building function in MSC, Ding et al.
[20] conducted cyclic tests on CSPSWSs with openings in modular construction.
It indicated that the seismic characteristic of CSPSWs was evidently influenced
owing to the opening. The initial stiffness of CSPSWs reduced rapidly as the
increasing of the area of the opening. Farzampour and Laman [21] compared
the mechanical behavior of CSPSWs and SPSWs with and without openings
through a series of numerical studies. Given the extensive researches available
on seismic performance of CSPSWs, the excellent seismic performance of
CSPSWs has been verified. However, the related research on seismic behavior
of CSPSWs with openings is inadequate, and few research has been focused on
the lateral behavior of CSPSWs with slits.

The main focus of this paper was on the lateral performance of CSPSWs
with openings or slits. Detailed finite element models (FEM) were developed
firstly and verified by the previous tests conducted by the authors. In addition,
the theoretical model of CSPSWs with openings was developed and the initial
stiffness of CSPSWs with openings was deduced and validated. Then, the
influence of the vertical slits and openings on the initial stiffness of CSPSWs
was investigated through a series of parametric studies. The influence of layer
of the slit, location of the slit and location of the opening was revealed. The
reasonable location of the opening and design recommendation on the vertical
slit were proposed, providing useful design guidelines for CSPSWs with
openings or slits in modular construction.
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2. General of the test and finite element modelling
2.1. General of the test

Four full-scale CSPSWs specimens with openings labeled as
CSPSWO1~CSPSWO4 were tested by Ding et al. [20]. Table 1 shows the
geometric and material characteristics of the specimens. Specimen CSPSWO1
and CSPWSO3 were designed with window opening and CSPSWO2 and
CSPSWO4 were designed with door opening. The constructional columns were
utlized to reinforce the edges of the opening. Fig. 2(a) shows the test device.
The specimen was fixed by two hinged supports to simulate the connection

between the individual modules and tested under cyclic horizontal displacement.

Lateral-restraint apparatus was adopted to prevent the global twist of the
specimen during the test. The seismic performance test results reported by Ding
et al. [20] was used to validate the developed FEM in the following section.

2.2. Development of the FEM

The FEM was established based on the universal software ABAQUS
(Version 6.13) [22]. The established FEM is illustrated in Fig. 2(b). The FEM
consists of the outer frame and the infill corrugated steel plate. The
constructional columns are tied to the adjacent frame beam or frame column.
The four-node shell element S4R with reduced integration is adopted to simulate
the frame beam, frame column, constructional column and the infill corrugated
steel plate with a mesh size of 40mm. Similarly, each infill plate is tied to the
adjacent beam or column. In this way, each infill plate and the outer frame can
be meshed independently using the structured meshing method. This meshing
strategy is useful to avoid the irregular elements and obtain satisfactory
computing efficiency. The bilinear kinematic hardening model and Von-Mise
yielding criterion available in the ABAQUS metal plasticity library are
employed in the FEM. The elastic modulus, yield strength, and ultimate strength
are accordance with the test results, as given in Table 1. The hardening modulus
equals to 0.01 times of the elastic modulus and the Poisson’s ratio is set to 0.3.
The bottoms of the two modular columns are pin-constrained to be consistent
with the test setup. Meanwhile, the webs of the ceiling beam are restrained from
out-of-plane lateral displacement, simulating the lateral restraint apparatus, as
shown in Fig. 2(b).

In order to simulate the initial imperfection of the infill corrugated steel
plate, linear elastic eigenvalue buckling analysis was primarily performed using
the subspace iteration method available in ABAQUS to extract the buckling
modes. Global buckling occurred in the first buckling mode for all the four
specimens, as shown in Fig.3. The geometric imperfection amplitude was set to
be H/200 of the first buckling mode, where H was the height of specimen
[23][24]. Then, the cyclic displacement load the same as the test was applied at
one end of the ceiling beam to simulate the cyclic load. The ABAQUS/implicit
module was used to solve the response of the FEM.
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Lateral restraint l Hydraulic Frame Out-of-plane constraint
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(a) On-site photo (b) FE model

Fig. 2 Test setup and FEM for CSPSWs with openings

2.3. Validation and discussion

A comparison of the hysteretic curve and the skeleton curve between the
test results and finite element analysis (FEA) is shown in Fig. 4. Generally, the
FEA agrees well with the test results. In addition, the comparisons between the
initial stiffness (Ko) and ultimate load (F,) of the specimens are listed in Table
2. The positive loading is signed as “+”, while the negative loading is signed as
“-». As shown in Fig. 2(a), the push (from right to left) applied on the specimen
is defined as positive loading and the pull (from left to right) is defined as
negative loading.

All the specimens failed in three stages: the elastic stage, the yield stage,
and the failure stage. The FEA almost coincides with the test results in the
elastic stage. The comparisons in Table 2 indicate that the FEM overestimated
the initial stiffness (Ko) of the specimens averagely with FEA-to-test ratios
ranging from 1.01 to 1.25 with a mean value of 1.16 and coefficient of variation
(COV) of 0.07. The overestimation may be caused by the difference of
boundary conditions between the test setup and FEM. The out-of-plane
displacement of the web of the ceiling beam is restrained ideally in the FEM.
However, a gap with a width of 10mm is necessary between the lateral restraint
apparatus and the specimen for the convenience of installation, as shown in Fig.
2(a). The gap may result in slight global twist of the specimen in the positive
loading, leading the lower K, of the test results, especially in the positive
direction. The FEM also simulates well of the test results in the yield
development stage. The FEA-to-test ratio of the ultimate load (F,) ranges from
0.99 to 1.09 with a mean value of 1.02 and COV of 0.05. In the failure stage,
the fracture of the infill panel and the constructional column develops and
aggravates rapidly as the accumulation of damage. The damage is particularly
concentrated in the corner regions of the opening, as shown in Fig. 5. The
fracture of the constructional column and infill panel results in the decline of
the load-bearing capacity in the failure stage. However, the fracture is not
considered in the FEM, leading to the higher load of FEA than the test results,
as shown in Fig. 4.

The comparisons of failure mode between test results and FEA are shown
in Fig. 5. It indicates that the FEM predicts well the failure mode of the
specimens, including the global buckling of the infill panel and the local
buckling of the constructional columns in the corners of the opening.

Table 1
The geometric and material properties of the CSPSW specimens with openings
Opening . .
Speci t Section of the specimen E f fa
pecimen .
(mm) Size Function (mm) (GPa) (MPa) (MPa)
Ixh (mm)
CSPSWOI 1.70 1000% 1600 Window 1
S _
47 [ 100 |J 47 195 388 511
CSPSWO2 1.58 1000x2290 Door 10 10
corrugated steel plate
CSPSWO3 1.68 1800x1600 Window a150x100x6
frame beam/ 195 394 504
CSPSWO4 1.70 1800%2290 Door

frame column

Note: t: measured thickness of the corrugated steel plate; I: length of the opening; h: height of the opening; E: elastic modulus; fy: yield strength; fu: ultimate tensile strength.
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(a) Specimen (b) Specimen (c) Specimen (d) Specimen

CSPSWO1 CSPSWO2 CSPSWO3 CSPSWO4
Fig. 3 First buckling mode of CSPSWs with openings
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(d) Specimen CSPSWO4

Fig. 4 Comparisons of hysteretic and skeleton curves between test and FEA

The above comparisons and discussion verify the reliability of the FEM,
which can be used for further analysis. The failure process of the four specimens
is shown in Fig.6. It is found that the damage mainly exists in the corner regions
of the openings due to stress concentration, as the increasing of the inter-story
drift ratio. Local buckling and fracture occur in the constructional column in the
corner regions, indicating the consistence of FEA and test results. The failure
inter-story drifts of CSPSWO1~CSPSWO4 are 0.0389rad, 0.0315rad,
0.0354rad and 0.0467rad, respectively. Specimen CSPSWO2 performs the
worst deformation capacity. The door opening locates in the corner of the outer
frame, as shown in Fig. 5(b). The stress concentration in the corners of the
opening leads to the undesired fracture of the weld between the frame beam and
the frame column. The specimen loses load-bearing capacity due to the fracture
and performs the worst deformation capacity and ductility. As a result, the
opening should be located off the diagonal tension field of the infill panel.
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Table 2
Validation of the FEM by comparisons of characteristic values between test and
FEA
. Loading Ko (KN/mm) Fu (KN)
Specimen -
direction  ggt FEA FEA/Test Test FEA  FEA/Test
+ 20.4 25.4 1.25 347 342 0.99
CSPSWO1
- 21.2 25.4 1.20 356 360 1.01
+ 13.3 16.3 1.23 315 291 0.92
CSPSWO2
- 16.1 16.3 1.01 291 291 1.00
+ 12.6 14.7 1.17 313 318 1.02
CSPSWO3
- 12.3 14.7 1.20 312 333 1.07
+ 6.80 7.80 1.15 242 265 1.09
CSPSWO4
- 7.10 7.80 1.10 256 273 1.07
Mean - - - 1.16 - - 1.02
cov - - - 0.07 - - 0.05

Test

Test

(a) Global buckling (Specimen CSPSWO1) (c) Global buckling (Specimen CSPSWO2)

FEA

(c) Local buckling (Specimen CSPSWO3)

Fig. 5 Comparisons of failure mode between test and FEA

CSPSwO1

CSPSWO2

CSPSWO3

CSPSWO4
(a) 0.01rad

Fig. 6 Failure process of the CSPSW specimens with openings

(b) 0.02rad

T
LI
CHCETH

(c) 0.03rad

(d) 0.04rad
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3. Theoretical modelling of CSPSWSs with openings

3.1. General

The initial stiffness of the infill panel (K,) was derived by Deng et al. [15]
as following:

P S
H3 | 312He )
LRE-1, Eplgt

where, the thickness and the elastic modulus of the infill panel are denoted
by t and E, respectively; the effective length and height of the panel are de-
scribed by L. and He, respectively;  indicates the shape factor of the section;
as a result of elastic buckling and geometrical imperfections, the initial stiffness
is reduced and it is described by y, based on the following equation.

7 =0014In(Ly / Hy) —0.1181In(2) +1.24 @

where, A represents the relative height-to-thickness ratio of the infill panel,

which can be expressed as Eq. (3), f, denotes the yield strength of the infill panel.
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Shape factor is a measure of the ratio between the unfolding length and the
net length of the corrugated steel plate and it is denoted by 7.

a+d+c
n=——— ()]
a+b+c

where, a, b, ¢ and d denote the geometrical parameters, as shown in Fig. 7.
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Fig. 7 Cross section characteristics of the corrugated steel plate

The mechanical model of CSPSWSs with openings under horizontal force f
was shown in Fig.8. The infill panel was divided into several regions along the
edges of the opening. Each region was equivalent to a spring with elastic
stiffness equals to the corresponding corrugated steel plate. The initial stiffness
of the spring Kj; can be determined by Eq. (1), where Kj denotes initial stiffness
of the ith row jth column region. Taking the window opening in Fig. 8(a) for
example, the following equation can be obtained according to the compatibility
of deformation.

anq - f f
21 — ©)

(6)

where, Kqo denotes the initial stiffness of the infill panel with opening; ax
and ay, denote the distribution coefficient of horizontal force in the 2nd layer;
K; and K3 denote the initial stiffness of the 1st and 3rd layers, which can be
determined by the following equations.
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Fig. 8 Mechanical model of CSPSWs with openings

The horizontal force in the 2nd layer was distributed proportionally to the
stiffness of the region, yielding the following equations.

a21+a22=1 (9)
a a

21 _ %2 10)
K1 Ky

Substituting Egs. (7) ~ (10) into Eq. (5) yields the initial stiffness of the
infill panel with openings, as expressed in Eq. (11).

1
K =
00 1 1 1 1)
+ +
Kip +Kip +Kyp Kpp +Kpp o Kgp +Kgp +Kgg

Similarly, Eq. (11) can be generalized as Eq. (12) to calculate the initial
stiffness of the infill panel with arbitrary openings.

(12)

where, m and n denote the column number and row number of the region
after partition.

Considerring the contribution of the outer frame to the initial stiffness of
CSPSWs with openings, the following equation can be given to predict the
initial stiffness of the CSPSWs with openings (Ko).

< 1 1
0~ +
HY o %’ a-g’HL D1 g
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6E; 1 12E,1, 12E4l5 J 2 K

3.2. Verfication of the thretical modelling

In this section, the accuracy of the theoretical derivation was validated by
comparing the theoretical values with the test and numerical results. The tests
conducted by Ding et al. [15] were adopted and the developed FEM in Section
2 was used to provide more validating datas. Fig 9 and Table 3 provide compar-
isons between theoretical values (Ko) and the related test and numerical results.
The specimens used for finite element analysis (FEA) were labeled by the spec-
imen number and the thickness of the infill panel. For example, specimen
CSPSWO1-0.8 means the thickness of the infill corrugated steel plate is 0.8mm
and the other geometric dimensions are the same as Specimen CSPSWOL1.

The comparisons indicated that Eq. (13) was effective to predict the initial
stiffness of CSPSW with openings. In terms of Ko-to-test and Ko-to-FE ratios,
the mean value was 0.93 and the coefficient of variation was 0.13. As discussed
in Section 2.2, the sapce between the lateral restraint apparatus and specimens
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in the test led to the lower stiffness in the positive direction than the negative
direction. Therefore, the Ko-to-test ratio was averagely higher in the positive
direction than that of the negative direction. These validations verify that Eq.
(13) derived in this paper is reasonable to predict the initial stiffness of CSPSWs
with openings, which will be analysised in depth in the following section.

Table 3
Validation of the theoretical formulas against the test results and FEA
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In this section, the verified FEM was used to analyse the factors influencing
the lateral behaviour of CSPSWs with vertical slits. The considered parameters
include thickness of the infill panel, the location and layer of the slits. The de-
tailed dimensions of the models in parametric study and FEA results were listed
in Table 4. It should be mentioned that the spacing of each slit is 295mm and
the width of the slit was 10mm. The different locations of the vertical slits are
shown in Fig. 10. Fig. 11 shows CSPSWs models with different layers of verti-

L>H

I>xh

Test

Ko

cal slits.

Table 4
Parameters and analysis results of CSPSWs with slits
Loca-
tion of
Specimen Slit n the ver- ! L P Ko
tical (mm)  (mm) (kN) (KN/mm)
slits
SW-1 Yes 1 B 20 3000 85.41 11.16
SW-2 Yes 1 C 20 3000 66.96 6.83
SW-3 Yes 1 B 3.0 3000 144.97 16.60
SW-4 Yes 1 C 3.0 3000 177.35 9.54
SW-5 Yes 1 B 4.0 3000 247.82 21.55
SW-6 Yes 1 C 40 3000 221.44 12.87
SW-7 Yes 1 B 50 3000  337.24 26.32
SW-8 Yes 1 C 50 3000  273.40 15.57
SW-9 Yes 1 B 6.0 3000 418.06 30.82
SW-10 Yes 1 C 6.0 3000 321.42 18.38
SW-11 Yes 1 B 8.0 3000 509.34 38.74
SW-12 Yes 1 B 8.0 3000  429.34 23.75
SW-13 Yes 1 B 6.0 3000  504.59 36.87
SW-14 Yes 2 B 6.0 1500  842.27 71.80
SW-15 Yes 3 B 6.0 1000 1036.78 92.38
SW-16 Yes 1 A 6.0 3000  466.90 34.20
SW-17 Yes 2 A 6.0 1500  760.60 68.58
SW-18 Yes 3 A 6.0 1000 934.47 90.44
SW-19 Yes 1 C 6.0 3000  467.38 23.78
SW-20 Yes 2 C 6.0 1500  740.63 47.83
SW-21 Yes 3 C 6.0 1000 910.62 69.58
SW-22 No _ _ 4.0 _ 486.41 76.01
SW-23 No 6.0 576.70 89.59

Note: n: number of the layers of the slits; t: thickness of the corrugated steel

plate; L: length of the slits.

Speci KolTest
pecimen mxm)  (mem)  kNmm)  kNmm) O
36530 10060  20.4 216 1.06
CSPSWOL
— 3650  100<.60 212 216 1.02
36560 10029 133 118 0.89
CSPSWO2
— 3650 10029 161 118 0.73
36530  180x<.60 126 108 0.86
CSPSWO3
— 3660 180x160 123 108 0.88
36530 180229  6.80 6.76 0.99
CSPSWO4
— 3650 18029 7.0 6.76 0.95
Specimen L P FEA Ko Ko/FEA
P (m>m) (mxm)  (kN/mm)  (KN/mm)
CSPSWO1-0.8 36530  1.00<.60 121 14.0 115
CSPSWO1-2.4 36530  1.00<.60 365 312 0.85
CSPSWO1-3.2 36530  1.00<.60 521 428 0.82
CSPSW02-0.8 36560 10029 103 10.4 1.00
CSPSW02-2.4 36560 10029 430 38.2 0.89
CSPSW02-3.2 36560 10029 618 511 0.83
CSPSWO03-0.8 36530  180x<.60  7.08 8.03 113
CSPSWO03-2.4 36530 18060 208 180 0.87
CSPSWO03-3.2 36530  180x<L.60 296 2.7 0.7
CSPSW04-0.8 36560 18029 427 5.05 118
CSPSWO4-2.4 36560 18029 120 102 0.85
CSPSW04-3.2 36560 18029  17.0 14.2 0.84
Mean - - - - 0.93
cov . . ; . 0.13
60 — -
. ® Test R
£ A FEA O
E R ‘./
2ot P
B /'/_ ‘/"/'
k] Rana
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g0 A
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Fig. 9 Validation of the theoretical formulas

4. Parametric analysis on CSPSWs with vertical slits
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Fig. 10 Different locations of the vertical slits
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Fig. 11 Details of CSPSWs

4.1. Influence of the vertical slit

Fig. 12 and Fig. 13 showed the first buckling mode of the CSPSWs with
and without slits with two different thickness of the corrugated steel plate. It can
be found out that global buckling occurred for the specimens without slit, i.e.,
Specimen SW-22 and Specimen SW-23. However, local buckling occurred for
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the wall limbs between the slits for the specimens with slits. This finding sug-
gested that the vertical slits changed the load bearing mechanism of CSPSWs.
Local buckling occurred for the specimen with slits, which was favorable to
dissipate energy under earthquake.

The load-displacement curves of Specimen SW-5, SW-6 and SW-22 were
displayed by Fig. 14. As shown in Fig.14, before the lateral displacement
reaches 9.8mm, Specimen SW-22 which is without slits behaves almost in an
elastic manner and global buckling can be observed. With the temporary occur-
rence of the “negative stiffness”, the decease of load-displacement curve can be
observed correspondingly. With the increasing of displacement, tension strip
develops after drifts of 10.3mm and the load bearing capacity begins to increase.
Diffirent from Specimen SW-22, shear yielding occurred for Specimen SW-5
and SW-6 which were with slits. Each specimen failed due to tension field de-
velopment, fracture propagation, local buckling and fracture of the infill panel.
The elastic stage, the yielding development stage and the failure stage occurred
in sequence during the damage process. The results indicate that the initial stiff-
ness and ultimate load of the CSPSWs were significantly reduced due to the
slits. Specifically, the initial stiffness and ultimate load of Specimen SW-22 is
96.3% and 252.7% higher than Specimen SW-5 and those of Specimen SW-6
is 119.7% and 490.6% lower than Specimen SW-22. However, the ductility of
CSPSWs with sits was improved due to the fact that the failure mode of
CSPSWs changed from global buckling to shear yielding.

(a) Specimen SW-5 (b) Specimen SW-6 (c) Specimen SW-22

Fig. 12 First buckling mode of CSPSWSs with and without slits (t=4.0mm)

(a) Specimen SW-9 (b) Specimen SW-10 (c) Specimen SW-23

Fig. 13 First buckling mode model of CSPSWs with and without slits (t=6.0mm)
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Fig. 14 Influence of vertical slits on lateral load-displacement curve of CSPSWs

4.2. Influence of layers of the vertical slit

Fig. 15 shows the first buckling model of Specimens SW-13 to SW-21.
Local buckling can be found for the Specimens with one layer of vertical slit.
With the increasing of layers of the vertical slit, the first buckling model of the
specimen was close to global buckling, resulting in larger plastic area of the
infill panel. This finding suggested that increasing layers of the vertical slit may
increase the energy dissipation capacity of CSPSWs. Meanwhile, the buckling
mode of the specimens with three layers of vertical slits was similar to the
CSPSWs without slits. Therefore, it can be concluded that increasing the layers
of the slit can improve the integrality and mechanical property of CSPSWs.
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Fig. 16 shows the load-displacement curves of Specimen SW-13 to SW-21.
As shown in the picture, both of the initial stiffness and ultimate load of the
specimen improved with the increasing of the layers of the vertical slit. The
initial stiffness of specimens with three layer slits SW-18 and SW-15 are 100.1%
and 105.5% higher than specimens with one layer slits SW-16 and SW-13.
Moreover, the initial stiffness of specimen SW-16 and SW-13 are 164.4% and
150.6% lower than those of Specimens SW-18 and SW-15. Comparing with
Specimen SW-19, the initial stiffness and ultimate load of Specimen SW-21
increase by 192.6% and 94.7%, respectively. It indicated that the lateral behav-
ior of CSPSWSs was obviously affected by the layer of the slit. It is suggested to
increase the layer of slit to improve the lateral behavior of CSPSWSs with slits.

(a) Specimen SW-13 (n=1) (b) Specimen SW-14 (n=2) (c) Specimen SW-15 (n=3)

(d) Specimen SW-16 (n=1) (e) Specimen SW-17 (n=2)  (f) Specimen SW-18 (n=3)

(9) Specimen SW-19 (n=1) (h) Specimen SW-20 (n=2) (i) Specimen SW-21 (n=3)

Fig. 15 First buckling model of Specimens with different layers of the vertical slit
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Fig. 16 Influence of layers of vertical slits on lateral load-displacement curve of CSPSWs

4.3. Influence of location of the vertical slits

Fig. 17 showed the load-displacement curves of specimens with different
location of the slit. It can be seen that Specimens SW-13. SW-14, SW-15
performed better than other specimens with the same layer of vertical slit. With
the increasing of the displacement, the curves of Specimen SW-13 to SW-15
whose slits are on the crest occur the descent stage. Meanwhile, the curves of
Specimen SW-19 to SW-21 occur ascending stage and tend to be stable. It can
be concluded from Table 4 that it is better to set the slit at the midpoint of the
crest to obtain higher initial stiffness and load bearing capacity. Furthermore,
the difference can be more obvious with the increasing of the layer of the slits.

1200

700
600 1000
500 5 80
g o < 600
T 300 s
200 } 400 SW-15
200 ——Sw-18
100 ——sw-21
0 0 0
0 20 4 60 8 100 120 0 20 40 60 8 100 120 0 20 40 60 80 100 120
d (mm d (mm) d (mm)

(a) One-layer slit (b) Two-layer slits (c) Three-layer slits

Fig. 17 Load-displacement curve of Specimens with different location of slits

5. Parametric analysis on CSPSWs with openings
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Conventionally, the vertical position of the opening is determined by the
building function. The bottom edge of the window is set to a fixed value and the
bottom edge of the door is required to fall on the ground. Therefore, only the
horizontal position of the opening was considered and discussed. The axes of
the opening are displayed in Fig. 18. Each specimen is divided into seven parts
along the horizontal direction averagely. Specimens CSPSWO1~CSPSWO4
were used for analysis. Each specimen with different thickness (t) and different
height of the crest of the corrugated steel plate (h) was analyzed and discussed
to provide a better understanding on how the location of the opening affects the
specimens and to explore the proper design recommendation. The influence of
the location of the opening on initial stiffness of CSPSWSs with openings is
shown in Fig. 19.

Fig. 18 The axes of the opening for parametric analysis

It is indicated that the location of the opening influence the initial stiffness
of CSPSW significantly, as shown in Fig. 19. The specimens have the least ini-
tial stiffness when the opening is located in the middle of the specimen, i.e., the
axis of the opening is D. On the contrary, the specimens have the largest initial
stiffness when the opening is located in the edges of the specimen, i.e., the axis
of the opening is A or G. It can be concluded that it is the most unfavorable to
locate the opening in the middle of the specimen. The influence of the location
of the opening is especially obvious with higher t and h. Take Specimen
CSPSWOL as an example, the initial stiffness of the specimen is 119.5kN/mm
and 68.5kN/mm when the axis of the opening is A and D, respectively, with the
thickness of the infill panel is fixed to 4mm. The initial stiffness of the specimen
is 1.74 times higher with the opening in the edge than in the middle. The initial
stiffness of the specimen is 56.2kN/mm and 31.9kN/mm when the axis of the
opening is A and D, respectively, with the height of the crest of the corrugated
steel plate is fixed to 80mm. The initial stiffness of the specimen is 1.76 times
higher with the opening in the edge than in the middle. Therefore, it is recom-
mended to locate the opening close to the edges of the specimen to alleviate the
weakening of the opening on the initial stiffness of CSPSWs. As discussed in
Section 2.2, it is recommended that the opening should not be placed at the end
of the diagonal tension field to ensure the deformation capacity and ductility of
the specimen. Therefore, the location of the opening is recommended as shown
in Fig. 20.

6. Conclusions

This paper investigated the lateral behavior of CSPSWs with openings or
slits in modular steel construction numerically and theoretically. A finite
element model was developed and the numerical results are consistent to the
test results, which verifies the reliability of the FEM. The failure process of the
specimens was revealed and evaluated. In addition, CSPSWs were studied
parametrically for initial stiffness and ultimate load considering parameters
related to the vertical slit and the opening. The influence of the vertical slit or
openings on lateral behavior of CSPSWs was revealed and discussed in detail.
The design consideration of the openings and slits was recommended based on
the present study. Following are the main conclusions.

(1) CSPSWs with openings is simulated using the developed FEM,
including the initial stiffness, ultimate shear capacity, and failure mode.

(2) Stress concentration exists in the corner regions of the opening. It is
recommended that the opening should be located off the end of the diagonal
tension field to guarantee the deformation capacity and ductility of the specimen.

(3) Compared with the CSPSWs without slits, the ultimate load and initial
stiffness of CSPSWs with slits are reduced significantly. Meanwhile, the failure
mode of the CSPSWs with slits changed from global buckling to shear yielding.

(4) The initial stiffness and ultimate load of CSPSWs improved with the
increasing of the layer of slits. It is better to set the slit at the midpoint of the
crest to obtain higher initial stiffness and load bearing capacity.

(5) The location of the opening impacts the initial stiffness of CSPSWs
obviously. The opening is suggested to be located at the edge of the specimen
to obtain higher initial stiffness.
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ABSTRACT

ARTICLE HISTORY

In this paper, axial-tensile, constant-amplitude fatigue experiments are performed on M24 high-strength bolts with grade
8.8 fabricated from 20MnTiB steel with a stress ratio (R) of 0.3, and their crack development is simulated. The stress range-
fatigue life (S—N) curve is derived by using the experimental results. The fatigue mechanism is then investigated through
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strain and fractographic analyses. Moreover, the extended finite element method (XFEM) is applied for assessing the fatigue

crack propagation behavior of the high-strength bolts. The findings reveal that the 20MnTiB steel bolt exhibits a threshold
fatigue strength of 140.77 MPa at two million loading cycles, which is 1.68 times greater than the corresponding value for
35K steel bolts at the same stress ratio. The bolt's stable deformation stage constitutes 87% of its total fatigue life. The
XFEM is capable of accurately predicting the fatigue crack propagation trajectory and the lifespan of the high-strength
bolts. Our analysis indicates that the crack initially propagates predominantly along the bolt's circumferential direction,
accounting for 85% of the overall crack propagation life, before transitioning to unstable growth and experiencing an

exponential increase in length.

Copyright © 2023 by The Hong Kong Institute of Steel Construction. All rights reserved.
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1. Introduction

High-strength bolts play a crucial role in securing prefabricated steel
structures and are extensively employed in offshore wind turbines and grid
structures [1-3]. Despite their resilience, bolts are exposed to cyclic loads
throughout their service life. Although they may not fail instantly under such
loading conditions, the progressive accumulation of fatigue damage ultimately
compromises their mechanical properties, leading to engineering failures [4].
Consequently, the fatigue behavior of bolts warrants investigation.

Numerous studies have been conducted to explore the fatigue properties of
high-strength bolts, including research by Yang et al. [3,5], Qiu et al. [6], Jiao et
al. [7,8], Liu et al. [9], Tizani et al. [10], and Schaumann and Rasmus [11]. These
works focused on factors influencing bolt fatigue properties, such as geometry,
types, and surface heat treatment. Jiang et al. [12] introduced a method to
calculate the critical loosening load of bolted connections under lateral loading.
The wealth of fatigue test data obtained has enhanced the understanding of high-
strength bolt fatigue properties. As a result, Bartsch and Feldmann [13]
recommended adopting the fatigue classification in EC 3-1-9 after reviewing
approximately 573 groups of experimental fatigue data on high-strength bolts
with varying constructional details.

Furthermore, the fracture surface retains essential information about the
bolt's fatigue process, recording a wealth of specific fatigue data. Consequently,
fractography analysis can be employed to study the fatigue failure process [14].
Maljaars and Euler [15] and Lochan et al. [16] reported that bolts subjected to
tensile force frequently fractured at the first engaged thread due to stress
concentration caused by the thread shape. Kaushik and Anup [17] argued that
fiber trajectories and microscopic fracture texture micro-flows could indicate
the crack growth path. Liu et al. [18] also determined the fatigue crack growth
rate through fractography analysis using scanning electron microscopy (SEM).

The advancement of finite element modeling has led to an increasing
number of researchers adopting this technique to uncover the fatigue failure
mechanisms of components. Wang et al. [19], for example, demonstrated that
the drilling position significantly influenced the peak stress on the hole edge
using finite element analysis. Fang et al. [20] simulated crack propagation
direction and path in a perforated plate using Abaqus, with results closely
aligning with experimental data. In another study, Gu et al. [21] calculated the
stress intensity factor (SIF) of cold-formed, circular, hollow-section (CFCHS),
T-type, welded joints using Ansys software and developed a method for
assessing the fatigue life of such joints. The extended finite element method
(XFEM) is the most prevalent technique for investigating fatigue crack
propagation issues. Researchers such as Shi et al. [22], Malekan et al. [23], and
Shu et al. [24] found that XFEM could accurately predict fracture location,
crack propagation path, fatigue fracture morphology, and fatigue life of standard

specimens. Additionally, Samai et al. [25], Bergara et al. [26], and Ngoula et al.
[27] employed XFEM to examine fatigue crack growth in connection plates
with varying joints, aero-engine blades, and cruciform welded joints,
respectively. Pandey et al. [28] simulated the fatigue life of compact tension
(CT) specimens and turbine disks composed of different materials using
continuum damage mechanics and XFEM. Lin and Smith [29] predicted the
fatigue crack propagation life of cracked slabs, while Yang and Kuang [30] and
Kumar and Prakash [31] analyzed the effects of thread angle, mesh size, and
crack size on the SIF of bolts using XFEM. These analyses achieved satisfactory
prediction accuracy.

In summary, previous research has conducted numerous experiments on
factors affecting the fatigue properties of bolts. Furthermore, the material
composition of a bolt significantly influences its fatigue behavior [32].
Consequently, stress range—fatigue life (S—N) data derived from tests on bolts
made of different materials can offer valuable insights for accurately predicting
their fatigue life. However, the study of fatigue crack propagation in high-
strength bolts remains limited.

This paper examines the constant-amplitude fatigue properties of 20MnTiB
steel high-strength bolts at a stress ratio (R) of 0.3. An S—N curve is constructed
based on the test data. The results are then compared with existing research data
on the fatigue properties of 35K steel high-strength bolts to determine the
impact of material properties on bolt fatigue behavior. The fatigue fracture
process and characteristics of the fatigue-fractured surfaces are analyzed using
strain analysis and fractographic analysis. Furthermore, the crack propagation
process of the bolts is modeled using XFEM, and the SIF at the crack front and
the crack characteristics at different propagation stages are discussed. Finally,
the crack propagation law and fracture mechanism of high-strength bolts are
investigated.

2. Experimental

2.1. Preparation of specimens

Unidirectional
strain gauges

25mm

Fig. 1 Specimen design
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The fatigue test was carried out on grade 8.8 M24 high-strength bolts made
from 20MnTiB steel, a material frequently used in engineering applications. The
rod was ground 25 mm away from the bolt head to attach a strain gauge, which
monitored changes in the bolt rod's strain during the test and ensured the correct
application of tightening torque, as depicted in Fig. 1.

2.2. Fundamental mechanical properties

T L

( Protector plate
® Upper clamp
® Lower clamp
@ Specimen

Fig. 2 Electrohydraulic servo universal testing machine
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Fig. 3 Load-displacement curve

Cyclic loading
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(a) MTS Fatigue test system

(b) Fatigue test loading device
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The static test was employed for determining the bolts' mechanical
properties, design a suitable loading system for the fatigue experiments, and
provide a constitutive relationship for subsequent finite element analysis. In
accordance with ISO 898-1:2013 standard [33], three specimens were randomly
chosen for testing. An electrohydraulic servo universal testing machine
performed the tensile test using force control (Fig. 2), with a loading rate of 2.7
kN/s.

The test data were processed, and load—displacement curves were
generated. Fig. 3 illustrates the load—displacement curve for one specimen.
Elastic modulus (E), yield strength (fy), and ultimate strength (f,) were
calculated for the three specimens after fracture, and the average values were
taken, as presented in Table 1.

Table 1
Mechanical attributes of the high-strength bolt

Mechanical properties

Test results

E (MPa) £, (MPa) fu (MPa)

20MnTiB 2.66 x 10° 780.30 861.80

2.3. Constant-amplitude fatigue testing

Considering the three structural classifications of bolts in relevant
specifications [34,35,36,37], the fatigue strength of the base metals in bolted
end-plate connections is the highest for 2 million loading cycles, followed by
the shear fatigue of the bolt. The tensile fatigue strength of the bolt is the lowest,
with a difference of over 50% compared to the other two. This suggests that bolt
fatigue under tension is disadvantageous, and this section investigates the
constant-amplitude fatigue properties of high-strength bolts subjected to axial
tension.

2.3.1. Fatigue testing system

Given the experimental conditions and referring to the standard static
tensile testing device [33] and previous related studies [7,8], a simplified
loading device for axial-tensile fatigue experiments was designed and installed
in the MTS testing machine (Figs. 4a and 4b).

To ensure sufficient stiffness and stability, the thickness of the clamp base
plate was set at 25 mm, and stiffening ribs were welded to both sides of the
device. Additionally, the loading device was aligned so that the bolt only
experienced axially tensile loads during testing. A torque wrench pretensioned
the bolt while monitoring the strain to guarantee proper pretensioning
application (Fig. 4c).

The fatigue test began after completing the above procedures. Throughout
the test, the strain changes on the bolt were recorded every 30 minutes to
estimate crack growth. The fatigue test concluded when the bolt failed.

INV3060-V3
Dynamic strain
acquisition instrument

|
i
|
ki
|
|
ol
|
|
B
fie 0
ol
|
b
|
|
.
|
|

(¢) Dynamic strain acquisition system

Fig. 4 Fatigue testing setup

2.3.2. Loading scheme

The stress level in the fatigue test primarily consists of two numerical
indicators: minimum stress (6,,) and maximum stress (o). With a fixed stress
ratio (R), the stress level can be represented by the stress range (4o). The stress

level of the loading scheme corresponding to the bolt was calculated based on
its effective cross-sectional area.

The present research explored the fatigue characteristics of high-strength
bolts at an R value of 0.3. A sinusoidal wave with a frequency of 7 Hz was
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employed to apply the fatigue load. The stress range (4o) varied from 180 to
280 MPa in order to investigate the bolts' fatigue behavior under elevated stress
levels. Prior to the fatigue test, a pretensioning torque (7)) given by Eq. (3) was
applied to the bolt to simulate its actual stress state.

R = o min/ 0 max (1)
AOC = O max— O min (2)
Table 2

The loading scheme and fatigue test results of the bolt with an R of 0.3
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T=K-F-do 3

where K represents the tightening torque coefficient related to surface treatment,
F denotes the pretensioning force, and d, represents the high-strength bolt’s
nominal diameter, which equals 24 mm. Table 2 displays the loading scheme
for this test.

Specimen Omax, (MPa) Omin, (MPa) Ao, (MPa) T, (N-m) Fatigue life, N, (x 10%)
S-01 257.14 77.14 180 330 163.83
S-02 271.43 81.43 190 440 134.41
S-03 285.71 85.71 200 350 90.64
S-04 300.00 90.00 210 270 83.97
S-05 314.29 94.29 220 370 55.29
S-06 328.57 98.57 230 270 38.47
S-07 342.86 102.86 240 370 45.72
S-08 357.14 107.14 250 370 17.37
3. Results The S-N curve for the 35K steel high-strength bolt [38] is also displayed

All bolts underwent fatigue fractures, with their fatigue lives presented in
Table 2.

3.1. S-N curves

Fig. 5 illustrates the double logarithmic regression analysis relating stress
range (4o) to fatigue loading cycles (NV). All test results are uniformly
distributed near the fitting line, with a 95% confidence level. A negative
correlation exists between 4o and N.
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Fig. 5 The double logarithmic regression curve of the stress range versus the fatigue

loading cycles

at the same R value. Additionally, Fig. 5 includes another curve that fits data
for both 35K [38] and 20MnTiB steel bolts, enabling a comparison of the
fatigue properties between M24 high-strength bolts made from 20MnTiB and
35K steel. The fatigue characteristics of the 35K steel bolt are less favorable
compared to those of the 20MnTiB steel bolt at the same stress range, indicating
that material properties have an impact on the bolt's fatigue life.

Table 3 shows the fatigue properties of bolts made of 20MnTiB and 35K
steel. Both curves modeling the 20MnTiB and 35K steel [38] bolts exhibit a
relatively high goodness of fit. When the number of loading cycles reaches 2 x
109, the fatigue strength of the 20MnTiB steel bolt is 1.68 times greater than
that of the 35K steel bolt. This is because fatigue properties are associated with
the yield strength to ultimate strength ratio of the material: a higher ratio
facilitates stress redistribution of the material at the notch or thread root [39].
The yield strength to ultimate strength ratio of the 20MnTiB and 35K steel bolts
is 0.91 and 0.75 [38], respectively, with the former being 1.21 times higher than
the latter, resulting in superior fatigue properties for the 20MnTiB steel bolt.

Moreover, the fatigue strength at 2 x 10° loading cycles to yield strength
ratio, obtained from the static test for the 20MnTiB and 35K steel bolts, is only
0.18 and 0.14, respectively. This indicates that high-strength bolts may
experience fatigue fractures under cyclic stress levels significantly below their
yield strength [16], warranting attention.

Nonetheless, the correlation coefficient of the S—N curve obtained by
fitting the test data on the 35K [38] and 20MnTiB steel bolts together decreases
to 0.251, rendering this curve unrepresentative. This suggests that material
properties considerably impact fatigue life. Thus, incorporating a correction
factor into the S—N curve assists in obtaining the actual fatigue strength of the
bolts, serving as a reference for engineering design practice.

gleem?rve and fatigue strength comparison for high-strength bolts fabricated from distinct materials
Test data S-N curves Correlation coefficient (R?) [A0],106 [Ad]yx108/ fo
20MnTiB steel lg(Ac)=-0.151-IgN +3.205+£ 0.107 0.918 140.77 MPa 0.18
35K steel [38] lg(Ac) =-0.212-1gN +3.356+ 0.095 0.933 83.83 MPa 0.14
35K steel [38] + 20MnTiB steel lg(Ac)=-0.124-1gN +2.938+0.276 0.251 76.36 MPa —

3.2. Analysis of dynamic strain

The strain data are closely associated with the local shape of the component
and can depict the stress redistribution near the sensor. The local component
damage is intuitively characterized, and the curve trend can qualitatively assess
the crack growth process. The strain data gathered on the bolt rod are illustrated

in Fig. 6, with the points representing the average strain amplitude at each time.
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Fig. 6 The association between strain and fatigue loading cycles of the test specimens

Fig. 6 reveals that the deformation of the bolt can be categorized into stable
and unstable phases. The strain does not increase from zero due to the
application of the pretensioning force before the fatigue test. After the fatigue
load is applied, the mean strain amplitude experiences significant changes.
Subsequently, as the test progresses, the average strain remains nearly constant,
and the fatigue crack expands consistently during this period. This phase
constitutes the primary part (i.e., 87%) of the fatigue life and is the stable
propagation life of fatigue cracks. The subsequent phase is the variable
deformation stage. Due to the sufficient accumulation of fatigue damage in the
previous stage, the bolt undergoes rapid deformation, and the fatigue crack
grows inconsistently; thus, fracture occurs swiftly. The crack origin location can
be inferred from the strain variation, that is, the crack begins near the gauge with
the strain gradually decreasing. This is because the crack initiation and opening
contribute to the eccentricity of the initial axial tension and the reduction of the
load on the crack side, subsequently decreasing the average strain. Conversely,
the strain of the opposite gauge exhibits a rising trend due to the increase in the
eccentric load.

3.3. Fractographic examination

Fractographic analysis is an essential method to investigate the fatigue
fracture of components. This section inspects the macroscopic fracture
morphology characteristics of the high-strength bolts and then analyzes their
microscopic fracture morphology and roughness of the fracture surface using
SEM and 3-D morphology scanning, as displayed in Figs. 7 and 8, to deduce
their fracture mechanisms at different stress levels.

3.3.1. Macroscopic fracture

Fig.9 shows that all specimen fractures occur at the root of the first or
second engaged thread of the bolt. This is due to the significant stress
concentration caused by the cross-sectional variation at the bolt thread.

~
Instantaneous Fracture Zone

Instantaneous Fracture Zone
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Fig. 7 The scanning electron microscope

Fig. 8 The Keyence VK-X1000 3D noncontact morphology scanner

(a) S-03 (b) S-04 (¢) S-06 (d) S-07

Fig. 9 The failure fracture position of the high-strength bolts

v
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Propagation Zohe?

Fatigui’ Source

Fig. 10 Macroscopic fracture morphology of the high-strength bolts

Fig. 10 displays three representative specimens, specifically S-03, S-07,
and S-08, taken as examples to show the detailed fatigue fracture features. The
fracture can be categorized into three areas: the fatigue origin, the crack growth

zone, and the instantaneous fracture zone. It is observed that all fatigue origins
form on the surface of the specimens, and the fatigue fractures display features
of multiple crack initiation, as indicated by the ratcheting marks. These marks
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result from the nucleation and connection of multiple cracks at different points,
forming steps on the fracture surface. The steps extending from the origin zone
grow more significantly in the growth zone, and noticeable radial streaks form.
The crack growth zone occupies most of the fracture area, which is rougher and
darker than the previous zone. The sudden fracture area exhibits the roughest
texture, and a noticeable shear lip can be observed. Because the bolt is notched,
the stress concentration on the outer surface is significant, and the crack growth
rate on both sides is higher than that in the middle; thus, the crack front is a
convex arc.

Upon examining the macroscopic fracture morphology of the cross sections
of the high-strength bolts, it becomes evident that an elevated stress level can
augment the quantity of ratcheting marks on the fracture surface. This suggests
the potential presence of multiple crack sources on the fracture surface, resulting
in a complex fracture morphology. The quantitative analysis of the fractures
across all specimens demonstrates that the crack growth portion constitutes
55%-75% of the total surface area (A), signifying that it forms the primary
fatigue life. This portion exhibits a negative relationship with the stress level. In
particular, a higher stress level hastens the crack propagation rate, meaning that
fewer fatigue loading cycles are needed for the same length of crack
propagation; thus, the area of the propagation zone diminishes, as depicted in
Fig. 11.

Additionally, the swift expansion of the crack leads to a rapid decline in the
effective cross-sectional area of the load-bearing capacity, causing the bolt to be
incapable of withstanding high stress. Consequently, the bolt fails more rapidly,
resulting in pronounced tear marks and a highly irregular surface in the
instantaneous fracture zone.

Fatigue source

(a) Fatigue source zone

(b) Fatigue propagation zone
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Fig. 11 The bar graph of the area proportion of the propagation zone versus the stress range

3.3.2. Microscopic fracture

Figs. 12-14 display the two-dimensional representations of the microscopic
fracture morphology of the characteristic high-strength bolts subjected to high-
cycle fatigue loading.

)

tﬁ;tig‘q\e

=

(c) Instantaneous fracture zone

Fig. 12 Microscopic fracture analysis of specimen S-03

3

Fatigue sotire.

(a) Fatigue source zone

(b) Fatigue propagation zone

(c) Instantaneous fracture zone

Fig. 13 Microscopic fracture analysis of specimen S-07
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(a) Fatigue source zone

(b) Fatigue propagation zone
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(c) Instantaneous fracture zone

Fig. 14 Microscopic fracture analysis of specimen S-08

Cracks initiate in the fatigue source and develop further, with numerous
radial rays present on the fracture surface. In this region, black specks are
visible, which represent inclusions during fabrication, contributing to a
reduction in the cross-sectional area's strength, as illustrated in Figs. 12(a),
13(a), and 14(a). The images also reveal that an increase in stress level results
in more pronounced ratcheting marks and a higher density of radial rays,
primarily due to heightened stress concentration at the bolt thread.

The conspicuous bright fatigue striation is a distinguishing feature in the
fatigue propagation zone. This striation consists of a series of nearly parallel
stripes with minor band bending in a wave-like pattern, perpendicular to the
local crack propagation direction. Additionally, secondary cracks can be
observed in this area, running parallel to the fatigue striations. These cracks
exhibit a discontinuous distribution and a depth notably greater than that of the
fatigue striations.

A comparison of Fig. 12(b), Fig. 13(b), and Fig. 14(b) indicates that a higher
stress level results in larger spacing between fatigue striations. This suggests
that elevated stress levels promote damage accumulation at the crack tip and an
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(a) Fatigue source zone

(b) Fatigue propagation zone

increased crack propagation rate; in other words, crack propagation values rise
for the same loading cycles, and fatigue striation spacing expands.
Consequently, this area displays a reduced reflective capacity, yielding a darker
color. Moreover, the quantity and size of secondary cracks increase, correlating
with the stress state at the crack front: a higher stress level corresponds to a more
pronounced stress concentration.

The surface in the instantaneous fracture zone is the most uneven and coarse
among the three regions. Some dimples, whose diameter and depth depend on
the material properties and loading scheme, can be observed in this area. These
dimples are either elliptical or circular, suggesting they form under tension.
Their formation mechanism involves microscopic cavities within metals
undergoing nucleation, growth, and accumulation until a plastic fracture occurs
due to an axial load perpendicular to the fracture plane.

A comparison of Fig. 12(c), Fig. 13(c), and Fig. 14(c) reveals that dimples
exhibit larger diameters and greater depths at higher stress levels, as increased
stress accelerates pore nucleation and growth.
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(c) Instantaneous fracture zone

Fig. 15 3-D surface morphology of specimen S-03
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Fig. 16 3-D surface morphology of specimen S-07

Figs. 15 and 16 present two representative specimens, S-03 and S-07, as
examples to illustrate the roughness of various zones. They indicate that as the
crack propagates, the surface's concave and convex features intensify. It is
apparent that the fracture surface is relatively smooth in the fatigue source zone,
while a "topographic relief" characteristic emerges in the propagation zone. In
the instantaneous fracture zone, the surface morphology exhibits greater
fluctuations, interspersed with "ditches" and "gullies."

Fig. 17 demonstrates that the roughness at an identical position on the
fracture surface is directly proportional to the stress level, as higher stress levels
facilitate crack nucleation, resulting in a greater number of cracks and more
convoluted and intricate crack propagation paths. Consequently, the fracture
surface becomes rougher.



Jin-Feng Jiao et al.

[ ]Fatigue source zone
20 Fatigue propagation zone
BR&] Instantaneous fracture zone s
_
15|
% R R X
s % %
a KA kA K
=3 K K4 KA P
g g g g
st O O
RIN7 107007007 43

180 190 200 210 230
Stress Range 40 (MPa)

Fig. 17 Variation in roughness of different zones with the stress range

4. Finite element modeling of fatigue crack propagation in high-
strength bolt

A finite element model is established employing the XFEM introduced by
Abaqus software to examine the fatigue crack growth process of the 20MnTiB
steel high-strength bolts. According to the test results and the existing research,
the critical parameters are determined: the initial position of the crack, the crack
shape, the initial size of the crack, the crack growth criterion, the material
constant, the crack growth increment, and the cycle termination conditions.
Then, the SIF at the bolt crack front is calculated. The fatigue crack growth
process and fatigue life of the high-strength bolt are also predicted based on
fracture mechanics. These findings can promote research on the fatigue crack
propagation law and fracture mechanism of high-strength bolts.

4.1. XFEM validation

To confirm the accuracy of XFEM in calculating the SIF, a rectangular
block with a crack is used as an example for calculating the stress intensity
factor at the crack front. The dimensions of the rectangular block model are
assigned: height, width, thickness, and crack length of 200, 100, 10, and 25 mm,
respectively. A tensile stress (o) of 25 MPa is applied to the model's upper and
lower ends. The model's element type is C3D8R, with a global size of
approximately 3.0 mm. The mesh size influences the SIF calculation accuracy;
hence, the mesh size at the crack front is refined locally to examine its effect on

Table 4
The calculation results of the SIF under different mesh sizes.
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the SIF, with refinement mesh sizes ranging from 0.1 to 1.2 mm. Fig. 18
illustrates the impacts of the mesh size in the refinement area and the integral
path on the SIF simulation outcomes. Decreasing the mesh size improves the
simulation results' accuracy. Additionally, the SIF exhibits significant
fluctuations with a small integral path but stabilizes from the sixth integral path
onwards, in line with the theory that the integral value is path-independent, as
demonstrated in Fig. 18. Consequently, the average value of the SIF on the 7th,
9th, and 10th paths is used for subsequent analyses.
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Fig. 18 Variation in stress intensity factor with integral path at different mesh sizes

The theoretical expression of the SIF for this example is derived as follows
[40]:

K= F(%)a\% C)

b 1+ 2(9) 1.1200- 3.68212) +11.95432)Z - 25.852?(2)3
where F(=)= a a a a
a

_a , and
a

1-()*" +33.097q9)4 - 22.4422(9)5 +6.1783(9)6
b a a a

K is calculated at 332.46 MPa-mm"? using Eq. (4).

Table 4 compares the XFEM results with the theoretical calculations.

Mesh size (mm)

XFEM

Theoretical calculations of SIF, K,

0.1 0.2 0.5 038 1.0 12 (MPa-mm'?)
K;(MPa:mm'?) 338.80 339.67 340.10 340.27 340.17 342.47 3a
Difference (%) 1.66% 1.92% 2.05% 2.10% 2.17% 2.70%

The difference between SIF values calculated using XFEM and the
theoretical method is within 3.00%, validating the accuracy of K(I) determined
by XFEM. Considering the model's computational accuracy and efficiency, the
mesh size of the refinement region is set at 0.5 mm for subsequent analyses.

4.2. Extended finite element model of high-strength bolt

The bolt thread angle has a negligible effect on stress concentration and the
SIF when less than 4° [31]. Thus, to enhance calculation efficiency, the thread
angle for the bolt is disregarded, as depicted in Fig. 19.

The material properties introduced into the model include yield strength
and ultimate strength of 780.30 and 861.80 MPa, respectively. Young's modulus
and Poisson's ratio of the model are set at 2.66 x 10° MPa and 0.3, respectively.

Two analysis steps, 1 and 2, are established to calculate the K;min and Kjmax
of the bolt under minimum and maximum loads, respectively.

Fig. 19 presents the loading and boundary conditions of the model. Two
reference points, RP-1 and RP-2, are positioned on the upper and lower surfaces
of the model, respectively, and are coupled with the two surfaces. The axial load
is applied to the model at point RP-1, while a fixed boundary condition (UX =
UY =UZ =URX=URY =URZ =0) is assigned at point RP-2. Table 5 displays
the model's loading scheme.

f

a-Radial length
Y c-Circumferential length

RP-2

Fig. 19 Bolt model with a surface crack in the thread root region
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Table 5
Loading scheme for simulating the fatigue crack propagation process
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F, (kN) 7, (MPa)
Model Ao, (MPa) T, (N-m) R
Foax Fin Omax Omin
M-1 80.69 21.21 228.57 65.57 160
M-2 85.73 25.72 242.86 72.86 170 360 0.3
M-3 90.77 27.23 257.14 77.14 180

Non-refinement region
Mesh size: 2.0mm

e Bts™ el S

Refinement region
Mesh size: 0.5mm

”/ Refinement ~
region

Surface

crack Non-refinement region

Mesh size: 2.0mm

Fig. 20 The meshed model of the bolt

The model's element type is C3D8R, with a global size of approximately
2.0 mm. The first two threads' mesh is refined to a size of 0.5 mm, as shown in
Fig. 20.

Fatigue test results and prior studies [8,15,16,26] indicate that fatigue
cracks are prone to appear at the root of the first or second meshed thread of
the high-strength bolt, so a sharp initial crack is introduced. The crack front

Table 6
Recommended material constants for fatigue crack growth [45].

shape is assumed to be a fan ring based on fractographic analysis and model
convergence, as depicted in Fig. 19.

4.3. Fatigue crack propagation modeling

4.3.1. Crack propagation criteria and material parameters

Fracture mechanics is utilized to investigate crack propagation in this
section. The Paris formula [41] is the most widely used crack growth criterion,
reflecting the crack growth rate in different stages by selecting appropriate
material constants.

da

dizch,a)m (5)
%:chf)m (©)

where a and c¢ represent the circumferential and radial length of the crack,
respectively, N denotes the number of loading cycles, C and m are material
constants, AK? =Kp —KP . and AK] =K _ —KF .. The values of C
and m, the threshold value (4K};), and the fracture toughness (K;) in different
propagation stages are determined by the recommended values of Eurocode

[43], as listed in Table 6.

Bound: f stage I and
R Stage 1 Stage 1T Threshold value, 4K, oun tary OH s;[g(e an Fracture toughness, Kic,
stage 11, 4K,
MPa-(mm)'? MPa-(mm)'?
C m C m ( (mm)*) (MPa-(mm)'?) ( (mm)'~)
0.3 1.21 x 1072 8.16 3.98 x 10713 2.88 127.20 363.00 3475.00

Determination of crack size (@ and ¢) and
establishing XFEM model with a crack .

l

Calculation of stress intensity factors of crack tip in
aand ¢ directions (AR, AKY AR i’y AKF ).

}

No

Ky = Kao N

If 1272 < AKF <363, then

ey =a,+ AN[1.21x10°2° (AKF 219
If AK" > 363, then

ey =ant AN[3.98x10°5 (AKF 5.

No

Kf < Kpo

Yes

h A
If 1272 £ AKF 363, then

ey =a,+ AN[1.21x 10725 (AR )19
If AK;"> 363, then

Qner=ant AN3.98x 1075 (AKF 59

Calculation of crack size.
Ny =N;+AN

Fig. 21 Flow chart for iterative simulation of the fatigue crack propagation process [44]



Jin-Feng Jiao et al.

4.3.2. Modeling process

Hirt and Fisher [43] inferred that a circle with a radius of 1.016 mm could
represent the initial crack size, and the precision of the magnetic particle flaw
detection method, typically used for detecting surface cracks, was
approximately 1 mm. Consequently, the initial crack's circumferential length
(twice ¢) is set at | mm, and the radial length (a) is assumed to be 0.5 mm.
Next, a suitable increment of loading cycles (4N) is selected to ensure that the
increase in a or ¢ is more than one mesh size (0.5 mm). The fatigue life is
predicted by calculating @ and ¢ incrementally until the cycle termination

Table 7
Iterative calculation results of crack propagation at 4o of 160 MPa
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conditions are met.

Fig. 21 displays the flow chart for the iterative simulation of the fatigue
crack propagation process. The crack is presumed not to propagate when 4K, <
127.2 MPa-(mm)"?,

4.3.3. Modeling results
Tables 7-9 present the iterative results of crack propagation at different
stress ranges.

Crack size (mm)

AK, (MPa-(mm)"?) Knax (MPa-(mm)"?)

Fatigue life, N, (x 10%)

a ¢ AK? AK? K max KT max
0.5 0.5 0 261.40 399.70 621.03 945.10
0.5 11 5 118.57 406.30 243.75 736.67
0.5 1.8 10 203.14 305.80 482.08 705.58
0.6 2.3 30 318.80 368.24 695.96 909.14
0.8 2.8 35 376.44 368.28 830.54 823.44
1.3 3.3 40 403.13 373.04 863.03 832.38
1.9 3.8 45 519.48 431.25 1010.86 1003.96
3.2 4.6 50 874.12 477.06 1789.24 1542.95
5.6 5.0 52 1717.53 1324.81 3316.30 3049.33
6.4 5.4 52.1 (Fatigue failure) 3430.28 2229.06 5652.93 3578.97

Table 8
Iterative calculation results of crack propagation at 4o of 170 MPa

Crack size (mm)

AK, (MPa:(mm)"?) Knax (MPa-(mm)'?)

Fatigue life, N, (x 10%)

a c AK? AKS K max KT max
0.5 0.5 0 278.10 428.17 651.50 994.47
0.6 1.3 5 106.17 533.35 272.95 750.18
0.6 2.7 10 264.23 343.33 626.08 789.38
0.6 33 20 325.42 371.18 620.03 840.78
0.8 338 25 328.60 471.63 715.38 982.81
1.0 438 30 483.71 442.56 943.38 876.05
2.1 5.6 35 822.81 836.05 1335.17 1622.20
3.1 6.6 36 1081.52 1181.66 1891.62 2102.88
37 75 36.3 1384.26 1493.86 3008.30 3293.34
4.1 7.7 37 (Fatigue failure) 2860.44 2770.41 4951.78 4533.09
Table 9
Iterative calculation results of crack propagation at Ao of 180 MPa
Crack size (mm) AK, (MPa‘(mm)'"?) Kiax (MPa-(mm)'?)

Fatigue life, N, (x 10%)

a c AK? AKS K max KT max
0.5 0.5 0 296.58 461.17 676.82 1037.87
0.6 14 5 155.88 415.60 299.20 837.07
0.6 2.1 10 318.01 315.43 711.09 676.92
12 2.7 30 547.68 693.04 1240.72 1322.35
18 3.9 32 605.46 550.21 1148.93 1126.80
3.1 4.9 35 1264.46 1135.10 2147.14 1979.31
4.4 5.9 35.4 1792.18 717.53 3269.36 3149.89
5.4 5.9 35.5 (Fatigue failure) 2938.93 4182.75 4523.64 6580.71
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Table 10
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Comparison of simulated fatigue life of high-strength bolts with values fitted by the S—N curves at various stress ranges

Fatigue life, N, ( x 10%)

Model Stress range, 4o, (MPa) Ns/Ny
Simulated values, Ny Values fitted by the S—N curves, Ny
M-1 160 52.00 59.19 0.88
M-2 170 36.30 57.62 0.63
M-3 180 35.40 56.19 0.63
Average value 0.71
Table 10 compares the simulated fatigue life of high-strength bolts with )
values determined by the S—N curves. The simulated fatigue life is 0.88, 0.63, 6 —=—a II: Crack instable  —+—=
and 0.63 times the fitted value at stress ranges of 160, 170, and 180 MPa, —e—¢ propagation !
respectively, yielding an average value of 0.71, which is acceptable. These Jl Bolt section P :
findings suggest that the numerical simulation of fatigue crack propagation ) ‘“‘“alfmk EX
devised in this study can accurately predict the fatigue life of high-strength bolts. E i q; 1
Additionally, the differences can be attributed to the simulation results = E :
disregarding the crack initiation life, that is, the fatigue life from microscopic S N "y
defects to macroscopically detectable cracks. Furthermore, the parameters o I: Crack stable propagation 2
employed in the crack propagation simulation are based on the conservative §ﬂ
recommended values of Eurocode, ensuring sufficient safety. E i
5. Discussion i
I
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Fig. 22 The association between crack length and oading cycles at various stress ranges

Two distinct crack propagation phases are identified in the curves based on
the crack length alteration: stable phase (I) and unstable phase (I). In phase 1,
the crack mainly expands slowly in the circumferential direction and exhibits a
reduced growth rate in the radial direction. This phase encompasses 85% of the
crack propagation life, which aligns well with the de-n/N curve analysis
outcomes from the tests, thus validating the feasibility of using XFEM for
simulating crack propagation progress. In phase II, the crack growth rate
substantially increases in both directions, the crack length expands
exponentially, and the propagation rate in the radial direction surpasses that in
the other direction. These features are consistent with the bolt fracture
morphology derived from the fatigue test: a crescent in the fatigue source area
and nearly a semicircle in the propagation area.

Fig. 22 reveals that augmenting the stress range accelerates the crack
growth rate in both directions, causing the high-strength bolt to fail under a
reduced number of loading cycles. This occurs because crack propagation is
strongly related to the stress field intensity at the crack front. An increased load
amplifies the stress at this point, supplying the necessary stress for rapid
material separation; hence, the crack extends swiftly.

The aforementioned analysis indicates that a swiftly enlarges in phase II,
which is more favorable for load eccentricity, subsequently raising the stress on
the effective section and consequently diminishing the bolt fatigue life in this
phase. Consequently, the following section concentrates on the evolution of a
during the fatigue failure process.

6 " g=160MPa
Fitting curve
® =170 MPa
5 = = Fitting curve
= A =180 MPa
E & e Fitting curve
s
- Bolt section
S5l
= Initial crack
)
2 ‘
9
-2
1+
p O g
- L g e
1
50000 100000 300000 500000
N (cycles)

Fig. 23 The changes in a with loading cycles at different stress ranges
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Fig. 23 demonstrates the changes in « in relation to the loading cycle
number at various stress ranges: a starts to slowly grow with an increase in V.
An elevated stress level quickens the fatigue damage accumulation rate, so a
starts to rise at lower loading cycles: a 4o of 160, 170, and 180 MPa results in
loading cycles of 3.00 x 10°,2.00 x 10°, and 1.00 x 10°, respectively. In the later
stages of crack propagation, an increase in the stress range produces larger crack
increments under the same number of loading cycles.

The equation for calculating the changes in a concerning N is derived from
curve fitting. The correlation coefficients (R?)) of the fitted curves all surpass
0.9, signifying that the fitted outcomes are optimal, as presented in Table 11.

Table 11
The fitted results of the a—N curves
Ao . . Correlation coefficient
Fitted equation
(MPa) (R)
160 a=8.322.107° . eN/4M881%0 | 0 601 0.979
170 a=1909 .1078 .eNll9250079 +0655 0.989
180 a=2426-107° .e"/*4%4 4 0 586 0.970

Additionally, in fracture mechanics, the stress intensity factor is a crucial
parameter governing the crack growth rate (da/dN). Therefore, we plot the
variation of da/dN with 4K, to characterize the fatigue crack propagation, as
shown in Fig. 24.

I |
1.6E-04 - 1 |
Stagel 1 Stagell | L,-®  Stagem
I I 4
El 2E-04 ! !
chaaa i I -—A
s
e 1 1
I I
£ |
= 8.0E-05 |- X f
3 7/
% ! o1 —8— Ac=160 MPa
! ! —& Ao=170 MPa
4OE-05 - ; ! —A= As=180 MPa
I |
I 1
I I
0.0E-+00 | I ; :
0 300 600 900 1200 1500 1800

AK" (MPa-mm'?)
Fig. 24 The variation of da/dN with AK/" at various stress ranges

The curves can be divided into three stages based on the crack growth rate:
stages I, 11, and I11. In stage I, da/dN is less than 10~'° mm/cycle, indicating that
the crack does not grow in this stage. In stage II, da/dN typically ranges from
107 to 10~ mm/cycle, a linear relationship exists between da/dN and AK;, and
a higher stress range corresponds to an increased crack propagation rate under
the same K. In stage 11, da/dN is greater than 10~° mm/cycle, and the crack
size expands rapidly, leading to a swift fracture of the high-strength bolt. As a
result, the contribution of stage III to the crack propagation life is generally
disregarded. Fig. 24 indicates that stage III deviates from the commonly used
da/dN-AK; curve, which can be attributed to the fact that the standard da/dN—
AK; curve is derived from standard specimens with uniform thickness, whereas
the bolts’ thickness and surface shape change during crack propagation.

6. Conclusions

Axial-tensile constant-amplitude fatigue tests were carried out on M24
high-strength 20MnTiB steel bolts with a stress ratio of 0.3 in this study. The
fatigue characteristics and failure mechanisms of the high-strength bolt was
analyzed through regression analysis, strain analysis, and fracture surface
analysis. Furthermore, the finite element method grounded in fracture
mechanics was employed for examing the fatigue crack growth of the high-
strength bolts, seeking to comprehend their fatigue crack propagation principles
and elucidating the fracture mechanisms. The following conclusions were
derived from the tests and numerical investigations:

. The S—N curve for the 20MnTiB steel high-strength bolt with an R value
of 0.3 was established, revealing a threshold fatigue strength of 140.77
MPa at 2 x 10° loading cycles, which was 1.68 times greater than the
fatigue life of the 35K steel bolt. This result demonstrated the superior
fatigue performance of the former. Integrating a correction factor into the
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S—N curve was recommended to address the impact of material properties
on the fatigue life of the bolt.

e  Strain analysis indicated that the stable deformation stage constituted
87% of the high-strength bolt's fatigue life, and the strain variation of the
specimen could be employed to roughly estimate the crack source
location. The strain was reduced on the crack initiation side.

e Amodel for predicting the high-strength bolts’ fatigue life was developed
using XFEM and fracture mechanics, enabling the investigation of their
fatigue crack propagation progression, albeit with a minor deviation.

e The law governing crack growth in the circumferential and radial
directions was determined, and the fatigue crack growth mechanism of
the bolt was clarified by simulating crack propagation. During the stable
crack propagation stage, the crack primarily advanced along the bolt's
circumferential direction, accounting for 85% of the crack propagation
life, in accordance with the 4e—n/N curve analysis results from the tests.
In the unstable crack propagation stage, the crack length grew
exponentially, and the radial growth rate exceeded the growth rate in the
other direction. An increased stress range elevated the SIF at the crack
front, promoting rapid crack expansion and consequently reducing the
fatigue life of the high-strength bolt.
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ABSTRACT
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Following the trend of sustainable development and structure reuse, many novel solutions related to demountable shear
connectors for application in steel-concrete composite beams have been proposed in recent years. This paper provides a
further contribution to the research field by proposing a demountable connection with bolts and welded headed studs. The
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transfer of shear force between a steel flange and a composite concrete slab cast in an open trough profiled steel sheeting is

indirect, passing through a steel plate or angles. The proposed solution enables convenient dismantling and reuse of both
the composite slab and the steel profile. The experimental investigation included push-out tests, performed to assess the

KEYWORDS

connection shear behaviour, determine resistance and ductility, and identify failure modes. Various configurations of the

demountable connection were analysed, including connections with continuous and discontinuous slabs over the support.
The response of the suggested demountable solution was compared to the corresponding non-demountable shear connection
with headed studs. According to experimental investigation, finite element models were developed, and their accuracy was
validated by comparing numerical predictions with experimental results. Parametric studies were conducted using numerical
models to evaluate the effects of key parameters on the connection performance, such as plate and angle thickness, stirrup
reinforcement position, and transverse distance between a headed stud and slab edge. Directions for design were proposed

taking into account the results obtained.
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Reusability;

Shear connection;
Steel-concrete composite beam;
Profiled steel sheeting;
Push-out test;

Finite element analysis

1. Introduction

Steel-concrete composite floor systems are widely used in construction,
usually by casting concrete on profiled steel sheeting and installing welded
headed studs as shear connectors between a steel profile and a concrete slab.
However, this traditional method does not allow for demounting of the structure.
The current trend of sustainable development encourages the application of
principles of circular economy in construction, including the reuse of structural
elements. If the proper design is applied to steel-concrete composite buildings,
entire structures may be easily demounted and then relocated and reused. It has
been shown that demountable steel-concrete systems lead to the lowest emis-
sions and the highest savings of resources in most of the analysed environmental
impact categories compared to other floor systems with composite and precast
solid concrete slabs [1].

To develop demountable steel-concrete composite floor systems, bolted
connectors are commonly applied instead of welded headed studs. Experimental
investigation of bolted shear connections in steel-concrete composite beams
started in the 1960s, mainly focusing on friction-grip bolts [2-4]. However, in-
tensive research into bolted connectors in building and bridge design has con-
tinued over the past few decades with many different solutions being proposed
[5,6]. The available database of experimental results on the behaviour of fric-
tion-grip bolts in solid concrete slabs has been expanded by several research
groups [7-10]. Kwon et al. [7,11] compared the behaviour of friction-grip bolts,
double nut bolts and adhesive anchors, whereas Pavlovi¢ et al. [12] focused on
single nut bolts. Application of blind bolts in composite beams has been studied
[13-16] and compared with the response of welded headed studs. Dai et al. [17]
proposed threading a body of a headed stud, adding a nut and using these con-
nectors in steel-concrete composite beams. Another suggested approach con-
sists of a coupler system that connects two bolts: one embedded in a concrete
slab and another passing through a steel flange [18]. Comparison between the
response of friction-grip bolts and bolts with a coupler system with and without
injected resin was made by Kozma et al. [19]. Certain sophisticated solutions
have been proposed recently as locking-nut and friction-based shear connectors
[20-22], which should be mounted in conical holes cut in a beam flange. Also,
a system made of T-bolts and clamps was experimentally investigated [23].
Though most of the research has been focused on demountable shear connec-
tions in solid concrete slabs, some studies have investigated the behaviour of
bolted shear connectors in composite slabs with profiled steel sheeting [19,24—
26].

A considerable number of papers published in recent years have given rise
to the promotion of demountable solutions in steel-concrete composite construc-
tion. However, design rules for the implementation of bolted connections in
steel-concrete composite floors are still lacking in many design codes, including
Eurocode 4 [27]. Specific provisions for the design of demountable beams with

bolted shear connectors have been recently summarised in the technical guid-
ance publication by Coelho et al. [28].

This paper presents a contribution to the field of demountable steel-con-
crete composite floors by proposing a system consisting of two types of con-
nectors: welded headed studs and bolts. The proposed connection has been cre-
ated with the idea of implementing welded headed studs as connectors charac-
terised by good mechanical performance, but also with a view to enabling reuse
of the floor structure in the second life cycle. Besides the primary application in
newly-designed demountable structures, the proposed connection may be im-
plemented during reconstruction work by replacing the old concrete slabs with
demountable composite steel-concrete slabs [29]. Both headed studs and bolts
are broadly available products, which do not require additional supporting com-
ponents when implemented in the proposed connection, which is considered an
advantage of the suggested solution.

The developed connection is applicable in composite concrete slabs cast in
open trough profiled steel sheeting. Welded headed studs are installed in con-
crete ribs, whereas holts are placed in-between ribs. Two possible solutions may
be applied depending on the chosen construction method, as shown in Fig. 1:
(1) composite slab continuous over the steel beam (Fig. 1a); (2) composite slab
discontinuous over the beam (Fig. 1b). To achieve demountability of the shear
connection with a continuous slab given in Fig. 1a, an additional plate placed
between the concrete slab and the steel profile is required. Headed studs are
welded to the plate, connecting the concrete slab and the plate, whereas the bolts
role is to connect the plate with the upper flange of a steel profile. In the case of
a discontinuous concrete slab presented in Fig. 1b, a pair of angles, which
headed studs are welded to, is used. The connection between angles and the steel
beam is accomplished by bolts, while the connection between angles and con-
crete slabs is established with the use of welded headed studs. In both cases
shown in Fig. 1a and 1b, a longitudinal shear force transfer is indirect, passing
through two shear planes: “concrete slab-plate/angle” and “plate/angle-steel
profile”.

With the removal of bolts on the contact between the steel flange and the
plate or angles, the system is divided into two parts: a composite concrete slab
and a steel beam, which both may be relocated and reused. Of note, bolts are
entirely removed during deconstruction, and therefore, they are not affected dur-
ing transportation to another location.

In order to exploit the proposed system, connection behaviour should be
defined and directions for design provided. The diameter and height of headed
studs, and bolt diameter and grade should be adequately selected to enable the
sufficient shear performance of the connection and enable demountability and
reusability of the system during the life cycles of a structure. Moreover, several
other parameters need to be appropriately selected to result in a satisfactory re-
sponse of the shear connection in terms of resistance and ductility:

>
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- the thickness of the steel plate in connections with continuous slabs over
the support, and the thickness of the steel angle in connections with discontinu-
ous slabs over the support,

- the transverse distance between the headed studs and concrete slab edge
in connections with discontinuous slabs over the support,

- the local stirrup reinforcement around headed studs in connections with
discontinuous slabs over the support.

(a) continious slab over the beam

(b) discontinious slab over the beam

Fig. 1 Demountable connection layout

The aim of this paper is to present a solution for demountable shear con-
nection with welded headed studs and bolts. The experimental investigation has
been conducted through push-out tests to describe the shear connection perfor-
mance and to identify failure modes. Various configurations of the demountable
shear connection have been investigated, and results have been compared to the
response of the corresponding non-demountable connection. In addition, finite
element numerical models have been developed, verified against experimental
results and used for further analysis of the connection response. Parametric stud-
ies have been conducted to determine and quantify the effects of key parameters
on connection behaviour, such as plate and angle thickness, stirrup reinforce-
ment position, and transverse distance between a headed stud and slab edge. In
the end, recommendations for the design of the demountable shear connection
have been proposed.

2. Experimental study
2.1. Push-out test specimens

The behaviour of the demountable shear connection with welded headed
studs and bolts has been investigated through experimental testing of three
configurations of the proposed system. Different connection configurations
were made to study the influence of slab discontinuity over the support and the
effects of stirrup reinforcement around headed studs. Alongside these, the
equivalent non-demountable connection with welded headed studs has been
tested and used for comparison.

The experimental work covers nine push-out tests in total, divided into the
following series:

- Series S (2 specimens) — non-demountable steel-concrete composite con-
nection with welded headed studs installed in a composite concrete slab with an
open trough profiled steel sheeting (Fig. 2a);

- Series D (3 specimens) — demountable steel-concrete composite connec-
tion with bolts and welded headed studs applied in a composite slab with an
open trough profiled sheeting; headed studs are welded to the steel plate, with
bolts connecting the plate and the flange of a steel profile (Fig. 2b);
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- Series DL (2 specimens) — demountable connection with bolts and welded
headed studs, but contrary to series D, the concrete slab is discontinuous over
the steel profile with a pair of angles applied instead of the steel plate (Fig. 2c);

- Series DLU (2 specimens) — connection identical to the series DL with the
difference of the added stirrup U-bars passing around headed studs (Fig. 2d).
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Fig. 2 Configuration of push-out specimens

A summary of the specimen properties and varied parameters is illustrated
in Table 1. Demountable shear connections with continuous and discontinuous
slabs over the beam are examined through series D and DL. Series DLU is used
to determine the influence of the stirrup reinforcement around headed studs in
connections with a discontinuous slab over the support. Series S, the non-de-
mountable solution commonly used in building construction, is tested as a con-
trol series for comparison with the proposed demountable connections.

Table 1
Summary of the push-out tests
Series Headed Bolts Pla_te/angle Slab Remark
studs thickness

S / / i /
E— ———  continuous

D d=16 mm M12 /

DL hse =100 mm 8 mm . i /

8.8 discontinuous

DLU ' U-bars @8 mm
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All specimens were made with Cofraplus 60 profiled steel sheeting [30].
Each specimen consisted of eight @16 mm headed studs. A headed stud height
of 100 mm and an overall concrete slab depth of 120 mm were kept constant in
all tests. Headed studs were welded to the steel profile flange and the steel plate,
and afterwards profiled steel sheeting with pre-punched holes was placed.

Bolt diameter M12 and grade 8.8 were chosen to keep bolt resistance higher
than that of the headed stud achieving thereby similar behaviour of demountable
and non-demountable connections. The characteristic resistance of welded
headed studs in the selected profiled steel sheeting was calculated according to
EN 1994-1-1 [27] as 29.16 kN, assuming a concrete class C30/37. The charac-
teristic resistance of bolts was obtained according to EN 1993-1-8 [31] as 43.43
kN. Given the ratio between the two values is 0.67, failure of welded headed
studs is expected, whereas it is presumed that the bolt deformation remains in
the elastic domain.

In specimens with continuous concrete slabs over the steel profile, a dis-
tance between headed studs was set to 100 mm (Fig. 2a, 2b) to satisfy detailing
requirements given in EN 1994-1-1 [27]. At the same time, headed studs in dis-
continuous slabs were placed at a distance of 4d = 64 mm in the transverse di-
rection from the concrete slab edge (Fig. 2c, 2d), where d is the diameter of the
headed stud. The adopted length is smaller than the 6d, which is required ac-
cording to EN 1994-1-1 [27] as the minimum stud-to-slab edge distance. How-
ever, by choosing a shorter distance, it is possible to keep a headed stud right
above a steel flange. The effects of the adopted stud-to-edge distance on the
connection damage are discussed further in the study.

The bolt position was chosen according to the predefined hole position for
HEB 260 profile. Bolt holes cut in the profile flange, plates and angles had a 13
mm diameter.

The thickness of the steel plate which headed studs were welded to should
be appropriately adopted to avoid deformation of the bolt holes and the plate
beneath headed studs. According to EN 1994-1-1 [27], the ratio between the
headed stud diameter and the thickness of the part which the stud is welded to
should be less than 2.5; in other words, the thickness should be greater than 0.4d.
In the case of the tested connection, as the limiting value of 0.4d equals 6.4 mm,
the plate thickness was rounded up and set to 8 mm. The same thickness was
selected for angles, which were made of the plate by cutting and cold forming
the material. Bearing resistance at bolt holes for an 8 mm thick plate is greater
than bolt shear resistance; therefore, it is not considered critical. The validity of
the adopted 8 mm thickness is examined throughout the study, and the potential
application of a smaller 6 mm plate thickness is later numerically analysed.

A recess in the concrete slab base, marked as optional according to EN
1994-1-1, Annex B [27], was avoided during fabrication to accomplish easier
specimen preparation. According to some research results, the absence of recess
is not expected to influence the experimental results [32,33]. A slab width of b
=600 mm was adopted to satisfy the condition b > e + 2 hy/tan(25°) [34], where
e is the transverse spacing between the studs inside the rib and hy is the height
of the stud. Therefore, it was intended to fully include a concrete cone that de-
velops during a failure of headed studs in push-out tests.

One layer of @8 mm reinforcement was placed in the top zone of the slab.
Longitudinal bars were bent on one side forming a hook to reinforce the sup-
porting rib of the concrete slab, as suggested by some authors [24,25]. Stirrup
bars applied in specimens of the series DLU were formed in a U-shape to pass
around the headed stud. The U-bar diameter was adopted as 0.5d = 8 mm. U-
bars were placed at the level of the top surface of profiled steel sheeting and
oriented in the transverse direction, according to Fig. 3.

Fig. 3 U-bar geometry and specimens with stirrups before concrete casting

Concrete with a maximum aggregate size of 16 mm was used to satisfy the
EN 1994-1-1 [27] requirement considering the relations between nominal ag-
gregate size and connection geometry. To minimise initial shrinkage cracks,
specimens were kept moist during the first three days after concrete casting, and
assembled for push-out testing 28 days later. Demountable specimens were as-
sembled by connecting concrete slabs and steel profiles with bolts. Nuts were
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tightened to achieve firm contact between steel flange and plate, without the
application of pretension force.

2.2. Test set-up and measurement procedure

Push-out tests were conducted following instructions given in EN 1994-1-
1, Annex B [27]. Concrete slabs were placed on a layer of fresh gypsum to
accomplish good contact with the support. According to recommendations
given in the DISCCO report [30], no transverse loading was applied as the ratio
between the stud and rib height was greater than 1.56.

The test set-up for non-demountable and demountable specimens is shown
in Fig. 4. For specimens from the series S, a total of eight displacement
transducers were installed: four for measuring the horizontal separation between
the concrete slab and steel profile (H1-H4 in Fig. 4a) and four for measuring
the vertical slip between the concrete slab and steel profile (V1-V4 in Fig. 4a).
For specimens from the series D, DL and DLU, 12 displacement transducers
were installed: four for measuring the horizontal separation between the
concrete slab and steel profile (H1-H4 in Fig. 4b), four for measuring the
vertical slip between the concrete slab and steel profile (V1-V4 in Fig. 4b) and
four for measuring the vertical slip between the concrete slab and steel
plate/angle (V5-V8 in Fig. 4b). In this way, recorded data on the slip of
demountable specimens includes not only displacement between the concrete
slab and steel profile but also the slip in two shear planes: “steel plate/angle-
concrete slab” and “steel profile-steel plate/angle”.
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Fig. 4 Test set-up

Vertical displacements were measured on the top of the specimen. To
measure the horizontal separation between the concrete slab and steel profile,
profiled steel sheeting was locally cut on the rib as close as possible to headed
studs, and a glass plate was glued to the concrete to accomplish a smooth surface
for sensor movement.

The exception from the previously listed measured values was made in the
case of the specimen DLU-01, where two additional displacement transducers
for measuring the lateral horizontal separation between two segments of a
discontinuous slab were used. Sensors were placed on the top of the specimen.
However, it was observed that this displacement remained negligible during the
experiment (less than 0.5 mm), and it was not measured in further testing.

The applied force was measured by a load cell with a capacity of 1000 kN
placed on the top [35]. The loading regime was adopted according to EN 1994-
1-1, Annex B [27]. After the application of 25 loading cycles, further loading
was applied in one step, with a tendency that failure does not appear in less than
15 minutes. Data was recorded until the load dropped to 20% below the
maximum load.

2.3. Experimental testing of material

For steel components of the push-out specimens, material properties such
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as steel yield strength, ultimate strength and modulus of elasticity were obtained
through standardised tensile tests by defining stress-strain curves for each
material. A statistical evaluation was conducted according to the requirements
given in Annex D of EN 1990 [36]. The adopted geometry of steel coupons was
compliant with EN 1SO 6892-1 requirements [37]. The testing procedure was
conducted as a strain control, applying the uniform displacement rate of 0.1
mm/min up to 1% strain and setting the displacement rate of 2.2 mm/min
afterwards [38]. A digital extensometer was used for measuring strains, and the
gauge length was Lo = 50 mm. The only exception made was during testing
coupons taken from bolts where the application of a digital extensometer during
testing was not possible due to the small size of coupons; therefore, for
measuring strains, two strain gauges glued around coupon diameter were used.

The obtained stress-strain curves and geometries of coupons taken from
profiled steel sheeting, plate, profile flange, headed studs and bolts are shown
in Fig. 5. Considering that angles were formed from the plates, no coupons from
angles were taken. Material properties of all steel components are summarised
in Table 2.

Material properties of concrete were examined on concrete cubes 150 <150
% 150 mm. Concrete compressive strength fe e Wwas measured at the time of
specimen push-out testing. The average value of the concrete compressive
strength corresponding to each push-out specimen is given in Table 3 (Section
2.4).

profile flange

plate/angle
700 . 88, 55
[E e R et
6004, 60 , 8 60 | A
205 + 1 188
T
o
=)
7]
0
£
17}
200 ) Profiled sheeting
75 profiled sheeting
100 I — ;g & plate/angle
&0 105 60 X
1 Toaes T 1 —profile flange
0+ v i i r . v v v
0 5 10 15 20 25 30 35 40 45
Strain [%]
1200
bolt
s 28 -
1000 - uu:
12
T 800 - uJ
o
=
®
w 600 -
£
n
400
200 - ——bolts
——headed studs
] -
0 2 4 6 8 10 12 14

Strain [%]

Fig. 5 Stress-strain curves

Table 2
Material properties of steel components
Strain at
Yield strength Ultimate strength Me?ads:il:ist;f ultimate
Element strength
Mean  CoV ~ Mean  CoV Mean Mean
fy[MPa] [%] fu[MPa] [%] E [GPa] eu [%]
Profile flange 297.3 5.08 418.6 0.77 197.7 20.72
Plate/angle 357.1 0.85 520.7 0.84 200.7 17.06
Profiled sheeting 347.7 4.06 408.2 1.92 194.5 17.35
Headed stud 421.0 1.43 509.0 2.37 200.0 3.90
Bolt 928.9 2.64 966.5 2.14 204.0 -

2.4. Push-out test results and discussion

2.4.1. Failure modes
After push-out testing, specimens were demounted and failure modes were
observed. Each test resulted in concrete failure, as shown in Fig. 6. The failure
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modes of demountable D specimens and non-demountable S specimens are
equivalent, indicating the concrete pull-out failure, which is manifested through
the development of concrete cones. Concrete failure of a discontinuous concrete
slab of specimen DL agrees with the failure form of the continuous slab of
specimen D. DLU specimens reinforced with U-bars also feature concrete cone
failure, as detected on the right side of the specimen presented in Fig. 6d.
However, the left side of the DLU specimen, shown in Fig. 6d, indicates the
separation of the entire concrete ribs from the rest of the concrete slab.

Specimens with discontinuous slabs over the beam did not exhibit
longitudinal concrete splitting between a headed stud and a slab edge, though
the applied stud-to-edge distance had been set to 4d, which is smaller than the
required 6d according to EN 1994-1-1 [27]. It might be assumed that the vertical
angle leg reinforces the edge and contributes to the prevention of splitting
failure.

i |
*‘

(c) series DL

(d) series DLU

Fig. 6 Failure forms of specimens.

After removing the surrounding concrete, a certain deformation of welded
headed studs was observed in the form of a single curvature along the stud
height, but the deformation was not significant. No rupture of headed studs
occurred in any of the conducted push-out tests. Deformation of the plate and
angles was not detected, implying that plate bending on the contact with headed
studs did not appear for the selected thickness.

To demonstrate reassembling of a demountable shear connection, bolts
were dismantled after testing. Easy bolt removal proved the demountability of
the proposed shear connection. As plastic deformation was not observed in bolts,
it could be assumed that these connectors had an elastic response during the
experiment, as it was intended. Also, no deformation of the steel material around
bolt holes occurred in the steel plate and angles, nor the steel profile.

2.4.2. Load-slip curves

Load-slip curves obtained during push-out testing of non-demountable and
demountable specimens are presented in Fig. 7 and 8, respectively. For
demountable specimens, load-slip curves are given for the overall slip between
the concrete slab and steel profile and the slip in the “steel plate/angle-concrete
slab” plane. Ultimate load, stiffness at serviceability loads, slip and transverse
separation between a concrete slab and a steel profile are summarised in Table
3. For demountable specimens, the slip is also presented for the shear plane on
the contact between the steel plate/angles and the concrete slab. In addition, the
average values of concrete compressive strength fecue, Obtained at the time of
specimen push-out testing, are listed in Table 3. The characteristic load is
calculated according to statistical evaluation procedures given in Annex D of
EN 1990 [36] and the alternative method provided in Annex B of EN 1994-1-1
[27], which defines characteristic resistance as the minimum failure load
reduced by 10%. Stiffness at serviceability loads is obtained per headed stud
connector, i.e. bolt, at the load of 0.7Purex. The slip capacity is obtained
according to Annex B of EN 1994-1-1 [27] as the maximum slip in the post-
ultimate domain corresponding to 90% of the failure load.
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Fig. 8 Load-slip curves for demountable specimens

(a) Ultimate load

The measured ultimate loads of the tested connections are in the range of
240 to 274 kN. Comparisons of the ultimate loads of the series S, D, DL and
DLU are given in Table 4. As in all push-out tests, concrete failure occurred and
no rupture in bolts nor headed studs appeared, the experimental ultimate load
for each specimen, Puiexp, IS Normalised with concrete compressive strength to
compare load capacities of different test series. For normalisation on the
concrete strength of the series S of 35 MPa, the following relation is applied
[33]:

345

35 MPa)Z/3

Pult,exp,ncr = Pult,exp < 1. (1)

where fon, is the concrete cylinder compressive strength, calculated by
multiplying the concrete cube strength by 0.8. Correlation between specimens’
resistance is shown through the ratio Pyiexpnor/ Puttexpnorss Where Pgexp.nors iS the
mean value of the normalised ultimate load obtained for series S.

By accounting for the variation present between ultimate loads of
specimens from the same series, no significant dissimilarities in the load
capacity of the analysed shear connections were noted. Discontinuity of the
composite slab over the support does not significantly affect the resistance of
the shear connection for the set distance between a headed stud and slab edge
of 4d, as observed when comparing results shown for series D and DL. The
implementation of U-bars in series DLU influences the increase of the peak load
by approximately 5% compared with the DL specimens without stirrup
reinforcement. A match between average ultimate loads obtained for series S
and DLU indicates that the developed solution for a demountable shear
connection with bolts and headed studs corresponds well, at the point of shear
capacity, to the non-demountable connection with welded headed studs. Further
review of the adopted design of demountable connections is conducted within
the numerical parametric studies.

(b) Stiffness and ductility

According to the presented load-slip curves, all demountable specimens
feature initial slip at the beginning of loading, as observed in Fig. 8. However,
this initial slip is not present in the shear plane “steel plate/angle-concrete slab”
of demountable specimens, neither is it present for non-demountable specimens
(Fig. 7). The initial slip of demountable specimens is the result of bolt
movement inside the holes. As no pretension force was applied during bolt
mounting, bolt slip inside the hole starts at the early loading stage before
applying loading cycles. The measured initial slip due to bolt displacement has
values in the range of 0.25-0.70 mm, depending on the exact bolt position inside
the holes released during specimen mounting. As a result of the initial bolt slip
inside the holes, the average stiffness per stud connector is in the range of 18—
22 kKN/mm for demountable specimens, which is less than the stiffness of the
corresponding non-demountable connection (75 kN/mm).

After the initial slip of bolts inside the holes, the further behaviour of
demountable specimens is in agreement with the behaviour of non-demountable
specimens. In this stage, the slip of headed studs in the shear plane “steel
plate/angle-concrete slab” starts, and gradually becomes the dominant
component in the overall connection slip. Similar behaviour was observed for
all demountable specimens.

According to the obtained data shown in Table 3, it is noticed that most of
the demountable specimens feature larger slip at 90% of the ultimate load than
non-demountable specimens. Slip in the shear plane “steel plate/angle-concrete
slab” corresponding to 90% of the maximum load is less than the overall slip of
demountable connections and closer to the slip of non-demountable specimens.
The slip at load 0.9Pyiexp is below 6 mm for both S specimens, meaning that
connectors cannot be classified as ductile, whereas two out of three tested
demountable D specimens have slip capacity larger than 6 mm. It is noted,
though, that the overall slip of the demountable connection contains the initial
bolt slip. At demountable specimens with discontinuous slabs over the support,
a larger slip capacity is observed in connections with the applied U-bars (more
than 6 mm) than in connections without this reinforcement (less than 6 mm),
indicating that stirrups placed around headed studs may increase ductility of the
connection.

3. Numerical analysis
3.1. Development of finite element models

Numerical analysis including geometrical and material nonlinearities was
conducted in finite element software Abaqus [39]. For modelling of push-out
tests, the explicit solver was used, simulating the quasi-static analysis.

For the development of finite element models, all components of specimens
tested in push-out tests were considered: headed studs, bolts, concrete slabs,
profiled steel sheeting, steel profile, plate/angles and reinforcement bars. In
addition, a supporting plate which the concrete slab was laid on was created.
Components were modelled as solid parts, with two exceptions: profiled steel
sheeting was modelled as a shell part, and reinforcement bars were modelled as
truss parts.
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Table 3
Summary of push-out test results
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Concrete cube

Max. slip at 0.9Puit.exp

Transverse

X i X Ultimate load Stiffness . Total slip: Slip in shear plane: steel
Series Specimen compressive strength separation at Purtexp )
steel profile-concrete slab plate/angle-concrete slab
fecube [MPa] Pultexp [kN] Kse [kN/mm] [mm] Juk [mm] tSuk,ps [mm]
S-01 43.7 274.0 80 0.36 4.09
S-02 43.7 255.1 70 0.59 5.30
s Mean 264.6 75
St. deviation 13.36
CoV [%] 5.05
Characteristic - 172296 @ 3.68 @
D-01 43.1 244.0 24 0.28 6.68 5.43
D-02 43.1 245.0 21 0.84 13.06 -
D-03 43.1 239.5 18 0.24 3.73 2.20
D Mean 242.8 21
St. deviation 2.93
CoV [%] 1.21
Characteristic 233.0 W/215.6 @ 3.36 @ 1.98 @
DL-01 46.6 251.3 23 0.29 5.16 4.57
DL-02 46.6 250.6 20 0.68 5.75 4.97
DL Me’fln_ 251.0 22
St. deviation 0.49
CoV [%] 0.20
Characteristic -(M/2255@ 4.64 @ 4110
DLU-01 46.6 267.8 15 0.67 10.66 9.25
DLU-02 46.6 263.0 21 0.75 7.67 6.74
DLU Me’fln. 265.4 18
St. deviation 3.39
CoV [%] 1.28
Characteristic -M/236.7@ 6.90 @ 6.07 @
*W according to EN 1990 [36], @ according to EN 1994-1-1 [27]
Table 4
Comparison of test series
Concrete cylinder . Normalised ultimate Mean value of the nor- . .
. . . Ultimate load . . Ratio Ratio
Series Specimen compressive strength load* malised ultimate load
fcm [MPa] Pult,exp [kN] Pul!‘exp,nor [kN] Pult,exp,nnr [kN] Pul!,exp,nor /Pult,exp‘nor,s Pull,exp‘nor /ﬁult‘exp,nor,s
S-01 35.0 274.0 274.2 1.04
S S-02 35.0 255.1 255.3 264.8 0.96 100
D-01 345 244.0 246.4 0.93
D D-02 345 245.0 2475 245.3 0.93 0.93
D-03 34.5 239.5 241.9 0.91
DL-01 373 251.3 240.9 0.91
bL DL-02 37.3 250.6 240.3 2406 0.91 091
DLU-01 373 267.8 256.8 0.97
bLU DLU-02 37.3 263.0 252.2 2545 0.95 0.9

*normalised with fem = 35 MPa

Double vertical symmetry conditions were applied to models, as presented
in Fig. 9a. All points at the top surface of the steel cross-section were
constrained to the reference point to which vertical loading was applied. Nodes
at the bottom surface of the supporting plate were also constrained to the
reference point setting the fully fixed boundary condition.

0)

Z - symmetry (U3=R1=R2=0)

=R2=R3:

X - symmetry (U1

U1=U2=U3=0 z
R1=R2=R3=0

U1=U2=U3=0
R1=R2=R3=0

(a) boundary conditions

(b) finite element mesh

Fig. 9 Finite element models

For connecting headed studs with the surface to which they were welded
(steel profile, plate or angles), the tie constraint was used, while for setting
proper contact conditions between reinforcement bars and the concrete slab, the
embedded constraint was applied. For the other contacts between parts, surface-
to-surface contact was assigned, applying “hard” contact in the normal direction
and setting different friction coefficients in the tangential direction:

- concrete slab-supporting plate 0.45,
- concrete slab-headed stud 0.45,
- concrete slab-profiled sheeting 0.45,
- concrete slab-steel profile/plate/angle  0.30,
- between steel parts 0.20.

Loading was applied as a controlled displacement, using the smooth step
amplitude function. The duration of the experiment was set to 1000 s, whereas
the mass scaling method was applied with a time increment of 0.003 s.

The complexity of the numerical model and large zones in the concrete slab
where cracks propagate influenced a large total number of finite elements (up
to 878 757), necessary for simulating a proper model response. Hence, a
reduction in computing time was essential. As efficient elements at the point of
the computing time, 8-node linear hexahedron elements with reduced
integration C3D8R were applied to solid parts, and 4-node linear quadrilateral
elements with reduced integration S4R were applied to shell parts [40]. For
meshing truss parts, 2-node linear elements T3D2 were used. The optimum size
of finite elements on different parts was adopted according to the mesh
convergence study. The smallest size of elements was applied to headed studs
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and surrounding concrete (2 mm), whereas the largest elements were assigned
to the periphery regions of the model where the development of cracks and
failure were not expected (10 mm), as shown in Fig. 9b.

Material models applied in the numerical analysis were based on the
experimental testing of the material. To describe the material behaviour of the
steel components in the elastic domain, the measured modulus of elasticity and
Poisson's ratio of 0.3 were set. True stress-strain curves [39] obtained from
experimental stress-strain curves of coupon testing were used to define material
response in the plastic domain, as presented in Fig. 10. Since damage of steel
components did not occur during experimental push-out tests, ductile and shear
damage material models were not considered in the numerical analysis.

1200

—+— headed stud = bolt
1000 4 - - 4~ steel profile plate/angle
= profiled sheeting
o
= 800 4
]
]
£ 600 4
0 PP e 2 =T A
g e
= 400 3 T
= a-
=k
200 4
0
0.00 0.05 0.10 0.15 0.20 0.25 0.30

True plastic strain [-]

Fig. 10 True stress-strain curves for steel components

Since reinforcement bars were not tested in tensile tests, the material model
for reinforcement was adopted as a bilinear model, according to EN 1992-1-1
[41]. The modulus of elasticity was defined with yield strength set to 500 MPa.
A top branch of the stress-strain curve was assumed to be horizontal. The
adopted approximations are justified by the fact that stress in bars does not
exceed 130 MPa during simulations, as shown in Fig. 19.

As the failure of all push-out specimens was the failure of concrete, it was
essential for numerical modelling to apply the material model for concrete
which provides good predictions of the behaviour of concrete slab cast in open
trough profiled steel sheeting. Although several approaches for defining the
Concrete Damage Plasticity model were considered, the best results were
obtained by applying the model proposed by Pavlovi¢ [12]. For describing
concrete behaviour in the elastic domain, the modulus of elasticity and
Poisson’s ratio of 0.2 were applied. For defining compressive response in the
plastic domain, the concrete stress-strain relation was described by the curve
given in EN 1992-1-1 [41] and appropriate sinusoidal and linear function
extensions, according to Fig. 11. EN 1992-1-1 provides the following equation
for describing the concrete stress-strain relation for strains up to & (points A—
D in Fig. 11):

ke -2
O'C(SC) :fcm ﬁ’ & S €l (l)
where:
n= (@)
k=1.05¢, ’j— ®)

&1 IS a compressive strain in the concrete at the peak stress fem, and eq = eaup iS
the ultimate compressive strain of concrete. According to EN 1992-1-1 [41],
values of strains ¢¢ and ey are defined as functions of the concrete compressive
strength.

For high strains beyond e, the following equation proposed by Pavlovié¢
[12] was implemented, including the sinusoidal part (points D-E in Fig. 11) and
linear part (points E-F in Fig. 11):

. 1 sin(uD-oqg w/2) | u ]
I ST me) | K <g. <
) _{/cm [/; pointag w2) a2 fuD S Ee = ek @)
c\&c
[fcug(gch - gc) +f;:up(€c - gcuE)]/(gch - gcuE), &~ EcuE
where:
_ _c~EcuD
#= EeuE ~€cuD ®)
P
— Jom 6
F Jeup ©)

347

o=t ™

Jeur

ap and age are factors that influence the shape of the sinusoidal function,

feue and foure are compressive stresses at the points E and F, according to Fig. 11,
&by € @Nd &qr are compressive strains at points D, E and F, respectively,
according to Fig. 11.

As the applied material model is flexible at the point of adopting the exact
shape of the sinusoidal function and stress and strain values at points E and F,
parameters were calibrated to match experimental results and keep the curve
smooth. The adopted values of parameters are: o = 8, ap = 0.50, a = 0.60, &cue
=0.05, &eur = 0.20, and fer= 0.40 MPa.

Concrete compression damage was described using the compressive
damage variable D, derived from the uniaxial stress-strain curve and described
by the following equation:

De=1~tm ®)

Ic

35 A-D  EN 1992-1-1
ing D-E  sinusoidal extension
1D fp E-F linear extension

Uniaxial compression stress

006 008 010 012 014 016 0.18
Uniaxial compression strain [-]

000 0.0z 004

Fig. 11 Stress-strain curve for concrete behaviour in compression (fem = 37.3 MPa)

Concrete behaviour in tension was described by linear stress-strain relation
in the elastic domain up to concrete tensile strength fom, Whereas sinusoidal
function was used for describing tension softening until the stress fm/20 [12].
Concrete tension damage was described similarly as concrete compression
damage using the tensile damage variable Dy, according to the relation:

D=1 —lom ©

Ot

The dilation angle required for defining the Concrete Damage Plasticity
model was adopted as 38< as performed in several other studies [33,42]. Other
parameters were set according to recommendations given in the software user
manual [39]: flow potential eccentricity as 0.1, the ratio of equibiaxial-to-
uniaxial compressive strength as 1.16, and parameter K, which represents the
ratio of the second stress invariant on the tensile meridian to that on the
compressive meridian, as 0.67.

3.2. Validation of numerical results

To validate developed finite element models, their behaviour was compared
with the behaviour of the experimental specimens by analysing the load-slip
response, deformation of connectors and failure modes. Load-slip curves
obtained by finite element analysis are compared with experimental load-slip
curves in Fig. 12. Good agreement is accomplished between the load-slip
response of experimental push-out specimens and corresponding finite element
models. The mean values of ultimate loads obtained by experimental testing and
the ultimate loads obtained through numerical simulations are compared in
Table 5. The maximum relative difference in results is 5%.

The behaviour of numerical models corresponds to the behaviour of push-
out test specimens observed during experimental testing. Deformed shapes and
stress in bolts and headed studs of model D are presented in Fig. 13. The slip of
bolts is pronounced at the beginning of loading. After bolt-to-hole clearances
are voided, headed studs start slipping. At the total connection slip of 2 mm and
6 mm, the slip of bolts remains almost the same (0.82 mm and 0.87 mm,
respectively), whereas the slip of headed studs increases (from 1.22 mm to 5.13
mm). The increase of the stress in headed studs is noticed along with a
deformation increase. The concentration of stress above the material yield
strength in the stud shank just above the weld collar influences the development
of a plastic hinge. Another concertation of stress occurs at the top half of the
stud shank, although the hinge is not completely formed across the stud cross-
section. The deformed shape of a headed stud in the form of a single curvature
along stud height corresponds to the one observed during experimental testing.
The highest stress in bolts is below the material yield strength. Changes in the
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stress in bolts are minor at the connection slip of 2 mm and 6 mm, and the bolt
deformation remains insignificant, as noticed during experimental testing. A
similar connection behaviour is detected in other demountable models, DL and
DLU.

Developed numerical models are able to predict the actual failure modes of
push-out test specimens. Crack patterns in concrete slabs of different models
presented in Fig. 14 indicate the development of concrete cones and final pull-
out failure. Concrete cones of presented connections have slightly different edge
slopes, from 23<°to 27 < Numerical models also showed the concrete damage
occurring in front of the headed studs, indicating rib punching due to the narrow
width of the ribs.

Table 5
Comparison of the experimental and numerical ultimate loads
Concrete compressive Ultimate load Ratio
Series strength EXP FEA FEA/EXP
fcm [MPa] }_)ull,exp [kN] Pult,fea [kN] pult.fea”_jult‘exp
S 35.0 264.6 262.5 0.99
345 242.8 255.3 1.05
DL 37.3 251.0 248.2 0.99
DLU 37.3 265.4 271.6 1.02
300
250 4
200 7
Z o
=450
B = —D-FEA
3100 —S-FEA 100 {/ D01
50 S0 50 —b-02
—5-03 —D-03
0 : ‘ : . 0 —
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Slip [mm] Slip [mm]
(a) model S (b) model D
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Fig. 12 Comparison of the experimental and numerical load-slip curves
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Fig. 13 Headed studs and bolts at the connection slip of 2 mm and 6 mm
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Fig. 14 Concrete crack patterns

4. Parametric studies

Based on the validated numerical models simulating push-out tests,
parametric studies were performed to evaluate the effects of key parameters on
the demountable shear connection response. Tested parameters included the
plate and angle thickness, the distance between the headed stud and slab edge,
and the stirrup position along the stud height.

4.1. Effect of the plate and angle thickness

Effects of the plate and angle thickness on the connection response were
studied on the demountable models D and DLU, varying the dimension in the
range from 4 mm to 10 mm. Load-slip curves presented in Fig. 15 (curves are
presented without the initial bolt slip) and a comparison of ultimate loads given
in Table 6 indicate that the responses of models with the plate thickness of 8
mm and 10 mm do not differ. On the other hand, a decrease of the plate thickness
below 8 mm induces a drop in the connection shear resistance, notably
pronounced in the case of the plate thickness of 4 mm. A drop in the shear
resistance when angle thickness is reduced from 8 mm to 6 mm (9%) is more
pronounced than a drop in the shear resistance when the plate thickness is
reduced to the same value (4%).

Plate deformation in the area near welded headed studs was analysed to
explain the obtained results. Out-of-plane deformation at the slip of 6 mm is
shown in Fig. 16. An increase in the plate deformation with a decrease in the
plate thickness is present. For the plate thickness of 4 mm, the maximum
deformation is 1.75 mm, whereas for the plate thickness of 10 mm, it is 0.25
mm and cannot be visually noticed. Deformation of the plate induces a certain
rotation of the stud connector which results in lower resistance to shear.

In order to minimise the plate deformation, additional models were
developed with an added pair of bolts between two pairs of headed studs in the
longitudinal direction. It was tested if the additional bolts may fix the plate to
the profile flange and increase the plate stiffness. However, results showed that
the plate deformation had a strictly local character and consequently, the
implementation of the additional bolts did not affect the connection response.
The deflection of the plate with the added bolts was negligibly smaller in
comparison with the corresponding basic model. In terms of ultimate loads,
relevant differences in the response of the two models were not noticed for any
of the applied plate thicknesses, as presented in Table 7. Results validate the
application of bolts in two times larger longitudinal spacing than headed studs,
leading to savings in material consumption and construction time.

According to Fig. 15, for both plate and angle, the optimum thickness is 8
mm for the applied 16 mm diameter headed stud. Results are in agreement with
the rules given in EN 1994-1-1 [27] regarding the relationship between the
headed stud diameter and the thickness of the part to which the stud is welded,
requiring the part thickness greater than 0.4d, where d is the stud shank diameter.
In order to confirm if the same applies in the general case, 12 additional
numerical models of demountable connections with continuous slabs over the
support were developed with varied diameters of headed studs (16, 19 and 22
mm), stud heights (100 and 125 mm) and concrete classes (C20/25-C50/60). In
each model, bolt diameter was chosen to keep the ratio between the headed stud
and bolt resistance lower than 0.70, whereas plate thickness was adopted as
greater than 0.4d. Additional models of non-demountable connections were
formed as well. A comparison of obtained ultimate loads of corresponding
demountable and non-demountable connections is illustrated in Table 8. A
strong match between the ultimate loads of demountable and non-demountable
models confirms the validity of the proposed demountable connection design
with a plate thickness greater than 0.4d.
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Table 6

Ultimate loads for varied plate and angle thickness
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Plate/angle D (continuous slab above the support) DLU (discontinuous slab above the support)
No. thickness Concrete strength Ultimate load Ratio Concrete strength Ultimate load Ratio
tp [mm] fem [MPa] Puit fea [KN] Puit fea,(i)/ Pult fea,(3) fem [MPa] Puit fea [KN] Puit fea,(i)/ Pult fea,(3)
() 4 345 218.7 0.86 37.3 216.2 0.80
@) 6 345 245.4 0.96 37.3 2475 0.91
©) 8 345 255.3 - 37.3 271.6 -
(4) 10 345 259.7 1.02 37.3 271.3 1.00
Table 7
300 Ultimate loads for models with two and three bolts in the longitudinal direction
Ultimate load
Plate Concrete Two bolts in Three bolts in Ratio
thickness strength the long. the long.
direction direction
tp [mm] fem [MPa] Puit fea,20 [KN] Puit fea 30 [KN] Puit fea 30/Put fea 2
- - - -plate thickness 4 mm 4 345 218.7 219.8 1.01
1907 ----plate thickness 6 mm 6 34.5 245.4 248.5 101
50 - ——plate thickness & mm 8 345 255.3 257.4 1.01
- plate thickness 10 mm 10 345 259.7 267.7 1.03
0 ; ; , ,
0 2 4 slip ?mm] 8 10 2 4.2. Effect of the stud-to-edge distance
(a) model D In connections with discontinuous slabs over the support, the distance
200 between the headed stud and slab edge in the lateral direction is an important
parameter that should be carefully adopted in design. Although EN 1994-1-1
250 A [27] requires the minimum stud-to-edge distance of 6d in the general case,
experimental results proved that the developed demountable connection with
200 1 the stud-to-edge distance of 4d has equal resistance to the non-demountable
g connection with a continuous slab over the beam. The effect of the stud-to-edge
o150 A - - . ] - ; .
g distance is assessed through parametric analysis by varying the distance in the
400 4 — - —angle thickness 4 mm range from 3d to 6d in the model DLU. The parametric study also covered
----angle thickness 6 mm demountable connections with discontinuous slabs without the vertical angle
50 4 ——angle thickness 8 mm leg on the slab edge (models labelled as NDLU in Fig. 17) to determine if the
"""" angle thickness 10 mm presence of a steel angle contributes to the connection resistance.
0 0 5 . 5 5 10 12 Load-slip curves shown in Fig. 17 exibit distinct differences present
Slip [mm] between models with and without ver'tlcal angle Iegs,_ indicating that the st_eel
element on the slab edge plays an important role in the shear connection
(b) model DL

Fig. 15 Load-slip curves for varied plate thickness and angle thickness
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Fig. 16 Plate deformation at the slip of 6 mm

response. The connection with angles and stud-to-edge distance of 3d has
almost the same resistance as the connection without angles, with stud-to-edge
distance of 6d. However, the latter one is characterised by almost two times
smaller slip capacity.

DLU ..
i 1
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Fig. 17 Load-slip curves for varied stud-to-edge distance

Comparisons between ultimate loads for chosen different slab-to-edge
distances and models with and without angles are given in Table 9. An increase
in the ultimate load with the increase in the slab-to-edge distance is more
pronounced when the slab edge is without the angle than when angles are
applied. The shear resistance of the models with angles is 11-21% higher
compared to the models without angles. The increase in the ultimate load when
angles are applied is more distinct for smaller slab-to-edge distances.
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Table 8
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Comparison of the resistance of demountable and non-demountable shear connections

Stud Stud Slab Bolt Plate Concrete  Concrete Ultimate load per connector Ratio
diameter height depth diameter  thickness class strength Demountable connection Non-demountable connection
d [mm] hsc [mm] h [mm] dy [mm] tp [mm] - fem [MPa] Puit fea,0 [KN] Puit fea,s [KN] Puitfea,0/ Pultfeas
16 100 120 12 8 C20/25 28.0 29.98 30.91 0.97
16 100 120 12 8 C30/37 38.0 34.51 34.91 0.99
16 100 120 12 8 C40/50 48.0 37.71 38.01 0.99
16 100 120 12 8 C50/60 58.0 40.26 40.66 0.99
19 125 150 16 8 C20/25 28.0 4351 42.15 1.03
19 125 150 16 8 C30/37 38.0 49.76 47.61 1.05
19 125 150 16 8 C40/50 48.0 53.16 52.53 1.01
19 125 150 16 8 C50/60 58.0 57.13 56.15 1.02
22 125 150 16 10 C20/25 28.0 53.28 54.61 0.98
22 125 150 16 10 C30/37 38.0 61.65 62.71 0.98
22 125 150 16 10 C40/50 48.0 66.65 66.89 1.00
22 125 150 16 10 C50/60 58.0 70.68 69.99 1.01
Mean 1.00
Coefficient of variation [%] 2.28
Correlation coefficient 0.997
Table 9
Ultimate loads for varied stud-to-edge distance
Distance between the Concrete DLU (with angle) NDLU (without angle) Ratio
No.  headed stud and slab edge strength Ultimate load Ratio Ultimate load Ratio
es[-] fem [MPa] Puit fea,pLu [KN] Puit fea, bLU() /Pult fea,bLU(2) Puit fea,noLU [KN] Puit fea NDLU()) /Pult fea NDLU(2) Puit fea,oLU /Pult fea, NDLU
1) 3d 37.3 256.5 0.94 2135 0.95 1.20
) 4d 37.3 271.6 - 224.2 - 121
3) 5d 37.3 262.1 0.97 237.0 1.06 111
(4) 6d 37.3 280.0 1.03 251.9 1.12 1.11
Table 10
Comparison of the resistance of demountable shear connections with continuous and discontinuous slabs
Stud Stud Slab Bolt Angle U-bar Dt:;a;;:: dte)zt::szn Concrete Disconl:::JTj:es::zd il C(Z]:r?;;:rous o Ratio
diameter height depth diameter  thickness  diameter strength
and angle over the beam over the beam
d[mm] hsc [mm] h [mm] dp [mm] tp [mm] @ [mm] es[-] es[mm] fom [MPa] Puitea,pLu [KN] Puitea,p [KN] Putt fea, oL U/Pult fea,0
16 100 120 12 8 8 3d 48 28.0 26.98 29.98 0.90
16 100 120 12 8 8 3d 48 38.0 31.98 3451 0.93
16 100 120 12 8 8 3d 48 48.0 35.69 37.71 0.95
16 100 120 12 8 8 3d 48 58.0 38.55 40.26 0.96
16 100 120 12 8 8 4d 64 28.0 29.61 29.98 0.99
16 100 120 12 8 8 4d 64 38.0 34.03 34,51 0.99
16 100 120 12 8 8 4d 64 48.0 37.06 37.71 0.98
16 100 120 12 8 8 4d 64 58.0 40.53 40.26 1.01
19 125 150 16 8 10 3d 57 28.0 42.03 43.51 0.97
19 125 150 16 8 10 3d 57 38.0 47.79 49.76 0.96
19 125 150 16 8 10 3d 57 48.0 52.01 53.16 0.98
19 125 150 16 8 10 3d 57 58.0 55.98 57.13 0.98
19 125 150 16 8 10 4d 76 28.0 4511 43,51 1.04
19 125 150 16 8 10 4d 76 38.0 50.64 49.76 1.02
19 125 150 16 8 10 4d 76 48.0 55.25 53.16 1.04
19 125 150 16 8 10 4d 76 58.0 58.80 57.13 1.03
22 125 150 16 10 12 3d 66 28.0 53.15 53.28 1.00
22 125 150 16 10 12 3d 66 38.0 61.63 61.65 1.00
22 125 150 16 10 12 3d 66 48.0 67.09 66.65 1.01
22 125 150 16 10 12 3d 66 58.0 72.76 70.68 1.03
22 125 150 16 10 12 4d 88 28.0 56.60 53.28 1.06
22 125 150 16 10 12 4d 88 38.0 64.81 61.65 1.05
22 125 150 16 10 12 4d 88 48.0 71.01 66.65 1.07
22 125 150 16 10 12 4d 88 58.0 76.79 70.68 1.09

It is concluded that the presence of angles in demountable connections with
discontinuous slabs over the beam provides a considerable contribution to the
shear connection resistance and ductility. The vertical angle leg reinforces the
slab edge and prevents the splitting of concrete and early failure. When angles
are applied, the minimum stud-to-edge distance of 6d, required in EN 1994-1-1
[27], might be reduced, retaining the high connection resistance to shear.

In order to provide further directions for the selection of the optimum stud-
to-edge distance, parametric analysis was extended to connections with
different headed stud diameters (16, 19 and 22 mm), stud heights (100 and 125
mm) and concrete classes (C20/25-C50/60). Models of demountable

connections with discontinuous slabs were formed by applying stud-to-edge
distances of 3d and 4d. All models included U-bars with a diameter of at least
0.5d, whereas the bolt diameter and angle thickness greater than 0.4d were
adopted as previously done for demountable connections with continuous slabs
(Section 4.1). A comparison between ultimate loads obtained for demountable
connections with discontinuous slabs and corresponding models with
continuous slabs is presented in Table 10. A direct proportionality between stud-
to-edge distance and the ratio comparing ultimate loads of two corresponding
connections with continuous and discontinuous slabs was not observed.
However, analysing the set of data, an adequate correlation between the ratio
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Putfea,oLu/Puiteap and value of esfen*! was detected:

PultfeaDLU _ 22797 esfémO'l 10+ 0.7799 (10)

Pult fea D

where e is the stud-to-edge distance in mm, and fo is the cylinder compressive
strength of concrete in MPa. For the defined linear regression model, the
coefficient of determination R? is 0.93.

According to the proposed equation, the appropriate stud-to-edge distance
for accomplishing equal resistance of the shear connections with continuous and
discontinuous composite concrete slabs is possible to define. According to
values presented in Fig. 18, the resistance of the connection with a
discontinuous slab for the adopted stud-to-edge distance of at least 70 mm is not
expected to be smaller than that of the corresponding demountable connection
with a continuous slab.
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Fig. 18 Relation between shear resistance of demountable shear connections with
discontinuous and continuous slabs

4.3. Effect of the stirrup bars

Experimental results showed that the presence of stirrup reinforcement
passing around headed studs increases resistance and ductility of demountable
shear connections with discontinuous slabs over the support. Numerical models
confirmed the activation of U-bars during the loading, showing that the increase
of stress in stirrup bars follows the loading of the specimen. The highest stress
in U-bars corresponds to the moment when the ultimate load is reached, as
presented in Fig. 19.
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Fig. 19 Activation of U-bars during the loading of model DLU

In the experiment, U-bars were put at the level of the top surface of profiled
sheeting ribs, as such a position enabled simple installation (marked as position
1in Fig. 20). By avoiding the bar placement inside the rib, enough space inside
the sheeting rib was provided for concrete casting. Bar position along the stud
height was varied in numerical models, and results are compared in Fig. 20 and
Table 11. Although EN 1994-1-1 [27] suggests placing U-bars as low as
possible to account for the concrete cover layer, differences in the connection
behaviour between models with U-bars closer to the weld collar (positions 2 and
3) were not considerable compared to the basic model (position 1). However,
the resistance is decreased in the model with U-bars placed just below the stud
head (position 4). Finally, it is recommended to place U-bars at the level of the
top surface of profiled sheeting ribs or within the sheeting rib if adequate
concrete compaction is possible to accomplish.
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Table 11
Ultimate loads for the varied stirrup position
. Concrete . .
No. s“rr_up strength Ultimate load Ratio
position
fem [MPa] Puitfea [KN] Puit,fea,(i)/Pultfea,1)

@) 1 37.3 2716 -

)] 2 37.3 263.3 0.97

3) 3 37.3 263.4 0.97

4) 4 37.3 255.2 0.94

= |
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s

position 4

Slip [mm]

Fig. 20 Load-slip curves for the varied stirrup position

5. Conclusions

This study presents a demountable shear connection with welded headed
studs and bolts. Load-slip behaviour of the connection was investigated
experimentally through static push-out tests, and numerically through
corresponding finite element models. Numerical parametric studies were
conducted analysing the effects of the plate and angle thickness, stud-to-edge
distance and stirrup reinforcement position. A database of numerical models
including different connection geometries and concrete strengths was formed.
According to the findings, several conclusions can be inferred:

(1) Demountable shear connections with bolts and welded headed studs cast
in profiled steel sheeting could be realised with continuous or discontinuous
concrete slabs over the supporting beam. Both proposed solutions show a
similar resistance and failure mode as the corresponding non-demountable shear
connection with welded headed studs. The failure is characterised by the
separation of the concrete cone from the rest of the slab.

(2) The main difference in the response of demountable and non-
demountable connections is reflected in the slip. The total slip of the
demountable connection is the sum of the bolt slip and the slip of welded headed
studs. Bolt slip is dominant in the initial loading stage due to the presence of
bolt-to-hole clearances. In the later stages of loading, after bolt-to-hole
clearances have been voided, the slip of headed studs becomes a dominant
component in the total slip of the connection.

(3) The thickness of the plate and angles affects the behaviour of the
demountable shear connection. Insufficient plate or angle thickness may induce
plate deformation and result in a lower connection resistance. In order to avoid
the reduction in the connection resistance, the plate or angle thickness should
be greater than 0.4d, where d is the stud shank diameter.

(4) In addition to the primary function of accomplishing connection
demountability, angles applied on the edges of discontinuous concrete slabs
have a reinforcing role. Connections without the vertical angle leg on the slab
edge have smaller resistance and ductility than those with angles. Reduction in
the resistance when angles are avoided is in the range of 11-21% for the
analysed connections.

(5) The transverse distance between welded headed studs and the slab edge
affects the resistance of the demountable connection with a discontinuous slab.
However, if angles are applied on the slab edge, a decrease in the connection
resistance with the reduction of the stud-to-edge distance is less pronounced.
Moreover, the minimum stud-to-edge distance of 6d, required according to EN
1994-1-1, might be reduced in the case angles are used. It is recommended to
place headed studs at a distance of at least 70 mm from the vertical angle leg.

(6) Implementation of stirrup U-bars passing around headed studs increases
resistance and ductility of the demountable connections with discontinuous
slabs over the beam. U-bars with a diameter of at least 0.5d should be placed
around headed studs at the level of the top surface of profiled sheeting ribs or
within the sheeting rib.

All listed conclusions apply if the demountable connection with welded
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headed studs and bolts is appropriately designed to avoid the plastic deformation
of bolts. Resistance of the shear connection designed according to the proposed
recommendations may be assumed to be equal to the resistance of the
corresponding non-demountable shear connection with welded headed studs
and continuous slab over the beam.
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ABSTRACT

ARTICLE HISTORY

This paper reported the low-temperature ultimate strength behaviours of steel-concrete composite beams (SCCBs) from
material to structure levels. Firstly, low-temperature mechanical properties of constructional materials in SCCBs, e.g.,
concrete, headed studs, and mild steel plate for I-beams, were experimentally studied. The studies on constructional
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materials showed that decreasing the temperature (T) from 20 to -80 °C, the strength and ductility of headed studs and I-

beam were generally increased; the decreasing T increased the strength, but reduced the ductility of concrete. Followed, the
shear and tensile behaviours of headed studs in concrete at different T levels of 20~-80 °C were experimentally investigated.
Test results showed that decreasing T from 20 to -80 °C increased the shear and tensile resistance of headed studs, but
showed different effects on ductility. Four-point bending tests on three SCCBs were performed at T of 20, -30 and -60°C to
investigate the low-temperature ultimate strength behaviours. These tests showed that at low temperatures all SCCBs failed
in flexure with crushing of top concrete slab and yielding of bottom I-beam. Decreasing T from 20 to -30 and -60°C
increased the ultimate strength of SCCBs by 10% and 24%, respectively. A series of prediction equations were proposed to
incorporate the effects of the decreasing T on compressive and tensile strength of concrete, shear and tensile capacity of
studs, and ultimate bending resistance of SCCBs. Their accuracies have been validated by these material and member tests.

Copyright © 2023 by The Hong Kong Institute of Steel Construction. All rights reserved.
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1. Introduction

Steel-concrete composite (SCC) structure, in terms of an upper concrete
slab connected to an underneath steel beam/plate (usually 1-beam, or box
section), is a relatively new type of structure that has been extensively applied
in engineering structures. The extensive applications of SCC structures (SCCSs)
in civil engineering constructions include composite floors, composite beams,
bridge girders, and ice-resistant walls for the Arctic platforms. More recently,
the applications of cold-region SCC engineering constructions keep increasing,
e.g., the SCC bridge in Canada [1, 2], the Lhasa River Bridge in Northern China
[3], and the Arctic oil platforms [4, 5].

In cold regions, the cooling environment with varying low temperatures in
different seasons brings challenges to engineering constructions. According to
the reports by Stepanova [6], the lowest temperature near the Arctic Circle at
Verkhoyansk Siberia was -72 °C. Meanwhile, the lowest temperature in the
record of Northern China could drop to -50 °C [7]. These low temperatures
definitely affect the mechanical properties of structural materials, steel-concrete
interfacial bonding, and behaviours of SCCSs. Previous experimental
investigations [8-10] showed that dropping temperature from the ambient to
sub-zero increased the strengths but reduced the ductility of mild steel; however,
due to the increased content of Niccolum in steel, the Arctic low temperatures
have marginal influences on the ductility of high-strength steels, e.g., S690 [11],
Q690 and Q960 [12]. Amounts of research works also showed that the concrete
exposed to sub-zero temperatures received increased compressive strengths
with large variations [13-15]. Moreover, the influences of sub-zero temperatures
on the improved concrete compressive strength are independent of mix
proportions and curing conditions of concrete [13]. MacLean and Lloyd [16]
proposed the stress-strain constitutive law for concrete at low temperatures.
Regarding the steel-concrete interfacial bonding strength at low temperatures,
Yan et al. [17] observed that decreasing the temperature from 30 to -80 °C
increased the bond strength by more than 200%. Dalen [1] contributed to the
low-temperature shear resistance of connectors in SCC beams (SCCBSs).
However, the low temperatures studied by Dalen [1] were limited to -10 and -
20 °C which were still much higher than the severest low temperatures in cold
regions. Low-temperature structural studies of reinforced concrete (RC)
members have been reported on bridge columns [18-21], RC beams [22, 23],
FRP reinforced RC beams [24-26], and FRP confined RC columns [27, 28].
These studies focused on the evaluation and retrofitting of aged cold-region
infrastructures in Canada. However, they were mainly performed for RC
structures. Long et al. [2] checked the fatigue behaviours of SCCBs at the low
temperature of -29 °C, which provided limited information on the SCCBs at
even lower temperatures. More recently, Yan et al. [29-34] contributed to
compression performances of steel tubes and composite columns with mild
strength, high strength and stainless steel tubes. More extended studies on
compression behaviours of SCC walls have also been reported in Ref. [35-37].

All these researches showed that the sub-zero temperatures significantly
improved the compression behaviours of composite members, e.g., improved
compression capacity and ductility. However, as the key structural elements in
the composite bridges or other infrastructures, the studies on behaviours of
SCCBs are still very limited. Their low-temperature behaviours have not been
understood. Therefore, it is necessary to carry out researches on ultimate
strength behaviours of SCCBs at Arctic low temperatures.

This paper performed a series of studies on low-temperature ultimate
strength behaviours of SCCBs from the material, component, and structural
levels. Firstly, the low-temperature mechanical properties of steels and
concretes involved in SCCBs were studied. Followed, push-out and pull-out
tests were performed to study the shear and tensile behaviours of headed studs
used in SCCBs, respectively. Finally, four-point bending tests on SCCBs at low
temperatures were carried out. Including the experimental studies,
corresponding analytical models were also developed to estimate the low-
temperature ultimate strength of SCCBs.

2. Components in SCCBs and research objectives

Fig. 1 illustrates the different components in a typical SCCB, i.e., I-beam,
concrete slab, steel reinforcements, and headed studs. Exposed to sub-zero
temperatures, the mechanical properties of concretes and steels in SCCBs at low
temperatures required detailed investigations. Moreover, the low-temperature
bonding strength at steel-concrete interface also determines the cross-sectional
bending behaviour of SCCB as well as uplifting of concrete slabs from the
underneath I-beam. The low-temperature bonding strength at steel-concrete
interface mainly comprises shear strength of bonding connectors along the
tangent direction of interacting interface and pull-out resistance of connectors
normal to this interacting interface. Finally, four-point bending tests on SCCBs
were carried out for investigations on their sub-zero ultimate strength
behaviours. All these experimental studies provided detailed information on the
low-temperature ultimate strength behaviour of SCCBs.

3. Low-temperature materials properties of concrete in SCCBs
3.1. Concretes

Grade C45 normal weight concrete (NWC) was selected for SCCB in this
study, and its mix proportions are given in Table 1. To obtain its low-
temperature mechanical properties at -80, -60, -30, and 20 °C, three concrete
cubes (width=100 mm) and three prisms (width xdepth ><height = 100 <100 =
300 mm?®) at each T level were prepared for the compression tests whilst cubes
with the same dimension were prepared for the splitting tension tests. All these
cubes/prisms were standardly cured, and corresponding tests were carried out at
28 days after NWC casting.
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Fig. 1 Research objectives on steel-concrete composite beam at low temperatures

Table 1
Mix proportions of the normal weight concrete

Concrete wic We Cement Water  Fine aggregate  Coarse aggregate
grade (%)  (kg/m®)  (kg/m3) (kg/m?®) (kg/m?®)
C45 0.45 4.66 487 219 614 1080

wi/c denotes water-to-cement ratio of NWC; W, denotes moisture content of NWC.
3.2. Low-temperature uniaxial compressive behaviours of NWC

3.2.1. Test setup

Sub-zero compressive behaviours of NWC were obtained from
compression tests on NWC prisms in a 500-ton testing machine. The setup of
low-temperature compression tests on NWC prisms is given in Fig. 2. The NWC
prism was firstly cooled down to the target temperature at a rate of 1 °C/min in
a cold storage and maintained at this temperature for at least 48 h. Then the
prism was transferred to the 500-ton testing machine equipped with a cooling
chamber. During the testing, a cooling chamber surrounding the prism with
spraying liquid nitrogen gas (LNG) was adopted for the simulation of low-
temperature environment. During the testing, one PT100 type of thermocouple,
embedded in each prism during the casting, was used to measure the
temperature of prism, and another four PT100 thermocouples were used for
monitoring environmental temperatures of the chamber. All these readings of
thermal couples assisted in controlling the testing temperatures for prisms
within a tolerance of +£3 °C. To obtain the recession branch of compressive sub-
zero stress-strain (o-¢) curves of NWC, displacement loading (0.2 mm/min) was
used in this testing. Two LVDTs surrounding the prisms were adopted for the
monitoring of their shortenings. The strain of each prism can be thus obtained
through the shortening-to-height ratio of each test whilst the stress can be found
from the measured reaction force over their sectional area.

—Liauid Ni Displacement i
o (LBI;JSG = Liquid Nitrogen Loading Detail A
Loading Frame ® LVDT = Linear Variable Loading plate
Displacement Transducer .
® EMV = Electronic Cooling [
Magnetic Valve Chamber|
EMV couple]
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Fig. 2 Test setup of compressive tests on NWC prism at low temperatures

3.2.2. Sub-zero stress-strain curves of NWC

Fig. 3(a) plots the low-temperature stress-strain (o-¢) curves of NWC. Fig.
3(b) plots the influences of T on cubic compressive strength (f,) and prism
compressive strength of prisms (f)) of NWC. They show that the sub-zero
temperatures significantly influence the compressive o-& curves of NWC. As
the sub-zero temperatures (T) decreases from 20 to -80 °C, the compressive
strength of NWC was increased; however, the ductility of NWC was slightly
reduced. With T decreasing from 20 to -30, -60, and -80 °C, the f., of C45 NWC
was increased by 16.9%, 34.5%, and 43.7% respectively; the f. of C45 NWC
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was increased by 28.1%, 64.0%, and 70.9%, respectively; meanwhile, the strain
at f; (i.e., &) was increased by 35%, 15%, and 26%, respectively. These
increments in compressive strength of NWC produced by the decreasing
temperature are due to that the water in the pore of cement paste was frozen into
ice, which increases the compactness of the NWC.

Based on the reported experimental o-¢ curves of NWC, the following
empirical equations were developed to describe the sub-zero compressive o-¢
curves of NWC at low temperatures of -80 ~ 20 °C;

o Llel gy)
. (B-D+(el5) M

[;’:(SE.TZJ +23 @

where, ¢ and ¢ are stress and strain, respectively; fcr is prism compressive
strength of NWC at T, in MPa; f3 is shape parameter.

Fig. 3(a) compares these predicted low-temperature o-¢ curves of NWC
with those experimental ones that exhibit reasonable estimations.
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Fig. 3 Effects of T on stress-strain curves and strengths of NWC

3.3. Low-temperature splitting tensile strength of NWC

The splitting tensile strengths (f;) of NWC were obtained from the splitting
tests on prisms following Chinese standard GB/T 50081 [38]. Twelve NWC
cubes were prepared and tested at sub-zero temperatures of 20 to -30, -60, and
-80 °C. The test setup is similar to that used for compression tests in Fig. 2, and
a cooling chamber infilled with the spraying LNG was also adopted for the cold-
region environment. Table 2 lists these obtained tensile strengths of NWC at
different T values. Fig. 3(b) depicts influences of T on f; of NWC. It shows that
with the decrease of T from 20 to -30, -60, and -80 °C, the f, of NWC receives
average increments of 23%, 70%, and 105%, respectively.

Table 2
Material properties of normal weight concrete

Item TCC) fuMPa) fi(MPa)  fx(MPa) & (ue) E:(GPa)

CT+20-1 +20 39.4 3.44 29.1 2007 30.1

CT+20-2 +20 44.0 3.83 25.2 2014 25.0

CT+20-3 +20 36.2 3.69 29.8 1900 28.3
Mean 39.9 3.65 28.0 1974 27.8
cov 0.10 0.05 0.09

CT-30-1 -30 59.6 4.76 36.8 2784 26.1

CT-30-2 -30 45.7 4.92 40.9 2351 329

CT-30-3 -30 49.6 3.83 30.0 2840 29.3
Mean 51.6/ 4.50/ 35.9 2658 29.4
cov 0.14 0.13 0.15

CT-60-1 -60 63.9 6.62 434 2564 33.1

CT-60-2 -60 63.2 6.18 46.9 1965 28.7

CT-60-3 -60 69.9 5.87 47.6 2273 29.6
Mean 65.7 6.22 46.0 2267 30.5
cov 0.06 0.06 0.05

CT-80-1 -80 66.9 7.17 49.5 2386 39.6

CT-80-2 -80 66.0 7.54 47.1 2491 354

CT-80-3 -80 66.4 7.78 47.1 2592 31.0
Mean 66.4 7.50 479 2490 35.3
cov 0.01 0.04 0.03

T is temperature level; feu and fek are cubic and prism compressive strength; fi is splitting
tensile strength; o is peak strain; Ec is elastic modulus; COV is coefficient of variation.
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4. Low-temperature mechanical properties of steel in SCCBs
4.1. Low-temperature mechanical properties of I1-beam

Low-temperature mechanical properties of I-beam were obtained from
tension tests according to GB/T 228.1-2010 [39] and GB/T 228.3-2019 [40].
Fig. 4(a) shows geometry of coupons cut from the I-beam. Nine coupons in total
were prepared and they were tested at four temperatures of 20, -30, -60, and -
80 °C. Table 3 provides the details of these testing parameters. Fig. 4(b) shows
the tension test setup for these I-beam coupons. It shows that all the coupons
were pin-connected to a set of holding rigid steel claps. Both the steel claps and
coupon were surrounded by an insulation chamber that was used to maintain the
low temperatures during the testing. LNG was also injected into the chamber to
realize the low temperature of coupons. Once reached the target temperature, an
additional 15 min were required to ensure the uniform distribution of the
temperature of coupons. During the testing, two and four PT100 thermocouples
were attached on the surfaces of coupons and chamber to measure the
temperatures at different positions. The measured temperatures were used as the
feedback for the inflowing rate of LNG to ensure that the coupons were
maintained at the target temperature within a tolerance of +3 °C. To instrument
the strains of steel coupons, two linear strain gauges (LSGs) were installed on
coupons as shown in Fig. 4(b). A low-temperature extensometer (gauging
length = 50 mm) was also adopted to instrument the strains in coupons after
yielding.

Unit: mm

L 40 35 25 100 25, 35 | 40
‘ \ 1 1 300 1 1 ‘

(a) Details of coupons cut from the 1-beam in SCCB
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(b) Low-temperature tension tests on coupons cut from the I-beam in SCCB

Fig. 4 Tensile test setup on steel coupons cut from I-beam at low temperatures

Table 3
Details and tensile test results of I-beam

T &y &u &F s Es fy fu

(T) ) %) %) (%) (GPa) (MPa) (MPa)

BS+20-1 +20 0.1579 14.19 24.30 25.00 216.4 328.9 459.3 0.988 0.988
BS+20-2 +20 0.1530 16.48 26.08 25.62 224.2 336.6 470.6 1.012 1.012

Item lyy lfu

BS-30-1 -30 0.1679 16.12 25.45 25.90 242.7 3757 519.1 1.117 1.129
BS-30-2 -30 0.1637 15.95 26.36 24.84 226.5 379.1 535.2 1.151 1.139
BS-30-3 -30 0.1585 16.53 27.33 27.96 226.5 3729 5175 1.113 1.121
BS-60-1 -60 0.1840 15.18 25.48 25.02 234.0 4173 564.2 1214 1.254
BS-60-2 -60 0.1751 16.19 27.34 26.66 241.3 416.3 5444 1.171 1.251
BS-80-1 -80 0.1980 19.49 30.46 30.98 233.0 4247 5541 1.192 1.276
BS-80-2 -80 0.1947 14.81 27.59 26.74 234.0 440.6 553.2 1.190 1.324

T is temperature level; Es is elastic modulus; &, &, and & are yield, ultimate, and fracture
strain, respectively; s is percentage elongation after fracture; fu and fy are yield strength
and ultimate strength, respectively; Ity (or lt) equals yield (or ultimate) strength at T to its
corresponding value at ambient temperature.
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Fig. 5 plots the typical low-temperature o-¢ curves of I-beam. Table 3 lists
the strength and ductility indexes of I-beam at low temperatures. They reflect
that the low temperatures significantly improved the yield (f,) and ultimate (f.)
strength of Q235 I-beam, and its ductility was slightly increased. Fig. 6 plots
the effects of T on strength and ductility index of I-beam. It shows that; (1) The
f,, fu, and elastic modulus (Es) of 1-beam increase with the decreasing T. With
the decrease of T from 20 to -30, -60, and -80 °C, the f, (or f,) of I-beam is
averagely improved by 13% (13%), 19% (25%), and 19% (30%), respectively;
meanwhile, the E; of I-beam is slightly increased by 5%, 8%, and 6%,
respectively. These increments in strength and modulus of Q235 I-beam are due
to that the decreasing T compacts the microstructure of 1-beam and increases
the molecular force. (2) The strain at ultimate strength (e,) and fracture strain
(er) increases with the decreasing T. With the decrease of T from 20 to -30, -60,
and -80 °C, the ¢, (or &) of I-beam is averagely improved by 6% (5%), 2% (5%),
and 11% (15%), respectively.

Fig. 7 depicts the failure modes of steel coupons of I-beam after tested at
different low temperatures. It shows that obvious necking took place in all the
coupons tested at low temperatures. This further confirmed that ductile failure
modes occurred to those I-beam steel coupons, which is consistent with the
previous findings in Fig. 5 and 6.
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Fig. 5 Stress-strain curves of steel coupons cut from I-beam at low temperatures

630 600 ) 36
y =-0.94 x +489.82 Bz &, W&, EXBEy —B- Y
R==0.91
289
= y=-103x +350.33
Ta20 { Koo | R=097 w0 28
= TR =8 —
= X a & X
£ o £ <
g b C g s
g e S . -
5210 7 & | By
[
xfy  y=015x+22539
Ot R2:0.46
AE,
0 . ; ; 0 0
-90 -60 -30 0 30
T (°C)

(a) Effect of T on strength and elastic modulus (b) Effect of T on ductility

Fig. 6 Effect of low temperatures on strength and ductility index of 1-beam
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Fig. 7 Failure modes of steel coupons cut from I-beam at low temperatures

4.2. Low-temperature mechanical properties of headed studs [41]

Low-temperature mechanical properties of heads shear studs were obtained
from direct tension tests using the setup in Fig. 8 [41]. Headed studs with d =
13, 16, and 19 mm were tested at low temperatures of -80, -60, -30, 0, and 20 °C,
respectively. As shown in Fig. 8, the similar testing setup to the tension tests on
steel coupons of I-beam was adopted. The cooling method to maintain the low
temperature for tensile tests also adopted the same method as tension tests on I-
beam. All the headed studs were firstly welded to a square steel plate (width x
thickness=100 mm x30 mm). After that, the top heads of stud and the bottom
steel plate were installed to the holding frame connected to the testing machine.
The cooling chamber surrounding this testing setup as shown in Fig. 8 was also
used to realize the simulation of cooling environment. In addition, LNG was
used as the cooling method for the tested specimens. Strain gauges and an
extensometer were also to instrument elongations of the headed studs during the
testing.
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Fig. 8 Tensile test setup of headed studs at low temperatures [41]

Fig. 9 plots the low-temperature tensile o-¢ curves of headed studs. Table 4
provides the low-temperature mechanical properties of headed studs. They
show that decreasing T significantly influences the tensile o-¢ curves of headed
studs. Reducing T from 20 to -80 °C improves yield/ultimate strength and
ductility of headed studs used in SCCBs. Fig. 10 depicts the influences of T on
fy, fu, and Es. It shows that with the reduction of T from 20 to 0, -30, -60, and -
80 °C, the f, value of d=13 mm (or 16 mm, 19 mm) headed studs receives
average increments of 2% (2%, 3%), 4% (4%, 7%), 8% (11%, 10%), and 19%
(14%, 18%), respectively; the f, value of d=13 mm (or 16 mm, 19 mm) headed
studs is averagely increased by 3% (3%, 5%), 6% (7%, 9%), 12% (14%, 15%),
and 20% (22%, 22%), respectively; meanwhile, the E, value of d=13 mm (or 16
mm, 19 mm) headed studs receives slight average increase of 0% (0%, 3%), -
2% (1%, 2%), 2% (2%, 3%), and 1% (2%, 2%), respectively. Moreover, Fig. 10
also reflects that the Es value of headed studs exhibits low correlations with
reducing T values, e.g., the correlation ratios (R?) for d=13, 16, and 19 mm
headed studs are only 0.07, 0.07, and 0.17, respectively. However, both the f,
and f, values exhibit very high correlations with the decreasing T.
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Fig. 9 Tensile stress-strain curves of headed studs at different low temperatures [41]
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Fig. 10 Effect of low temperatures on tensile behavior of headed studs [41]

Based on the experimental results, Xie et al. [41] proposed empirical
equations to estimate the influences of T on both f, and f, values of headed studs
as follows;

0.0012(T,-T)

fr="fe 3
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fo=1, Q00016(To-T) @

uT

where T is temperature, in <C, and -80 °C < T <20 <T; fyrand f,r denote yield
and ultimate strength at T, respectively.

Further validations proved that the proposed Eqns. (3) and (4) estimated
reasonably the low-temperature yield and ultimate strength of headed studs [41].

Table 4
Details and tensile test results of headed studs

T d & &u & Wst Es fy fu
() (mm) (%) (%) (%) (%) (GPa) (MPa) (MPa)
HS1+20 +20 13 0.385 6.50 14.95 55.33 198.1 361.5 494.4 1.000 1.000

Item lty lfu

HS1+0 0 13 0.380 7.36 15.38 54.58 201.9 368.8 509.4 1.020 1.030
HS1-30 -30 13 0.391 7.80 16.22 54.07 197.7 3751 522.1 1.038 1.056
HS1-60 -60 13 0.407 8.44 1828 53.69 205.3 389.0 554.6 1.076 1.122
HS1-80 -80 13 0.408 8.60 19.81 53.54 203.8 429.3 592.8 1.188 1.199
HS2+20 20 16 0.378 10.06 20.20 57.64 183.7 318.8 455.3 1.000 1.000
HS2+0 0 16 0.379 9.36 21.28 56.97 184.2 323.7 470.7 1.015 1.034
HS2-30 -30 16 0.387 10.55 21.27 56.88 1859 331.7 485.0 1.040 1.065
HS2-60 -60 16 0.392 11.72 24.42 56.53 187.3 355.2 521.3 1.114 1.145
HS2-80 -80 16 0.395 11.98 24.46 55.73 186.5 364.5 556.9 1.143 1.223
HS3+20 20 19 0.375 9.85 24.05 57.04 189.0 335.1 455.9 1.000 1.000
HS3+0 0 19 0.379 9.55 23.15 56.55 194.1 348.7 478.8 1.041 1.050
HS3-30 -30 19 0.381 10.57 24.42 56.32 193.4 358.1 496.9 1.069 1.090
HS3-60 -60 19 0.390 11.52 28.77 55.89 1953 369.1 522.8 1.101 1.147
HS3-80 -80 19 0.404 11.81 29.06 55.90 192.2 395.8 555.3 1.181 1.218

T is temperature level; Es is elastic modulus; &, &, and & are yield, ultimate, and fracture
strain, respectively; s is reduction ratio in cross-sectional; fy and fy are yield and ultimate
strength, respectively; lty (or Iw) equals yield (or ultimate) strength at T to its corresponding
value at ambient temperature.

5. Low-temperature behaviours of headed studs in SCCBs

Behaviours of headed studs in SCCBs include concrete-steel interfacial
shear behaviour and tensile behaviour in normal to the concrete-steel interface.
The interfacial shear behaviour determines the cross-sectional bending
resistance whilst the tensile behaviour of headed studs prevents the uplifting and
separation of concrete slabs from the underneath 1-beam.

5.1. Low-temperature shear behaviours of headed studs

5.1.1. Low-temperature push-out tests on headed studs

To investigate the shear behaviour of the basic component in SCCBs at low
temperatures, e.g., headed studs, four groups of push-out tests were performed
at four T levels of 20, -30, -60, and -80 °C. Fig. 11 shows the representative
specimen prepared for tests. Each specimen comprises two concrete slabs
connected to an I-beam using two headed studs for each concrete slab. The depth,
width, and height of the concrete slab are 120, 300, and 350 mm, respectively.
The Q235 HW150x150x<10>7 mm* mild steel I-beam was adopted for the
testing specimens. 8 mm HRB 400 mild steel reinforcements with f,=400 MPa
were selected for the vertical and horizontal reinforcement mesh in the concrete
slabs. Their layout and geometric details are shown in Fig. 11. Table 5 provides
details of these testing specimens.

Fig. 12 shows the setup for the low-temperature push-out tests of headed
studs. Similar to those low-temperature compression tests on concrete prisms,
all push-out test specimens were firstly frozen to the target T level and
maintained for 48 hours following instructions in GB51081 [42]. Then, they
were moved into the cooling chamber installed to a 300-ton testing machine as
shown in Fig. 12. After that, LNG was inlet into the cooling chamber to maintain
the studied T level within the range of +3 °C during the loading. The
temperatures inside the concrete slab and on the surfaces of concrete slab and I-
beam were measured by thermocouples embedded in the slab and installed on
the surface of specimens, respectively. After achieving the target T,
displacement loading (rate = 0.3 mm/min) directly acted on the top surface of I-
beam (see Fig. 12). The beam-slab interfacial slips were measured by four
LVDTs that were installed in the front of or below the headed studs along the
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loading directions. The forces at each loading increment were automatically
instrumented by the testing machine.
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Fig. 11 Details of push-out specimens of headed studs
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Fig. 12 Push-out test setup of headed studs at low temperatures

Table 5
Results of push-out tests of headed stud
tem T N S Smax Koo Nup No o Failure
(T) (kN) (mm) (mm)  (kN/mm) (kN) N, mode
ST+20-1 +20 824 669  6.97 86.9 505  1.63 S+C
ST+20-2 +20 803 569 6.26 115.9 505  1.59 S+C
ST-30 30 773 335 505 77.7 616 1.25 S+C

ST-60 -60 820 611 653 123.9 678 121 S+C

ST-80 -80 925 577  6.27 179.4 719 129 S
Mean 1.39
cov 0.14

T is temperature level; d and h are diameter and height of headed stud; Nu and Nyp are
experimental and predicted ultimate shear resistance of headed stud, respectively; Sy and
Smax are slip corresponding to Nu and 0.9Ny of the headed stud connectors; Ko.znu is secant
stiffness at 0.7Ny; C and S are concrete splitting and stud fracture failure, respectively.

5.1.2. Failure modes

Fig. 13(a)-(d) plots the low-temperature failure modes of push-out
specimen of headed studs. It shows that typical failure modes occurred to the
push-out testing specimens are shear fracture of headed studs that occurred at
their root positions, local crushing of NWC that took place near the root of studs,
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and cracks in the concrete slabs in specimens ST+20, ST-30, and ST-60. It also
shows that cracks in the concrete slab were not observed in specimen ST-80
which was tested at -80 °C. This is because the decreasing T improves the
compressive and tensile strengths of NWC that deterred the cracking of concrete
slab. No differences in the failure modes exist among push-out specimens at 20,
-30, and -60 °C.

LT
)

Fig. 13 Failure modes of push-out specimens of headed studs at low temperatures

(c) ST-60 (d) ST-80

5.1.3. Shear-slip behaviours

Fig. 14 plots the typical low-temperature shear-slip (N-S) curves of a single
headed stud. Fig. 15 reports the general low-temperature N-S curves for headed
studs. They show that the low-temperature N-S curves of headed stud exhibit no
obvious differences to the ambient one except the curve of ST-30. Their
behaviours can be summarized as elastic, nonlinear, hardening, and recession
stages. The threshold point between elastic and nonlinear stages locates at about
50~70% ultimate shear resistance (N,). The nonlinearities of stage Il are mainly
produced by the yielding of headed studs and nonlinear behaviours of concrete
slabs. After that, the strength hardening of the headed studs determines the
behaviour of the third working stage. Finally, the N-S curves reached their peak
shear resistance and the headed studs at one side of the I-beam were sheared off
from the I-beam. Thus, the recession N-S curves exhibit sharp drops (shear
fractures at one side of I-beam occurred to the two studs at the same time) or
zigzag line (shear fractures of the two studs at one side of the I-beam did not
occur at the same time).
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Fig. 14 Shear-slip curves of headed studs at different low temperatures
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Fig. 15 General N-S curves of headed studs at low temperatures

5.1.4. Stiffness, strength and ductility
Determining the shear stiffness (Kozny) 0f N-S curves follows the method
as shown in Fig. 15 [43], which equals 70% N, to its corresponding slip, 470%.
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The N, of headed studs can be obtained from their N-S curves. The ductility of
these N-S curves of headed studs can be evaluated by the index of Spax at 90%
N, of recession N-S curves as illustrated in Fig. 15 [44]. Finally, these values
are determined as listed in Table 5.

5.1.5. Discussions

Fig. 16 plots the influences of T on low-temperature strength, stiffness, and
ductility of headed studs. It reveals that decreasing T from 20 to -80 °C generally
increases the shear capacity, but slightly reduced the ductility of headed studs.
With the decrease of T from 20 to -30, -60, and -80 °C, the N, of studs was
improved from 81.4 kN to 77.3, 82.0, and 92.5 kN with increments of -5%, 1%,
and 14%, respectively ( “-” value means decrease); meanwhile, the Kgzn, Of
headed stud was increased from 101.4 KN/mmto 77.7,123.9, and 179.4 kKN with
increments of -23%, 22%, and 77%, respectively ( “-” value means decrease);
however, the Sp.x 0f headed stud was reduced from 6.62 mm to 5.05, 6.53, and
6.27 mm corresponding to reductions of 24%, 1%, and 5%, respectively. The
reason for these improvements in shear strength and stiffness is that the low
temperatures improve the compressive strength of NWC and shear strength of
headed studs. However, the decreasing T makes the frozen NWC more brittle
which might cause the reduced slip capacity of headed studs.
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(a) Effect of T on strength and stiffness (b) Effect of T on slip capacity

Fig. 16 Effect of T on shear strength, stiffness, and slip capacity of headed studs

5.1.6. Prediction equations on shear resistance of headed studs at low
temperatures

The prediction equations on low-temperature shear resistance of headed
studs are proposed by the main authors [44] as the following;

0.41 ch 0.39
J e ©

©

N, =0.43A [T E, <58«f A [

EcT
EsT

0.2(h/d+1) forh/d<4.0
K=
1 forh/d>4.0

where, A denotes the stud’s cross-sectional area, in mm?; Er (or Egr) denotes
elastic modulus of concrete (or stud) at T, in MPa; fer denotes compressive
strength of NWC at T, in MPa; f,r denotes ultimate strength of stud at T, in MPa;
h (or d) is the stud’s height (or diameter), in mm.

Table 5 provides the theoretical predictions on low-temperature shear
resistance of studs. It shows that the prediction equations provide conservative
estimations on low-temperature shear resistances of studs. The average and
COV for five predictions equal 1.39 and 0.14, respectively. Egns. (5) and (6)
could be used for the estimations on low-temperature shear resistance of headed
studs.

5.2. Low-temperature pull-out behaviours of headed studs [45]

Low-temperature pull-out behaviours of studs embedded in the concrete
slab resist the uplifting of concrete slab from the underneath I-beam in SCCBs.
The tensile resistance of studs embedded in the concrete slab is obtained from
the pull-out tests. The authors have performed the pull-out tests in Ref. [45] and
herein summarize the relevant findings.

5.2.1. Low-temperature pull-out tests on headed studs

Fig. 17 illustrates the low-temperature pull-out tests on headed studs. There
are totally eight specimens reported in Ref. [45] that were tested at four T levels
of -80, -60, -30, and 20 °C with two specimens for every T level. Each specimen
comprised one stud, a steel plate that the stud was welded to, an octagonal
concrete slab, and a holding plate as shown in Fig. 18. Each headed stud was
welded to a square 25 mm-thick steel plate, and it was cast in an octagonal
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concrete slab measuring 450=150 mm? in width < depth. A loading steel plate
was welded to the square steel plate, and was pin-connected to the testing
hydraulic jack as shown in Fig. 17. Before the pull-out testing, the specimens
were reserved in a cold storage and maintained at the testing T level for 48 h
following instructions in GB51081 [42]. After that, each specimen was moved
into a chamber with insulation materials (see Fig. 17). A hydraulic jack was
installed between the reaction frame and the concrete slab, and its loading end
was connected to the pull-out specimen by the holding hole as shown in Fig. 17.
After those installation procedures, this testing rig was sealed in the cooling
chamber, and LNG was sprayed to keep the low temperatures. During this
loading process, a PT100 thermocouple attached to the headed stud and four
PT100 thermocouples installed in the cooling chamber were used to instrument
temperatures inside and outside the pull-out testing specimens. After achieving
the testing T, vertical tensile displacement (rate=0.5 mm/min) was applied to
the headed studs. During this process, the vertical displacement/elongation (4)
of the headed stud was measured by four LVDTs (see Fig. 17). The reaction
force at each increment of 4 was instrumented by a load cell. In addition, during
the whole process, the temperatures of the pull-out specimen should be
controlled within +3 °C. Table 6 provides more details of these pull-out test
specimens.
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Fig. 17 Pull-out test setup of headed studs at low temperatures [45]
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Fig. 18 Details of pull-out specimens of headed studs [45]

Table 6
Details and results of pull-out tests of headed studs

Fu Aru Ko.3ru Fup i Failure

ltem &N) (mm) kN/mm) (kN) F mode

(%) hetld

SF+20-1 +20 5.75 1063 198 318.9 100.3  1.06 C+SP
SF+20-2 +20 575 1038 161 283.1 100.3  1.04 SP
SF-30-1 -30 575 1119 540 335.7 1133 0.99 S
SF-30-2 -30 575 1102 555 330.6 1133 0.97 S
SF-60-1 -60 575 1193 575 340.9 1199  1.00 S
SF-60-2 -60 575 1177 5.68 353.1 1199 098 S
SF-80-1 -80 575 1250 561 304.9 1238 1.01 S
SF-80-2 -80 575 9838 0.87 370.5 123.8  0.80 w

Mean 0.98

cov 0.08
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T is temperature level; her and d are effective embedment depth and diameter of a headed
stud, respectively; her/d is ratio of effective embedment depth of a headed stud to its
diameter; Fu and Ary are ultimate pull-out resistance and corresponding displacement,
respectively, of a headed stud in the test; Fup is predicted ultimate pull-out resistance of a
headed stud; Kosru is secant stiffness at 30% of the ultimate load; C, SP, S, and W are
concrete breakout, concrete splitting, steel fracture, and welding failure, respectively.

5.2.2. Failure modes

Fig. 19 shows the failure modes of pull-out specimens at low temperatures.
For specimens tested at 20 °C, one specimen failed in concrete breakout failure
with a characteristic of a pulled-out cone from the concrete specimen, and the
other one failed in splitting of the concrete slabs due to insufficient splitting
strength of NWC. For the rest pull-out testing specimens tested at -30, -60, and
-80 °C, steel tensile fracture occurred to the headed studs except ST-80-1 which
failed in the weld at the plate-stud connecting position. This clearly reveals that
the low temperature deters the splitting or breakout failure of the concrete slab.
This is because the low temperature increased the tensile strength of NWC
which avoids the splitting or breakout failure of concrete slab.

Concrete breakout

(d) $¥-30-2

Weld fm‘c‘mrg‘
(5‘_‘]- X
TRl fracture
‘ﬁ! ﬂ A

(h) SF-80-2

(a) SF20-1 (c) SF-30-1

() SF-60-1 (f) SF-60-2 (£)SF-80-1

Fig. 19 Failure modes of pull-out test on headed studs at low temperatures [45]

5.2.3. Tension load-elongation (F-4) curves

Fig. 20 plots the average low-temperature F-4 curves of headed studs, and
Fig. 21 summarizes the general low-temperature -4 behaviours of studs under
tension. They show that these -4 curves can be summarized into three patterns
depending on their failure modes. For pull-out test specimens exhibiting steel
fracture of headed stud, the F-4 curves exhibit a ductile pattern with a linear,
nonlinear, strength hardening, and recession branch, which is similar to the
tensile mechanical behaviours of headed studs. The strength hardening branch
is mainly determined by the strength hardening of material mechanical
behaviours as shown in Fig. 9. For pull-out specimens exhibiting splitting
failure mode in concrete slab or weld fracture of headed studs, the F-4 curves
exhibit a brittle behaviour with a linear, short nonlinear, and a sharp recession
branch. The reason for the brittle manner without strength hardening
development and a short nonlinear branch of F-4 curves is due to that the
resistance of the specimen at splitting failure of concrete slab is much smaller
than its tensile fracture resistance of studs, which stops the strength hardening
of studs. For the specimen failed in breakout of concrete slab mode, the F-4
curves exhibit the most brittle behaviour with only linear and recession branch
in its curves, which means the concrete breakout resistance of concrete slab is
even smaller than the tensile yielding resistance of studs.

One interesting finding is that the low temperatures do not reduce the
ductility of headed studs in concrete slabs under tension, and they generally
improve the ductility of tensile F-4 curves of headed studs. As the low
temperatures go down beyond -30 °C, the F-4 curves do not exhibit brittle mode
any more. This is because the low temperatures increased the tensile and
compressive strength of NWC much faster than those increments in tensile
strength of raw stud materials, which means the much larger improved concrete
breakout/splitting resistance of concrete slabs than the tensile strength of headed
stud, e.g., as T reduces from 20 to -80 °C, the increments of concrete cubic
compressive strength, concrete tensile strength, and yield/ultimate strength of
studs equal to 44%, 105%, and 17%/20%, respectively.

5.2.4. Discussions

Fig. 22 shows the effects of 7" on ultimate pull-out resistance (F,), initial
stiffness (Ko 3ru), and elongation at F, (4r,). It shows that with the reduction of
T from 20 to -30, -60, and -80°C, the average F, of headed stud is improved
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from 105.1 kN to 111.1, 118.5, and 125.0 kN with increments of 6%, 13%, and
19%, respectively; meanwhile, the Ky sr, of headed stud is averagely increased
from 301.0 kN/mm to 333.2, 347.0, and 370.5 kN/mm with increments of 11%,
15%, and 23%, respectively; however, the Ar, of headed stud is averagely
improved from 1.80 to 5.48,5.72, and 5.61 mm with increments of 204%, 218%,
and 212%, respectively. These increments in pull-out capacity are mainly due
to the increased strength and modulus of both NWC and headed studs. Moreover,
with the same reduction of 7, both tensile and compressive strengths of NWC
exhibit much larger increments than those of headed studs, which guarantees
the tensile fracture of headed studs occurred prior to the occurrence of breakout
or splitting of the concrete slab. This also explains the improved ductility of
headed studs. Moreover, as reported in section 4.2, the ductility of raw material
of headed studs was not reduced and even slightly increased as the T reduces
from 20 to -80 °C.
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Fig. 20 Experimental F-4 curves of headed studs at low temperatures [45]
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Fig. 21 General tension-elongation (F-4) curves of headed studs at low temperatures
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Fig. 22 Effect of T on tension strength, stiffness, and ductility of headed studs

5.2.5. Prediction equations on low-temperature pull-out resistance of headed
studs

The low-temperature pull-out resistance of studs equals the smaller value
of concrete breakout resistance (F¢) and tension resistance of headed studs (Fr)
as the following;

Fep =min{F., R} ()]

F =knc fcv,T lfs (8)
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FT = A fuT C)]

where, f_, denotes cylinder compressive strength of NWC at T, in MPa; het is
the effective height of stud, in mm; A, denotes the stud’s cross-sectional area, in
mm?; f,r denotes ultimate tensile strength of headed stud, in MPa.

Table 6 compares the predicted with those experimental low-temperature
pull-out resistances of headed studs. It reflects that Eqns. (7)-(9) overestimates
the pull-out resistance of stud by 2% with a COV of 0.08 for eight tests. This
also proves the reasonable estimations of developed theoretical models on low-
temperature pull-out resistance.

6. Ultimate strength behaviours of steel-concrete composite beams
(SCCBs) at low temperatures

6.1. Four-point bending tests on SCCBs at low temperatures

6.1.1. Specimens

To investigate the low-temperature ultimate strength behaviours of SCCBs,
three SCCBs, namely SCB+20, SCB-30, SCB-60, were prepared as shown in
Fig. 23. Each SCCB comprises a top NWC slab, a bottom I-beam, headed studs
at the slab-beam interface, and reinforcement mesh in the concrete slab. The
Q235 mild steel HW125x125>6>9 mm* was used for the I-beam, and its
mechanical properties at different low temperatures were tested and reported in
section 4.1. The length of I-beam equals 1800 mm with stiffeners welded at the
positions 100 mm off its both ends, where are the positions of the supports. The
top NWC slab equals 1700, 300, and 85 mm in length, width, and depth,
respectively. Headed studs (d=16 mm, height= 65 mm) are used for the
fabrication of SCCBs. C45 NWC was used for the fabrication of NWC slab, and
Table 7 lists its mechanical properties. »8 and 96 mm HRB 400 steel
reinforcements (f,=400 MPa) were used for reinforcement mesh in the NWC
slabs as plotted in Fig. 23 (b). The main studied parameter is the low-
temperature levels. Specimens SCB+20, SCB-30, SCB-60 were tested at 20, -
30, and -60°C, respectively.

Unit: mm Headed stud A Concrete slab
50[ 100 7 100 T ‘
] 1L T [ T 0T 0 1 1011 1T &
| |8 1-beam Stiffener | 125
LA
‘ 200, 1600 Lmo_‘
I I |
() Details of specimen
! 300 |
\ \ |25
& L] ?
‘ 60 ‘ 85 I -
it
I-beam \ﬂ %
HW125x125x6x9 o6@80 125 LR
——— v

(b) A-A Section (c) Headed stud

Fig. 23 Details of SCCBs for four-point bending tests at low temperatures

Table 7
Test results of steel-concrete composite beams
P

T f fy & 64 Omx Ko Py P Pue P Pum
(C) (MPa) (MPa) (mm) (mm) (mm) (kN/mm) (kN) (kN) (kN) P (kN)

Item

SCB+20 +20 28.0 332.8 5.61 21.1023.88 38.66 218.4321.9 316.9 1.07 273.6
SCB-30 -30 38.8 375.9 4.69 20.84 31.85 40.83 186.0 355.0 368.0 1.02 301.8
SCB-60 -60 46.0 416.8 5.13 22.68 29.63 44.80 224.1398.3 410.4 1.02 338.6
Mean 1.04
cov 0.03

T is temperature level; Py denotes yield load in tests; Pu denotes ultimate load in tests; Pmax
denotes 85% of Py; Pye denotes predicted ultimate load; dy, du, and Jdmax denote the
deflection of SCCB corresponding to Py, Py, and Pmax; Ko denotes secant stiffness of SCCB.

6.1.2. Setup and instrumentation

Fig. 24 plots the setup for the four-point bending tests on SCCBs. Before
the testing, each SCCB was stored in the cold storage to maintain the target low
temperature for 48 hours accordingly to GB51081 [42]. Then, the SCCB was
moved to the loading machine equipped by a cooling chamber as shown in Fig.
24. The cooling chamber surrounded the SCCB with insulation materials and
prevented the heat loss of specimens. Moreover, LNG was sprayed to SCCBs
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through openings in the top surface of chamber as shown in Fig. 24. During this
process, two PT100 thermocouples were installed in the concrete slabs, and
another four PT100 thermocouples attached to the surfaces of NWC slab and 1-
beam were used to measure the temperatures of specimens (see Fig. 24). These
measurements of temperatures assisted the inflow control of the injecting LNG
into the cooling chamber to ensure that the SCCBs remained within the target
temperature range of +3 °C.

Each specimen was installed to the rigid base on two round supports at both
ends, which simulates the pin-pin boundary condition. The span of these two
supports equals 1600 mm. Vertical loading in the displacement mode was
transferred from the testing machine to the SCCB by a spreading I-beam. These
two loading points locate 200 mm away from the mid-span (see Fig. 25). Three
LVDTs were installed under the I-beam at mid-span and #2200 mm off mid-span
to instrument deflections of SCCBs (see Fig. 25). To measure the steel-concrete
interfacial slips, another four LVDTs were also installed along I-beam-slab
interface at distances of 0, 200, 400, and 600 mm away from the mid-span as
illustrated in Fig. 25. In addition, two more LVDTs were adopted at both ends
of SCCB to record the slips between the concrete slab and I-beam. To measure
strains along heights of the mid-span cross section, LSGs were installed as

shown in Fig. 26.
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Fig. 24 Four-point bending test setup of SCCBs at low temperatures
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Fig. 25 Layout of LVDTSs used in the bending tests on SCCBs
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Fig. 26 Layout of strain gauges and thermocouples used in the bending tests on SCCBs

6.2. Failure modes

Figs. 27-29 plot the typical failure modes of SCCBs subjected to low-
temperature four-point bending. They reflect that under sagging bending
moment, concrete crushing occurred to the mid-span top flange of NWC slab.
The depth of the crushed top flange of NWC slab equals about its 0.5 times
depth. All the 1-beams exhibited excessive deformation without occurrence of
local buckling in their web or flange.
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6.3. Load-deflection behaviours

The load-deflection (P-6) curves of SCB+20, SCB-30, and SCB-60 are
given in Fig. 30(a)-(c). These curves show that the P-d curves of SCCBs exhibit
a ductile manner with four stages of elastic, nonlinear developing, strength
hardening, and recession stages. As the loading process, the curve of initial
elastic stage (OA) ends as the bottom flange of I-beam starts to yield. Then, in
stage II, the P-5 curves of SCCBs show a parabolic behaviour due to
nonlinearities of I-beam and concrete. In the followed stage Ill, the SCCB
exhibits hardening manner due to the strength hardening of I-beam, and the
increasing rate of resistance slows down. Finally, the SCCBs achieve their peak
resistances at the end of stage I11. At the peak resistance, concrete crushing took
place at the mid-span where suffered the maximum bending moment. The final
recession stage exhibits decreased load carrying capacity.

Fig. 30 (d) compares the P-J curves of SCCB tested at different T levels.
Fig. 31 plots the influences of T levels on elastic stiffness (Ko), ultimate
resistance (P), central deflection at Py (d,), and ultimate deflection capacity
(dmax, the deflection at 85% P, in recession P-d curves). These curves show that
the decreasing T slightly increased the elastic stiffness, but significantly
increased the ultimate resistance of SCCBs. Moreover, the slope of strength
hardening P-§ curves at low temperatures is larger than that at ambient
temperatures. In addition, the ductility of SCCB was not reduced as the T level
goes down from 20 to -60 °C. As T decreases from 20 to -30, and -60°C, the P,
of SCCB is increased from 321.9 kN to 355.0 and 398.3 kN with increments of
10% and 24%, respectively; meanwhile, the Ko of SCCB is increased from 38.7
kN/mm to 40.8 and 44.8 kN/mm with increments of 5% and 16%, respectively;
however, the dy (Or dmax) Of SCCB is increased from 21.1 (23.9) mm to 20.8
(31.9) and 22.7 (29.6) mm with increments of -1% (33%) and 8% (24%),
respectively. This is because the decreasing T improves the compressive
strength of NWC and yield strength of 1-beam which explains the improved P,
of SCCB. Moreover, the low temperature also increases the elastic modulus of
NWC and I-beam. As pointed in section 3 and 4, as the T reduces from 20 to -
30 and -60 °C, the Ecr of NWC is improved by 16% and 12%, respectively.
However, sections 3 and 4 also show that the decreasing T did not reduce the
ductility of headed studs and I-beam, which makes sure the marginal influences
on the ductility of SCCBs.

(c)‘Back" View

Fig. 28 Failure mode of SCB-30
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Fig. 29 Failure mode of SCB-60
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6.4. Load-strain behaviours

Fig. 32 depicts the load-strain curves of mid-span cross-section as marked
in Fig. 26. It shows that load-strain curves exhibit the same four-stage behaviour
as those P-d curves of SCCBs. It further confirms that the nonlinearities of load-
strain (or P-J curves) at the second working stage initiate as the bottom tip of I-
beam yields. Thus, after stage Il, strength hardening starts and the SCCBs
achieved their P, values whilst the top tip of NWC slab achieved their ultimate
compressive strains of about 3000~5000pe.

Fig. 33 depicts the mid-span strain versus height profiles at different
loading levels. It reveals that as the reaction force of the SCCB is smaller than
0.9P, the strain profiles are almost in a linear relationship with the height; as the
reaction force of the SCCB is beyond 0.9P,, until P, the linear strain distribution
principle almost works even though there are some slight interfacial slips
occurred. These observations confirm that the assumption of plane section still
works for the SCCBs subjected to low-temperature bending since they were
designed as the full-composite action.
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6.5. Load-slip behaviours

Fig. 34 depicts the load-slip curves at different positions along SCCBs. It
shows that these load-slip curves exhibit a similar four-stage manner to those
P-¢ (or strain) curves. At working stages | and |1, the slips are almost in a linear
relationship with the applied load, and the slips are smaller than 0.2 mm. The
slips start to increase fast in the strength hardening stage and the maximum slip
is about 1.0 mm which occurs at the locations of 400 ~ 600 mm away from the
mid-span. Fig. 35 plots the slip profiles of different measured locations at
different loading levels. It shows that (1) the slip starts to increase fast as the
applied load is beyond 0.7P,; (2) at the same loading level, the slips firstly
increase and then decrease as the distance away from the mid-span increases,
and the maximum slips occurred to the cross section locating 400 mm and 600
mm away from the mid-span for SCCB tested at ambient and low temperatures,
respectively. This may be explained by the bending moment distribution and
inner layout of the headed studs in the SCCBs.
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Fig. 32 Load-strain curves of concrete slab and I-beam at mid-span cross section
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Fig. 35 Slip distribution file along the length of SCCBs at different loadings

6.6. Analysis on ultimate resistance of SCCB at low temperatures

Since the SCCBs failed in flexure, the bending resistance of SCCB at low
temperatures (Myr) can be obtained based on the following assumptions;

(1) Plane section remains plane (this has been checked in section 6.4); (2)
Ignoring the NWC low-temperature tensile strength; (3) The I-beam achieves
its yielding strength in both tension and compression zones.

Suffering sagging moment, the neutral axis may locate at different heights
of the cross section, e.g., in the NWC slab, in the flange or web of I-beam.
Therefore, the bending resistance of SCCBs at low temperatures can be found
by assuming different positions of the neutral axis.
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Case 1: Neutral axis in the NWC slab (x<hc)

Fig. 36(a) plots the stress and internal force distribution diagram of the
cross section at P, as x<h. The low-temperature bending resistance of the SCCB
can be found by finding the neutral axis position, i.e., the resultant internal
compression force of the cross section equals to the internal tension force as the
following;

Cc :Tsl +T52 +T53 (10)

Cc :085 fc‘TXbe;Tsl = fyThlbf ;TSZ = f h t Ts3 = fyThbbf (11)

yT wrw?

where b and br denote width of concrete slab and steel flange, respectively; h,
hy, and hy, denote height of steel top and bottom flange, and steel web,
respectively; h, denotes depth of concrete slab; t, denotes web thickness; x
denotes distance between the neutral axis and top tip of compression concrete
slab; fr” denotes cylinder compressive strength of NWC at T; fyr denotes yield
strength of I-beam at T; C. denotes internal resultant force of compression
concrete; Tq, Ts, and T denote internal resultant tensile load of top flange, web
and bottom flange of I-beam, respectively.
Thus, the x is determined as the following;

X = fyT (htbf + hwltw + hobf ) (12)
0.851_b,

The ultimate bending moment of SSCB at T, i.e., M, ; , is determined by;

M, , =0.85f . xb,(h, + %) (13)

Case 2: Neutral axis in the flange of I1-beam [he<x< (hc+ hi)]

Fig. 36(b) plots the stress distribution diagram of cross section at P, as h.<
x< (het hy). As the neutral axis lies in the I-beam flange, the x value is determined
by the resultant internal force equalling zero, i.e.,

Cc +Csl :Tsl +TSZ +Ts3 (14)
Cc :085 fc‘Thcbe;Csl = fyT (Xihc)bf (15)
Ta= fyT (h,+h —x)b,; T, = fyT ht, T = fyThobf (16)

where, C. and Cg; denote internal resultant compressive forces of concrete slab

and top flange of I-beam, respectively; T, Ts, and Tss, denote internal resultant

tensile load of top flange, web, and bottom flange of I-beam, respectively.
Thus, the x value is solved hy the following equation;

h.b,

X = fyT (thbf + htbf + hwtw + hbbv ) -0.85 ch ce (17)

21 b,

The M, ; of SCCB at low temperatures can be determined as the following;

Iv'u,T :O'Srsl(hc +hl _X)+T52(0'5hw +hc + ht _X)

+T,(0.5h, +h, +h, +h, —x)+C, (x—0.5h,) +0.5C,(x—h,) (18)

Case 3: Neutral axis in the web of I-beam [x >(hc+ hi)]

Fig. 36(c) plots the stress distribution diagram of cross section at P, as x>
(he+ hy). As the neutral axis lies in the I-beam web, the x value can be found as
the following;

CC +C51 +C52 :TSZ +T53 (19)
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Cc = 085 ch hcbs ' Csl = fyT htbf ;CSZ = fyT (X - h[ - hc )tw (20)

T = fyr (hy, + 0 +h =)t T, = i hby 1)

where, C,, Cs1, and Cg, denote internal resultant compressive forces of concrete
slab, I-beam top flange, and I-beam web, respectively; T, and Te; denote
internal resultant tensile loads of I-beam web and I-beam bottom flange,
respectively.

Thus, the x is solved as the following;

o fir (W8, +2hd, + 20t +hb, —hb,) ~0.85f,hb, @2
2 fyTtw

The M, ; of SCCB now becomes;

M, =0.5T,(h, +h +h, —x) +T;(0.5h, +h, +h +h, —x)

(23)
+C(x=05h) +Cy (x—h; ~0.5) +0.5C; (x—h, ~)

Thus, the low-temperature bending resistance of SCCB can be found by
procedures in Fig. 37. In addition, one point needs to be clarified is that the
SCCB should be designed as a full-composite beam using Eqn. (5) for low-
temperature shear resistance of studs in SCCBs. Regarding the partial composite
SCCB, further studies are still required.

The ultimate load (P, ) of the SCCB is determined as follows;

P, =2M,,/a (24)

u

6.7. Validations

Table 7 lists the predicted P, r by the developed theoretical models with test
values. It shows that theoretical models underestimate the load capacity of
SCCBs SCB+20, SCB-30, and SCB-60 by 7%, 2%, and 2%, respectively. The
average discrepancy of theoretical predictions is less than 4% that confirms their
accurate estimations on ultimate load capacities of SCCB at low temperatures.
However, these theoretical models still require more extensive validations.
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Fig. 36 Stress, stress and internal force distribution diagrams for SCCBs
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Fig. 37 Flow chart on determining low-temperature ultimate bending resistance of SCCBs

7. Conclusions

This paper reported a series of tests and analytical studies on behaviours of
constructional materials in SCCBs and low-temperature ultimate strength
behaviour of SCCBs. These studies on material and structural members support
the following findings;

(1) With the decease of T from 20 to -30, -60, and -80 °C, the f; of C45 NWC
was increased by 28%, 64%, and 71%, respectively; meanwhile, the strain
at f; (i.e., &) was increased by 35%, 15%, and 26%, respectively; the f; of
NWC receives average increments of 23%, 70%, and 105%, respectively.
Eqn. (1)-(2) are developed to estimate the low-temperature stress-strain
curves of NWC.

(2) The strength and modulus of mild steel Q235 for I-beam increases with
the decreasing T, and its ductility was also improved with the decreasing
T from 20 to -60°C. With the decrease of T from 20 to -30, -60, and -80 °C,
the f, (or fu) of I-beam is averagely increased by 13% (13%), 19% (25%),
and 19% (30%), respectively; meanwhile, the Es of I-beam is slightly
increased by 5%, 8%, and 6%, respectively; meanwhile, the average
fracture strain of I-beam is improved by 5%, 5%, and 15%, respectively.

(3) Thedecreasing T slightly changed the modulus of headed studs within 3%.
With the reduction of T from 20 to 0, -30, -60, and -80 °C, f, of d=16 mm
headed studs receives average increments of about 2%, 4%, 11%, and 14%,
respectively; the f, value of d=16 mm headed studs is averagely increased
by 3%, 7%, 14%, and 22%, respectively. Eqgns. (3) and (4) were developed
to estimate the influences of T on f, and f, of headed studs.

(4) The typical failure modes of low-temperature push-out tests were shear
fracture of headed studs at their roots, local crushing of NWC, and cracks
in the concrete slabs. Reducing T from 20 to -80 °C generally improved
the shear capacity, but slightly reduced the ductility of the headed studs.
With the decrease of T from 20 to -80 °C, the N, of headed stud was
improved by 14%; however, the Spax Of the headed stud was slightly
reduced from 6.6 to 6.3 mm. Eqns. (5)-(6) were recommended to estimate
the low-temperature N, of headed studs.

(5) Low temperatures generally improved the pull-out ductility and resistance
of headed studs. With the reduction of T from 20 to -80 °C, the F, of
headed stud is averagely increased by 19%; the ultimate elongation (4g,)
of headed stud is averagely increased from 1.8 mm to 5.6 mm. Eqns. (7)-
(9) were proposed for determining the low-temperature pull-out resistance
of studs.

(6) The SCCBs subjected to low-temperature four-point bending exhibited
flexural mode with concrete-slab crushing and yielding of bottom I-beam.
The low temperature increased the ductility, elastic stiffness and ultimate
resistance of SCCBs. As T decreased from 20 to -30, and -60°C, the P, of
SCCB was improved by 10% and 24%, respectively; the K, of SCCB was
improved by 5% and 16%, respectively; the J, (or dmax) Of SCCB is
increased by -1% (33%) and 8% (24%), respectively.

(7) The developed theoretical models, i.e., Eqgns. (10)-(24) predicted
reasonably the low-temperature ultimate bending resistance of SCCBs.
The average discrepancy of three theoretical predictions on ultimate load
capacities of SCCBs at low temperatures is less than 4%. However, these
theoretical models still require more extensive validations.



Jia-Bao Yan et al.

Nomenclature

C. Internal resultant compression force of concrete slab
Cq Internal resultant compressive force of I-beam top flange
Cs; Internal resultant compressive force of I-beam web
E.  Modulus of elasticity of NWC

Ecr Modulus of elasticity of NWC at T

E;  Elastic modulus of steel

Fc  Concrete breakout resistance of headed stud

Fr  Tension resistance of headed stud

Fy,  Ultimate pull-out resistance of headed stud

Fup Predicted ultimate pull-out resistance of headed stud
l,  Ultimate strength at T to its corresponding value at ambient temperature
of steel

ly,  Yield strength at T to its corresponding value at ambient temperature of
steel

Ko  Initial stiffness of SCCB

Kosru Secant stiffness at 30%F,

Ko.znu Secant stiffness at 70%N,

M1 Predicted ultimate bending moment of SCCB

N,  Ultimate shear resistance of headed stud

Nup Predicted shear resistance of headed stud

Pmax  0.85P, of recession of P-¢ curve of SCCB

Py, Ultimate resistance of SCCB

Pue Predicted ultimate resistance of SCCB

Py  Yield load of SCCB

Smax  Slip at 0.9N, of recession of N-S curves

Sy Slip corresponding to N, of headed stud

T Temperature level

Ta  Internal resultant tensile load of I-beam top flange
T  Internal resultant tensile load of 1-beam web

Tes  Internal resultant tensile load of 1-beam bottom flange
a Shear span of SCCB

b Width of concrete slab

bs  Width of I-beam flange

d Diameter of headed stud

fe Prism compressive strength of NWC

fow  Cubic compressive strength of NWC

for  Cylinder compressive strength of NWC at T

f.  Cylinder compressive strength of NWC

fi Tensile strength of NWC

fu Ultimate strength of steel

fir  Ultimate strength of I-beam at T

fy Yield strength of steel

h Height of headed stud

hy  Height of I-beam bottom flange

h.  Depth of concrete slab

hes  Effective embedment depth of stud

hy Height of I-beam top flange

hy  Height of I-beam web

X Distance between concrete compression top tip fiber and neutral axis
Ag,  Elongation corresponding to F, of headed stud

w  Percentage elongation of I-beam after fracture

we  Reduction in cross section of headed stud after fracture
Jomax  Deflection of SCCB corresponding to Prax

du Deflection of SCCB corresponding to P,

dy Deflection of SCCB corresponding to Py

& Peak strain at f. of NWC

&F Fracture strain of steel

&u Ultimate strain of steel

&y Yielding strain of steel

K Factor for Nyp

o-¢  Stress versus strain
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ABSTRACT

ARTICLE HISTORY

Uncertainty exists widely in practical engineering. It is an important challenge in engineering structural analysis. In truss
structures, the uncertainties of axial stiffness of bolted joints will significantly affect the mechanical behavior of the
structure as the axial load is dominated by the member internal forces. Structural response analysis based on determined
structural parameters is a common forward problem that can be solved by modeling analysis methods. However, the
uncertainties parameter of axial stiffness of bolted joint cannot be determined during the design and analysis of truss
structure in the direct nonlinear analysis method. Structural parameter identification based on structural response is a
typical inverse problem in engineering, which is difficult to solve using traditional analysis tools. In this paper, an inverse
model based on Graph Neural Network (GNN) is proposed. The feature encoding method for transforming truss structures
into graph representations of GNN is defined. A parameterized acquisition method for large-scale datasets is presented,
and an innovative inversion model based on GNN for the inversion of uncertain parameters of truss structures is proposed.
The proposed method is shown to perform well with an inversion accuracy, and accurate results can be obtained with
limited data sets. The inversion method has strong data mining capability and model interpretability, making it a
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promising direction for exploring engineering structural analysis.
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1. Introduction

Parameter uncertainty is a common problem in practical engineering, which
is a significant challenge to the current field of engineering analysis™*?2.
Engineering structures, such as steel buildings®, bridges® and towers!®®!, are
commonly simplified as ideal truss structures. Bolted connections are usually
regarded as pin or rigid joints. Recent research indicates that the mechanical
behavior of bolted connection has a significant impact on the overall structure as
the axial load is dominated the member’s internal forces. The direct nonlinear
analysis method considering joint effects can greatly improve the results which
is in accordance with the experimental results very well®, However, the
mechanical behavior of bolted connection is greatly influenced by bolt preload
force, processing and manufacturing errors and structural gaps between bolts

Forward problem

<:I

Inverse problem

Model and parameters

and bolt holes. There are many uncertainties in the pore structure, interface and
load transfer path of bolted connection nodes, which can cause uncertain
mechanical behavior of the bolted connection, further complicating the analysis
of truss structure. A large number of tower tests and finite element simulations
have revealed that the test results of internal forces and nodal displacements
deviate greatly from calculated values, mainly because the slip of bolted
connections is not taken into account™ 2, As illustrated in Fig. 1, conventional
finite element modeling makes it relatively easy to obtain the response from
determined structural parameters (i.e., the forward problem). However, it is
quite difficult to obtain the uncertain parameters of the structure affected by the
bolted joint slip from the structural response (i.e., the reverse problem). Since
structural parameters cannot be determined in advance as the uncertainty of
structure parameters, finite element calculations cannot be performed.

Structural response

Fig. 1 The forward and inverse problems of truss structure

Structural parameter identification based on structural response is a typical
inverse problem in engineering. The traditional method to solve the inverse
problem is the Monte Carlo Simulation, which is widely used in probabilistic
analysis and simulates the real behavioral characteristics of the actual problem.
However, the uncertainty of bolted connection in truss structures cannot be
expressed by a single random variable or random field, and a large number of
uncertain parameters leads to difficulties in solving the description methods

based on parametric probabilities, which becomes particularly challenging in
inversion analysis. Therefore, It is important to put forward more effective
methods to resolve the problem of uncertainty analysis and inversion of truss
structures.

The inverse problem is a real challenge to solve due to the complexity of
practical problems, which makes it difficult to prove the existence, uniqueness,
and stability of the solution. The study of inverse problems originated in the
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field of mathematics, and has progressed from classical statistical/Bayesian
methods®®!  to cutting-edge deep neural networks™®, The classical
statistical/Bayesian method uses probabilistic approaches to establish a
probability model based on known measurement data. However, this method is
time-consuming and inefficient™, With the development of computer
technology, neural networks have emerged as a powerful tool for solving
inverse problems. The neural network methods have excellent nonlinear fitting
ability and good performance in solving inverse problems in various fields®"°,
However, for engineering problems, it is challenging to convert the actual
structure into input features for the neural network model®),

Graph Neural Network (GNN) is a method of applying deep neural
networks to graph structure data, which has powerful graph data processing
ability, and brings new vitality to various fields®%I, In recent years, GNN is
integrating with the field of physical structure analysis¥, such as predicting the
motion state of objects®, and shows great potential in engineering applications.
However, there are few studies related to the inversion method of engineering
structures based on GNN at present. The truss structure, for example, can be
represented by nodes and edges, which correspond naturally to the graph
structure data. Therefore, it is easy to establish the correspondence between
truss structure parameters and graph structure data, and consider whether it is
possible to solve the difficult inverse problems in truss structure based on GNN.

Bolt
clearance
iy !
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In order to solve the inverse problems of uncertain parameters in truss structures,
an innovative computational model based on GNN is studied. This approach
will provide significant advances in the field of structural engineering, provide
greater design optimization and enhanced safety for engineering structures.

2. Parametric uncertainty model of bolted connections

In practice, most bolted joints in truss structures such as bridges, lattice
towers, etc. are suffering from transverse load. Therefore, the load direction of
the bolted joint is perpendicular to the axial of the bolt rod (see Fig.2). The joint
slippage is the relative displacement of bolted joints, which occurs under the
action of a shear load larger than the friction force between the fastened partsi*l,
Initially, the shear load in the joint is counteracted by the friction force between
the fastened parts, the relative slip does not occur and the clearance between
bolt and bolt hole exists. Then, the shear load eventually reaches and exceeds
the maximum frictional force between the fastening parts as the external load
increases, which will cause relative slip until the available clearance disappears
completely. Finally, as the external load is further increased, the bolt will be
extruded with the bolt-hole wall, and the bolt-hole wall will experience a
complex nonlinear deformation process, which ranges from elastic deformation
to plastic deformation and eventual destruction.

Relative slip +
AN

Fig. 2 Bolted joint slippage

Load

—
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o

Deformation

!

Load

Deformation

A

Fig. 3 Joint slippage model

In order to investigate the influence of joint slippage, various numerical
models are proposed such as the numerical model®, parametric model®, and
micro-slip model?®. In this paper, the four parameters joint slippage model is
selected, which divide joint slippage processes into clearance filled slip and
extrusion deformation slip® (see Fig.3), the load-deformation relationship can
be expressed as:

m

Ny
F/F 7| +as, (F] +0, F 1)
(1+(F/R)) R R

Where J is the total deformation of the joint slip, d is the bolt clearance, J,
is the deformation at yield; F is the external load, F; is the critical slip load, F is
the yield load; m, n, as and N are the shape parameters of the curve which can
be determined from the tensile tests of bolted joints.

However, due to the complexity of the bolt connection slip process, the
bolted joint mechanical behavior can be affected by many uncertainties, such as
bolt preload force, processing and manufacturing errors and the bolt hole
structure, etc. In truss structures, the bolted joint slippage is inevitable as the

bolt clamping forces are relatively low, which led to the discrepancy between
the test results and simulation results?**%l, However, these joint slippage
effects cannot be determined in advance during the analysis of truss structures
because the bolted joint states are not easy to obtain. Most of the currently used
truss analysis models ignore the influence of the slip of bolted joints, therefore
the member internal forces cannot be accurately obtained.

In order to take joint slippage uncertainties into account, the equivalent
reduction method of axial stiffness is adopted. The members in the truss
structure are assumed to be in an elastic state during loading. Therefore, the total
deformation of the member (9) is the sum of the joint slip (Js) and the elastic
deformation (de), expressed as:

0=0,+9, @
The elastic deformation of the member is determined by

Fl
5 =—
* " EA ®
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Where F is the axial force, | is the length of the member, E is the elastic
modulus, and A is the cross-sectional area. The axial stiffness of the member is
obtained from the formula:

F EAS/l 6 EA 5.\ EA
Ke—m=—2 =" |1-23|— @)
o o o | o) 1
Let 7=1-05,/0J, then the axial stiffness is expressed as:
EA
K=n=- ©)

Where 7 is the axial stiffness reduction factor. The uncertainties of the joint
slip can be represented by the uncertainties of the axial stiffness reduction factor
of the member.

3. The inversion method of uncertain parameters

In this paper, the uncertain parameter problem of the truss structure caused
by the slip of bolted connections is considered, and an innovative method based
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on GNN is proposed to solve the uncertain parameters identification problem
based on structural response.

3.1. Graph representation of truss structure

In practice, truss structures are commonly represented visually as a graph
consisting of nodes and edges. This representation method is exactly similar to
GNN, which is also composed of nodes and edges. Therefore, the graph
representation can be easily defined as: graph nodes represent the nodal
connections (bolted connections) of the truss, and graph edges represent the
members of the truss.

In order to illustrate clearly, a basic truss structure is isolated from the
whole structure of the lattice transmission tower as shown in Fig.4. The graph
structure of GNN is composed of 4 nodes and 6 edges (there are 12 edges if
considering the direction of the edge). The boundary conditions assume as
nodes 1 and 2 are free, and nodes 3 and 4 are fixed and fully constrained. A
horizontal force is loaded on Node 2. In the presented truss structure model, the
uncertainty of diagonal members due to bolted joint slippage is considered,
while the other members are defined as deterministic parameters. As shown in
Fig.4, the red line and blue line are used to represent the difference in member
parameters. The node features and edge features inputted in GNN are defined
respectively according to the node parameters and edge parameters, which are
listed in Table 1.

y A
EnAI - F
- 1 2_k_)
w
(3 4 >
- l T

Fig. 4 Graph representation of truss structure

Table 1
Graph feature coding
Parameter Data type Feature description
Node features: [Cyx, Cy, X, Y, Fx, Fy, Dx, Dy]
Cx int The constraint of the node in the x direction. 0 represents no constraints, and 1 represents constraints.
Cy int The constraint of the node in the y direction. 0 represents no constraints, and 1 represents constraints.
X float Node coordinate in the x direction (m).
y float Node coordinate in the y direction (m).
Fx float Node force in the x direction (N).
Fy float Node force in the y direction (N).
Dx float Node displacement in the x direction (m).
Dy float Node displacement in the y direction (m).
Edge features: [T, E, 5, A, 1]
T int Member type. 0 represents the beam, and 1 represents the rod.
E float Elastic modulus of member (Pa).
float Stiffness reduction factor. Randomly obtained within [0, 1].
A float The cross-sectional area of member (m?).
| float Cross-sectional moment of inertia (m?).

3.2. Parametrized acquisition of datasets

Considering the high cost of experiments, it is generally difficult to obtain
enough experimental datasets of engineering structures. Therefore, numerical
simulation methods were used to obtain datasets required for the training of
GNN in this paper. The uncertainties of truss structure caused by joint slip can

be represented by the uncertainties of the axial stiffness reduction factor of the
member, which is assumed to be randomly varied in the range of [0, 1]. The
large datasets of deterministic structural parameters can be acquired by random
sampling of axial stiffness reduction factor . The node displacements can be
obtained through finite element simulation to generate the required datasets for
the training of GNN. The datasets acquisition process is shown in Fig. 5.
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Step 1: Define number
dataset number: N
i=1

Step 2: Establish Finite element model
material properties: geometlric parameters:
E; = [E;,E?,...,En] L = [Eelawfa---aﬂ"]

T

node mumber: m
edge number: n

Ti = [1}11'12-?:'":21;;”] Yi = [y:,lyfuzayin]
= [nia"?ia'"a"f?] 4; = [AiaAia---vA?]
I = [I},If, e I
Step 3: Additional conditions
constraint condition: loading:

Fz; = [Fz}, Fz},.. Fz[|

@

Cz; = [Cal,Cxi,...,Cz]]
Fyi = [Fy:,Fyg,,Fy:n]

|

|

|

|

|

|

|

|

|

|

|

|

|

|

|

|

:

|

Cy: = [Cy;, Cyi, ..., Oy}"] }
Step 4: Finite element calculation |
node displacement: |
Dz; = Dz}, Dz}, ..., Dal"]. |
Dy; = [Dy}, Dy}, ..., Dy"] 1
node dataset: |
Sv; = [Cai, Cys, iy iy Fi, Fyi, D, Dys] :
edge dataset: |
Se; = [Ty, Ey,mi, Ai, 1) " :
Step 5: If 4 < N, Change uncertainty parameters |
Stiffness reduction factor: :
'.-7:-‘ = random(0,1).k=1,2,...n |
go to Step 2 |
|

|

|

|

|

|

|

|

|

Step 6: Integrating datasets
node datasets:

Sv = [Svy, Sva, ..., Svy]
edge datasets:
Se = [Seq, Ses, ..., Sex]

Fig. 5 The datasets acquisition process

Commonly used parameter units, such as modulus of elasticity (GPa), area
(mm?2), and length (mm), need to be converted to international standard units,
which leads to great differences in quantitative value. In order to avoid the
effect of inconsistent parameter units on feature weights, the feature parameters
are normalized as follows:

X - Xmin
X ®)

Xmax min

X =

3.3. The inversion model based GNN

Truss Structure P . Input
&3 Se}
Se?
Se}
q Sr.?
3 /
ETA- b

|

GNN
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The member internal forces commonly need to be determined by the
response of the truss structure in engineering. This problem can be easily
conquered by the Finite Element Analysis method (FEA method) for the
deterministic analysis model whether it is linear or non-linear. However, the
traditional FEA method cannot be effectively solved if the structural
parameters are uncertain. This parametric inversion can be challenged based on
GNN.

GNN is the method designed to apply deep neural networks to
graph-structured data. Compared with general neural networks, GNN can not
only deal with non-Euclidean graph structure data but also capture the
correlation between adjacent nodes, with strong graph feature mapping
capabilities. GNN is a feature learning process on graphs, taking node features
and graph structure as input and a new set of node features as output. This
process can be expressed as

Xout = ¢(A’ ><in) (7)

where A is the adjacency matrix expressing the graph structure, Xi, and
Xout are the input features and output features respectively, and ¢ is the operator.
Importantly, this process only changes the features, not the graph structure.

The framework of the GNN-based inversion model is illustrated in Fig. 6.
The general engineering structural parameters cannot be used as the input of
the GNN, so the truss structure parameters need to be preprocessed and
transformed into graph structure data according to the graph representation
method proposed in the previous paper. Then the adjacency matrix A and node
features X representing the graph structure data are taken as inputs, and the
adjacent node features are aggregated and updated through multiple message
passing networks. In order to better mine relevant features and alleviate the
overfitting problem, the ReLU activation function is used. The function
expression is as follows:

Re LU (x)=max(0, x) ®)

Finally, a new set of node features is output for parameter inversion. It
should be noted that the graph structure can be any spatial structure, and both
the edge features and graph features can be included in the input node features.
Therefore the presented inversion model is appropriate for any other truss
structure analysis.

The critical process of GNN is the design of the message passing layer. A
message passing layer consists of three update operators: edge update, node
update, and global update. In the following description, u represents the graph
features, v represents the node features and e represents the edge features.

Sv?

Su?

Message Passing Layer 1

RelLU /

Message Passing Layer 2

Activation ReLU /

Function
RelLU /

Message Passing Layer n

Output
S,Ll Sle,l S{'U'z
' 2
o3
S'e;
5'el
2 -
— | o s
3 B
1,3 v, 4
S'v; S'v;

Fig. 6 The GNN-based inversion model
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During the edge update step, the edge update function ¢ generates new
edge features by computing graph features, adjacent node features and edge
features. The edge update can be expressed as:

&' =¢"(ev.u) ©

In the node update step, it is necessary to aggregate the adjacent edge
features of each node through an aggregation function p*~" as each node may
have multiple edges. Then node update function ¢' generates new node
features by computing graph features, own node features and aggregated edge
features. The node update can be expressed as:

V' = ¢v (pe»v (e’),V, U) (10)

In the global update step, edge features are aggregated globally through
aggregation functions p®~", and node features are aggregated globally through
aggregation functions p'~" according to specific global problems. Then global
update function ¢" generates new graph features by computing graph features,
aggregated node features and aggregated edge features. The global update can
be expressed as:

370
u’ :¢u (peau (el)lpv»u (V,),U) 1)

For the inverse problems of uncertain parameters for truss structure, it can
be seen that member axial stiffness parameters belong to edge features, and
node displacement parameters belong to node features. Therefore, the message
passing in the truss structure only occurs between node and edge features, and
the global update is unnecessary. In the edge update step, the features of each
edge are updated by a multilayer perceptron (MLP) network. The adjacent
node features and the original edge features are spliced as the input, and the
new edge features are obtained as the output. It should be noted that the new
node feature dimension is consistent with the original node feature dimension
to ensure that the new node feature can be used as input again. In the node
update step, the MLP network is also used to update each node. The difference
is that edge feature aggregation steps need to be added in the update. Here the
SUM aggregation function is used to aggregate all edge features connected to
the same node. The message passing layer constructed is illustrated in Fig. 7. It
should be noted that in the message passing layer, the update function ¢ needs
to be trained and learned, and the aggregation function p is selected
independently.

For simple truss inversion analysis, parameter inversion can be achieved
by using a single message passing layer. It should be noted that for GNN
models, the over-smoothing problem can lead to degradation of the model
performance as the number of message passing layers increases.
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Fig. 7 The message passing mechanism

3.4. Model training and optimization

In GNNSs training, the input datasets are shuffled to avoid the influence of
the order of input datasets on feature learning. The Adam optimizer is selected
for training. The inversion problem studied in this paper is to obtain the
member stiffness and inner forces parameters from the node displacement
response parameters. Therefore, the elastic modulus parameters in the edge
features need to be initialized to 0 in the input features, while the actual elastic
modulus parameters are used as the target labels. The inversion error is defined
as follows:

2( Eout - Etarget )2

n

x100% 12)

error —

Where Eou is the output stiffness parameters of the inversion model, Etarget
is the actual stiffness parameters, and n is the number of the output stiffness
parameters.

3.5. Case study

In order to validate the computational effectiveness of the inverse model
presented in this paper, the numerical tests of a basic planar truss structure are
analyzed as shown in Fig. 4. The implementation steps are as follows:

(1) Graph representation of the truss structure

The graphical representation of the truss structure studied in this paper is
shown in Fig. 8, the geometry and physics parameters of the truss structure are
listed in Table 2, and the defined features of the corresponding graph structure
are listed in Table 3.
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Fig. 8 Graphical representation of the studied trusses

Table 2
The truss structure parameters
L (m) W (m) A (m?) 1 (m%) E (GPa) F (kN) n
1 1 7.854x10° 4.9087x10° 206 10 Random(0,1)
Table 3

The defined features of graph structure

Feature number Feature description

Svt [0,0,0,1,0,0, Dx, Dy}]
Node feature Sv2 [0,0, 1w, F, 0, Dx?, Dy?]
[Cx, Cy, X, ¥, Fx, Fy, Dx, Dy] Sv3 [1,1,0,0,0,0, Dx3 Dy
Sv [1,1,1,0,0,0, Dx4 Dy4
Set [0, 7€, A, 1]
Se? 0, €, A, |
Edge feature 0. ]
Se? [1, 7€, A 1]
[T, nE, A 1]
Set [1, 7€, A 1]
Se? [0, 7€ A1

(2) Parametric acquisition of datasets

In order to meet the characteristics of difficult data acquisition in
engineering practice, 1000 sets of numerical simulation datasets are obtained
according to the computational flow shown in Fig. 5. To avoid the effect of
inconsistent parameter units on feature weights, the features are normalized by
Equation (6) and then involved in the GNN model training. To ensure the
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efficiency of the training process and the correctness and accuracy of the
training results, the datasets are divided into training sets, test sets and
validation sets in the ratio of 8:1:1.

(3) Construction of GNN-based inversion model

The inverse model is constructed according to Fig. 6, and the message
passing network is constructed according to Fig. 7. The input features of the
network are first preprocessed by initializing the stiffness feature in the edge
features to 0, while the stiffness true values are used as the target label. The
input features are the preprocessed node features and edge features:

Sv=[Cx,Cy,x,y,Fx,Fy,Dx, Dy]
se=[T,0,A1] (13)

The inverse model contains two message passing layers, and then the edge
features are output through a linear transformation layer. In the message
passing layer, the message passing is realized through edge update and node
update in turn. The update process is as follows:

Se(l) =4 (Se(o) ’ SV(O))
Sv(l) _ ¢v (peav (Se(l) ),SV(O))
se® = g (se®, v (14)

v = 4 (pe»v (Se(z) ),Sv(l))

The updated edge features are then passed through a linear transformation
layer to obtain the final output

Sen = Linear(sv? ) =[T?), B,y A%, 17| (15)

(4) Model training and optimization

The model optimization uses Adam Optimizer with an initial learning rate
of 1X 10, and the learning rate decreases with the training epoch. The output
error is calculated by Equation (12). To reduce the hardware requirements for
inversion training, this training was performed using only an i5-10400 CPU.
Finally, the model parameters are optimized by the back propagation algorithm
until the model results meet the requirements.

The convergence of different data sets during the training process is shown
in Fig. 9. It can be seen in the figure that the model converges rapidly during
the training process, and the inversion accuracy is stable at about 99%. In
particular, the model training accuracy is higher than 0.978 as can be seen in
the local enlargement of the first 50 epochs, and the model has a good
inversion performance with less training volume. Therefore, the inversion
results fully satisfy the engineering calculation requirements.

) g i e,
0. 90 1 training
o ot
i validation
0. 80 (;
> ‘ = 100
Q 3
£ i :
= 0.70 1 .90
3
S 5‘0,80 training
=1 i igest
0. 60 § 070 -+ validation
0.60
0.50
0. 50 =
0.40
ffffffff 0 10 20 30 40 50
epoch
0. 40 T T T T 1
0 50 100 150 200

epoch

Fig. 9 The convergence curves of different datasets
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4, Discussion
4.1. Performance of inversion model

In order to study the performance of the inversion model, the GNN model
trained over 200 epochs is used to solve the inverse problem of uncertain
stiffness of the truss structure. Since the graph structure in the GNN considers
the direction of edges, the final result of the edge stiffness values is obtained
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other members are illustrated in Fig. 12. The stiffness of the member is
calculated according to the following formula:

S=EA/I (16)

The relative error is calculated according to the formula:

- . L - _ 0,
by averaging the stiffness values of two directions on the same edge. The RE= Starget Sinverse| X100% a7
inversion results of member Sei® (see Fig. 8) are shown in Fig.10, the inversion
results of member Se;* are illustrated in Fig. 11, and the inversion results of the
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As can be seen in Fig. 10(a) and Fig. 11(a), the red line represents the
normalized target value, the ball represents the normalized inversion output,
and the colors of the ball represent the error range between the output and the
target. The relative error in Fig. 10(b) and Fig. 11(b) is obtained from Equation
(16). In Fig. 12(a), the inversion results of 100 datasets are indicated by
different symbols and colors. The colors represent the error range of the
inversion results. In Fig. 12(b), the relative error and error accumulation results
of the inversion are illustrated.

It can be seen in Fig.10(a) and Fig.11(a) that the inverse stiffness results
are almost in a straight line with the real stiffness, and the relative error is
basically within 1%, which proves that the model achieves the stiffness
inversion of the truss structure with good results. As can be seen in Fig. 10(b)
and Fig. 11(b), the overall inversion error of the inversion model is very small,
with only a few outliers with relative errors greater than 1%, which occurs
when the member stiffness values close to 0 or 1. In addition, the inversion
accuracy of the model is significantly higher in the moderate stiffness (between
0 and 1), which commonly represent semi-rigid in structure analysis. Since
most of the member stiffness reduced due to bolt slip in the actual engineering
structure is in the range of 0.3-0.51Y, this inversion model will perform better
in practical engineering applications.

As can be seen in Fig.12, the inversion errors of most of the other
members are within 0.2%, which is much smaller than the inversion errors of
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members Sei® and Sei*. It proves that the inversion of the fixed stiffness
parameter is better than that of the variable stiffness parameter. However, there
are also outliers in the stiffness inversion results, which are caused by the
extreme stiffness of members Se® and Sei’.

In conclusion, the inversion model based on GNN can complete the
inversion of the uncertain stiffness parameters of the truss structure with high
precision, which meets the requirement of engineering accuracy. Meanwhile,
the presented model performs better when member stiffness is moderate in
actual structural parameters.

4.2. Data requirements of the inversion model

In many engineering problems, there is a lack of experimental data due to
technical or economic reasons. Therefore, it is necessary to reduce the number
of datasets needed for training and to improve the generality of the model. For
this purpose, training datasets of size N=100,200,400,800 are studied for
model training. The 100 sets of displacement-stiffness datasets are randomly
obtained as the validation datasets. During the training process, the inversion
accuracy of the validation set with different datasets sizes is shown in Fig. 13.
The inversion error of the model trained over 200 epochs for different datasets
is shown in Table 4.
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Fig. 13 The inversion accuracy of different training dataset sizes
Table 4 As can be seen in Table 4, when N=100, the training data set is insufficient
The inversion error for different datasets in this simple truss structure. The inversion error of the test set and validation
— - — — set is larger than the training set, and the inversion error is around 10%.
training data sizes training test validation However, when N=200, the inversion error of the test and validation sets is
N=100 5.11% 8.86% 8.60% smaller than the training set, which indicates that the model has learned the
mapping relationship of truss structure inversion. Compared with N=400 and
N=2 2.06% 1.10% 1.17% . ] A
00 06% 0% ° N=800, the inversion error of the validation set decreases from 0.62% to
N=400 0.66% 0.63% 0.62% 0.43%, and the inversion performance of the model does not improve
N=800 0.74% 0.44% 0.43% significantly, but the training time increases and resources are wasted. In

It can be seen in Fig. 13 that the inversion accuracy curves for different
training dataset sizes increase rapidly within the first 50 epochs, which
indicates that the inversion method is effective for different training dataset
sizes. As the size of datasets increases, the accuracy can be improved in stages.
Therefore, the more data, the faster the training speed, and the better the
performance. It also can be found that the size of the training datasets has less
impact on the degree of accuracy improvement when the accuracy is higher
than 99%. For example, when the dataset size increases from 100 to 200, the
inversion error decreases from 8.60% to 1.17%. When the size of the dataset
increases from 200 to 400, the inversion error only decreases from 1.17% to
0.62%. The relationship between inversion error (IE) and datasets sizes N is
approximately 1Ec<N4, Therefore, a suitable dataset size can be obtained by
pre-training to avoid wasting resources due to too little training data or too
much data in the project.

summary, the inversion method of uncertain parameters for truss structure
based on GNN requires a smaller dataset size and is more suitable for difficult
data acquisition in engineering.

4.3. Integration of inversion method with engineering applications

There are various uncertain factors in practical engineering. In order to
accurately analyze and solve engineering problems, various uncertainties need
to be considered. It will become very difficult to solve the inverse problem by
traditional analysis methods with the increase of uncertain factors. While these
problems can be easily solved by the inversion method proposed in this paper.
This is because all uncertainty factors can correspond to the features of the
graph structure. For example, the uncertainty of the structure itself corresponds
to the node features and edge features, while the external uncertainty factors
correspond to the graph features. In the inversion method of uncertain
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parameter based GNN, the study of multiple uncertainties corresponds to the
study of the mapping relationship of multiple features. To verify the feasibility
of simultaneous inversion of multiple uncertain parameters, uncertain axial
force features were added to the original graphical neural network model. It is
shown that the model can realize the simultaneous inversion of nodal
displacements on axial force and stiffness parameters, but the inversion
accuracy will decline. It will be a further research direction to solve the
inversion problem of multiple uncertain factors in specific engineering
problems.

On the other hand, the actual engineering structure is more complex than
the simple truss structure studied in this paper. The more complex the structure
is, the more difficult it is to analyze by traditional finite element methods.
However, this problem can be perfectly solved by the inversion method, due to
the powerful ability of GNN to process graph data. In GNN models, complex
structures only increase the number of nodes and edges, corresponding to
increasing the dimension of node features and edge features. Therefore, the
inversion method can be applied to all kinds of complex space structures.

5. Conclusions

The inverse problem in engineering has been extensively studied, but
remains challenging to fully solve. However, with the integration of machine
learning and engineering, the GNN method offers a promising solution to the
inverse problem. The inversion method proposed in this paper not only allows
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ABSTRACT
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This paper evaluates the seismic performance of conventional steel composite beam-column rigid joints, and a novel
buckling restrained knee-braced joint (BRKBJ), considering the impact of the floor slab. A series of quasi-static comparative
tests were conducted to analyze the failure mode, load-bearing capacity, hysteresis performance, and ductility of both types
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of joints. Our findings revealed that the hysteretic curve of the BRKBJ exhibits a robust and shuttle-like shape, suggesting

an adequate energy dissipation performance. However, its yield displacement is relatively small. Conversely, there is a
marginal increase in the yield displacement of the beam and column, along with a significant rise in the yield load when
compared to the rigid joint. The ultimate load-bearing capacity increases by 32.6%, and the displacement under this ultimate
load decreases by 19.2%. Furthermore, the equivalent viscous damping coefficient and the ductility coefficient see an
increase of 14.5% and 21.6%, respectively. When damage occurs to the joint, the buckling restrained knee brace helps shift
the plastic hinge outwards, safeguarding the beam-column joint. It was also observed that the impact of the buckling
restrained knee brace on the hysteretic behavior of the composite beam-column rigid connection at the beam end during the
tension phase is notably more than during the compression phase. The presence of a floor has minimal effect on the BRKBJ.

Copyright © 2023 by The Hong Kong Institute of Steel Construction. All rights reserved.
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1. Introduction

Buckling restrained knee-braced joint (BRKBJ) is a new type of joint
installed near the joint of steel beam and frame column. Moreover, the buckling
restrained sleeve is placed outside to prevent its buckling instability. The core
plate of the knee brace is composed of a low-yield-point steel plate. Under a
small earthquake load, the knee brace can improve the lateral stiffness of the
structure and meet the lateral displacement requirements of steel structural
systems. Under a large earthquake load, the knee brace core plate yields before
the beam-column main component and dissipates the seismic energy through its
plastic deformation with no damage to the main component. Thus, it overcomes
the weakness of the traditional design. Additionally, the BRKBJ of a steel frame
structure has the advantages of large stiffness and good ductility. A buckling
restrained knee brace (BRKB) is small, easy to replace and repair after damage,
and can be assembled on site. Note that a BRKB can be used as lateral force
resistance and energy dissipation component in the reinforcement and
reconstruction of existing steel structures.

BRKBs of steel frames and joints have been studied theoretically and
experimentally. Hsu and Li [1] studied the steel frame with an I-shaped steel
knee brace. The results indicate that incorporating a knee brace enhances the
load-bearing capacity of steel frame structures, although out-of-plane instability
remains a significant concern. Junda et al. [2] investigated the seismic behavior
of hinged steel structures with viscous damping knee brace joints. The results
show that the viscous damping knee brace can remarkably improve the energy
dissipation capacity of the frame. Yin et al. [3] proposed a double-tube BRKB
system that can be employed in steel frame structures. This knee-braced system
is founded on a cast steel connection. The author demonstrated the advantages
of using a ductile cast steel material to enhance the energy dissipation of the
buckling restrained brace. Chen et al. [4] analyzed the energy dissipation
performance of a BRKB in bridge engineering, concluding that it effectively
mitigates earthquake damage. Zhou [5,6] studied the angle, length, stiffness,
and other parameters of the knee brace and obtained a more rational layout form
of the knee brace. Conti et al. [7] introduced a design method focused on the
overall collapse mechanism of seismic knee-braced frames. Li et al.[8]first
proposed the knee braced frame system.This system is a new type of energy-
consuming braced frame system, which has the advantages of large stiffness,
low cost, simple repair and strong deformability. Under the action of medium
or large earthquakes, the knee brace first yields and consumes energy. At this
time, the main body of the beam and column is still in the elastic stage, so that
the main body of the structure is not destroyed and easy to replace after the
earthquake. Ji K H[9]a carried out experiments and finite element simulation.
The results show that the knee brace has serious plastic deformation and the
beam-column body is not damaged at this time, which verifies that the energy-
consuming knee brace has good ultimate bearing capacity, elastic stiffness,

ductility and hysteresis performance. H.-L.Hsu[10] carried out low cyclic quasi-
static test on buckling restrained knee brace steel frame. The test results show
that the arrangement of knee brace in steel frame structure can obviously
improve the strength and stiffness of the structure, and make the structure have
good deformation ability and energy dissipation ability, which changes the
performance of traditional steel frame. Jia et al. [11] executed a design
experiment to study a buckling-restrained brace composite frame system. The
outcomes demonstrate that installing braces markedly improves the lateral
stiffness, ultimate load-bearing capacity, and energy dissipation performance of
the composite frame. Xie et al. [12] performed reverse loading tests on sandwich
buckling restrained brace specimens with varying gaps. The test results
confirmed that the structure possesses stable hysteretic performance and energy
dissipation capacity, aligning with the specific values outlined in AISC2010.
The compressive strength adjustment coefficient increases as the gap widens.
However, the maximum number of cycles under large axial strain sees a
significant reduction, leading to a decrease in energy dissipation capacity. Xu et
al. [13-15] analyzed the buckling restrained knee-braced steel frame under
unidirectional static and low cyclic loads. Xu et al. performed the modal and
dynamic time-history analyses under three different seismic waves. The results
show that the buckling restrained knee-braced steel frame has good seismic
performance, and the arrangement of knee brace can effectively reduce
structures’ seismic response.

Following Refs. [16-25], the present paper studies the influence of BRKBs
on the performance and failure mechanism of steel frame composite beam-
column joints considering the floor effect. Thus, a BRKBJ and an ordinary
beam-to-column rigid joint (BTCRJ) were selected for quasi-static tests under
low cyclic loading and seismic performance analysis.

2. Experiment description
2.1. Specimen dimension design

In this experiment, the steel frame under horizontal seismic load was taken
as the prototype and the composite beam-column rigid joint in the frame was
selected as the experimental model. The distance between column inflection
points, i.e., column height plus the distance between column’s upper and lower
hinge supports, is 2300 mm. The middle inflection point of the beam span is
1660 mm away from the outer edge of the endplate. The size of beam and
column of the joints are H 350 %172 %7 <12 mm, and H 300 <300 <12 %16
mm, respectively. The lengths of the column and beam are 1780 mm and 2320
mm, respectively. The concrete floor is C30 with thickness and width of 70 mm
and 1020 mm, respectively. The internal reinforcement is double-layer and
double-direction, and HRB400 steel bars with 6mm@2100 are used for
longitudinal and transverse reinforcements. The stud is 16 cylindrical head stud,
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the longitudinal spacing is 120 mm, and the transverse spacing is 100 mm.
Accordingly, the BRKB is added. Note that the geometric size of the energy
dissipation section of the knee brace core plate is 80 <12 <460 mm. To obtain
the optimal joint performance, the arrangement angle of the knee brace is set
parallel to the diagonal line of the frame with 770 mm from the beam end and
310 mm from the column bottom. The knee brace core plate is the Q235B steel
with a low yield point, and the beam column is the Q355B steel. Beams and
columns have H-shaped cross-sections and are rigidly connected with corner
braces. The buckling restrained sleeve is added on both sides of the corner brace
plate to prevent instability. The beam flange and column are connected by butt
weld, which is fully melted groove welding, with the first-grade quality. Note
that the welding material is manually welded by the E50 electrode. Also, the
web bolt is connected by friction type of 10.9 grade M20 high strength bolt. The
bolt hole diameter is 22 mm, the friction coefficient (u) is 0.4, and the contact
surface is sandblasted. The joint structure is shown in Fig. 1, and the BRKB
structure is shown in Fig. 2.
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2.2. Material properties test

The specimen thicknesses used in this test include 8 mm, 10 mm, 12 mm,
and 14 mm. The thicknesses of Q355B steel are 8 mm, 10 mm, 12 mm, and 14
mm, and the thickness of Q235B steel is 12 mm. Three specimens were selected
for each plate thickness with a total of 15 specimens. The test results of the
specific mechanical properties are tabulated in Table 1. The mechanical
properties of steel bar and concrete are provided in Table 2 and Table 3.

Table 1
Mechanical properties of steel materials.

Materials t(mm) fy(N/mm?) fu(N/mm2) E(N/mm?) 3(%)
8 367.2 455.8 196100 22.2
10 304.4 469.6 200000 27.0
Q355
12 380.1 539.6 204600 22.7
14 330.4 472.7 206000 24.6
Q235 12 272.7 448.1 201400 323
Table 2
Mechanical properties of reinforcing steel
Material Bar diameter fy(N/mm2) fu(N/mm?)
Steel bar @6 410.3 566.7
Table 3
compressive strength of concrete
Material Strength grade feuk (N/mm?) fex(N/mm?)
Concrete C30 31.38 20.98

2.3. Loading device

The loading device of this test is depicted in Fig. 3. Two vertical actuators
are linked with the reaction frame, and a horizontal constraint is linked with the
reaction wall. The reaction frame and the lateral constraint are connected to the
ground by anchor bolts. The test was conducted by MTS to impose a low cyclic
load on the beam end to observe the joint’s failure process and to analyze the
energy dissipation capacity. In preloading, the parts of the component were
closely contacted to ensure the whole device’s stability, reliability, and normal
use. In formal loading, first, a constant vertical load of 830 kN was applied with
a jack along the axial direction of the column top. The loading process, mainly
composed of two stages, was adopted at the beam end. The first stage was the
elastic stage, in which the components did not enter the yield state. In the elastic
stage, the load was increased by integral multiples of 25 kN. When any cross-
section reached the yield point, and the plastic deformation occurred, it entered
the elastic-plastic stage, i.e., the second stage. At this time, the load was
increased with integral multiples of yield displacement. Note that each load
cycle was two weeks. When the bearing capacity of the specimen decreased to
less than 85% of the ultimate bearing capacity or when a large deformation or
failure occurred in the beam, column, and joint area, the loading was stopped,
and the test was complete.

1-Reaction wall; 2-Reaction frame; 3-Column end vertical actuator; 4-Beam vertical actuator; 5-
Ball hinge; 6-The specimen of knee brace joint; 7-Lateral constraint; 8- Horizontal constraint

(a) Test schematic diagram
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(c) BTCRJ experimental device diagram

Fig. 3 Test loading device diagram

2.4. Displacement meter and strain gauge layout

BRKBJ arrangement of 6 displacement meters, BTCRJ specimen
arrangement of 5 displacement meters. The displacement meters No. 1 and No.
2 were used for monitoring the diagonal displacement of the beam and column
joint domain. The displacement meter No. 3 was used to monitor the
displacement of the beam end loading point. The displacement meters No. 4 and
No. 5 were used for monitoring the displacement of column ends. The
displacement meter No. 6 was used to monitor the axial tension and
compression deformation displacement of the buckling restrained corner brace.
The strain of the beam, column joint domain, corner brace, column intersection
point, and the beam-column near the joint were observed. Note that the strain
gauge numbers of both joints near the joint domain were the same. The
displacement meter and the arrangement of key measuring points are illustrated
in Fig. 4 and Fig. 5.
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Fig. 5 Layout of measuring points

3. Experimental process
3.1. BRKBJ pseudo-static test process

In the elastic loading stage, when the vertical load of 154.2 kN along the
pressure direction was applied to the beam’s end, the strain at the gauge No. 52
at the core of the buckling restrained corner brace reached 1358pe , which is the
maximum of all strains of the core. As shown in Fig. 6, It can be determined
that the core material part yields at this time, and the yield strength is measured
by the material performance test of the sample. After one loading cycle in the
elastic loading stage, the maximum displacement along the beam’s pressure
direction was 7.6 mm. Thus, the yield displacement was 7.6 mm, and the yield
load was 154.2 kN. The cyclic load was carried out with the integral multiple
yield displacement, and each stage was loaded twice. As shown in Fig. 7, when
the vertical displacement imposed by MTS at the beam end along the
compressive direction reached 10.51 mm, the load at the beam end was 195.4
kN, and cracks appeared in the middle of the concrete slab. Also, when the
displacement applied by MTS at the beam end along the compressive direction
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reached 21.1 mm, the corresponding load was 290.71 kN, and the maximum
strain of the reinforcement in the upper floor reached 1390. Thus, the
reinforcement was expected to yield at this time. When the vertical
displacement applied by MTS at the end of the beam along the compressive
direction reached 24.13 mm, the load at the end of the beam reached 346.61 kN.
The data monitoring reveals that the maximum strain measured by strain gauge
No. 41 at the lower edge of the beam and corner brace is 1798 . Thus, the yield
of the beam can be determined at this time. When the vertical displacement
applied by MTS at the beam end along the compressive direction reached 32.34
mm, the load at the beam end was 333.38 kN. As shown in Fig. 8, the concrete
slab detached from the steel column, and the penetrating cracks appeared in the
middle of the slab. Fig. 9 shows that the fracture occurred in the middle of
buckling restrained knee-braced core material when the load is up to 9 times the
yield displacement. At this point, the connection between the beam and the
corner brace yielded, while the beam end near the joint domain did not yield.
When the load to the buckling restrained corner brace reached 11 times the
upward yield displacement, a crack with a width of 8 mm appeared on the floor,
the floor edge began to fall off, and the bearing capacity of the specimen
decreased to less than 80%. At this point, the test is complete. The buckling
restrained corner brace was broken, a large crack on the concrete slab and many
penetrating cracks appeared, and the slab fell off. However, the beam and
column were not damaged and unstable, and the beam-column joint domain
maintained good mechanical properties, which was consistent with the two-
stage yield design concept of the BRKBJ specimen.

(L

Fig. 6 BRKBJ knee brace yield

Fig. 7 Crack on the concrete floor

Fig. 8 Crack on the concrete floor
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Fig. 9 BRKBJ core material failure
3.2. BTCRJ pseudo-static test process

Fig. 10 suggests that, in the elastic loading stage, when the force was loaded
to 50 kN, cracks appeared near the joint domain of the floor and fell off. When
the force was loaded to 140 kN along the pressure direction, penetrating cracks
appeared near the joint domain of the floor. When a vertical load of 226 kN was
applied in the direction of pressure, the strain at the root of the lower flange of
the beam, at gauge No. 37, reached 1908 we, the maximum value recorded
among all strains. Moreover, a clear inflection point appeared on the load-
displacement curve of the beam endpoint. Thus, the yield of the beam can be
realized at this time, which was after one loading cycle in the elastic loading
stage. The load-displacement curve also shows that the maximum displacement
of the beam endpoint along the pressure direction reached 20 mm. The yield
displacement was 20 mm, and the corresponding yield load was 226 kN. It
should be noted that 20 mm integral multiple yield displacements were used to
increase the cyclic load amplitude. At each displacement stage, the loading
cycle was imposed twice. When the vertical displacement along the pressure
direction applied by MTS at the beam endpoint reached 28.74 mm, the load at
the beam endpoint was 290.71 kN, and the maximum steel bar strain at the upper
floor reached 1472 ue. It can be realized that the steel bar yielded at this time.
When the vertical displacement in the compression direction applied by MTS at
the beam endpoint reached 60 mm, the load at the beam endpoint was 305.98
kN, and cracks appeared near the joint domain of the floor. When the load
reached 4 times yield displacement, the lower flange of the beam near the joint
domain buckled, and the load at the beam endpoint was 313.5 kN (Fig. 11).
When the loading was up to 6 times the yield displacement, the lower flange
and web of the beam near the joint domain were torn (Fig. 12). At this point, the
test was terminated.

Fig. 11 Beam flange deformation
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Fig. 12 Beam flange failure

4. Test result analysis
4.1. Load-displacement curve

The load-displacement hysteresis curves of both specimens are compared
as depicted in Figl3-Figl4.

Before BRKBs fracture, the hysteresis curve of BRKBJ is shuttle-shaped
and full, and it has good energy dissipation performance. In the early loading
stage, due to the coupling effect of buckling restrained brace and beam-column,
BRKBJ has greater stiffness than BTCRJ. The BRKBJ specimen’s stiffness

decreases with increasing the number of cycles in the displacement control stage.

The hysteresis curve of the BRKBJ specimen has three distinct stages, which
imply that the buckling restrained brace and beam-column yield successively.
When the cycle reaches 9 times the yield displacement, the fracture occurred in
the middle part of the core material, the bearing capacity of BRKBs decreased
to 59.6 % of the ultimate bearing capacity. At this time, the main body of the
beam and column maintained good integrity except the core material, indicating
that BRKBs had good energy dissipation capacity. After that, the BRKBs were
continuously loaded to 11 times the yield displacement, and the beam-column
joints were loaded, indicating that the beam-column joint domain still had good
energy dissipation capacity after BRKBs fracture. Overall, the hysteresis curve
is “symmetrical” in the tension and compression directions, indicating that the
influence of floor slab on the hysteretic behavior of buckling restrained corner
braced joints is not significant.

The hysteresis curve of the BTCRJ specimen is relatively stable and full,
and the specimen has large stiffness at the initial loading stage. With the increase
of loading multiple, the stiffness decreases. When the cycle reaches five times
the yield displacement, the total load of the load-displacement curve no longer
increases, and the hysteresis loop shows a downward trend. The lower flange of
the beam at the beam-column connection is torn, and the bearing capacity
decreases to 58.3% of its ultimate bearing capacity. The hysteresis curve of the
BTCRIJ specimen is overall “asymmetric”. The hysteresis curve in the tensile
direction is fuller because the floor is in a tensile state when the beam ends are
compressed. Once the concrete cracks and the steel bars yield, the floor fails.
When the beam end is pulled, the floor and the concrete are in a pressurized
state. Therefore, when the beam end displacement is large, the joint stiffness is
obviously degraded in the compression direction, while the beam endpoints are
in the tensile state and the concrete is still in the compression state.
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Fig. 14 Comparison of load-displacement curves of BRKBJ and BTCRJ specimens

4.2. Skeleton curve

The skeleton curves of both specimens are compared as illustrated in Fig.
15. The ultimate bearing capacity of the BRKBJ specimen is 453.73 kN. The
skeleton curve of the specimen changes linearly before the buckling restrained
corer core material yields. The whole specimen is in the elastic stage. After the
core material yields, the skeleton curve has obvious bending. Meanwhile, with
gradually increasing the displacement, the specimen stiffness gradually
decreases. After the beam and column yield, the stiffness will decrease again.
The skeleton curve has an obvious inflection point. When the BRKBJ specimen
is loaded in the tensile direction to 9 times the yield displacement of the energy
dissipation knee brace, the middle part of BRKBs fractured. Before the fracture
of the core material. the displacement and stiffness in the tensile and
compressive directions are symmetrical, indicating that the floor slightly
influences the BRBKJ specimen’s stiffness. The ultimate bearing capacity of the
BTCRIJ specimen is 342.14 kN, and the skeleton curve changes linearly before
the beam and column yield. After the beam and column yield, the stiffness
decreases significantly when the displacement in the compressive direction
reaches 80 mm. However, the stiffness begins to decrease when the
displacement in the tensile direction reaches 105 mm, indicating that the floor
has a significant enhancement effect on the stiffness in the BTCRJ specimen’s
tensile direction. The loads and corresponding displacements of both specimens
at each stage are shown in Table 3. It can be realized that setting BRKBs can
effectively increase the yield displacement of beam and column, improve the
yield strength, and effectively delay the cracking of concrete and the yield of
steel bars. The ultimate bearing capacity increases by 32.6%, and the

displacement decreases by 19.2% under ultimate load.
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Fig. 15 Comparison of skeleton curves of BRKBJ and BTCRJ specimens

Table 3
Core material, beam-column yield displacement and load.
) Beam-col limiti
. Core yield concrete crack eam_co umn '""_"_“g
Specimen yield condition
Ac Fc Af Ff Ay Fy Au Fu

BRKBJ 755 15421 1142 1954 2413 346.6 78.83 4537
BTCRJ - - 4.26 50 19.95 2221 9397 3421
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4.3. Stiffness degradation curve

Note that the secant stiffness (Ki) represents the specimen stiffness under
low cyclic loading. The stiffness degradation curves of both specimens are
compared as provided in Fig. 16, the curves of both specimens are relatively
smooth before the BRKB yields. The BRKBJ specimen has the characteristics
of large stiffness and small displacement. After the displacement increases to
the failure point of the knee brace, the stiffness in the tensile direction decreases
rapidly, and the stiffness degradation in the compression direction is still gentle.
This is because the knee brace fails when the beam end is tensioned, while the
knee brace in the compression direction is still in function due to the existence
of the buckling restrained sleeve. When the BRKBJ specimen reaches the
ultimate bearing capacity state, it still maintains 42% of the initial stiffness,
indicating that the BRKB is arranged based on the rigid connection of the beam
and column. Note that it can meet the requirements of seismic fortification. For
BTCRIJ, with the increase of load displacement, the degradation trend in the
tensile direction is smaller than that in the compressive direction. This is
because even if the concrete cracks and the steel bars yield, the floor slab can
partially provide stiffness when the beam ends are pulled. When the specimen
reaches the ultimate bearing capacity state, the specimen has an initial stiffness
of about 41%.

—e— BRKB]
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Fig. 16 Contrast diagram of stiffness degradationcurve of two specimens

4.4. Ductility analysis

The equivalent viscous damping coefficient (he) is used to determine the
joint’s energy dissipation capacity, and the displacement ductility coefficient (n)
is used to determine the structure ductility. These coefficients of both specimens
are tabulated in Table 4.

Table 4

Equivalent viscous damping and displacement ductility coefficients
Specimen BRKBJ BTCRJ
he 0.387 0.338
n 7.3 6.0

The structure ductility is one of the important indexes to evaluate the
structure’s seismic performance. In this test, both joint specimens were
destroyed before the bearing capacity decreased to 85% of the ultimate bearing
capacity. Thus, the specimen displacement was taken when the maximum
bearing capacity was reached. The seismic ductility coefficient of the frame
structure specified in the code is 4.0, and the displacement ductility coefficient
of both specimens meets the code requirements. The equivalent viscous
damping coefficient and displacement ductility coefficient of the buckling
restrained corner braced joint are increased by 14.5% and 21.6%, respectively,
indicating that the buckling restrained corner braced joint has good ductility
performance.

The greater the equivalent viscous damping coefficient, the better the
energy dissipation capacity of the specimen. Among them, BRKBJ specimens
take the hysteretic loop calculation when the beam and column just enter the
yield after the yield of the energy dissipation core material, and BTCRIJ takes
the hysteretic loop calculation when the beam and column just enter the yield.
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4.5. Strain analysis of key positions

The strain changes of the measuring points 7 and 28 at the left flange and
11 and 32 at the right flange are illustrated in Fig. 17.

The comparative analysis reveals that the strain of the flange on both sides
of the column in the elastic stage is small enough to meet the requirements of
the strong column design. For the BTCRIJ specimen, the beam end is not fully
relaxed when the axial force of the column end is applied. Thus, it partially
impacts the strain of the column flange. With increasing the load, the strain
increasing trend of the BRKBJ specimen is less than that of the BTCRJ
specimen. It shows that the buckling restrained corner brace can share the load
at the end of the column in the traditional beam-column frame joint.
Furthermore, the buckling restrained corner brace can reduce the effect of load
on the column, and change the mechanical performance of the traditional beam-
column frame joint. Under reciprocating load, the lower flange at the connection
between the beam and the corner brace experiences a bending instability, while
the column still maintains good performance and no instability occurs. These
observations illustrate that the strategic placement of buckling restrained braces
can shift the joint’s plastic hinge outward to the joint between the brace and the
beam, thereby fulfilling seismic design requirements.
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Fig. 17 Strain contrast diagram on the wing edge of a column

The strain changes of measuring point 5 at the connection between the
column and the knee support of the BRKBJ specimen, measuring point 41 at
the connection between the beam and the knee support, and measuring point 37
at the beam endpoint near the joint domain are plotted in Fig. 18.

The yield load at the connection between beam and knee brace support of
the BRKBJ specimen is significantly greater than that at the beam end of the
BTCRIJ specimen. At this time, no yield occurs at the connection between the
column of the BRKBJ specimen and the knee brace support and near the joint
domain. This phenomenon can indicate that the layout of BRKBs can effectively
absorb energy. In the later loading stage, the knee braces and the beam near the
connection of knee braces take energy. Thus, not only the yield-load curve of
the whole beam and column is improved, but also the formation of plastic hinges
at the beam end near the joint domain is prevented. Therefore, the overall energy
dissipation capacity of the whole joint domain is improved.
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Fig. 18 The yield-strain curves of BRKBJ and BTCRJ specimens

The strain changes of the five measuring points 14, 17, 20, 23, and 27 in
the joint domain of both specimens are presented in Fig. 19.

In the elastic stage, the strain in joint domains of both specimens change
linearly, while the strain change trend of the BRKBJ specimen is significantly
less than that of the BTCRJ specimen. This fact indicates that adding the
buckling restrained corner brace can significantly reduce the stress level in the
joint domain, ensure the stiffness of the joint domain, avoid large shear
deformation in the joint domain of the specimen, and meet the design
requirements of strong joints.
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Fig. 19 Strain contrast diagram in the column joint domain

5. Conclusion

The seismic performance of the traditional steel composite beam-column
rigid joint and the BRKBJ considering the influence of the floor slab was
explored. A BRKBJ and a BTCRJ were selected for quasi-static tests under low
cyclic loading and for seismic performance analysis. Moreover, the failure
mode, bearing capacity, hysteresis performance, and ductility of both joints
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were analyzed. Our study has led us to the following conclusions:

(1) It was determined that the incorporation of a BRKB into the BTCRJ
specimen led to a 32.6% increase in the BRKBJ specimen’s ultimate load-
bearing capacity. The displacement is reduced by 19.2% when the ultimate
bearing capacity is reached. When the ultimate bearing capacity is reached, the
initial stiffness remains about 42%, the yield displacement of beam and column
increases slightly, the yield load is greatly improved, and the mechanical
performance of the joint is improved.

(2) The hysteresis curve of the BRKBJ specimen is robust. Compared to
BTCRJ, BRKBJ exhibits a 14.5% increase in the viscous damping coefficient,
and a 21.6% increase in the ductility coefficient. Under cyclic loading, the
BRKBJ specimen displays superior symmetry and heightened load-bearing
capacity. This suggests that the use of buckling restrained braces can enhance
the energy dissipation capacity of composite joints and also improve seismic
performance.

(3) The layout of the floor slab has minimal impact on the BRKBJ specimen
under seismic activity. The joints present almost equal energy dissipation and
stiffness in both tension and compression directions. Additionally, the floor slab
can significantly enhance the stiffness and energy dissipation capacity of the
beam end under tension after the beam and column yield. However, the effect
of the floor slab in the compression direction is not obvious.

(4) The BRKBJ specimen has a two-stage yield. First, the core material of
the buckling restrained corner brace and the main part of the beam and column
yield. When the plastic failure occurs, the increase of buckling restrained corner
brace can move the plastic hinge of the beam end of the traditional beam-column
joint to the connection between the corner brace and the beam. Moreover, the
buckling restrained corner brace reduces the stress level of the joint domain and
improves the energy dissipation capacity of the joint domain under seismic
action.
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ABSTRACT

ARTICLE HISTORY

A novel retrofit method for reinforced concrete (RC) columns using a direct fastening steel jacket has been newly developed.
This novel retrofit method features a simple and quick retrofit procedure, whereby high-strength fasteners are actuated and
driven through to connect steel angles, steel plates and the concrete surface surrounding the column. Steel plates in direct
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fastening steel jackets can carry axial load and lateral load directly because they are appropriately interacted with RC

columns. Direct fastening connections in direct fastening steel jackets behave in the manner of transverse reinforcement,
which can share shear load and generate passive confinement to concrete columns. Given that limited research has been
undertaken on direct fastening steel jackets, this paper summarizes state-of-the-art work on the experimental study,
theoretical study and design methods of direct fastening connections used to strengthen RC columns. Interesting findings
include the significant improvement of the strength and flexural stiffness of RC columns strengthened by the developed
method and subjected to axial and cyclic lateral loads, as observed in experiments. Furthermore, the theoretical study based
on fundamental mechanical derivations lays down the groundwork for the development of the design methods of RC

columns strengthened by this innovative method.
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1. Introduction

RC columns are used to resist vertical loads and lateral loads in frame
structures. However, when they experience a fire or earthquake event, load
carrying capacity and flexural stiffness can be impaired. Such damaged RC
columns may fail to resist subsequent extreme loading events, such as impact
or earthquake. This situation becomes more critical during seismic events,
where seismic demand exceeds the designed capacity [1-8]. It can be seen from
Fig. 1 that damaged structures with reduced flexural stiffness may suffer more
notable lateral deformation during a strong earthquake, as shown in Fig. 1.
When seismic displacement demand exceeds inelastic displacement capacity,
the collapse failure of columns may occur. Restoring flexural stiffness is an
effective method by which to decrease displacement demand. Indeed, although
previous retrofitting methods have mainly concentrated on improving the
strength of RC columns, the necessity to enhance the flexural stiffness of RC
columns is also necessary.

The use of a fiber-reinforced polymer (FRP) jacket is an effective
strengthening method that can improve the strength of an RC column by way of
the passive confinement effect. However, it does not effectively enhance the
flexural stiffness of RC columns [9-12]. Moreover, FRP jacketing is made up
of composite materials with poor fire resistance, which impedes their prevalent
application. To overcome these disadvantages, a strengthening method
increasing the cross-sectional area was studied [13-17]. Although structural
behavior can thereby be improved, this method cannot meet the demand for
rapid strengthening because the adding of the further layer of concrete is time
consuming. Although steel jackets can overcome these disadvantages, few
studies have been conducted.

A steel jacket formed by four steel angle brackets at the corners of the RC
columns was first proposed by Nagaprasad et al. [18]. Two adjacent steel angle
brackets were connected by steel battens using a welding connection.
Experimental results indicated that this method can improve the flexural
strength and flexural stiffness of RC columns. However, flexural stiffness
increase was limited (44%) as it was only provided by four steel angle brackets.

Roca et al. [19] subsequently conducted experimental tests on RC columns
retrofitted with steel jackets. In their tests, a load mechanism of monotonic
lateral loading with constant axial loading was used. Similar conclusions were
drawn. Sahoo and Rai [20] applied this strengthening method to an RC frame,
and dynamic tests were carried out on a strengthened and unstrengthened RC
frame. Based on the natural frequencies of strengthened and unstrengthened RC
frames, it can be concluded that the flexural stiffness of the strengthened RC
frame was improved by 20%. More recently, Xu et al. [21] proposed a steel cage
that was not affixed to the footing but rather was composited with the RC

column using steel glue. Flexural stiffness was found to increase by 60%, which
is also insignificant. The mechnisms of these two strengthening methods were
very similar, wherein the function of four steel angle brackets was identical to
the longitudinal rebar. The contribution to resisting bending behavior was
provided by the limited cross-sectional area of the four steel angle brackets.
Therefore, enhancement of the flexural stiffness of the strengthened RC
columns was not significant.

It can be seen that few studies have focused on enhancing the flexural
stiffness of RC columns. Furthermore, the improvement of existing steel jackets
on flexural stiffness is not remarkable. Therefore, a strengthening method that
can significantly enhance flexural stiffness is necessarily developed. Here, a
novel retrofit method for RC columns using a direct fastening steel jacket has
been newly developed. In this method, an innovative direct fastening connection
—distinguishable from the traditional welding connection —was utilized [22-26].
In this paper, a comprehensive review on the experimental study and theoretical
study of this innovative strengthening method is conducted to facilitate its
application to practical design.
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Fig. 1 Capacity spectrum subject to fire attack or earthquake event

2. Direct fastening steel jacket

A novel steel jacket is developed herein, as illustrated in Fig. 2. This novel
retrofit method features a simple and quick retrofit procedure, as a result of the
direct fastening connection method used. In this method, high strength fasteners
can be easily driven into two steel plates using an actuated gun. Compared to
welding connections, this method is more easily manipulated. With this
proposed steel jacket, steel plates contribute to axial and lateral load capacity



Zhi-Wei Shan et al.

because they are composited with the RC column. Direct fastening steel
connections can provide passive confinement and contribute to shear strength
because their behavior is analogous to the transverse reinforcement. Therefore,
the strength, stiffness and deformability of RC columns can be improved.

This direct fastening jacket and fastening connection can directly undertake
shear force, and can resist the in-plane shear force generated from passive
confinement. Therefore, the behavior of direct fastening connections subjected
to in-plane shear force should be comprehensively studied. The mechanism of
RC columns composited with the developed direct fastening steel jacket and
subjected to axial and lateral loading can then be studied. Based on these studies,
a design procedure can be developed. Therefore, the behavior of direct fastening
connections subjected to in-plane shear force is first reviewed. The behavior of
RC columns composited with the developed direct fastening steel jacket and
subjected to axial and seismic loading is then analyzed before the design
procedure is reviewed.

Legend:
[} : high=strength fastener
p== :anchor bolt
3 :steel plate
Il steel angle bracket
E : welding bead
[ :packing
[=3 :concrete
(a)
<] IF- -
+ Bl a7 L. — Bl .
. B
% 48 (%
Steel jacket RC column Strengthened RC column
(b)

Fig. 2 Proposed strengthening scheme: (a) front view; and
(b) plane view

3. Behavior of direct fastening connections subjected to in-plane shear
force

One hundred samples connected by two types of fastener were tested, under
in-plane shear force [22]. Parameters, including number of fasteners, spacing of
fasteners, arrangement of fasteners, surface condition of fasteners and effect of
protuberance were examined; see Fig. 3.

Typical displacement versus in-plane shear force is shown in Fig. 4. It can
be seen that this type of connection possesses preferable plastic deformation
before failure. This lays a foundation for the prevalent application of this
connection. To better describe this process, a simplified three-linear curve (i.e.,
OABC) is proposed, by which the passive confinement force provided by this
direct fastening connection in the strengthened RC columns can be determined.
To determine this simplified three-linear curve (see Fig. 4), the effective
stiffness, bearing shear strength and displacement at pull-out point should be
separately studied.

100 mm, 200 mm
100 mu:|:
T T
Type 1
ype 2 ype 3
=
Type 4 Tgpe 5 Type 6

Fig. 3 Types of connection
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Fig. 4 Displacement versus load curve

3.1. Effective stiffness

Effective stiffness can be used to obtain the deformation of a direct
fastening connection when the deformation lies within the OA stage. A direct
fastening connection is formed using high strength fasteners driven into two
steel plates. Therefore, fastener diameter, thickness of steel plate and the elastic
of the steel plate are the critical parameters affecting the effective stiffness [22].
This is given as:

Ket =@ Piert Eptpd, @

where ¢, is the factor considering the effect of fastener number (FN), which is
calibrated by test results and given in Table 1. ¢ represents the factor
considering the effect of other parameters excluding the above-mentioned three
critical parameters. It is also calibrated by test results and a value of 0.017 is
recommended. E;, d, and t, are the elastic modulus of the steel plate, nominal
fastener diameter and thickness of the steel plate, respectively. In general, the
fastener diameters are 3 mm and 4 mm, such that effective stiffness is mainly
affected by fastener number and thickness of the steel plate, considering that the
elastic modulus of steel is almost constant.

Table 1

Recommended values of FN factor
Number of n=1 n=2 n=3 n=4
fasteners
FN factor 1 1.4 1.9 21

3.2. Bearing shear strength

In accordance with the expressions used to determine the bearing capacity
of bolt connections recommended in previous specifications (e.g., ANSI/AISC
360-16), the expression determining the bearing capacity of direct fastening
connections is given as [22]:

Ry = 0@y Aoty @)

ntp up

where f,, is the tensile strength of the steel plate. In this innovative direct
fastening connection, when fasteners are driven into steel plates, protuberance
is generated which positively contributes to bearing capacity. Therefore, a factor
(@) was introduced to consider this effect. Furthermore, the surface condition
of the fasteners (i.e., knurling) also plays a key role in bearing capacity. A factor
(¢x) for the effect of knurling is thus brought in. Other stochastic effects are
included in bearing capacity factor (asr). The recommended values of these three
factors are presented in Table 2.

3.3. Ultimate displacement

Owing to the fact that plastic deformation is significantly larger than elastic
deformation (which can be seen from the displacement versus in-plane shear
force curve), the rotation of the fastener determines the ultimate displacement
of direct fastening connections, as shown in the following expression:

A bt 0, 3)

where 6 is the ultimate rotation of the fastener, which corresponds to pull-out
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time. When the friction force between the fasteners and holes of the steel plate
can no longer resist the pull-out force, pull-out failure occurs, indicating that the
ultimate rotation is affected by the surface condition of the fasteners. Therefore,
the ultimate rotation of different types of fastener should be separately
determined. According to the test results, ultimate rotations of 0.43 rad and
0.75 rad are recommended for the two types of fasteners, respectively.

Table 2
Recommended values of three factors in bearing capacity
Obr lllfp y’fk
Tight Non- With pre- Without
contact tight drilled pre-
. contact drilled Unknurled Knurled
with top X holes on
with top holes on fasteners fasteners
steel connected
late steel lates connected
P plate P plates
1.6 1.36 1.0 1.35 1.0 1.17

4. Behavior of RC columns strengthened by direct fastening steel jackets
subjected to axial loading

4.1. Experimental study

To investigate the behavior of RC columns encompassing direct fastening
steel jackets, eight specimens were designed and tested [23]; see Fig. 5. To
better distinguish between the specimens, they are each named using a notation.
For example, S-3-76.5-1 represents a thickness of the steel plate used of 3 mm,
connected by a direct fastening connection consisting of one fastener, with a
connection spacing of 76.5 mm. Four parameters, including connection spacing,

number of fasteners, thickness of steel plate and end connection, were examined.

Both axial load capacity and ductility are greatly enhanced by the proposed
direct fastening jacket. For the two specimens in which the steel jacket is joined
with one fastener and two fasteners, peak axial loading is 1548 kN and 1765 kN,
respectively. This demonstrates that the confinement effect for connections with
a higher number of fasteners is more notable. Regarding the effect of connection
spacing, the peak axial loads of S-3-42.5-1, S-3-76.5-1 and S 3 116.5 1 are
1498 kN, 1548 kN and 1676 kN, respectively. Smaller connection spacing
results in a smaller slenderness ratio for steel plates, which delays buckling time.
Therefore, when the axial strength is determined, the effect of confinement and
buckling should be considered.

$4-76.5 mm 57~76.5 mm 57~72.5 mm
nF=l

1,3 mm

n=l
1,=3 mm

8-3.76.5-1

5;/~116.5 mm 5442.5 mm 54~76.5 mm
n~1

,=3 mm

5,~76.5 mm
n=1 ni=l
1,74 mm ;=5 mm

§-5-76.5-1

5-4-76.5-1

8-3-116.5-1 S-3-42.5-1

Fig. 5 Types of connection sample

4.2. Theoretical study

4.2.1. Confined concrete strength

As shown in Fig. 6, the concrete was divided into three parts to distinguish
between the confinements of the concrete core. Concrete core 1 is confined by
both stirrups and direct fastening connections. Concrete core 2 is only confined
by direct fastening connections while concrete core 3 comprises plain concrete
without confinement.

When a column is subjected to axial loading, transverse deformation
generates due to Poisson’s effect. If there is no transverse confinement,
transverse deformation can expand freely; see the dashed line in Fig. 7(a). In the
case of transverse confinement, interaction between the concrete and transverse
reinforcement occurs. As a result, passive confinement stress (see Fig. 7(b)) acts
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on the concrete core and transverse deformation is constrained; see the solid line
in Fig. 7(a). Transverse reinforcements can be regarded as beams on an elastic
foundation, and then the governing equations are derived [24].

4
T K8 (g 5)=0 @
dy TRITR
d'ew, &5
e D (0,-5,)=0 ()
dX ETRITR
Ac
1 E(l-u) My b, )
e vy ey
Ao U+ p)A-2p) " 1-p, d,
2
4d
1 Ec(l_/'tc) He dc ( )
Ky:b _ @ — —)
D (Lt p)A-2p) " (L-p) b,
2

where &, and xy in Eqgs. (4c) and (4d) are the bending stiffness of transverse
reinforcement provided by the RC column along the x and y axes. With the
exception of the elastic modulus (E;) and Poisson’s ratio (uc) of the concrete,
the geometric parameters of the depth (d.) and width (b.) of the RC column also
affect the bending stiffness. Erltr represents the mechanical characteristic of
the deflection of the transverse reinforcement. |t and E are the second
moment and elastic modulus of transverse reinforcement, respectively.
Deflections of the transverse reinforcement along the x and y axes are
respectively depicted by w, and w, while transverse expansion of the RC column
along the x and y axes is respectively denoted by Jx and dy. s, is the width of the
transverse reinforcement.

The passive confinement stress generated from direct fastening connections
and stirrups, combining corresponding boundary conditions, can then be
determined according to the derived governing equation. Once passive
confinement stress is derived, confined concrete strength can be obtained.

I Confined concrete core 1

Unconfined concrete core 3

Fig. 6 Division of concrete cross-section
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Fig. 7 Confinement effect: (a) profile of plane deformation; and (b) profile of passive
confinement stress

4.2.2. Buckling strength of longitudinal steel rebar

Longitudinal rebars are restrained by concrete cover. Longitudinal rebar
buckling may occur following concrete cover spalling. During the post-buckling
process, part of the cross-section of the longitudinal rebar is unloaded. Because
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loading stiffness and unloading stiffness are different, the average stress of the
cross-section of the longitudinal rebar should be used instead of the local stress
on the stress-strain curve of the steel material. Dhakal and Maekawa [27]
verified that the former average stress is less than the latter local stress; see Fig.
8. They proposed a mothod to estimate this average stress and the expressons
are given by:

®)

o' Eae — &,
L)), ey <6 <6
Obuck = o & &y

o' -0.02E(s,.—€"), &

ave

>e

where e is the average strain. It is equal to the value when the maximum axial
load of the strengthened RC column is reached. o* and &* are used to depict the
strain and stress of the turning point in Fig. 8. o™ is the corresponding stress on
the simplified stress-strain curve of the steel material at a strain of &*. gy is the
nominal yield strain of longitudinal rebar.

4.2.3. Buckling strength of steel plates

In this proposed steel jacket study, the steel plates are only restrained at the
direct fastening connections. Steel plates between connections are simply
supported by the RC column. When steel plates are subjected to compressive
stress, outgoing buckling occurs. This was investigated in a previous test. To
predict the buckling strength of steel plates, a theoretical study was conducted
by Shan et al. [24] and an expression was proposed combining the experimental
results.

47°Dd (62)
Py critc :Tp(l—a.)
d
_E] (6b)
120-4,)

where D is the bending stiffness of steel plates that are restrained by direct
fastening connections at two ends. E,, w, and t, are the elastic modulus,
Poisson’s ratio and thickness of the steel plate, respectively. a; (0<a; <1.0) is the
initial imperfection factor, which is used to consider imperfections induced
during the manufacture and welding processes. It is an empirical factor and was
calibrated in accordance with experimental results.

o, =1.046 - 0'73;“ @

It can be seen that this factor is related to the slenderness ratio () of the
steel plates, which is defined by sq/t,.

Based on the above-mentioned methods, the strength of confined concrete
core 1, confined concrete core 2, unconfined concrete core 3, longitudinal steel
rebar and steel plates can be predicted. As a result, the axial loading capacity of
the strengthened RC columns can then be determined.

(£%,6,%)

y

With effect of postbuckling

\ : Perfectly clastoplastic curve

j; Stress (MPa)

Strain
Fig. 8 Stress-strain curve of longitudinal rebar
5. Behavior of strengthened columns subjected to seismic loading
5.1. Experimental study
To further investigate the mechanical behavior of RC columns
encompassing the direct fastening steel jackets under investigation, subject to

seismic lateral loading, eight specimens were designed and tested. Four
parameters, including connection spacing, number of fasteners, thickness of the
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steel plate and axial load ratio (ALR), were examined [25]. The configuration
of each specimen is shown in Fig. 9. The notation criterion follows that used for
the specimens under axial load action, except that the ALR is added in. For
example, the label of S-0.16-4-60-4 represents the ALR of the specimen being
0.16.

Lateral load capacity, ultimate drift ratio and flexural stiffness were
examined. A larger ALR negatively affected the seismic behavior of the
strengthened RC column, as expected. Reduced connection spacing means a
smaller slenderness ratio, which improves the buckling behavior of steel plate.
In response, the seismic behavior of a strengthened RC column using the steel
jacket with closer connection spacing is preferable, which accords with
observations from experimental study. The behavior of direct fastening
connections was also investigated. It was found that two fasteners were
sufficient to maintain the stability of the direct fastening connection. Regarding
steel plate thickness, the seismic behavior of strengthened RC columns using a
steel jacket with thick steel plates was greatly improved.

5= 60 mm 54= 100 mm 54= 100 mm
ALR =016 A= 4 £, = 4 mm =4 4,= 4 mm ne=2; 1= 4 mm
ALR = 0.16 ALR =016 ALR =0.16

C0.16 S$-0.16-4-60-4

5= 100 mm 54= 100 mm ALR =03
ne=2;1,= 3 mm 2= 2ty 5 mm
ALR =0.16 ALR =016

$-0.16-3-100-2

S-0.16-4-100-4 $-0,16-4-100-2

54= 100 mm
ne=2; 1, = 4 mm
ALR =03

$-0.16-5-100-2 C-03 S-0.3-4-100-2

Fig. 9 Specimen configurations

5.2. Theoretical study

5.2.1. Lateral load capacity

Following the plane-section assumption, the stress distribution profile can
be obtained (see Fig. 10), based on which the expressions that can be used to
predict lateral load are derived [30]. Because the ends of the steel jackets were
fixed, detaching between the RC column and the tensile steel plate
perpendicular to the lateral load was observed in tests. The contribution of this
steel plate to the lateral load should be reduced, considering this incompatible
deformation. Therefore, a reduction factor of #=0.6 is introduced [25].

M
J L] —= Stress profile of steel plate
s

Tensile side ‘ Compression side

Stress profile of steel plate <

Stress profile of RC column

Fig. 10 Stress profile of strengthened RC column

5.2.2. Effective flexural stiffness

RC columns strengthened by this proposed method behave in the manner
of composite columns. Therefore, the flexural stiffness of strengthened RC
columns can refer to the expressions of flexural stiffness for composite columns
in previous specifications [28,29].

K, = (EI), +a,(El), ®

It can be seen that flexural stiffness is generated from two areas: the RC
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column ((El).) and the steel jacketing ((El)s). « is the reduction factor, which is
taken as 0.6, in accordance with [28], while it is related to the ratio of the cross-
sectional area of the steel jacketing (Ajacketing) t0 the cross-sectional area of the
RC column (A.), as recommended in [29].

o, =045+ s 9 ©
A

By comparing with the flexural stiffness obtained from the test results, it is
recommended that reduction factor o, takes a value of 0.6.

2
8
3
z

00 04 08 1.2 16 20 24 28 32 36

Drift ratio (%)

Fig. 11 Generalized force-deformation curve (ASCE 41-13)

5.2.3. Generalized force-deformation relationship

In order to undertake nonlinear analysis, the generalized force-deformation
relationship is proposed in ASCE 41-13 [30], as shown in Fig. 11. Point B can
be determined by effective stiffness and load capacity. Points C, D and E are
controlled by three critical parameters: ALR, transverse reinforcement ratio and
shear capacity ratio, which is defined by the capacity of flexural loading over
the capacity of shear loading. This is an index used to identify failure mode.
Because direct fastening connections act as stirrups in strengthened RC columns,
this effect should be appropriately considered in the shear capacity and
transverse reinforcement ratio.

For strengthened RC columns, the shear capacity contribution arises from
three areas, as shown in the following equation:

V, =V, +V, +V, (10)

where V,, Vs and V; are the shear loading undertaken by the concrete, stirrup and
steel jacketing, respectively.
Two components of V; and V; can be determined by:

N : (11)
V,=0.17(1 924/ f d.d
=0T a1,
v 2 Adfudy (12)
) s

st

where Ny depicts axial loading acting on the RC column. f.” denotes concrete
strength. d,, is the effective depth of the RC column. A is a facor which can refer
to ACI 318-14 [32]. A, fys and sy are the cross-sectional area, yield strength
and spacing of stirrups, respectively.

Analogous to stirrups, the shear contribution arising from the direct
fastening connection is given as [25]:

13
V,=0.5 d, 2nF, (13)
sy t+dy

where Fy, is the bearing strength of the direct fastening connection, which can
be determined by Eq. (2). dq signifies steel angle bracket length.

In strengthened RC columns, because direct fastening connections
contribute to shear capacity, this effect should be considered in determining the
transverse reinforcement ratio, which influences the generalized force-
deformation relationship. As a result, an equivalent transverse reinforcement
ratio, including strirrup ratio (p,) and the contribution from the direct fastening
connection, was proposed by Shan et al. [25].
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. 2R, (14)
pveq pV f dc(5d+dd)

yst

The generalized force-deformation curve can then be determined,
combining the recommended parameter values in Table 3. Fig. 12 presents a
comparison of generalized force-deformation curves determined by the
equivalent transverse reinforcement ratio and the stirrup ratio. This indicates
that use of the equivalent transverse reinforcement ratio is appropriate.

- = = Stimp ratio
60

—— Equivalent transverse reinforcement ratio

—— Envelope curve

40 ¢

20

W ~—

Conservative

S-0.16-4-60-4.

76 -54-3-2-1017234356 7

Drift ratio (%)

Fig. 12 Generalized force-deformation curve of strengthened RC column

Table 3
Parameters for generalizing force-deformation curve of RC column

Modeling parameter

ALR P
a b r
Condition <0.1 >0.006 0.035 0.060 02
0) >0.6 >0.006 0.010 0.010 0.0
<01 0.002 0.027 0.034 02
>0.6 0.002 0.005 0.005 0.0
uaf| - ansse netisson
.7 //
&6 P st o .
1.5 - — - A 1 4' s oz s ==
et - e =
14 B ke v =
13 —__~ ! ‘. e =
12— " 12— T T

Steel plate thickness (mm)

Steel plate thickness (mm)

(a) (b)

Fig. 13 Relationship between thickness of steel plates and enhancement ratio of flexural
strength: (a) ALR = 0.15; and (b) ALR = 0.3

6. Design procedure of strengthened columns

To facilitate the application of the novel strengthening method in
strengthening damaged RC columns with flexural strength and flexural stiffness
deficiency, a design procedure was developed by Shan et al. [26]. In this section,
the critical steps in the design procedure are presented.

Three parameters must be determined in direct fastening steel jackets:
spacing of direct fastening connection, steel plate thickness and number of
fasteners.

(1) Spacing of direct fastening connection

Preferable flexural failure is the expected failure mode in design. Existing
lateral loading, flexural capacity and shear capacity should satisfy the following
relationship to guarantee the occurrence of this failure mode:

V <V qren < 0.6V, (15)

= Ycap,st stren

where V signifies the existing lateral load. Vspen and Veapsien are the shear
capacity and flexural capacity of the strengthened RC columns.

Since the existing lateral load is known, connection spacing can be
determined by combining Egs. (10) and (15). In this way, direct fastening
connection spacing can be determined.

(2) Steel plate thickness
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The flexural capacity of strengthened RC columns is related to the thickness
of the steel plates. A parameter study was carried out to investigate the
relationship between the thickness of steel plates and the enhancement ratio of
flexural strength (17m = Veapsiren/Veap, Where Veg, is the flexural capacity of the RC
column requiring strengthening). Fig. 13 shows the parameter study results,
which can be used to select the thickness of steel plates during practical design.

(3) Number of fasteners

The axial load capacity and shear capacity of strengthened RC columns
were influenced by the number of fasteners. It was evident from the
experimental study on the seismic behavior of strengthened RC columns that
two fasteners are sufficient to maintain connection stability. Therefore, the
number of fasteners is initially taken as two.

The design procedure of strengthened RC columns is summarized in Fig.
14. Firstly, the flexural capacity of the damaged RC column (Vcp) should be
estimated. Secondly, in accordance with the enhancement ratio of flexural
strength (7m = V/Vesp), the thickness of the steel plates can be determined from
Fig. 13. Thirdly, connection spacing can be initially determined by satisfying
the relationship set out in Eq. (15). Lastly, three conditions should be satisfied:
Condition (i) should guarantee that flexural capacity is not less than lateral
demand; Condition (ii) requires that the axial load ratio is not higher than 0.65,
as recommended in EN 1998-1:2004 [31]; and Condition (iii) aims to keep the
deformation demand of the strengthened RC column comparable to that of the
undamaged RC column, which requires the effective flexural stiffness of the
strengthened RC column to be comparable to that of the undamaged RC column.
If these three conditions cannot be satisfied, the number of fasteners, direct
fastening connection and steel plate thickness should be updated until these
three conditions are satisfied.

Determive 1,

Determine s

Condition i
‘Condition ii
Condition iii

Not Ok

Ok

Finished

Fig. 14 Design procedure of strengthened RC column
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7. Conclusions

This paper focuses on reviewing an innovative strengthening method (i.e.,
direct fastening steel jackets), by which the strength and flexural stiffness of RC
columns can be simultaneously enhanced. Some key conclusions of this
innovative strengthening method are summarized below.

(1) The protuberance and knurling of the surface impact positively on
bearing capacity, the effects of which have been considered alongside two
empirical factors. Effectiveness stiffness relates to the number of fasteners,
fastener diameter, the elastic modulus of the steel material and steel plate
thickness, while the expression of ultimate displacement is based on the rotation
and friction mechanisms of the fastener.

(2) Both axial load capacity and deformation capacity are greatly improved.
The confinement effect and buckling effect should be considered when axial
load capacity is determined.

(3) The seismic behavior of strengthened RC columns is significantly
improved. The detaching of tensile steel plate and buckling of compressive steel
plate were observed during the test. To consider this effect, a reduction factor
of 0.6 was introduced into the flexural capacity model. Effective flexural
stiffness was significantly enhanced, which can be predicted by the expression
recommended in EN 1994-1-1:2004. A method of evaluating the generalized
force-deformation relationship was developed, in which an equivalent
transverse reinforcement ratio was used.

(4) For the design procedure of strengthened RC columns, the number of
fasteners, thickness of the steel plates and direct fastening connection spacing
should initially be determined. For the initially determined direct fastening
connection spacing and thickness of the steel plates, three specified conditions
should be checked.
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ABSTRACT

ARTICLE HISTORY

Lattice bracing, commonly used in steel construction systems, is vulnerable to damage and failure when subjected to
horizontal seismic pressure. To identify damage, manual examination is the conventional method applied. However, this
approach is time-consuming and typically unable to detect damage in its early stage. Determining the exact location of
damage has been problematic for researchers. Nevertheless, detecting the failure of lateral supports in various parts of a
structure using time—frequency analysis and deep learning methods, such as convolutional neural networks, is possible.
Then, the damaged structure can be rapidly rebuilt to ensure safety. Experiments are conducted to determine the vibration
acceleration modes of a four-storey steel structure considering various support structure damage scenarios. The acceleration
signals at each measurement point are then analysed with respect to time and frequency to generate appropriate three-
dimensional spectral matrices. In this study, the MobileNetV2 deep learning model was trained on a labelled picture
collection of damaged matrix images. Hyperparameter tweaking and training resulted in a prediction accuracy of 97.37%
for the complete dataset and 99.30% and 96.23% for the training and testing sets, respectively. The findings indicate that a
combination of time—frequency analysis and deep learning methods may pinpoint the position of the damaged steel frame
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MobileNetV2

1. Introduction

A support system is an important part of a steel structure. It ensures that the
entire steel structure and individual components have sufficient stability and
stiffness. Moreover, the system enables the transfer of horizontal forces and
absorption of seismic energy as well as improves the overall performance of the
steel structure. Among all types of supports, supports between two adjacent
columns are vital for ensuring overall stability, horizontal load transfer, and
earthquake resistance. Cross-diagonal bracing, splay diagonal bracing, and
door-type support are typically adopted as column supports. Because the
stiffness of the column support system must be consistent, steel angles or
channels are typically used.

However, owing to the inherent defects of steel materials, environmental
corrosion, natural disasters, and other factors, the inter-column support system
in a steel may be damaged during use. With the accumulation of damage, the
failure of the support, particularly under the action of a seismic load, may lead
to the inability of the structure to transfer horizontal load effectively, resulting
in significant deformation, structural instability, or collapse.

For a given steel structure, the damage identification method typically
involves several steps, such as locating the damage, identifying the type and
degree of damage, and estimating the remaining life of the structure. The current
damage detection methods are primarily manual visual observation or the use of
special detection equipment. Generally, the bolts in steel structures have been
found to be loose, rusted, broken, or sustaining other types of damage.

With the application of various structural health monitoring (SHM) systems,
the number of sensors used to obtain the state data of a structure for evaluating
the health status continues to increase. These sensors provide supporting data
for the subsequent design of structural reinforcement and maintenance scheme
[1-5]. Therefore, analysing the location and degree of damage of structural
support systems using the dynamic response data of structures obtained by an
SHM system or detection instrument is advantageous.

Structural damage identification methods are typically designed
considering three aspects: (a) optimisation of modal structural parameters to
identify indicators susceptible to structural damage; (b) use of an artificial
intelligence algorithm to determine the location and degree of damage; and (c)
structural damage identification using the combination of structural dynamics,
finite element (FE) modelling, vibration tests, and artificial intelligence
algorithms. Yazdanpanah et al. [>71 employed incremental non-linear dynamic
analysis to diagnose damage to steel moment-resisting frames in different
seismic scenarios. Tam et al. ©! used noise, incomplete modal data, and a depth

feedforward neural network to locate and quantify damage in truss structures.
Xin et al. P! proposed an effective method for detecting non-linear structural
degradation based on variational modal decomposition. Liu et al. 2% analysed
the sensitivity of structural modal parameters to damage and quantified the
degree of reduction in structural stiffness. Han et al. ' proposed a method based
on the Hilbert-Huang transform to identify structural modal parameters and
diagnose structural damage. Paral et al. “? analysed the overall vibration signal
using a wavelet transform and convolutional neural network (CNN) to identify
the damage to the local connection of a two-storey structural steel frame.
Pathirage et al. ***Ideveloped a deep learning framework for a sparse automatic
encoder for structural damage identification. Hakim et al. 15 used an
integrated neural network to locate and evaluate damage to an |-steel structure.
Seventekidis et al. [/ used the data samples of an optimised FE model as input
into a CNN for structural damage identification. Liu et al. ¥ created a large-
scale dataset based on a structural transfer function and established a new
framework for structural damage identification using a one-dimensional CNN.
Figueiredo et al. ™ combined the SHM field data and FE modelling data of a
bridge structure to form a machine learning model input for bridge damage
assessment.

Nadith et al. [20] developed an autoencoder-based deep neural network
capable of analysing the link between structural vibrations and structural
damage, laying the groundwork for diagnosing non-linear structural damage.
Gordan et al. [21] used the vibration testing of a plate and beam bridge model to
extract the top four orders of their inherent frequencies as input vectors for
support vector machines, neural networks, and classification regression trees.
Their findings indicated that the procedure was entirely accurate. Ali and Cha
[22] suggested a technique based on deep learning for identifying subsurface
damage to steel members in steel truss bridges; the field test results on a steel
bridge demonstrated the high accuracy and practicality of the approach.
Kourehli and Ghadimi [23] used the emergency learning algorithm of an inline
sequential limit learning machine to anticipate the fracture depth and position of
a Timoshenko beam. Teng et al. [24] used FE numerical analysis and
experimental data to provide a considerable amount of damage data for a CNN.
This improved the CNN-based damage detection algorithms in engineering
practice.

Typically, lateral bracing is used to ensure the overall rigidity of a steel
structural system; however, it is prone to damage and failure when the structure
is subjected to horizontal seismic loads. A typical approach to determine damage
is manual examination; however, this requires a considerable amount of time,
and some damage points may not be detected. This problem has long been a



Xiao-Jian Han et al.

source of contention among academics attempting to identify the exact location
of damage. The time—frequency domain and CNNs have been used to identify
lateral bracing failure in various parts of a structure. Then, the damaged part of
the structure is located and repaired to ensure structural safety.

In this study, modal information is obtained from structural detection. The
spectrum of structural time—frequency domain analysis is obtained to establish
a labelled spectrum sample library. The spectrum is classified through an image
recognition method based on a CNN; MobileNetV2 derives the classification
model. In subsequent stages, the spectrum analysis diagram can be inputted into
the model to determine the damage location. Limited research has been
conducted on damage identification methods combining signal analysis and
image processing. This method is explored in this study, and satisfactory results
are obtained.

The remainder of this paper is organised as follows. The details of the steel
frame vibration testing procedure covering the test object, design, instruments,
outcome analysis are presented in Section 2. The construction and results of the
FE modelling process for the steel frame structure are discussed in Section 3.
The characteristics, construction, and performance evaluation of the
MobileNetV2 model for structural damage identification are presented in
Section 4. Finally, the conclusions drawn based on the MobileNetV2
classification performance and vibration testing results are summarised in
Section 5.

2. Vibration testing of steel frame model
2.1. Steel frame model description

A four-storey steel frame model is used in this study. Because this model
was evaluated on a seismic simulation shaker with associated equipment and
structure, it was designed with a geometric similarity ratio of 1:10. The model
height, span spacing, floor height, beam length are 1.8, 0.6, 0.45, and 0.56 m,
respectively. For the beam and inter-column support sections, 60 x 30 x 2.5-mm
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cold-formed thin-walled channels are used. According to the dynamic similarity
ratio theory, the model weighs 45.1 kg, and the counterweight is 155 kg. The
fundamental frequency of the structure is 5.165 Hz.

The parameters of the steel frame members are listed in Table 1. A steel
frame without a bracing system is illustrated in Fig. 1.

Fig. 1 Steel frame model without bracing system (left) and with bracing member (right)

Table 1
Parameters of members of steel frame model
Parameters
Height (mm) 1800
Quality (kg) 45.1
Counterweight (kg) 766.20
Column height (mm) 450
Section size (mm) 40x40x2
Column Area (mm?) 287
Moment of inertia (mm®) 66600
Moment of area (mm?®) 3330
Beam length (mm) 560
Section size (mm) 60%x30%2.5
Beam Area (mm?) 240
Moment of inertia (mm®) 143800
Moment of area (mm?) 4890

2.2. Test scheme design

Eight bracing members were placed on both sides of each of the four layers
of the steel frame model. The spatial layout and serial numbers of members are
shown in Fig. 2. The serial numbers facilitate the construction of the deep
learning model and image dataset as well as associated labels.

Five dismantling conditions were set for the bracing members in the
vibration test. Under the first condition, no dismantling of the bracing members
was set. The second condition requires the dismantling of the bracing element.
Two, three, and four bracing members are removed for the third, fourth, and fifth
types of structures, respectively. A total of 69 dismantling conditions are listed
in Table 2, and vibration tests are conducted under these conditions. When three
or four members are dismantled, note that not all potential combinations are
listed in the table.

Bracing member & — — Bracing member @

Bracing member @ —; — Bracing member @)

(

Bracing member ©) — — Bracing member @

Bracing member G —| — Bracing member (D

Fig. 2 Spatial layout and serial numbers of eight bracing members
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Bracing Member () is dismantled Bracing Member (§) is dismantled

Braci

Bracing Member (7) is dismantled Bracing Member @) is dismantled

Fig. 3 Schematic of dismantling working condition of bracing member

Under each dismantling condition, a displacement load of 1 c¢m is applied
to the top layer of the steel frame. Then, the resulting acceleration signals of
each layer are acquired during the natural vibration stage. The vibration direction
of the steel frame is shown in Fig. 4, and the spatial layout of the acceleration
measurement points is shown in Fig. 5.

The selection of the appropriate sampling frequency of structural vibration
signals is crucial. The use of a low sampling frequency results in signals with
limited information content, whereas the use of a high sampling frequency leads
to low-frequency resolution. Hence, the sampling frequency must satisfy or
slightly exceed the Nyquist sampling frequency [25-28]. Specifically, to retain
the information content of continuous signals in the sampled signal to the extent
possible, the sampling frequency used is generally 2.56—4 times the highest
frequency of the constant signal.

The preliminary results of the FE simulations indicate that the first-order
and fourth-order frequency ranges of the steel frame are 5.7-6.5 and 30-31 Hz,
respectively. A sampling frequency of 128 Hz was selected, and the signal
acquisition time was set to 10 s. To reduce the test error, the acquisition of
acceleration signals was repeated three times under each working condition.

accelerometer#3 accelerometer#4
m accelerometer#6
accelerometer#7 m
777 (a) 777 277 (b))

The vibration direction

Fig. 4 Vibration direction of steel frame

Rear

Front

Mass blocks

KL UE). !

Fig. 5 Arrangement of acceleration measurement points: (a) front view, (b) rear view, (c) top view, and (d) sensor arrangement
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2.3. Test instruments

A vibration test was conducted using an N19234 signal acquisition device
with an LC0108 IEPE acceleration sensor as well as the DASP acquisition and
processing software. The sensor and acquisition equipment are shown in Fig. 6.
This type of acceleration sensor fits the criteria of this test owing to its light
weight, high sensitivity, and wide frequency range. The sensors were calibrated
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to obtain accurate and reliable data. The performance parameters of the
acceleration sensors are listed in Table 2. A magnetic base was attached to the
acceleration sensor at the steel measuring site. The acquisition software includes
tools for signal and modal analyses. The acquisition frequency employed in the
test was 120 Hz, and the sampling frequency was determined using the
maximum value of FFT x2.

Signal Acquisition
Instrument

DASP V10.0

Accelerometer

Fig. 6 Test instrument

Table 2
Performance parameters of LC0108 acceleration sensors

Frequency range (Hz) Sensitivity (Mv/EU) Weight (mg)

Thread Specification Boundary Dimension

0.35-5000 497-504 17

Hexagon
Side length: 14mm Height: 20mm

M5

2.4. Analysis of vibration test results

Fourier transform can be used to analyse the frequency content of non-
stationary signals; its computational algorithms demonstrate high precision and
efficiency. This transform converts the time-domain acceleration signals into
frequency-domain signals. The forward and inverse discrete-time Fourier
transforms for the discrete-time signal, X [n] , are determined using Equations
(1) and (2), where N is the number of signal samples:

X ()= > X[nf " (1)

n=(N)

X [n]:i'[ X (e de )
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(@) Time-domain signal

The discrete-time Fourier transform analyses the acquired acceleration
signals using 1024 signal samples. The time-domain acceleration signals are
converted into frequency-domain signals, and the natural vibration frequencies
of the steel frame are extracted. Under each operating condition, the average
frequency is computed over three test repetitions and used as the final frequency
result.

To account for the influence of torsion, each layer has two diagonally
arranged accelerometers. The overlaid time-domain signals acquired by the
accelerometers can be used to calculate both advection and torsion components;
however, only the advection component is utilised in this study. The time-
domain and frequency-domain analysis results for the top layer are presented in
Figs. 7 and 11, respectively. In Figs. 9 and 10, the time-domain plots depict the
two acceleration averages of the top layer. The frequency-domain plots show the
torsional components at 5.25 (Fig. 9) and 5.125 Hz (Fig. 10).

0.0008 |
P 6.333

e_acc

10.0006

0.0004 |

Fourier amplitud

0.0002 -

0.0000 |/

Frequency (Hz)

(b)  Frequency-domain signal

Fig. 7 Time-domain and frequency domain curves when no support member is removed
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Table 3

First-order to fourth-order steel frame frequencies under some working conditions
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The frequencies/Hz
Working Condition
1% order 2" order 3 order 4™ order

Undamaged 6.333 13.375 21.167 33.500

#1 6.333 13.167 21.083 33.375

#12 6.250 12.583 21.000 33.250

#123 6.083 12.542 20.950 32.750
#1234 5.642 11.708 19.292 32.750

The maximum energy signal increases with the frequency-domain peak
amplitude. By combining the spectral signals with preliminary FE analysis
results, the first-order up to the fourth-order steel frame frequencies can be
obtained. The frequencies under some working conditions are listed in Table 3.

The wavelet transform was used to analyse the acceleration signals in the
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time-frequency domain; the corresponding three-dimensional spectral matrices
were obtained. Examples of these matrices under certain operating conditions
are shown in Fig. 12. The horizontal and vertical axes correspond to frequency
and time values, respectively. Colours are used to code the scale of acceleration
values at specific time-frequency points.
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Fig. 12 Three-dimensional time-frequency matrices of acceleration signals under some working conditions

Each three-dimensional spectral matrix contains joint time—frequency
information, which can characterise structural damage more accurately than
time-domain or frequency-domain representation. Additionally, the proposed
time—frequency representations are more sensitive to the dismantling of the
bracing members of the steel frame model.

3. Numerical simulation of steel frame model

3.1. FE modelling

FE modelling and analysis of the steel frame were performed using the
ABAQUS software. The FE model was modified according to the frequencies
obtained from the vibration tests to maintain the error within an acceptable range.
The steel frame was geometrically modelled as a rod-like system structure.
Some of the geometric modelling details are as follows. First, the node
coordinates are specified according to the geometric dimensions of the steel
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frame. Additionally, line units are created using a node-to-node correspondence
method where all nodes are rigidly set, and the bottom of columns is fully fixed.
Datum planes and reference points are established to divide the steel frame and
generate floor slabs and frame beams. The frame beams must be longitudinal to
form common coupling nodes with the floor slabs.

The unit system, material properties, and section properties are set during
modelling. The unit system is set as follows: length, force, and stress are
measured in meter, newton, and pascal, respectively. The characteristics of steel
and iron materials, including density, elastic modulus, and Poisson’s ratio, are
listed in Table 4. The sections to be modelled are those of the steel column, frame
beam, bracing member, and floor.

Table 4
Material characteristics for steel frame model

Elastic modulus

. . 3 e
Material Density(kg/m”) (Pa) Poisson's ratio
Steel 7850 2.06E11 0.3
Iron 7870 2.05E11 0.28

The structural analysis of the FE model is further subdivided into analysis
steps using different methods in ABAQUS. To identify the steel frame
frequencies, the frequency option of the linear perturbation method is selected,
and three frequency feature methods are explored: Lanczos method [29-30],
subspace method, and automatic multi-level substructure method. Because
extracting the frequency of steel frames is limited to low orders, the Lanczos
method is used to obtain the frequencies because it demonstrates high speed and
accuracy in obtaining such low-order frequencies.

The grid type, size, and partitioning significantly affect the computational
complexity and accuracy of the FE modelling process. Considering the
computational burden, a four-node curved thin shell is selected as the grid
element, and simplified integration and hourglass control are adopted. The
global grid size is determined to be 0.075. The resulting model after grid
partitioning is shown in Fig. 13.
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Fig. 13 Steel frame model after grid partitioning

3.2. Analysis of FE modelling results

The first, second, and third vibration modes of the steel frame are shown in
Fig. 14; the black and coloured lines indicate the states of the steel frame before
and after deformation, respectively. These three vibration modes conform to the
structural vibration theory. The first and second vibration modes are
translational in the directions of the weak (direction without bracing members)
and strong (direction with bracing members) axes, respectively. The third
vibration mode is torsional.

Table 5

U, Magnitude U, Magnitude U, Magnitude
+1.000e+00 \ +1,006e+00 +1,267e+00
+9,168e-01 +9.221e-01 +1.161e+00
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+§.667e-01 +6.706e-01 +8.447e-01
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+5.001e-01 +5.030e-01 +6.335e-01
+4.167e-01 +4,191e-01 +5.279e-01
+3.334e-01 +3.353¢-01 +4,223¢-01
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(a) First mode

(b) Second mode

Fig. 14 First three vibration modes of steel frame

FE analysis steel frame frequencies from first order to fourth order under some working conditions

(¢) Third mode

The frequencies/Hz and error

Working
Condition 1%t order Error 1 (%) 2" order Error 2 (%) 3 order Error 3 (%) 4™ order Error 4 (%)
Undamaged 6.530 3.11 14.385 7.55 20.862 1.44 33.926 1.27
#1 6.528 3.08 13.349 1.38 18.863 10.53 33.920 1.63
#12 6.525 4.40 13.345 6.06 18.208 13.30 33913 1.99
#123 6.524 7.25 13.340 6.36 18.169 13.27 33.867 3.41
#1234 6.523 15.62 13.337 13.91 18.168 5.83 33.808 3.23
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A comparison of the frequencies between the FE analysis and the vibration
test is summarised in Table 5. Under the no-damage condition, the errors in the
results are within 8%. The error between the third-order frequency of the FE
model and test results is greater than 10% under the following working
conditions: (a) only bracing member (1) is dismantled; (b) bracing members (1)
and (2) are simultaneously dismantled; and (c) bracing members (1) (2), and
(@ are simultaneously dismantled. Under the working condition in which four
bracing members (1), @), @), and @) are dismantled simultaneously, the
errors between the first-order and second-order frequencies of the FE model and
test results are relatively large. The overall error between the FE analysis and
test results shows close agreement. Therefore, using the FE model of the steel
frame is reasonable.

4. Construction of damage identification model for bracing members
4.1. Overview of MobileNetV?2 deep learning model

MobileNetV2 is a deeply separable CNN with linear bottlenecks and
inverted residual blocks based on the MobileNetV1l model [32-36]. Deep
separable convolution distinguishes convolutional channel correlation from
spatial channel correlation. In contrast, conventional convolution achieves the
collaborativel mapping of channel and spatial correlations [31]. Therefore, deep
separable convolution compared with conventional convolution can improve
network speed to a certain extent.

1x1"Expansion"Laycr

Batch Normalization

ReLué

l Uncompress'the data

3x3 Depthwise
Convolution

Batch Normalization

ReLu6

1
l Filterithe data

1x1"Projection""Layer

Batch Normalization

Compress the data

Output
Tensor

Fig. 15 Schematic of bottleneck residual block [26]

Table 6
Composition of MobileNetV2 network [26]

The size of the input Operator

224x224x3 Convolution layer
112x112x32 Bottleneck
112x112x16 Bottleneck
56x56x24 Bottleneck
28x28x32 Bottleneck
14x14x64 Bottleneck
14x14x96 Bottleneck
7x7x160 Bottleneck
7x7%320 Convolution layer (size: 1x1)
Tx7x1280 Average pooling layer (size: 7x7)
1x1x160 Convolution layer (size: 1x1)
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The use of linear bottlenecks is necessary because non-linear activation
functions, such as rectified linear units (ReLUs), result in the loss of image
information. Furthermore, the linear bottleneck layer contains essential
information, whereas the expansion layer provides a non-linear activation layer
with rich information. The inversion of residual blocks involves upscaling low-
dimensional image features using convolution, filtering, feature downscaling
using the convolution kernel, and ReLU function to obtain the feature output.
This maintains all necessary information and increases the expressiveness of the
deep network.

A schematic of the bottleneck residual block is presented in Fig. 15. The
composition of MobileNetV?2 is listed in Table 6.

4.2. Image preprocessing

The time—frequency analysis of acceleration signals results in 69 classes of
working conditions; with 24 images per class, this results in a total of 1656
images. To facilitate data labelling, the images of each class are saved in a
corresponding class folder. The naming convention of image folders is
consistent with that of the dismantling conditions of bracing members (Table 2).

Owing to the small number of images per class, the model cannot learn the
image features well. Therefore, an image augmentation method is used to
expand the dataset. Image augmentation operations commonly include image
flipping, translation, clipping, and rotation [37]. Each image is uniformly resized
to 224 x 224 x 3 pixels. Examples of image augmentation results are shown in
Fig. 16.

— ~ "ol

(a)  Original image

(b) Horizontal flipping () Vertical flipping
¢ \
(d)  Translation (¢) Rotation

Fig. 16 Effects of image operations for data augmentation

4.3. Setup and training of MobileNetV2 model

The MobileNetV2 model is established based on Python 3.6.7 and
TensorFlow 1.13. The training process was implemented on a DellG3 computer
with Windows 10, Intel® Core™ i7-9750H CPU@2.60GHz, a solid-state hard
drive, 16-GB RAM, and a 6-GB GPU with NVIDIA GTX1660 Ti.

The model is trained using a transfer learning approach [38]. The percentage
of randomly discarded neurones in the dropout layer is set to 40%. In contrast,
the number of output classes in the dense layer is set to 15, and a softmax
activation function is employed. For network training and testing, 80% of the
images were randomly selected to form a training set, and the remaining photos
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were used for testing and evaluation. The training hyperparameters are as
follows.

1. The number of training epochs is 300 with 12 iterations per epoch for
3600 iterations.

2. A small learning rate of 0.0001 is employed to enhance the learning of
image features.

3. Stochastic gradient descent is used as the optimisation method because
of its online learning capability and fast convergence characteristics.
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4. The minimum batch size for each training iteration is 10.

An accuracy of 99.30% is achieved relative to both the training and testing
sets for the prediction accuracy of MobileNetV2. The predicted outcomes of
photograph selection for this project are shown in Fig. 17. The trained model for
each image outputs the picture classification probabilities. As shown in Fig. 17,
the probability values associated with the class predictions for the 7th and 20th
images are relatively low.

#24,100% #134,97.8%

#123,100% #3,97%

#134,100% #24,100%

#34,100% #13,90.4%

#13,96.9%

#234,100%

#14,100% #2,100%

Fig. 17 Prediction results of MobileNetV2 model for some images
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Fig. 18 Accuracy and loss curves of MobileNetV2 model for training set
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Fig. 19 Accuracy and loss curves of MobileNetV2 model for test set

The growth curves of accuracy and prediction loss over the training
iterations are plotted for the training and test sets, as shown in Figs. 18 and 19,
respectively. The training accuracy and loss remain stable even after 100 epochs.
However, the test accuracy and loss were not smooth and did not reach relatively
stable values. The final training and test loss values are 0.04557 and 0.12492,
respectively.

4.4. Performance evaluation of MobileNetV2 model

Classification accuracy alone may not be a reliable indicator of model
performance. For example, suppose that 90% of the data samples for a binary
classification task belong to the positive class and the remaining samples belong
to the negative class. Suppose a model is established to classify all data samples
as positive. Although a 90% classification accuracy is considerably high, the
model predicts all negative data samples as positive. Accordingly, the
performance of the MobileNetVV2 model is comprehensively evaluated using a
confusion matrix (or contingency table) and three indicators (precision (or
positive predictive value), recall (or sensitivity), and F1-score) derived from it.

The confusion matrix visually illustrates the classification results by
describing the relationship between the true and predicted classes of data
samples. The rows and columns of the matrix correspond to the predicted and
true classes of the actual data samples, respectively.

Precision and recall are primarily used in binary classification tasks. The
two evaluation indices can be derived from the four metrics of a binary classifier:
number of true positives (TP), true negatives (TN), false positives (FP), and false
negatives (FN). Precision and recall are computed as follows:

o TP
Precision = —— (3)
TP+ FP



Xiao-Jian Han et al.

TP

Recall =——
TP+FN

Q)

Precision and recall are not totally consistent for some classification tasks
and unwarranted situations where one of the two indices is low and the other is
high. Therefore, a reasonable performance analysis may not be possible using
these two indices. Alternatively, the F-score index can be used to weigh and
reconcile precision and recall. According to the different weights of accuracy
and recall under various classification tasks, the F-score can be extended to
many alternatives. Three indices are most important: F0.5-score, F1-score, and
F2-score. The Fl-score is used to evaluate the performance of MobileNetV2; it
is calculated as follows:

Precision x Recall
Precision + Recall

Fl=2x &)

The F1-score assigns equal importance to precision and recall and hence
assigns them equal weights. For multivariate classification tasks, an F1-score
can be calculated separately for each class; hence, the final Fl-score can be
calculated as the average of class-specific scores. This calculation can be
expressed as

F1-score, =[%z f1- scorekj (6)

k=1

where k=1,2,3,...,n, and n is the number of classes.

Satisfactory improvement is introduced by the Fl-score over individual
precision and recall indicators; however, enhancement is limited. In general, not
all F-scores incorporate inverse precision or recall. Hence, they are inferior to
indicators involving all four fundamental binary classification metrics (i.e.,
precision, recall, inverse precision, and inverse recall). Although the F1-score
suffices for the current objective in this study, it is not comparable with the
Matthew correlation coefficient, which depends on the four fundamental metrics
[40-41].

Owing to the several dismantling conditions of bracing members, the
performance of the deep learning model is evaluated under four types of
conditions or states under which one, two, three, or four bracing members are
dismantled. The confusion matrices of the test set are used to evaluate model
performance under each dismantling condition.
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Fig. 20 Confusion matrix of MobileNetV2 model for test set when one bracing member is
dismantled

4.4.1. One bracing member dismantled

The confusion matrix for the test set under the working conditions in which
one bracing member is dismantled is shown in Fig. 20. The model incorrectly
classifies 40% of the images in class #6 as either class #4 or class #8. The
precision, recall, and F1-score of the model for the test samples of various
classes are shown in Fig. 21. Because the model misclassifies the test samples
of class #6 as class #4 or class #8, not all of the resulting precision and recall
values reach 100% for these three classes. Incorrect classification also led to low
F1-score values for the samples associated with the three classes, particularly
class #6. The Fl-score for the entire dataset was 0.9460, indicating good
classification and prediction performance for samples collected under working
conditions in which a single bracing member was dismantled.
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Fig. 21 Precision, recall, and F1-score of damage identification model for samples with various classes when one bracing member is dismantled

4.4.2. Twwo bracing members dismantled

The confusion matrix for the test set under the working conditions in which
two bracing members are dismantled is shown in Fig. 22. The deep learning
model correctly predicts the actual classes of all 22 sample types; however, the
predictions of the model for the remaining six types are incorrect. In particular,
for the samples of class #37, the model incorrectly predicted 20% of the samples,

indicating that it did not adequately learn the features of class #37. The precision,
recall, and F1-score of the test set are shown in Fig. 23. The models associated
with classes #23, #37, and #48 showed relatively low precision or recall values,
resulting in low Fl-scores. The Fl-score for the entire dataset is 0.9505,
indicating good classification and prediction performance under the working
condition in which two bracing members are dismantled.
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Fig. 24 Confusion matrix of MobileNetV2 model for test set where three bracing members are dismantled

T T T T T
#123 pHuy 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00

#124 0.00 0.00 0.00 0.00 0.00 0.00
#125 0.00 0.00 0.00 0.00 0.00 0.00-
#126 0.00 0.00 0.00 0.00 0.00 0.00-
#127 .00 0.00 0.00 0.00 0.00 0.00-
#128 0.00 0.00 0.00 0.00 0.00 0.00-
#134 .00 0.00 0.00 0.00 0.00 0.00-
#135 0.00 0.00 0.00 0.00 0.00 0.00
#137 0.00 0.00 0.00 0.00 0.00 0.00-
#138 0.00 0.00 0.00 0.00 0.00 0.00-
#145 0.00 0.00 0.00 0.00 0.00 0.00
#148 0.00 0.00 0.00 0.00 0.00 0.00-
#234 0.00 0.00 0.00 0.00 0.00 0.00-
#236 0.00 0.00 0.00 0.00 0.00 0.00-
#237 0.00 0.00

#238 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
#246 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
#248 -0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
#347 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00

#348 .00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
I I 1 ! ! I

B A A A 5 %
2% TG ey

Predicted Class

Precision Precision
Recall —n—f1-score i} Recall —=— f1-score
100 _| 100 100 100 100 100 100 100 100 100 100 100 100 100 4 100 100 100 100 100 100 100 100 100 100
" F1.00 )l - 1.00
il w“ 1 1 - 1 1 w“ 1 1 - 1 1
2 80 = . S 80
@ = o
3 3 g ]
< % =
= 60 = = 60
g -0.95 2 & - 0.95
E: -
@
g E g
2 40 ; £ 40 1
g &
20 a “0,‘)0!8‘) I0,9 89|
-0.90 20+ - 0.90
¥ 0.8859) ) 0.8889)
0 0
#123  #124  #125  #126 #127 #128 #134 #135  #137 #138 #145 #234 #2236
Working Condition Working Condition
(a) Part 1 (b) Part 1I
Precision
1 Recall - f1-seore - 1.05
100 o 100 100 100 100 100 100 100 100 100 100 100 100
] 1 1 1 ] ] . | 1.00
~ 80
S g
2 -0.95 $
; 60 =
on r —_
£ ] b
g 4i F0.90 =
E >
20 4 - 0.85
0 0.80
#237 #238 #246 #248 #347 #348
Working Condition
(c) Part TII

Fig. 25 Precision, recall, and F1-score of damage identification model for samples with various classes where three bracing members are dismantled

400

Value of f1-score



Xiao-Jian Han et al.

4.4.3. Three bracing members dismantled

The confusion matrix of the test set under the working conditions in which
the three bracing members are dismantled is shown in Fig. 24. The model made
incorrect predictions for the samples of two classes: 20% of the samples of class
#124 are predicted as class #127, and 20% of the samples of class #135 are
expected to be those of class #145. Compared with the other classes, the model
prediction performance for these two classes is relatively inadequate. The
precision, recall, and F1-score of the test set are shown in Fig. 25. Because the
model misclassified some samples of classes #124 and #135, not all associated
precision and recall values reached 100%. The F1-score for the entire dataset
was 0.9798, indicating excellent classification and prediction performance under
the working condition in which three bracing members were dismantled.
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4.4.4. Four bracing members dismantled

The confusion matrix of the test set under the working condition in which
four bracing members are dismantled is shown in Fig. 26. The model incorrectly
predicted the samples of two classes: 20% of class #1235 was predicted as class
#2345 and 20% of class #2345 was predicted as class #2348. Compared with the
other classes, the generalisation performance of the model for these two classes
was relatively inadequate. The precision, recall, and F1-score of the test set are
shown in Fig. 27. Because the model incorrectly classified some samples of
classes #1235 and #2345, not all associated precision and recall values reached
100%. Misclassification also caused the model precision for class #2348 to
decrease from 100% to 83.3%.

0.00 -

0.00  0.00 000 000 000 000
000 0.00 020 000 000 000 0.00
0.00 000 000 000 0.00 000 0.00
0.00  0.00 000 000 000 000 0.00
0.00  0.00 000 000 000 000 0.00
0.00 000 000 000 000 0.00
0.00 000 0.00 0.00 0.00

0.00

0.00

0.00

0.00

0.00

0.00

0.00

#1234 000 0.00 000  0.00
#1235 0.00  0.00  0.00
#1238 | 0.00 0.00  0.00
#1256 | 0.00  0.00 0.00
#1345 - 0.00  0.00  0.00

»

g #1348 | 0.00  0.00 000 0.00

—

@)

@ #1357 0.00 0.00 0.00 0.00 0.00 0.00

=

=

=
#1458 | 0.00 0.00 0.00 0.00 0.00 0.00
#2345 - 0.00 0.00 0.00  0.00 0.00 0.00
#2348 - 0.00 0.00 0.00 0.00 0.00 0.00
#2367 0.00 0.00 0.00 000 000 0.00
#2468 - 0.00  0.00  0.00  0.00 0.00 0.00
#3478 - 0.00 0.00  0.00  0.00 0.00 0.00

1 1 1
£ % £ % k5
%, %, T, % % %
A N S .

kS g7 ES
<, 7. <,
B kR B

Predicted Class

Fig. 26 Confusion matrix of MobileNetV2 model for test set where four bracing members are dismantled
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Overall, the prediction accuracy of the trained model on the full dataset is
97.37%. Hence, the damage location of steel frame support members can be
determined relatively well. However, the accuracy of the model for certain
support removal conditions is low: (a) 60% when support member #6 is removed,;
(b) 60% when support members #3 and #7 are simultaneously removed; (c) 80%
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samples with various classes where four bracing members are dismantled

when support members #1, #2, and #4 as well as support members #1, #3, and
#5 are simultaneously removed; and (d) 80% accuracy when support members
#1, #2, #3, and #5 and support members #2, #3, #4, and #5 are simultaneously
removed.
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5. Conclusions

Time—frequency domain analysis and CNNs are used to identify lateral
support failures in different parts of a steel structure. The damaged member is
identified and rapidly replaced as soon as possible to ensure safety. A four-layer
steel frame model with a bracing system is used to investigate a new approach
for damage identification in steel structures. Specifically, a deep learning model
for identifying the dismantling position of bracing members is established using
transfer learning. The following conclusions are obtained based on the vibration
testing and FE modelling results of the steel frame structure combined with the
performance evaluation of the MobileNetV2 model.

1. The actual dynamic measurements of the model are used to obtain the
modalities of the structure in each order and the modalities after the failure of
various supports. These test findings are utilised to improve the FE model,
enabling the acquisition of a considerable amount of more accurate training data
for subsequent FE simulations.

2. Vibration tests on intact and broken support structures reveal a specific
variance in the time—frequency domain. This indicates the viability of utilising
CNN as a deep-learning image recognition approach.

3. The chosen MobileNetVV2 network from CNN exhibits improved
performance in recognising time—frequency domain images. Moreover, the
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trained model can discriminate distinct damage components with 99.3%
accuracy.

4. As described in this research, a better approach to locate steel structure
support damage is to identify damage from the structure’s dynamic response.
Then, the findings of the time—frequency domain analysis of the response can
be inputted into the trained model.

5. The number of comparable training samples can be increased to improve
damage detection. Based on the overall classification accuracy and F1-score, the
MobileNetV2 model combined with time—frequency analysis provides a high
degree of sensitivity and accuracy for detecting damage to support members.
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ABSTRACT
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Traditional cable domes exhibit many defects, such as irregular grids and weak circumferential stiffness. This paper proposes a new cable
dome and elaborates on the topological form of the new cable dome. Furthermore, the pre-stress state of the structure is deduced by
establishing the nodal equilibrium equations. In addition, load states analysis and parametric analysis were conducted using finite element
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simulations in ANSY'S software. The results show that the pre-stress distribution of this structure is reasonable because of the regular grids.

Compared to traditional cable domes, the new design shows superior static performance and enhanced circumferential stiffness. As a result,
the cables hardly slack under different load conditions. Moreover, it can improve structural stiffness by appropriately adjusting the initial
pre-stress, rise-span and thickness-span ratios. Finally, recommended ranges of the above parameters are provided, offering valuable

engineering design guidance.
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1. Introduction

Large spatial structures have recently been used in public buildings, such
as sports venues [1, 2], convention centers [3] and airports. In addition to
meeting the functions and appearance requirements, modern large spatial
structures pursue higher utilization of material properties and lower economic

efficiency. Therefore, the study of cable-stayed structures [4] must be conducted.

Cable dome has notable advantages including its lightweight nature and
structural aesthetics. It is widely regarded as the main super-span structure form
for the future [5]. Cable domes have their origins in the concept of tensegrity
structures developed by the renowned architect R. B. Fuller. In the 1980s, D. H.
Geiger invented the cable dome structure and implemented it for the first time
in practical engineering.

The cable dome consists of tension cables, compressed struts and supports.
In contrast to other spatial structures, such as reticulated shells [6] or cable-truss
systems [7], initial pre-stress in the cable dome plays an important role in
establishing the out-of-plane stiffness of the structure to bear external loads and
limit the deformation [8]. However, traditional cable domes often exhibit weak
out-of-plane stiffness, making them prone to destabilization under asymmetric
loading conditions [9, 10]. To address the problem, M.P. Levy proposed the
Levy-type cable dome, which incorporates ridge cables, diagonal cables and
struts to form a three-dimensional truss. The stability of the structure was
significantly improved. However, the grid of the Levy-type cable dome is
irregular, increasing the membrane installation difficulty. To overcome this
limitation, Fan et al. improved the Levy-type cable dome and proposed the
inclined-strut cable dome [11]. In addition, scholars have proposed alternative
methods such as replacing the cable trusses with rigid components [12, 13] or
combining reticulated shells with cable domes [14] to enhance stiffness.
However, these methods cannot fully utilize the mechanical properties of
materials.

The topological form determines the stiffness of the cable dome. Many
scholars seek to improve the structural performance of cable domes through
topological innovation. Some scholars abandoned the traditional Tensile-
Integrity concept and proposed multi-strut cable domes and hybrid cable domes,
such as honeycomb-type multi-strut series cable domes[15], drum-shaped
honeycomb-type cable domes[16], alternated cable domes with single and
double brace struts[17], and other cable domes. Compared to traditional cable
domes, these multi-strut and hybrid ones have significant advantages in
membrane installation and structural stiffness. Moreover, some scholars have
proposed bird-nest-type cable domes [18], sunflower-type cable domes [19],
star-type tetrahedral cable domes [20], etc. These innovative cable dome
designs enrich the array of available options and give new insights for cable
dome selection.

An adaptive cable dome [21] has recently been proposed, equipped with an
actuator that enables self-adjustment and the ability to accommodate various
loading conditions. While the adaptive cable dome maintains its ability to meet
the load requirements by changing its topological form, this method introduces
a new approach to enhance structural stiffness.

Research has demonstrated that structural parameters (rise-span ratio, strut
cross-sectional area and strut height) are closely associated with the mechanical
properties of the structure. Meanwhile, parametric analysis has shown that the
structural performance can be improved by limiting these structural parameters
within specific ranges [22-24]. Therefore, it is necessary to carry out a
parametric analysis.

This paper introduces a novel pentagonal three-four strut hybrid open-type
cable dome, which is based on the concept of a multi-strut cable dome. Firstly,
the topological form of the new cable dome is elucidated, and the pre-stress state
of the structure is determined using nodal equilibrium equations. Secondly, a
load state analysis is conducted to study the mechanical response of the structure.
Finally, a parametric analysis is performed on the structure. The appropriate
ranges for the rise-span ratio, thickness-span ratio and pre-stress level of the
cable dome are recommended.

2. Structural configuration and pre-stress state analysis
2.1. Structural configuration

The pentagonal three-four strut hybrid open-type cable dome consists of
cables, struts and rigid hoop beams. The topological form is shown in Fig. 1. In
contrast to the traditional Tensile-Integrity concept, the new cable dome adopts
the multi-strut cable dome concept. The upper chord grid of the structure is
pentagonal. Starting from the center of the cable dome and extending towards
the outer hoop, the struts are arranged in an alternating pattern of four and three.
The struts are connected to form a hoop, and the connections between each
substructure are designed to be sufficient. This arrangement helps enhance the
circumferential stiffness of the structure and improves its ability to resist
asymmetric loads.

A comparison is made between the new and the traditional cable domes in
four aspects, as outlined in Table 1. Compared with the Geiger-type cable dome,
the struts in the new structural arrangement form a hoop, increasing the
circumferential stiffness of the structure. The number of hoop cables in the new
structure is twelve fewer than that in the levy-type cable dome. Specifically, the
new cable dome comprises 84 struts and 184 cables; resulting in a strut-cable
ratio of 1:2.2. Comparatively, the strut-cable ratio is approximately 1:3 in the
Geiger-type cable dome and 1:5 in the Levy-type cable dome.
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(b) Schematic plan

— Upper chord cable
Strut

—— — Diagonal cable
- = ~Hoop cable

(c) Sectional view (A-A)
Note: H;-hoop cable; Nj, N;,-upper chord hoop cable; T;,, T;;,-ridge cable; B;-diagonal cable; V;g, Vip-strut; i,, i,,-upper chord node; i’-lower chord node.

Fig. 1 Schematic diagram of the pentagonal three-four strut hybrid open-type cable dome

Table 1
Comparison of component connected relation

Traditional cable domes

Title Geiger-type Levy-type New cable dome
cable dome cable dome

Number of

components 4 50r7 40r6
connected to the
upper chord node

Number of

components 4 5 7
connected to the
lower chord node

Number of diagonal 12 94 12 or 24

cables per hoop

Characteristics of
the struts

Characteristics of
the horizontal
projection of the
cables and struts

A vertical strut

The projection of the struts
is in a discontinuous point
system;

The projection of diagonal
cables coincides with the

Struts are arranged by
four and three alternately

The projection of the
ridge cables, diagonal
cables and struts are
symmetrically distributed
along the radial axis

ridge cable projection

2.2. Pre-stress state analysis

The schematic diagram of the pentagonal three-four strut hybrid open-type
cable dome is shown in Fig. 1. In the inner hoop grid, four struts and one
diagonal cable intersect at the lower chord node, with one hoop cable passing
through the lower chord node. In comparison, three struts and two diagonal
cables intersect at the lower chord node in the outer hoop grid. The lower chord
node is only positioned along the radial axis of the main grid. The inner hoop
upper chord hoop cable is an important feature distinguishing it from other cable
domes.

The pentagonal three-four strut hybrid open-type cable dome is
symmetrical. Both the plan and section views of the dome are shown in Fig. 2.
To facilitate calculations, the tilt angles with the horizontal plane of ridge cable,
strut and diagonal cable are denoted as a;q, @i, Pia, P, Bir respectively. The
angle between the horizontal projection and radial axis of ridge cable, strut and
diagonal cable are denoted as ¥;q, ¥ip Gias 8ips Gipi respectively. Additionally,
the upper chord nodes are denoted as i,, i;, while the lower chord node is
denoted as i’ (i = 1,2).

In a substructure with six nodes, 13 equilibrium equations [25] can be
formulated. However, since the internal forces of the 14 types of components
are unknown, it indicates that the structure is a first-order hyperstatic structure.

Suppose the internal force of any one type of member is known. The internal
forces of the remaining 13 types of members can be obtained through the nodal
equilibrium equations.

(b) Analysis model (section view)

Fig. 2 Analysis model of the pentagonal three-four strut hybrid open-type cable dome

When formulating the nodal equilibrium equations, two equations can be
established for nodes located on the radial symmetric axis, while three equations
can be established for nodes located off the radial symmetric axis. The nodal
equilibrium equation group is as follows:
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Before solving the equations, it is necessary to determine the angle
parameters. For example, if the span of the dome is 120 meters, and both the
rise-span and thickness-span ratios are 0.07. Then, the vertical projection and
horizontal projection of the components can be calculated. The angle parameters
can be calculated based on the projection geometric relations. Finally, by
incorporating the angle parameters into the nodal equilibrium equations, the
relative internal force of the components can be obtained.

Assuming the internal force of the outer hoop cable H, is 10000 kN, the
internal force of each component is obtained through nodal equilibrium
equations. The results are shown in Table 2.

Table 2
Sectional size and initial pre-stress of the components

Component Pre-stress (kN) Cross-section (mm?)
Ny 3711 @155
Ny, 4206 ®155
Tha 1196 @131
Thp 1722 @131
Ty 4108 @155
Tap 3733 @155
Via -156 @114 x 7.5
Vio -113 @114 x 7.5
Vaa -1263 @630 x 11
Vap -449 @630 x 11
B, 1086 @131
B, 2823 @155
H, 2085 @131
H, 10000 ®190
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3. Load state analysis
3.1. Finite element model

The full-scale model used in this study is a stadium with a span of 120
meters and both rise-span and thickness-span ratios of 0.07. The cable dome
model consists of 264 elements, 84 struts, 180 cables and 24 edge supports. The
structure is divided into 12 substructures. The cables are made of steel strands,
and the struts are made of Q345B seamless steel pipe. Material parameters can
be found in Table 3. Boundary conditions are applied to Nodes 3a (Fig. 1c),
restraining displacements in all directions (X, Y and Z) while allowing rotations
(pin connection).

Furthermore, the structure underwent static analysis using ANSYS
software, with the non-linear system of equations solved using the New-
Raphson method. The struts and cables were simulated using Link180 and
Link10 elements, respectively. Although research shows that tensioned
membranes can improve the stiffness of a structure [26], the improvement
observed in the study was insignificant. Therefore, the effect of tensioned
membranes on the stiffness of the structure was not considered [27]. Moreover,
the external load was applied to the nodes as the equivalent concentrated load.

Table 3
Material properties
Property Cable Strut
Steel grade 1860-grade steel Q345B steel
Tensile strength (MPa) 1860 345
Poisson’s ratio 0.3 0.3
Modulus of elasticity (MPa) 1.95x10° 2.06x10°
Coefficient of linear expansion 1.36x10 1.2x10°
Density (kg/mm?®) 7.85%10°¢ 7.85x10¢

Load state analysis is carried out to investigate the static performance of
the pentagonal three-four strut hybrid open-type cable dome. The initial live
load is 0.6 kN/m=and the initial dead load is 0.1 kKN/m=All load state analyses
consider the effect of gravity.

The analysis includes four cases, which are defined as follows (where A is
the scale factor):

Case1l:DL1+ A xLL1

Case2: DL1+ A xLL2

Case3:13xDL1+15xLL1

Case4:1.3xDL1+15xLL1+0.7>x15xWL1

where DL 1: Full-span dead load

LL 1: Full-span live load
LL 2: Half-span live load
WL 1: Wind load (0.45 kN/m?)

3.2. Full-span uniform load

In Case 1, as the vertical live load increases, the internal forces of the
components and the displacement of nodes undergo changes (see Fig. 1b for
node numbering, which applies for all cases) that are illustrated in Fig. 3.

1. Fig. 3a shows that as the vertical load increases, the internal forces of both
the upper chord hoop cable and the ridge cable decrease. At a scale factor
of 1=3.5, slackness occurs in the ridge cable, resulting in a decrease in the
internal force of T;, to 0. Additionally, the inner hoop experiences a higher
rate of decrease compared to the outer hoop.

2. Fig. 3b and 3c demonstrate that as the vertical load increases, the internal
forces of both the diagonal and hoop cables exhibit a lower rate of increase.
Additionally, the inner hoop experiences a higher rate of increase compared
to the outer hoop.

3. It can be seen from Fig. 3d that the internal forces of the struts increase,
with the outer hoop exhibiting a higher rate of increase in comparison to
the inner hoop.

4. Fig. 3e and 3f show that the maximum displacement occurs at nodes 1 and
2, and the maximum displacement increases with the increase of load. The
maximum vertical displacement measures -285.708 mm, which is less than
L/250 and complies with the limitation set by the standard “JGJ 257-2012
Technical Specification of Cable Structure”. Notably, the changes in
internal forces and displacements of the inner hoop components are
significantly larger than those of the outer hoop.
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Fig. 3 Internal forces of components and nodal displacements under full-span uniform load

3.3. Half-span uniform live load

In Case 2, an asymmetric load analysis of the structure is carried out. The
initial load comprises the dead load multiplied by 1.0 and the live load 3.
multiplied by 1.0. The live load is incrementally increased in steps (0.25 times
per step). The changes in internal forces of components and nodal displacements
are shown in Fig. 4 and 5. The results are summarized below.
1. As shown in Fig. 4a and 5a, the internal forces of the upper chord hoop
cables and ridge cables show a decreasing trend with the increase of vertical
load. Particularly, the internal forces of upper chord hoop cables N; and
Ny, (span with live load) decrease significantly.
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forces of both diagonal and hoop cables display a decreasing trend, while
in the span with live load, the internal forces of diagonal and hoop cables

display an increasing trend.
As shown in Fig. 4e, 4f, 5e and 5f, the nodal displacements in the span with
live load show an increasing trend with the increase of live load, while the
nodal displacements in the span without live load show a decreasing trend.
At a scale factor of A=1.75, an arching phenomenon appears in the span
without live load. When the structure is subjected to 3.25 times the initial
live load, the maximum vertical displacement of the structure occurs at the
upper chord node 1, measuring 544.878 mm. This value exceeds the limit

of L/250, indicating that it does not meet the requirements of the standard.

2. Asshownin Fig. 4b, 4c, 5b and 5c, in the span without live load, the internal
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Fig. 4 Internal forces of components and nodal displacements under half-span load (span without live load)
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Fig. 5 Internal forces of components and nodal displacements under half-span load (span with live load)

A comparative analysis of Case 1 (Fig. 3) and Case 2 (Fig. 4) reveals that
the deformation of the structure is uniform under full-span live load. However,
when subjected to an asymmetric load, the deformation of the structure is
undulating. In the case of half-span live load, the structure exhibits arching
behavior. Under the full-span live load, the maximum vertical displacements
appear at nodes 1 and 2. On the other hand, under the half-span live load, the
maximum vertical displacement only occurs at node 1.

Ridge cable slackness was observed when the structure was subjected to
3.5 times the full span live load, indicating the significant influence of the pre-
stress stiffness on the structure. Conversely, when the structure was subjected
to 3.25 times the initial half-span live load, the deformation exceeded the limit
of the standard, which indicates that the overall structural stiffness plays a
dominant role at that point. The bearing capacity of the structure is reduced
under asymmetric load conditions. Therefore, additional construction measures
must be taken to mitigate the effect.

3.4. Wind load

In large spatial structures, roof wind pressure and wind suction have a
significant impact on the structural cable tension strain [28]. Therefore, it is of
practical significance for structural design to study the mechanical response of
the pentagonal three-four strut hybrid open-type cable dome under wind load.
The equivalent static wind load is calculated according to the " GB 50009-2012
Load code for the design of building structures”, using the formula w, =
Bzusizw,. The wind-induced vibration coefficient S8, is determined as 1.0
based on wind tunnel test results and random vibration theory calculations for
the flexible roof structure. The structural shape factor of wind load ug is set to
-1.0, considering the overall flexibility of the cable dome. For a building height
of 40 m and a ground roughness class of C, the wind pressure coefficient u, is
assigned a value of -1.0. The reference wind pressure w, is determined to be
0.45 kKN/m?, The results of the comparative analysis between Case 3 and Case 4
are shown in Table 4.

Table 4
Internal forces of components under two cases

Parameters  Case 3 (kN) Case 4 (kN) Parameters  Case 3 (kN) Case 4 (kN)
Ny 1216.49 2470.07 Tap 2142.77 2743.43
Niq 1423.74 2811.65 H; 2215.40 1965.92
Tia 440.70 805.54 H, 11961.27 10640.71
Tip 547.07 1119.30 Via -137.30 -132.01
B, 1208.13 1042.57 Vip -153.21 -110.93
B, 3392.99 3030.60 Vou -1433.61 -1237.29
Tsq 2507.29 3120.05 Vap -509.82 -463.74

Note: N;, Ny, -Upper chord hoop cable; Tj,, T, -Ridge cable; B;-Diagonal
cable; H;-Hoop cable; Vg, V;,-Strut.

The internal forces in the upper chord hoop cable and ridge cables nearly
doubled under wind loads. Furthermore, when the structure is subjected to wind
load, the maximum vertical displacement is -38.93 mm, whereas in the absence
of wind load, the maximum vertical displacement is -134.58 mm. This
substantial reduction in the maximum vertical displacement of the structure
highlights the favorable impact of wind load on its structural behavior. The
displacement is reduced by nearly 70%, which indicates that the structure is
highly sensitive to wind load.

3.5. Effect of temperature on the static performance of the structure

The effect of temperature loads on pre-stress large spatial structures should
not be disregarded. In certain super-stationary structural systems, temperature
stresses surpass the load stresses. Consequently, temperature loads have become
the governing condition for determining the structural bearing capacity when
considering load combinations. The fundamental impact of temperature on pre-
stress structural systems is attributed to the thermal expansion and contraction
of materials, causing the material to develop an inelastic shape. However, due
to the presence of boundary constraints and mutual restraint between individual
components, the free expansion or contraction are restricted, resulting in the
generation of temperature stresses that ultimately affect the structural
performance [29].

The annual mean temperature in China is 9.55<C, with a maximum
temperature of 49.6<C and a minimum temperature of -52.3<C [30, 31]. The
temperature of the component is closely influenced by the ambient temperature.
In general, the surface temperature of steel tends to be 2-3<C higher than the
surrounding air temperature [32]. If exposed to direct sunlight, the surface
temperature of components can rise by 8-12<C compared to the ambient
temperature. This study analyzes the effects of temperature on the structural
performance within a temperature range of -60<C to 60 <C. The structure under
investigation is subjected to a uniformly distributed load of 0.7 kN due to
gravity. Additionally, a pre-stress of 10,000 kN is applied to the outer hoop
cable H,. Fig. 6 shows the change in internal forces of the components and
nodal displacements under different temperature loads. The conclusions are as
follows:

1. Withanincrease in temperature, the internal forces of the struts consistently
exhibit a decreasing trend (Fig. 6a-d). Notably, the outer hoop components
are more sensitive to temperature variations compared to the inner loop
components. The changes in internal forces in the components are
significantly larger in the outer hoop than in the inner hoop.

2. When the temperature reaches 50<C, the ridge cable T,, slacks, leading to
a sudden change in the nodal displacement (Fig. 6a). To eliminate the
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adverse effect of high temperature on the structural bearing capacity, it is
recommended to appropriately increase the pre-stress level.
3. When the temperature increases, the internal force of the components
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decreases, and the vertical displacement decreases correspondingly (Fig.
6a-f). The reason is attributed to the diminishing contribution of pre-stress
stiffness and the gradual dominance of structural stiffness.

18

515""“‘_‘ +H1
121 " —H,
Y‘ s e
'49 - *-—e
3 6
X

b T

60 -40 -20 O 20 40 60

Temperature/°C
(c) Internal force of hoop cable
40} e
IS o ¢ m_ L4
E .~ . I///I// 1
S -8} L “
£ o
5. = node 1’| |
-‘é’ 120 —+—node 2’
.
_160 L L L L L L
60 -40 -20 O 20 40 60
Temperature/°C

(f) Vertical displacement of the lower chord node

Fig. 6 Internal forces of components and nodal displacement response at different temperatures

4. Parametric analysis

The performance of the cable dome structure is closely linked to its 1.
topological configuration, pre-stress distribution and pre-stress level. Therefore, it
is indispensable to examine the influence of these parameters on the overall
performance of the cable dome. To further explore the static characteristics of the
novel cable dome, this study specifically focuses on analyzing the effects of three 2.
key parameters: rise-span ratio, thickness-span ratio and pre-stress level on the 3.

structural performance under the load conditions of case 1.

4.1. Rise-span ratio

The effect of the structural rise-span ratio (f /L = 0.06, 0.07, 0.08, 0.09,
0.10) on structural performance is discussed. The changes in internal forces of

Axial forcex103KN

Axial forcex102kN

s =Ny e N Ty,
6 Ty T Tap
5
4
3
2 ~
1t lx Sy
ol . . P —
0.06 0.07 0.08 0.09 0.10
Rise-span ratio
(a) Internal force of upper chord cable
Or U
—
-5r . v M
10t
-15} N '
20} . v e vy
25 b~ Vaa Vap
0.06 0.07 0.08 0.09 0.10

Rise-span ratio
(d) Internal force of strut

the components are shown in Fig. 7a-d and the response of nodal displacements
in Fig. 7e-f. The following conclusions can be drawn:

As the rise-span ratio increases, the internal forces of all components
decrease. The highest rate of change in internal force is observed in the
upper chord hoop cable Ny, .
distribution becomes more uniform.

The larger the rise-span ratio, the smaller the structural deformation.

With an increase in the rise-span ratio, the vertical nodal displacement

Furthermore, the structural pre-stress

becomes smaller, suggesting that appropriately increasing the rise-span

ratio is beneficial to minimizing structural deformation.

However, as the rise-span ratio increases, the pre-stress of the upper chord
cable decreases, resulting in a reduction in the stiffness of the structure. To
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prevent cable slackening, it is recommended to maintain the rise-span ratio
within the range of 0.07 to 0.08.
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Fig. 7 Internal forces of components and nodal displacement response with the different rise-span ratios
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4.2. Thickness-span ratio

The response of internal forces of the components and the vertical nodal
displacements as the thickness-span ratio increases is shown in Fig. 8. With an
increase in thickness-span ratio, the internal forces of the upper chord cables
increase. Specifically, the internal forces of N, and N,, are increased by 1600
kN and 1500 kN, respectively. Furthermore, it is observed that when the
thickness-span ratio reaches 0.09, the internal force of N; exceeds that of T,,.

As the thickness-span ratio increases, the internal forces of the components
generally increase. However, it is important to note that the internal force of the
components does not increase uniformly with the increase in the thickness-span
ratio. Specifically, in the case of the outer hoop cable H,, its internal force
exhibits an increasing trend initially and then a decreasing trend (Fig. 8b).

409

Increasing the thickness-span ratio can effectively reduce the vertical nodal
displacement. As the thickness-span ratio increases, the vertical displacements
of the upper and lower chord nodes decrease. Additionally, it is observed that
the vertical displacements of the inner hoop nodes are significantly greater than
those of the outer hoop nodes, indicating that the inner hoop components are
more sensitive to changes in the thickness-span ratio (Fig. 8d, 8f). As the
thickness-span ratio increases, the nodal displacements of the structure decrease
and the internal forces of the ridge cables increase. This indicates that
moderately increasing the thickness-span ratio can enhance the structural
stiffness. Considering the structural cost and construction convenience, it is
recommended to have a thickness-span ratio within the range of 0.06-0.08. At
this range, the pre-stress forces are evenly distributed throughout the structure.
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Fig. 8 Internal forces of components and nodal displacement response with the different thick-span ratios

4.3. Pre-stress Level

The change in internal forces of the structure and nodal displacements

under different pre-stress levels is shown in Fig. 9.

1. It can be seen from Fig. 9a-d that as the initial pre-stress increases, the
internal forces of all components continuously increase. The rate of change
in the inner hoop ridge cables and struts is slower than that of the outer hoop
ridge cables and struts.

2. From Fig. 9e-f, it is evident that the nodal displacement decreases as the
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The vertical displacement of the structure decreases as the structural pre-
stress level increases. This indicates that increasing the pre-stress level can
improve the structural stiffness and prevent slackness in the ridge cables.
However, it is vital to ensure that the pre-stress level does not exceed the
breaking force of the cables. Additionally, increasing the pre-stress level will
lead to higher construction costs.
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Fig. 9 Internal forces of components and nodal displacement response with different pre-stress multipliers

5. Conclusions

This study proposes a new cable dome design known as the pentagonal
three-four strut hybrid open-type cable dome. The primary focus of the research
is on conducting a topology analysis of this innovative cable dome structure.
Based on the nodal equilibrium equations, the pre-stress state of the structure is
determined. Furthermore, load state analysis and parametric analysis are
conducted to evaluate the structural performance of the cable dome. The main
conclusions of this paper are as follows:

Compared to the traditional cable dome, the structural performance of the
new one is more advanced. Its strut-cable ratio is greater than that of the Levy-
type cable dome and the Geiger-type cable dome. Under the same mass
condition, the cost of the cable is 2.5 times higher than that of the steel pipe.
Therefore, the new structure is more cost-effective.

The high-temperature load weakens the stiffness of the structure, while the
low-temperature load strengthens it. The initial pre-stress design of the cable
dome should consider the effect of temperature load on stiffness. To mitigate
the impact of extreme weather, it is necessary to strengthen the pre-stress
stiffness of the structure.

When subjected to significant asymmetric loads, the maximum nodal
displacement exceeds the limit of the standard. Therefore, structural
deformation should be monitored during the installation of the membrane.
Engineers and workers can divide the cable dome into designated areas and
install membranes simultaneously in symmetrical areas.

The structure is sensitive to wind load. Appearance design should be
considered to reduce the adverse effect of wind loads.

Appropriate adjustment of the rise-span ratio, thickness-span ratio and pre-
stress level can optimize the structural performance. Considering factors such
as construction cost and convenience, this paper recommends a pre-stress level
ranging from 1.2 to 1.5 times, a rise-span ratio ranging from 0.07 to 0.08 and a
thickness-span ratio ranging from 0.06 to 0.08.
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ABSTRACT

ARTICLE HISTORY

The second-order analysis of slender steel members could be challenging, especially when large deflection is involved. This
paper proposes a novel machine learning-based structural analysis (MLSA) method for second-order analysis of beam-
columns, which could be a promising alternative to the prevailing solutions using over-simplified analytical equations or
traditional finite-element-based methods. The effectiveness of the conventional machine learning method heavily depends
on both the qualitative and the quantitative of the provided data. However, such data are typically scarce and expensive to
obtain in structural engineering practices. To address this problem, a new and explainable machine learning-based method,
named Physics-informed Neural Networks (PINN), is employed, where the physical information will be utilized to orientate
the learning process to create a self-supervised learning procedure, making it possible to train the neural network with few
or even no predefined datasets to achieve an accurate approximation. This research extends the PINN method to the
problems of second-order analysis of steel beam-columns. Detailed derivations of the governing equations, as well as the
essential physical information for the training process, are given. The PINN framework and the training procedure are
provided, where an adaptive loss weight control algorithm and the transfer learning technic are adopted to improve
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numerical efficiency. The practicability and accuracy of which are validated by four sets of verification examples.
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1. Introduction

Numerical solutions using machine learning have seen drastic development
in recent years, largely due to the advancement in Artificial Intelligence (Al)
chips, especially the advent of highly computationally efficient Graphical
Processor Units (GPUs) with extensive parallel processing capacities. The
application of machine learning-based (ML) methods for solving various
structural engineering problems has been explored recently, such as structural
analysis and design [1-5], structural health monitoring [6-10], structural
optimization [11-16], and so on. The existing research mainly focuses on
adopting the ML technique for regression problems. These methods are data-
intensive to establish artificial neural networks (ANNs) to solve structural
analysis problems through regressions. Among these methods, ANNs are used
as a “black box” and the effectiveness highly relies on the qualitative and
quantitative of the provided data. However, in structural engineering practice,
data is often relatively scarce and costly to generate [17], which causes certain
obstacles to adopting the emerging machine-learning techniques in the field of
computational structural engineering.

Recently, a novel machine learning method, namely Physics-Informed
Neural Networks (PINN), has been proposed by Raissi et al. [18], which is an
unsupervised ML technique with the potentials for solving complex mechanical
problems. PINN enriches the neural network with information from underlying
physical laws, making it possible to train the neural network with few or even
no pre-defined datasets while still achieving accurate approximations [19, 20].
PINN incorporates physical information into the learning process, thereby
relaxing the requirements for training data. The physical information is used to
guide the learning process to create a self-supervised learning procedure [21].
The features of this method are highlighted by: (1) the absence of a requirement
for a pre-defined dataset, which facilitates its application to problems where the
governing equations for the solution are known; (2) a potentially very fast and
efficient solution process, once the network has been pre-trained using transfer
learning [22-24]; and (3) a mesh-free method that does not require the division
of domains..

Despite those promising features, there are still some issues with PINN. For
instance, PINNs employ physics as a regularizing term in their objective
function, which brings forth the challenge of manually adjusting the
corresponding hyperparameters. Besides, the absence of validation data or prior
knowledge of the solution to the Partial Differential Equation (PDE) can render

PINN impracticable for solving forward problems [25]. To address this,
methods such as reducing the order of a given PDE, relaxing stringent
smoothness requirements [25, 26], using pre-trained neural networks, and
implementing transfer learning [22-24] have been proposed. Employing these
techniques, PINN shows promising potential for solving various forward
problems, especially in the structural engineering area, a variety of PINN-based
models have been recently developed for a few mechanical problems, such as
plate and shell structures [17, 27-29], solid mechanics [30, 31], beam-column
members [21, 32, 33], and simple structures [34], among others. For example,
Li et al. [27] established a PINN framework to characterize the finite
deformation of elastic plates, where only a pseudo dataset was used. Haghighat
and Juanes [31] illustrate the PINN to solve nonlinear solid mechanics,
revealing that the stress distribution and displacement fields can be predicted
accurately. Tao et al. [32] introduced the PINN approach for axial compression
buckling analysis of thin-walled cylinders, and their research shows that the
PINN model can provide satisfactory prediction only using a considerably
reduced size of data. Katsikis et al. [21] illustrated the application of the PINN
in static beam problems, where linear behaviors of the beams in different
loading conditions can be predicted successfully. These research works confirm
the feasibility of using PINN for some forward mechanical problems,
suggesting that it could be an alternative solution with promising features to be
the next-generation structural analysis method.

Second-order analysis is a simulation-based method and includes the
effects of large deflection by establishing the equilibrium conditions on
deformed shapes, which is originally proposed for stability analysis of steel
members and is now used extensively in the design of steel structures [35-37]
nowadays. The use of second-order analysis for the stability and large deflection
problems has been extensively studied in recent decades, including stability
function methods [38-40], Finite Element method (FEM) using shell elements
[41-43], Line element method [44-47], Finite strip method [48-50] and so on.
These methods are mostly simulation-based numerically and require trial-and-
error procedures to obtain the solutions, which are usually time-consuming with
extensive computational efforts. In contrast to the traditional matrix structural
analysis (MSA) method, involving computational efforts of solving large sparse
linear equations, the machine learning-based structural analysis (MLSA)
method through PINN is proposed for the second-order analysis of steel
members in this research. A schematic illustration of the traditional MSA and
the proposed MLSA methods is given in Fig. 1.


mailto:si-wei.liu@polyu.edu.hk

Liang Chen et al.

PJ Pl P
r-<t <t Solving sparse l
[k,;] . linear equations ,
1
kgn — kel = z k
S Mech 2] [kl [kl v
"M |kl l — |,
| 3
kil «— lke]™'dP = dv.
Iterate i V4

[#e5]

&/ 74 “4

(a) Conventional matrix structural analysis (MSA) method

Information |
0l i

412

<t

Machine learning method using PINN

Physical

(b) Proposed machine learning-based structural analysis (MLSA) method

Fig. 1 An illustration of the conventional MSA method and the MLSA method

This paper extends the application of the machine learning-based method
to the second-order analysis of steel beam-columns using PINN. The governing
equations for the typical beam-columns under large deflection are derived and
then incorporated into the physics-informed neural networks. The physical
information derived from the governing equations and the boundary conditions
is used to guide the training process to establish a self-supervised learning
procedure. The derivation of the governing equations, the architecture of the
PINN frameworks, and the training procedure are provided in detail. The
practicability and accuracy of the proposed MLSA method are validated using
four sets of verification examples.

2. Formulation

This paper proposed an innovative machine-learning-based method
through PINN for the second-order analysis of steel members, where the
accuracy of the embedded physical information in neural networks is the key to
an accurate and reliable solution. The detailed derivation of the governing
differential equations, which delineates the physical information, is given in the
following section.

2.1. Assumptions

The following assumptions are adopted: (1) this research focuses on the
geometric nonlinearity (second-order effect) of beam-columns; thus, material
nonlinearity is not considered; (2) plane sections remain plane after deformation;
(3) the applied loads are conservative; (4) all member connections are assumed
to be either pinned or rigid, semi-rigid joints are not considered, and (5) member
local buckling and distortional buckling are not considered. These assumptions
are commonly accounted for in conventional structural engineering practices
but can be revised and upgraded using the same concept discussed in this paper.

B! ‘
g P(s) +dP
}{M(S) +Vds !

vis) +dV

Fig. 2 Forces and deflections of a typical beam-column member
2.2. Mechanical model and problematic description
The basic forces versus displacements relations for a typical steel beam-

column member are given in Fig. 2. The forces applied on the member ends can
be summarized as follows:

T
F=[Fx1 Fpu M1 FRo Fe Mz} @

where the subscripts ; and ; indicate the left and right ends of the member. For
a small length of the member with an original length of ds (Fig. 2), the forces
acting on it can be calculated based on the equilibrium equations for the forces:

P(s)=Fxicosa(s)+ Fylsina(s)Jr.[Zq(s)sina(s)ds )
M (s)=—Fuqy(s)+ Fylx(s)—Ml—.[Zq(s)x(s)ds (3)
V(s)=—Fgsina(s)+ Fylcosa(s)—IZq(s)cosa(s)ds (4)

in which, y(s) and x(s) are the local coordinates along the member after
deformation, and g(s) is the distribution load applied on the member.

The displacements of any points on the member after deformation can be
generated by,

U(S):X(S)—s:J.Zcosa(s)(ds—A(s))—s; 0<s<L ©)

V(5)=Y(S)=IZsina(s)(ds—A(s)); 0<s<L ®)

in which, A(s) is the axial deformation as shown in Fig. 2 and «a(s) is the slope
along the member, which can be obtained by solving the governing differential
equations.

2.3. Governing differential equations

The governing differential equations of the beam-columns can be written
as given below, based on the Hooke's law and the Euler—Bernoulli moment-
curvature relationship,

A(s) P(s) da(s) M(s) dza(s)

ds EA ' ds El ' gs? El
d3a(s) qa(s)
and ds3 = —? (7)

where E is the material Young’s modulus, A is the cross-section area, and | is
the second moment of area.

2.4. Boundary conditions

As shown in Fig. 2, there are totally six boundary cases in a typical beam-
column member. The boundary conditions and the corresponding governing
equations are given in Table 1.

2.5. Solutions to the problem

One conventional manner to solve the governing differential equations
given above are to use the closed-form solutions like elliptic integral solutions
[51-54]. However, in some cases, for example, when general boundary
conditions are considered, the governing differential equations are notoriously
difficult to solve using closed-form solutions [55]. Therefore, numerical
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solutions like the FEM using line elements, also known as the frame analysis secondary consequence [57]. Therefore, a refined mesh is essentially required
method, are often required [56]. However, the conventional FEM is based on to get an accurate approximation, leading to extensive computational time and
variational principles rather than differential equations, where the primary data-manipulation efforts.

physical law is the extremal principle, and the differential equations is only the

Table 1
Governing equations for different boundary conditions
Boundary Condition Fixed Free
ket A(s) Fyacosa (0) + Fygsine(0)
L - L u(0)=0 Tos | EA
1 s=0
2 .
d F 0)-F 0
v(0)=0 a2(5)| _ yacosa( )EI asine(0)
ds |s:0
da(s)l  _my
a (0) =0 as | =5
A(s) ~ Fxacosa (L) + Fypsina(L)
u(L)=o Tds | EA
s=L
2 .
d F L)-F L
v(L)=0 a2(5)| _ y2c0sa( )EI x2sine (L)
ds |5:L
da(s) B M 2
a(L)=0 | B
s=L
Note: the subscripts 1 and  indicates the left and right ends of the member
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3. Physics-informed neural networks (PINN) framework

A machine learning-based solution via physics-informed neural networks
(PINN) for solving and discovering partial differential equations has been
adopted in this research to solve the governing differential equations as derived
above. The machine learning method using PINN to solve partial differential
equations was first proposed by Raissi et al. [18] and later adopted by several
researchers for different mechanical problems [19, 58-60].

Fig. 3 illustrates the framework of the PINN proposed for the present
problem, which is composed of three parts: the ANNSs (the approximation), the
physical information (the target and correction for the approximation), and the
loss functions (the evaluation of the differences). The details of each component
of the PINN framework will be given in the succeeding sections. It should be
noted that the proposed PINN is non-data-driven neural network; as such, pre-
progenerated data is not required.

3.1. Neural networks architecture

An essential technique required in the PINN is the architecture of the
network that is formed by neurons in several layers. Neurons are expressed in
an activation function used for the forward propagation that passes the
information in the neural network. The neural network may comprise a large
number of neurons with a complicated layer structure, which is crucial for
machine-learning-based method. In this research, a fully connected feedforward
neural network, as shown in Fig. 4, is used as the core of the training model.
The neural network is composed of an input layer, n numbers of hidden layers,
and an output layer, where the connection between layers can be written as,

ajj = f (wij§+b,j) for j=1 (Input layer) (8)

Table 2
The number of neurons and the activation function for each layer

414

m
ij :Zf(wijaij—l+bij) for 2< j <N (Hidden layer)

C)]
i=1
m
a(x) = Zf (wjaij—1+By) for j =N +1 (Outputlayer) (10)
i=1

in which, S =5/L represents the normalized coordinate along the member; n
and m are the numbers of hidden layers and the number of neurons at each layer,
respectively, and n=3 and m=10 are used in the present study of being effective
for most problems; w;; are the internal weights; bj; are the bias; and f stands for
the activation function.

The activation functions were introduced by Candés [61] based on
harmonic analysis, which decide whether a neuron should be activated or not
based on the importance of the neuron’s input in the process of the prediction.
In the present study, two types of activation functions, Tanh and Tanhshrink,
are adopted in the hidden layers and input/output layers, respectively. (See
Table 2).

X —X

e’ —e
Tanh(x)=——— 1
() eX4eX -
Tanhshrink (x) = x—Tanh(x) 12)

Input layer 15t hidden layer 2" hidden layer 39 hidden layer Output layers
Number of neurons 1 10 10 10 2
Activation function Tanhshrink Tanh Tanh Tanh Tanhshrink

3.2. Physical information

In the traditional machine-learning methods, the ANNs are used as the
“black-box™ algorithms, the effectiveness of which is significantly dependent
on the quality and quantity of the data provided [17]. The machine-learning
methods using PINN integrate the governing equations into the learning process
to essentially relax the requirements on training data. The physics-informed
governing equations are used to orientate the learning process creating a self-

supervised learning procedure, which is considered the unsupervised learning
method. In summary, the PINN method is a machine learning-based
computational method intended to provide an accurate prediction of problems
via the ANNSs with incorporation of the physical information. As shown in Fig.
3, the physical information incorporated in the proposed PINN method is
provided by two parts: the governing differential equations and the boundary
conditions.

Table 3
Governing equations for different boundary conditions
Boundary Conditions Fixed Free
uq : 2
. 2 Fqcosé(0)+ Fyqsind(0)  A(s
L_ I Lgc1=[0-u(0)] Lac1=| = ( )EA nsno0) CES)I
W s=0
— 2 | 2
o — 2 Fy1c0s6(0) — Fyqsind(0)  d<é(s
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3.3. Loss functions

The machine-learning solution via PINN requires the problem to be priorly
described in a set of governing equations and the boundary conditions in the
form of a series of partial differential equations. The training process is
subsequently carried out to scrutinize the solution to the problem by assessing
the errors, generally articulated in the form of loss functions, to verify its
accuracy. The loss functions will provide a beneficial regularization effect on
the training process by penalizing simulations that are not respectful of the given
physical information. Based on the governing differential equations and the
boundary conditions, the total loss function £ can be expressed by,

4 6
szfei +Z£BCJ (13)
=] j=L

where, Lg is the loss function from the governing differential equations given
by Equation (7):
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in which, Nc is the number of the collocation points, which are randomly aligned
along the member. Lgc is the loss function from the boundary conditions that
can be defined accordingly to Table 3.

4. Training details

The governing equations and boundary conditions of the beam-columns are
defined in the form of a series of partial differential equations as given.
Sequentially, the neural networks (see Fig. 4) are then established to provide an
approximation solution to the problem. The training process, depicted in Fig. 5,
is executed to examine the approximation of the problem by evaluating the
errors - usually denoted in the form of loss functions - to validate its accuracy.
During the training process, forward and back propagation operations are
proceeded, wherein the internal weights w; and the bias by connecting the
neurons are updated continuously to minimize errors. The solution could be
obtained once the value of the loss function is within the acceptable tolerance
(usually 0.1%.). This training process can be accelerated dramatically by
introducing the adaptive loss function method [62], and the trained network can
be inherited and later used for other problems by adopting the transfer learning
method [22, 23].

1
Transfer learning !

Physical information

i

Y
—>| Loss |—> !
Function !
______________ N7
Update w;; and b; |
paare Wy ana o Back propagation |

|
|
|
|
|
|
|
|
|
|
Output :
|
|
|
|
|
|
|

Fig. 5 The training procedure

4.1. Self-supervised learning procedure

In this research, the underlying physical laws underpinning the second-
order analysis of beam-columns encompassed within governing differential
equations and the boundary conditions, based on which the loss functions are
given to evaluate the differences between the approximation from the PINN-
derived approximation and the established physical information. As shown in
Fig. 5, during the learning procedure, the internal parameters of the neural
network (w;; and bjj) will be updated by optimization algorithms to minimize the
loss functions given in Equation (13).

Several stochastic optimization algorithms have been proposed to minimize
the loss function [63, 64], among which, the Adaptive Moment Estimation
introduced by Kingma and Ba [65] is one of the most efficient and wildly
adopted optimization algorithms [66, 67]. In the present study, the learning rate
of the Adam optimizer is set to 0.001 by default, and for the learning rate
scheduler, we adjusted the hyperparameters used by the Adam optimizer. The
exponential decay rate for the first-moment estimates (mean) is set to 0.9, and
the decay rate for the second-moment estimates (uncentered variance) is set to
0.999. Integrating the Adaptive Moment Estimation as the optimization
algorithm, the detailed backpropagation training procedure with six steps in
total is elaborated as follows:

Step 1: Input the basic information for the structural analysis, such as the section
properties, the boundary conditions, the geometric information, the
loading conditions, etc.

Step 2: Assemble the neural network and initialize the internal parameters of
the neural network.

Step 3: Randomly place Nc numbers of sampling points along the member and
get an approximation from the output layer.

Step 4: Calculate the loss function using Equation (13)

Step 5: If the total loss is smaller than tolerance or the maximum training time
has been achieved, terminate the training procedure, and output the
approximation.

Step 6: Update the internal parameters of the neural network (w; and b;) by

optimization algorithms to minimize the loss functions and repeat
Steps 3-5.

4.2. Adaptive loss weight algorithm

In Equation (13), all the terms in the total loss function have the same
weights, suggesting that the physical laws dictated by the governing differential
equations and boundary conditions share the same significance. However, in
real cases, one or several terms might be much more significate than the others.
For example, for a simply supported beam under bending moment, the bending
deformations are more significate than the axial shortening, which means that
the loss function given by Equation (15) is more significant than the loss
function expressed in Equation (14). Consequently, an adaptive loss weight
algorithm proposed by Wang and Teng [62] is employed to improve the
accuracy and efficiency of the training procedure. Equation (13) will be revised
as,
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£= it (18)
i=1

in which, NL stands for the number of terms from the governing differential
equations and the boundary conditions in the total loss function, and the w; are
the weights for the terms in the loss function. The specific physical laws and
boundary conditions, as given in Equation (7) and
Table 1, respectively, contribute to enhancing numerical stability when
implementing the adaptive loss weight algorithm, which was previously
reported for the instability issue in the literature [68]. Therefore, the potential
instability issue is not significant in this research.

All the loss weights are set to be unity at the beginning of the training
process. The update step for w; in the training procedure can be expressed as
follows,

wi' =AW+ (1 5w (19)
in which,
NL max(‘th

W=~ (20)
EDIN'S

where, the superscript  denotes the t™ training time; £ is a hyper-parameter and
. t' . .

taken as 0.9 in this paper; and £’| represents the gradient of the i loss term

in the t™ training time.

| Boundary conditions |
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4.3. Transfer learning

Despite the proposed MLSA is a mesh-free solution with some intriguing
features, the training process may be sometimes time-consuming. The neutral
network composes of enormous numbers of neurons with a complicated layer
structure, and the optimization of the internal parameters of the neural network
could take a certain long time. To enhance computational efficiency, the transfer
learning technic can be adopted. Transfer learning is a well-established
technique that has been widely used in machine learning methods [22-24]. The
previously established neural network can be directly applied to similar
problems, resulting in substantial savings in training time. Therefore, if a neural
network can be properly established and well-trained through a range of
problems, this network can be reutilized in subsequent applications with
significantly enhanced computational efficiency, which may even achieve
instant solutions faster than the traditional matrix-analysis-based structural
analysis methods.

5. Comparisons between traditional finite-element-based and proposed
machine-learning-based analysis procedures

A comparison of the analysis procedures of the conventional finite-
element-based analysis and the proposed MLSA methods is provided in Fig. 6.
In the conventional FE-based methods [46-47, 69], after acquiring the basic
information, for example, the geometric details, the material properties, and the
boundary and loading conditions, the models will mesh into a series of fine-
meshed elements. Sequentially, the derived element stiffness matrix
formulations will be used to form the stiffness matrix, which will be further used
for the generation of nodal displacements and forces.

[Input ] Mesh I Stiffness matrix |[—>

Get displacements
and reaction forces

Derived element stiffness

Update

matrix formulations

(a) Analysis procedures of the conventional FE-based method

Boundary conditions ‘

Input

X

Y
>I| Loss Function }—>‘ Get total loss £
T Transfer learning
j N O N

Update w;; and by

Pre-trained neural
networks for Beam-columans

(b) Analysis procedures of the proposed MLSA method

Fig. 6 Analysis procedure

In the proposed MLSA method, the derived element stiffness matrix
formulations are not required; instead, the pre-trained neural networks are
utilized. The pre-trained neural networks for beam-columns used in this paper
were trained using some classic examples provided in the well-recognized
textbook [70]. By leveraging the transfer learning method, these pre-trained
neural networks will be used to enhance the computational efficiency of the
proposed method.

6. Verification examples

Four sets of verification examples are given to validate the practicability
and accuracy of the proposed MLSA method. The second-order analysis of
members under different boundary and loading conditions is conducted using
the proposed method, and the results are compared with those from the closed-
form solutions and FEM, where the high-order beam-column elements proposed

by Chan and Zhou [75] are used. The summaries of the analysis parameters and
computational expenses for the following examples are provided in Table 4 and
Table 5. All training processes and computations are performed on a computer
equipped with an i19-12900h CPU and an NVIDIA GeForce 3090 GPU. The
number of elements presented in Table 4 specifies the minimum quantity
required for accurate analysis of problems exclusively associated with large
deflections, as determined through the sensitivity study.

From Table 5, it can be observed that transfer learning is an effective
method to reduce the computation time of the MLSA method; but the pre-
training of the neural network is time-consuming. Nevertheless, unlike the
modeling and mesh generation of the FE model, which is a case-to-case-based
procedure, the pre-trained neural network can be a solution for general problems.
In this research, the pre-trained neural networks for the second-order analysis
of beam-columns are provided, and the practicability and accuracy of which are
validated by the following examples.
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Table 4
Summary of the analysis parameters for Examples 1 to 4

FEM [75] Proposed MLSA Method
Number of Number of load Numerical tolerance Number of collocation Number of epochs for Numerical tolerance
elements steps points pre-training
El 5 100 200 10000
Pin-pined 20 1 100 10000
column
E2 Pin-fixed
20 1 1x107* 100 10000 1x107*
column
E.3 10 1 100 10000
E4 10 1 100 10000

Notes: E. stands for Example

Table 5
Summary of the computational time for Examples 1 to 4
FEM [75] Proposed MLSA Method
. . L Computational time (with transfer Computational time (without transfer
Computational time Pre-raining time learning) learning)
El 312s 13.32s 21.66 s
Pin-pined column 8.35s 24.66 s 48.81s
E.2
Pin-fixed column 8.22s About 20 13.95s 41.53s
minutes
E3 7545 10.26 s 12.46 s
E4 9.08s 21.64s 140.81 s
Notes: E. stands for Example
6.1. Example 1 — Cantilever beams under end moment also given as the benchmarks. Besides, the results from the FEM using five
high-order beam-column elements, proposed by Chan and Zhou [75], are also
A cantilever beam subjected to end moment is studied and loaded to given for the comparisons. )
perform large deflection to show the accuracy and capability of the proposed ~ Theresults given by the proposed MLSA method using PINN are perfectly
MLSA method. The beam has a length of 4 meters, and the bending stiffness EI in line with those from the closed-form solutions, indicating the proposed
of the beam cross-section is assumed to be 1. The bending moments applied on method can predict the nonlinear behaviors of the membe_rs ur?der pure bending
the right end are up to 4z, which can make the member wind twice around itself. accurately. It should be noted that although the FEM using five beam-column
This is a classical nonlinear structural analysis problem that has been elements can predict the displacements accurately, certain load steps with a
investigated by several researchers [71-74] during the past decades. Recent number of iterations per step are required (as demonstrated in Table 7) to get
studies tried to solve this large-rotation problem using the fine-meshed FEM, accurate predictions leading to a long computational time. Besides, the FEM
where the number of which ranges from three up to a hundred for a single only gives the displacements at the element nodes, and the displacements
member [71-72], showing the intensive computational expense. between the element nodes need to be calculated approximately based on the
The detailed governing differential equations and boundary equations taken assumed element shape functions with some small errors. However, the
are given in Table 6 for demonstration. The deformed shapes of the members proposed MLSA method can get accurate member deformations along the
generated from the proposed MLSA method are plotted in Fig. 7, where the whole length by a single attempt of analysis, accurate and efficient.

closed-form solutions to this problem (circular arcs with radius p=%) are

Table 6
Governing differential equations and boundary equations for Example 1
Governing differential equations ﬁ = P(s) and da_(s) = _m
ds EA ds El
Uy
J:_ ’ | Fixed u (0) =0
|
Fixed V(O) =0
Fixed a (O) =0
Governing boundary equations )
A(s)| Facosa (L )+ Fypsina (L)
Free d = EA
s |s:L
dza(s)| Fyocosar(L) - Fyosina (L)
Free 2 =
as? |, El
da(s) My
Free ds L = El

Note: F,, = 0, F,, = 0, and M, = M in this example



Liang Chen et al.

4.0

418

Y (m)

0.5

0.0

= = Theoretical solutions
Proposed MLSA method using PINN
=====« FEM using five beam-column elements

M=n

DM=T{/ 2

Diff: between Proposed
MLSA and Teoretical
solutions < 0.1%

—

-0.5

-1.5

L=4, EI=1
L L D L L B
1.5 20 25 30 35 40 45
X (m)

Fig. 7 Deformed shapes of the member under end moments

Table 7

Numerical efficiency of the FEM when analysing the member winding twice around itself

FEM using five beam-column elements

FEM using ten beam-column elements

Number of incremental load Iterations per step Total number of iterations Number of incremental Iterations per step Total number of iterations
steps load steps
1-23 steps Divergent 1-23 steps Divergent
24 steps 7 168 24 steps 6 144
50 steps 4 200 50 steps 3 150
100 steps 2 200 100 steps 2 200

6.2. Example 2 — Imperfect columns under axial compression

This example studies the behaviours of imperfect members under axial
compression. The columns with two different boundary conditions, such as the
pin-pined and the pin-fixed boundaries, are investigated. As shown in Fig. 8,
the length of the column is 10 meters with the material Young’s modulus equals
to 205 GPa, and the cross-section area and the second moment of area equal to
1.15x102 m? and 1.60<10* m® respectively. The shapes of member
imperfections are all assumed as half sine-wave along the entire member length,
and the magnitude of the initial curvature at mid-span &, varies from L/350 to

L/150, as recommended in Eurocode-3 [36].
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(a) Pin-pined column

P/Per

This example was formerly studied by Liu et al. [76], where an advanced
beam-column element is used, and the detailed derivation of the closed-form
solutions for this example is available in the reference [76]. The load-
displacement curves prior to buckling are generated by the proposed MLSA
method, and the comparison results are plotted in Fig. 8, where the results from
the closed-form solutions are given as the benchmark. The results given by the
proposed MLSA method closely matched those from the closed-form solutions.
It confirms the applicability of the proposed MLSA method for accurately
analyzing the imperfect column under axial compression.
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Fig. 8 Load-displacement curve of the imperfect columns under axial compression

6.3. Example 3 — Cantilever beams under distributed loads

In this example, the behaviours of cantilever beams under distributed loads
are investigated. As shown in Fig. 9, four different cases of uniformly and
nonuniformly distributed loads are applied to the members to study the large
deflection behaviors of the cantilever beams. The length of the beam is 4m, and
the bending stiffness EI of the beam cross-section is 1.006>10% kNm?.

The deformed shapes of the cantilever beam under distribution loads are
generated and plotted in Fig. 9, where results from the FEM using ten beam-
column elements are introduced, serving as the benchmark solutions. From Fig.
9, the member deformations under uniformly and nonuniformly distribution
load predicted by the proposed MLSA method using PINN are in line with those
from the FEM, showing the accuracy and reliability of the proposed method.
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Fig. 9 Deformed shapes of the cantilever beam under distributed loads
6.4. Example 4 - Columns under combined bending and axial loads

In this example, the members with relatively complex loading conditions
are investigated, where columns under combined bending and axial loads are
analyzed using the proposed MLSA method. Detailed loading and boundary
conditions are given in Fig. 10, where the height of the column is 4m, and the
bending moment varies from 0.02P to 0.1P. The material is steel with the
Young's modulus of 205 GPa. The cross-section area is 5.27>10"° m? and the
second moment of area about both the principal axes is 4.91><107° m*.

The load-displacement curves of the members under combined bending and
axial loads generated from the proposed MLSA method are given in Fig. 10,
where the results from the FEM using ten beam-column elements are also given
for comparison. The overall agreement is very satisfactory, indicating that the
proposed MLSA method can predicate the nonlinear behaviors of the members
under combined bending and axial loads accurately.

1440 Diff. = 1.9% Diff. =0.7% Diff. = 1.2% Diff. = 0.8%
1320 Diff. = 1.5%  * 3 \ 4
1200 A
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Fig. 10 Load-displacement curves of the column under combined bending and axial loads
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7. Conclusion

Modern structural design methods are moving toward the rigorous design
of structures through virtual simulations under critical scenarios, complying
with physical laws and accounting for the imperfections in reality. The second-
order analysis method has been developed in line with the same philosophy,
continuously researched in scientific communities, and applied in designing
numerous steel structures in engineering practices. The nonlinear finite-element
method (FEM) using beam-column elements, also named line finite-elements,
has been widely adopted in second-order analysis, which is a matrix analysis-
based and computationally intensive method. When adopting the FEM for large
deflection problems, numerical convergence is sometimes challenging as well
as the long computational time of solving sparse linear equations. Although
some research has been conducted during the past decades to improve numerical
efficiency, the matrix-based algorithm is unstable when singularity occurs. It
may hinder the development of emerging structural analysis methods to be more
robust and efficient in satisfying highly demanded requirements in virtual
simulations for modern structural design.

The computational efficiency of machine learning has been exceptionally
improved in recent years, with the availability of fast Al processors tail-made
for massive neural networks. To facilitate the adoption of new Al technology in
structural engineering, this research proposes an innovative machine learning-
based structural analysis (MLSA) method for the second-order analysis of
beam-columns through Physics-Informed Neural Networks (PINN). The
governing equations for the problems are discussed and incorporated into the
physics-informed neural networks. The physical information provided by the
governing equations and boundary conditions is used to orientate the training
process creating a self-supervised learning procedure. The PINN framework
and the training procedure are provided, where an adaptive loss weight control
algorithm and the transfer learning technic are proposed to improve numerical
efficiency. The pre-trained neural networks for the second-order analysis of
beam-columns are provided.

The new method has been thoughtfully validated by well-established
methods in terms of the analytical solutions and the FEM. Four verification
examples are given, showing that the proposed MLSA method can obtain the
results accurately and robustly. As the potential to be the next-generation
structural analysis method, this research innovatively adopts the emerging
computational technique based on machine learning to solve second-order
analysis problems for single members that could be motivated for other
engineering problems.
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