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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Pre-tensioned steel cable is a crucial load-bearing component of steel structure, the fire behavior of which affects the overall 

performance of the structure. However, it presently lacks research and fire safety design method to consider steel cable 

members subject to localized large-space building fire. In this paper, the mechanical behavior of normal steel strand cable 

and full-locked steel cable under large-space building fire is investigated, to provide guidance for the fire safety design of 

steel cable. Firstly, the numerical model of temperature field of steel cables subject to large-space building fire was 

established and verified with the test results. Secondly, based on the verified temperature field model, the sequential therm al-

mechanical coupling numerical model was established to study the fire behavior of steel cable, including temperature field, 

temperature gradient, failure mechanism, internal force and contact stress. Thirdly, the numerical method was adopted for 

the parametric analysis on the fire resistance of steel cables, considering the effect of temperature -field model, non-uniform 

fire, load ratio and span of steel cable. The following conclusions are obtained: 1) The average temperature can be taken to 

simplify the transverse temperature field due to the small amplitude of transverse temperature gradient of steel cable sectio n; 

2) Because of the size effect of steel wire, the overall temperature of normal steel strand cable is higher than that of full -

locked steel cable under the same conditions of same nominal diameter and fire conditions, and the damage occurs earlier 

than that of full-locked steel cable under fire. 
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1.  Introduction 

 

Spatial cable-truss structure is a widely used large-space steel structure. At 

present, in addition to focusing the static or dynamic properties of cable-truss 

structure, people begin to pay attention to the influence of length errors, 

structural layout optimization, construction forming optimization on the 

performance of cable-truss structure [1][2][3][4]. With the development of urban 

construction, the fire accidents occur more and more frequently in buildings. 

Scholars have started to focus on the phenomenon of a decline in the overall 

load-bearing capacity of large-space steel structure caused by cable rupture 

under fire, which can result in the further progressive collapse of whole steel 

structures. The studies [5][6] show the high-temperature environment caused by 

fire has a negative effect to reduce the material strength of steel cables, affecting 

the load distribution of overall structure, the evaluation of the fire-resistant 

capacity of steel cable members in engineering design practice is important. 

Thus, it is essential to study the fire behavior of steel cables subject to localized 

fire in large-space buildings, providing research basis to develop the fire safety 

protection standards for steel cable. 

In the early 1950s, Frank Day et al. [7] conducted a preliminary elevated 

temperature test on the prestressed steel wires used for concrete components. 

Gales et al. [8] and Hou et al. [9] studied the mechanical performance of 

prestressed steel wires with different strength under high temperature. It was 

found that the additional prestress loss caused by high-temperature creep under 

fire impacts significantly on the fire-resistant limit of structure. Sun et al. [10] 

investigated the mechanical behaviors of Z-shape steel wire under elevated 

temperature, the modified two-stage Ramberg-Osgood model of which was 

proposed to present the constitutive relationship. With the further researches 

were conducted, the studies of the fire behaviors of prestress steel cables are 

focused. Zong et al. [11], Kotsovinos et al. [12], Du et al. [13][14][15] and Sun 

et al. [16][17][18] carried out the steady-state tests of the steel cables with 

different strength, including normal steel strand cable, stainless steel cable, 

parallel wire cable, etc., concentrating on the fire behaviors of material including 

the stress-strain relationship at elevated temperature, the reduction laws of 

mechanical properties and the high-temperature creep. Du et al. [19] conducted 

the post-fire tensile tests on Grade 1670 steel wire，the fitting equations of post-

fire mechanism performance for the steel wire were proposed. Sun et al. [20], 

Fontanari et al. [21][22] conducted transient thermal simulations on normal steel 

strand cables, steel wire ropes and parallel wire cables subject to ISO-834 fire, 

the mechanical behavior and the temperature field of which under continuous 

temperature history were studied comprehensively. 

At present, the studies of the fire behaviors of steel cables mostly 

concentrate on the steady-state heating study or the transient thermal study based 

on the ISO-834 fire. However, the investigations on the fire behaviors of steel 

cables subject to large-space building fire in transient heating condition are not 

fully carried out. In this paper, the numerical method is used to analyze the 

temperature field and the tensile fracture mechanism of steel cables under the 

large-space building fire, to reveal the thermo-mechanical behaviors of normal 

steel strand and full-locked steel strand, including failure mode and 

redistribution of internal force in fire. Furthermore, the parametric study on the 

fire resistance is performed to clarify the main factors that affect the fire- 

resistant capacity of steel cables in the large-span fire condition.   

 

2.  Setup and validation of numerical models 

 

2.1. Development of thermal FE model 

 

2.1.1. Temperature-field model for fire in large-space building  

The ISO-834 curve recommended by the specification “Code for fire safety 

of steel building structures” (GB 51249-2017) [23] is mainly appropriate to 

indoor fire scene of small space, but not applicable to the fire scene in which the 

steel cable components subject to the large-space building fire. The literature 

[24] was referred in this paper, and the temperature-time curve applied to the fire 

behavior investigation on steel cable was introduced to depict the large-space 

fire: 

 

T(x,H, t) = Tg(0) + Tg
max(1 − 0.8e−γt − 0.2e−0.1γt) ∙ Ksm             (1) 

 

𝑇𝑔
𝑚𝑎𝑥 = (20𝑄 + 80) − (0.4𝑄 + 3)𝐻 + (52𝑄 + 598) × 102/𝐴𝑠𝑝        (2) 

 

𝐾𝑠𝑚 = 𝛽 + (1 − 𝛽)𝑒(𝐷/2−𝑥)/7                                     (3) 

 

𝐷 = 2√𝐴𝑞/𝜋                                                  (4) 

 

Where 𝑇(𝑥, 𝐻, 𝑡) is the air temperature (℃) when the calculation location is 𝑥 

(m) from the fire source center and H（m）from the ground; 𝑇𝑔
𝑚𝑎𝑥  is the 

maximum air temperature; 𝑄  (MW)is the heat release rate; 𝐴𝑠𝑝  (𝑚
2 ) is the 

floor area; 𝐴𝑞 (𝑚2) is the fire area; 𝛾 is the factor of fire growth type; 𝐾𝑠𝑚 is 

the factor for regression ratio of maximum air temperature; 𝛽  is the shape 

factor related to space height and the floor area. 

 

2.1.2. Thermal FE model setting 

The FE software Abaqus is used to analyze the thermal behavior of steel 

cable under the large-space fire. The unit DC3D8 was applied as the heat transfer 

element for the model. The thermal boundary conditions of thermal radiation 

and convective heat transfer were respectively set on the surface element of steel 

cables, and a closed-cavity radiation condition was established on the surface 
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element of inner steel wires. In reference to European specification [25], the 

convective heat transfer coefficient was taken as 25W·m-2·K-1, the Stefan-

Boltzmann constant was set as 5.67 × 10−8𝑤/(𝑚2 ∙ 𝐾4) , the surface heat 

emission was set as 0.8. In reference to the European specification [26], the 

cavity heat emission was taken as 0.8; the initial ambient temperature was 20℃. 

In the process of thermal simulation, the thermal contact resistance between steel 

wires was ignored, and the interaction between the steel wires was simulated by 

the “tie-boned” contact.  

 

2.1.3. Thermal parameters of materials 

The density of steel was taken as 7850𝑘𝑔 ∙ 𝑚−3 . In reference to the 

European specification [27], the thermal conductivity of steel 𝜆𝑠  ( 𝑊 ∙
(𝑚2 ∙ ℃)−1) was taken as 𝜆𝑠 = 52.57 − 1.541 × 10

−2𝑇𝑆 − 2.155 × 10
−5𝑇𝑆

2, 

and the specific heat capacity 𝑐𝑠  (𝐽 ∙ (𝑘𝑔 ∙ ℃)−1 ) was taken as 𝑐𝑠 = 470 +
20 × 10−2𝑇𝑆 + 38 × 10

−5𝑇𝑆
2 , where 𝑇𝑠𝑡   (℃ ) is the temperature of steel 

material. 

In reference to the specification [23], when verifying the thermal FE model, 

the equivalent thermal conductivity of non-swelling fire protection coating 𝜆𝑖 
(𝑊 ∙ (𝑚2 ∙ ℃)−1 ) and the equivalent thermal resistance of intumescent fire 

protection coating 𝑅𝑖 ((𝑚2 ∙ ℃) ∙ 𝑊−1) were taken as follows: 

 

𝜆𝑖 =
𝑑𝑖

5×10−5

(
𝑇𝑠−𝑇𝑠0
𝑡0

+0.2)2−0.044
×
𝐹𝑖
𝑉

                                    (5) 

 

𝑅𝑖 =
5×10−5

(
𝑇𝑠−𝑇𝑠0
𝑡0

+0.2)
2 ×

𝐹𝑖

𝑉
                               (6) 

 

Where 
𝐹𝑖

𝑉
  is shape factor of cross-section of steel cable with fire protection 

coating; 𝑇𝑠0 (℃) is initial temperature of steel cable before heating; 𝑇𝑠 (℃) is 

average temperature of steel cable; 𝑡0 (s) is the time of the temperature of steel 

cable reaching average temperature. 

 

2.2. Development of mechanical finite element 

 

2.2.1. Mechanical FE model setting 

In the finite element analysis, the unit C3D8R was adopted as the element 

of mechanical analysis. In terms of mechanism, the interaction between steel 

wires was simulated by the general contact, in which the tangential friction 

coefficient was taken as 0.3 and ‘hard contact’ was applied for the normal 

contact simulation. In the setting of the boundary conditions at both ends of the 

steel cable, it was assumed that the steel cable was completely constrained to the 

anchoring devices. Thus, the displacement boundary condition of the unloaded 

end of the steel cable was set to be completely fixed, and that of the loaded end 

was only released the displacement degree of freedom that was consistent with 

the loading direction. 

 

2.2.2. Mechanical parameters of material 

It is essential to fully take account of deterioration of material, thermal creep 

and thermal expansion when the steel cable is under the fire conditions. In 

referrence to the test results of the literature [15], the stress-strain relationship 

for steel at elevated temperature is adopted as follows: 

 

𝜎 =

{
 
 

 
 
𝐸𝜀 , 0 ⩽ 𝜀 ⩽ 𝜀pp,𝜃

𝑓pu,𝜃 − (𝑎1𝑒
−(𝜀/𝑎2) + 𝑎3) , 𝜀pp,𝜃 < 𝜀 ⩽ 𝜀pt,𝜃

𝑏1𝜀
2 + 𝑏2𝜀 + 𝑏3 , 𝜀pt,𝜃 < 𝜀 < 𝜀pu,𝜃

0 ,  𝜀 ⩾ 𝜀pu,𝜃

                   (7) 

 

Where the coefficients 𝑎1, 𝑎2, 𝑎3, 𝑏1, 𝑏2, 𝑏3 are the factors fitting the regression 

formula, the specific values refer to the literature [15]; 𝜎 (MPa) is the stress of 

steel wires; 𝜀 is the strain of steel wires; 𝐸 (MPa) is the elastic modulus of 

steel wires at elevated temperature; 𝜀pu,𝜃  is the rupture strain at elevated 

temperature; 𝜀pp,𝜃 is the proportional limit strain at elevated temperature; 𝜀pt,𝜃 

is the limit strain for yield strength at elevated temperature. 

In reference of the literature [28], the thermal expansion coefficient is 

acquired as follows: 

 

𝜀th = 1.87 × 10−9 × 𝑇2 + 1.22 × 10−5 × 𝑇

 −3.14 × 10−4
                        (8) 

 

  𝛼T =
d𝜀th 

d𝑇
= 3.74 × 10−9 × 𝑇 + 1.22 × 10−5                        (9) 

 
Where 𝜀th   is the strain caused by thermal expansion; 𝛼T  is the thermal 

expansion coefficient; 𝑇 (℃) is the temperature of steel wires, ranging from 

20℃~800℃. 

The thermal creep coefficient of steel cables at elevated temperature is 

calculated as follows: 

 

𝜀cr =
𝑐1

𝑐3+1
𝜎𝑐2𝑡𝑐3+1e−

𝑐4
𝑇 + 𝑐5𝜎

𝑐6e−
𝑐7
𝑇                                (10) 

 

Where 𝜀cr is the creep strain at elevated temperature; 𝑐1~𝑐7 are the regression 

parameters in reference of the literature [28]; t (min) is the heat up time. 

 

2.3. Validation of FE model 

 

To verify the FE model in analysis of the fire behavior of steel cables, the 

thermal FE model was established, and its simulated results were compared with 

the test result of the specimens with fire protection reported by the literature [29]. 

In the thermal FE model, the mesh division of the specimen with the non-

swelling fire protection coating and the specimen with the intumescent fire 

protection coating is presented in Fig.1. Fig.21 shows the comparative results of 

the simulation and the test, where ∆ (mm) denotes the distance from the 

checkpoint to the surface of the steel cable, 𝑑 (mm) denotes the thickness of 

the fire protection, D (mm) denotes the diameter of the steel cable. 

    

(a) Non-swelling fire protection coating        (b) Intumescent fire protection coating 

Fig. 1 Mesh division of specimens 

 

           
（a）d=50mm，D=75mm                                           （b）d=10mm,D=75mm 

Fig. 2 Time-temperature curve of specimens 
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The simulation result of the specimen with the non-swelling fire protection 

coating shown in Fig.2 (a) was nearly consistent with the experimental result, 

while the simulation result of the specimen with the intumescent fire protection 

coating shown in Fig.2 (b) had a certain error. The reason for the difference in 

the fitting degree of the two species is that, the actual thermal conductivity of 

non-swelling fire protection coating is relatively stable in heat up time, changing 

little over the elevated temperature. Therefore, the temperature field of the 

specimen with the non-swelling fire protection coating can be well simulated by 

adopting the equivalent thermal conductivity of the non-swelling fire protection 

coating in reference to the specification [23]. However, the thickness of the 

intumescent fire protection coating changes dramatically during the thermal 

expansion phase, and the actual thermal conductivity of which varies greatly 

over the elevated temperature [30]. Thus, the simulation deviation exists in the 

temperature of the specimen surface, approaching to 5%~10% during the 

thermal expansion phase, when the actual thermal resistance of the intumescent 

fire protection coating is replaced by the equivalent thermal resistance in 

reference to the specification [23]. Though the deviation existed in the 

simulation, it was still generally within a reasonable range, the numerical model 

can still be adopted as the reference for subsequent analysis.  

 

3.  Fire behavior of steel cable in large-space fire 

 

3.1. Specimen design 

 

The normal steel strand cable and the full-locked steel cable were chosen as 

the study specimen in this paper. The diameter of the round steel wire used in 

the specimens was 7 mm. The height of the Z-shape steel wire was 7 mm and 

the area was 51.32 mm2. The diameter of the steel cable was 35 mm. The length 

was 2500 mm. The second layer of twist angle was 7.2° and the third layer of 

which was 14.4°. The type of the steel cable was 1×19. 

The numerical simulation of monotonic tension at room temperature was 

carried out on the steel cables. The ultimate break force of the normal steel strand 

cable was 1264.07 KN, and the ultimate break force of the full-locked steel cable 

was 1459.96 KN. In the simulation, the load ratio was 0.7. 

 

3.2. Parameters of uniform and non-uniform fire distribution  

 

In this section, the fire scenario is simulated according to the temperature-

field model of the large-space building fire stated in Section 1.1. Equation ( 1 ) 

~ ( 4 ) indicates the meaning of physical parameters in the large-space building 

fire model, including floor area Asp, position height H , heat release rate Q, factor 

of fire growth type 𝛾, effective diameter of the fire source D and regression ratio 

of the fire 𝐾𝑠𝑚. In this paper. The large-space building refers to the building 

space with a floor area of no less than 500 m2 and a space height of no less than 

4 m [31]. The setting parameters of the uniform and non-uniform fire 

distribution within the definition of large-space building were set as follows: 

The floor area Asp was 500; the position height H was 6 m; the heat release rate 

Q was 25 MW; the factor of fire growth type 𝛾 was 0.004.  

For the uniform fire condition, the effective diameter of the fire source was 

2500 mm, covering the longitudinal span of the steel cable; for the non-uniform 

fire condition, the effective diameter of the fire source was 1000 mm, and the 

non-uniform fire was set below the median part, the regression ratio of the fire 

𝐾𝑠𝑚 was taken as 0.6. The detail arrangement of the fire source under the non-

uniform and the uniform fire distribution are presented in Fig.3.

 

 
（a）Uniform fire distribution 

 
（b）Non-uniform fire distribution 

Fig. 3 Arrangement of fire source 

 

3.3. Judging criteria of fire resistance 

 

In the simulation, the judging criteria of the fire resistance of steel cable was 

adopted in reference to the literature [15]. The total strain of the mechanical 

element of the steel cable is composed of mechanical strain, thermal creep strain 

and thermal expansion under the thermo-mechanical coupling condition. As the 

total strain reaching the failure criterion of its rupture strain or the element 

achieving ultimate strength at elevated temperature, it is judged that the steel 

cable loses the fire-resistant capacity, reaching the fire resistance. The element 

of the FE model in the analysis should be checked by the following criterion:  

 

𝜎p,𝜃 ≤ 𝑓pt,𝜃                                                   （10） 

 

or  

𝜀total ≤ 𝜀pu,𝜃                                                  （11） 

 

Where 𝜎p,𝜃 is the total stress of the element at elevated temperature; 𝜀pu,𝜃 is 

the rupture strain of steel wire at elevated temperature; 𝜀total  is the total strain 

of the element; 𝑓pt,𝜃  is the ultimate strength of steel wire at elevated 

temperature.  

 

3.4. Analysis of temperature field of steel cable 

 

Under both the non-uniform fire and the uniform fire distribution conditions, 

the temperature fields of the two types of the steel cables were analyzed for 180 

min. In the uniform fire condition, both the center and the surface of the steel 

cables were taken as the temperature measuring points, the layouts of which are 

presented in Fig.4 (a)(b). For the non-uniform fire condition, the measuring 

positions of temperature arranged along the longitudinal span of steel cable are 

presented in Fig.4 (c), where the center of cross section was taken as the 

temperature measuring point. 

 
3.4.1. Temperature field 

Under the uniform fire condition, the temperature field of the transverse 

sections and the temperature development of the measuring points are presented 

in Fig.5 (a)(b); under the non-uniform fire condition, the temperature 

development of the longitudinal measuring points of the steel cables is presented 

in Fig.6. It can be seen from Fig.5 and Fig.6, under the two types of the fire 

conditions, the transverse temperature and the longitudinal temperature of the 

normal steel strand cable was higher than that of the full-locked steel cable. At 

the measuring position Z6, the peak temperature for the normal steel strand cable 

was 588.5℃, and the peak temperature of the full-locked steel cable was 

468.14℃; at the measuring position Z1, the peak temperature of the normal steel 

strand cable was 509.67℃, and that of the full-locked steel cable was 388.37℃. 

It indicated that the strength deterioration of the normal steel strand cable 

occurred earlier than that of the full-locked steel cable.
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（a）Transverse section of normal steel strand cable          （b）Transverse section of full-locked steel cable 

 
（c）Longitudinal measuring position 

Fig. 4 Layout of temperature measuring position 

 

        

（a）Normal steel strand cable 

 

（b）Full-locked steel cable 

Fig. 5 Transverse temperature field of steel cable under uniform fire 

 

 

Fig. 6 Longitudinal temperature field of steel cable under non-uniform fire 

 

To reveal the difference of the temperature field between the two types of 

the steel cables, the temperature measuring points at the same position of the 

two steel cables were compared. Under the uniform fire, the measuring points 

S4 and F4, S1 and F1 were taken in comparative analysis, Fig.7 (a) shows the 

comparative result. Under the non-uniform fire condition, the measuring points 

Z6 at fire position and the measuring points Z1~Z3 at non-fire position were 

compared, Fig.7(b) shows the comparative result.  

As shown in Fig.7, for the two types of fire conditions, the temperature of 

the normal steel strand cable was higher than that of the full-locked steel cable, 

and the temperature difference continued to expand with time. In the condition 

of uniform fire, the peak temperature difference between the surfaces of the two 

types of steel cables was 138.30 degrees; under the non-uniform fire, the peak 

temperature difference between the two was 122.05 °C. Moreover, the 

temperature difference of the two steel cables decreased with the distance from 

the measuring point to the fire resource increased. The reason for this 

phenomenon is that, under the condition of the same section diameter, the 

geometric curvature of the third layer of steel wires of the normal steel strand 

cable is higher than that of the full-locked steel cable, there is the size effect 

leading to more heat absorption during the heating process [20].  

At the same time, due to the steel ration of the full-locked steel cable higher 

than steel ration of the normal steel strand cable, the temperature development 

of the full-locked steel cable in the longitudinal direction lagged that of the 

normal steel strand cable. 

 

 

(a) Uniform fire condition 

 

(b) Non-uniform fire condition 

Fig. 7 Comparison of temperature field of steel cables 
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3.4.2. Temperature gradient 

The transverse temperature gradient was obtained by calculating the 

temperature difference between the measuring points S4 and S1, F4 and F1, 

while the longitudinal temperature gradient was acquired by calculating the 

temperature difference of the center wires of the two types of the steel cables at 

the measuring point Z6 and Z1. Fig.8 shows the results of the temperature 

gradient . 

As shown in Fig.8 (a)(b), under both the uniform fire and the non-uniform 

fire, the peak value of the transverse temperature gradient of the two types of the 

steel cables was small, the normal steel strand cable was 22℃, and the full-

locked steel cable was 17℃. It shows that the extent of the stress redistribution 

caused by the transverse temperature gradient is low. To simplify the calculation 

in fire design, it is recommended that the transverse temperature field can be 

simplified by taking the average temperature of the section. However, as shown 

in Fig.8 (c), the peak value of the longitudinal temperature gradient was large, 

the normal steel strand cables was 81℃, and the full-locked steel cable was 79℃, 

which cannot be ignored in fire design.  

There was the large difference between the longitudinal temperature 

gradient and the transverse temperature gradient. This is mainly because the 

heating rate of the non-fire part of the steel cable is much smaller than that of 

the fire part, and there is a lag in the longitudinal transfer of heat flux from the 

higher temperature area to the lower temperature area along the cable length. In 

the example, the temperature hysteresis phenomenon of the non-fire part tends 

to be more obvious with the increase of the distance from the fire part. 

It is noted that Fig.8 shows the descending period of the temperature 

gradient when the steel cables were in the later stage of the heat up time. The 

reason is the thermal conductivity 𝜆𝑠 decreases and the specific heat capacity 

𝑐𝑠  increases when the temperature increases, so the rate of temperature 

increment of the steel cables declines with the heat up time. While during the 

process of heat transfer from high temperature position to low temperature 

position, the thermal lag behavior exists between the surface and the center of 

the transverse section, and also exists between the longitudinal measuring point 

Z6 and Z1. The temperature-elevation rate of the measuring point with relatively 

higher temperature first declines compared with the measuring point with lower 

temperature, and therefore the temperature gradient decreases during the later 

stage of the heating process.

 

              

  (a) Transverse gradient in uniform fire                （b）Transverse gradient in non-uniform             （c）Longitudinal gradient in non-uniform 

Fig. 8 Temperature gradient of steel cables 

 

3.5. Mechanism analysis of steel cable 

  

3.5.1. Damage development and mode 

Fig.9 shows the damage locations and modes of the steel cables under 

uniform fire and non-uniform fire conditions. It can be found that the steel cables 

mainly experienced three stages of necking, spiral decoupling and breakage 

when working in a fire environment.  

In the stage of necking, the first layer and the second layer of steel wires 

entered the yield stage, the deformation development of the steel wires was 

accelerated. The necking phenomenon was intensified with the elevated 

temperature.  

In the stage of spiral decoupling, all the steel wires entered the plastic stage, 

and the deformation of the steel wires developed rapidly. The torsional moment 

produced in the inner part of the steel cables caused the second and the third 

layer of steel wires to spread out to different extent. 

In the stage of breakage, when the steel cable was subject to the uniform 

fire, the center steel wire firstly ruptured at the position where the necking 

phenomenon occurred near the end of the steel cable, then was pulled out. When 

the steel cable was subject to the non-uniform fire, the center steel wire firstly 

ruptured near the boundary of the fire position and the non-fire position. The 

second and the third layer of steel wires were broken almost at the same time, 

leading to the transmission path of the internal force was cut off totally and the 

inner torsional moment disappeared. Thus, the phenomenon that the steel wires 

spread out cannot be observed.  

 
3.5.2. Axial deformation and fire resistance 

As shown in Fig. 10, the axial displacement-time curves of the steel cables 

under the two fire conditions are acquired. In the uniform fire condition, the fire 

resistance of the normal steel strand cable was 77.18 min, and that of the full-

locked steel cable was 98.98 min. In the non-unform fire condition, the fire 

resistance of the normal steel strand cable was 80.20 min, and that of the full-

locked steel cable was 101.90 min. 

The axial deformation of the steel cables was in a growing trend in the 

heating process, but the deformation rate of which was changing. In the heating 

period of 20 ~ 40 min, the axial displacement of the steel cable increased rapidly, 

this is because, in this period, the steel cables are in the necking stage, the first 

and the second layer of steel wires entered the plastic state, causing the axial 

deformation rate of the steel cables increases. 
 

 

（a）Normal steel strand cable in uniform fire 

 

（b）Full-locked steel cable in uniform fire 

 

（c）Normal steel strand cable in non-uniform fire 

 

（d）Full-locked steel cable in non-uniform fire 

Fig. 9 Damage location and mode of steel cable under large-space fire 

 

 

Fig. 10 Axial displacement-time curves of steel cables 
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3.5.3. Energy analysis 

According to the energy conservation, the external work done by the tensile 

force loaded on the steel cable is mainly converted into the internal strain energy, 

the internal energy mainly caused by thermal expansion and the friction energy 

dissipation (energy dissipated by overcoming friction between the steel wires). 

The relevant data of the overall external work, friction energy dissipation and 

internal strain energy of the steel cables were directly extracted in the post-

processing program of Abaqus. The internal non-strain energy mainly caused by 

thermal expansion was obtained by subtracting the internal strain energy and 

friction energy dissipation from the external work of the steel cables.  

Fig.11 presents the variation curves of the proportion of the internal strain 

energy to the external work and the variation curves of the proportion of the 

internal non-strain energy mainly caused by thermal expansion to the external 

work during the heating process under different fire conditions. 

As shown in Fig.11, thermal expansion primarily caused the deformation 

development of the steel cables during the early stage of heating; while in the 

middle and late period of heating, stress deformation mainly caused the 

deformation development. The reason is that, during the early stage of the 

heating process, the extent of material strength deterioration is low. With the 

elevation of temperature, the extent of the deterioration is gradually deepened, 

so that the axial displacement increases over time. During the middle and late 

period of heating process, the temperature-elevation rate of the steel cables 

gradually decreases, leading to the development of thermal expansion 

deformation slows down. 

 

             

        (a) Unform fire condition                                            (a) Non-uniform fire condition 

Fig. 11 Contribution analysis of axial deformation of steel cables 

 

3.5.4. Internal force development of steel wires 

Fig.12 shows the development of the average internal force of the steel 

wires at the mid-span position under the uniform fire. Fig.13 shows the internal 

force development of the steel wires at the boundary of the fire position and the 

non-fire position under the non-uniform fire.  

Fig.12 and Fig.13 show that the average internal force of the first two layer 

of steel wires increased and then declined, while the average internal force of 

the third layer of steel wires decreased first, then increased and finally destroyed.  

It indicated the internal force was redistributed in the steel cables under the 

fire condition. The reason is that, during the early stage of the heat up time, 

compared with the first two layer of steel wires, the third layer of steel wires 

exposed directly to the high-temperature environment has deeper extent of 

material strength deterioration and thermal expansion deformation, and the 

tensile stiffness of which is lower due to the larger twist angle. Thus, in this stage, 

the tensile force loaded on the steel cables is mainly borne by the first two layer 

of steel wires. When the steel cables enter the necking stage, the first two layer 

of the steel wires begin to deform plastically, causing the tensile stiffness 

decreases sharply. And at this moment, the internal force starts to transfer from 

the first two layer of steel wires to the third layer of steel wires. 

 

            
    （a） Normal steel strand cable                                        （b）Full-locked steel cable 

Fig. 12 Development of average internal force of steel cable in uniform fire 

 

          
     （a）Normal steel strand cable                                       （b）Full-locked steel cable 

Fig. 13 Development of average internal force of steel cable in non-uniform fire 
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3.5.5. Contact stress development  

Taking the mid-span section of the steel cables under the uniform fire as the 

object, where the contact stress during the heat up time was analyzed. Fig.14 

shows the arrangement of the contact points of the section. 

Fig.15 shows the development of the contact stress over time. Overall, the 

contact stress of the steel wires declined over time, especially the contact 

relationships between A33, B33, A21 and B21 were the most sensitive. This is 

because as the temperature rises, due to the spiral decoupling of the steel wires, 

the deformation of the transverse section gradually increases, causing the overall 

contact stress between the steel wires decreases over time. 

         

（a）Y-Z section and transverse section of normal steel strand cable 

          

（b）Y-Z section and transverse section of full-locked steel cable 

Fig. 14 Arrangement of contact points between steel wires 

 

           
 （a）Normal steel strand cable                                         （b）Full-locked steel cable 

Fig. 15 Stress-temperature curves of steel cables 

 

             
（a）Normal steel strand cable                                       （b）Full-locked steel cable 

Fig. 16 Variation of average resultant force of friction of steel cables 

 

Taking the steel cables under the uniform fire as the object , the average 

resultant force of friction between each layer of steel wire was analyzed. Fig.16 

shows the variation of the average resultant force of friction.  

Fig.16 shows that the average resultant force of friction of the normal steel 

strand cable and the full-locked steel cable was much smaller than the contact 

stress of the steel cables, which indicated that the friction contributed little to the 

force transmission inside the steel cable. With the increase of time, the average 

resultant force of friction of the first two layer of steel wires presented a 

decreasing trend in general. Combined with the phenomenon that the contact 

stress decreased with the elevated temperature, it indicated that the contact 

relationship of the steel wires had been weakened in general. In addition, as the 

internal force of the first two layer of steel wires was transferred to the third 

layer of steel wires over time, the average resultant force of friction of the third 

layer of steel wire declined with time. 

 

4.  Parametric analysis of steel cable in large-space fire 

 

In this section, the numerical investigation of 41 normal steel cables was 

carried out. The parametric analysis of the fire-resistant capacity and the 

deformation development of the normal steel cable was performed. 

 

4.1. Effect of temperature-field model for large-space fire 
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The parametric investigation on the fire-resistant capacity of the steel cable 

was conducted under the large-space building fire condition, including the 

parameters of floor area, position height of steel cable, fire grow type and heat 

release rate, and the numerical examples for which are shown in Table 1. In Table 

1, the non-uniform level 𝜂 denotes the ratio of the span of the unburned part to 

the total span of the steel cables. When the non-uniform level 𝜂 is 0, it indicates 

the steel cable is uniformly subject to fire along the whole span. In addition, in 

reference to the literature [6], the parameter of load ratio in Table 1 denotes the 

ratio of the horizontal tension to the ultimate break force of the steel cable after 

the design load is applied at room temperature. In this section, the ultimate break 

force of the numerical examples is 1253.36 KN, and the other geometric 

parameters not given in Table 1 are consistent with the FE model of the normal 

steel strand cable stated in section 2.1.

 
Table 1  

Numerical examples for parametric analysis of temperature-field model 

Specimen 
Floor area  

Asp（mm2） 

Position height 

H（m） 

Factor of fire growth 

type 

𝛾 

Fire release rate  

Q（MW） 

Non-uniform level  

𝜂 

Load ratio  

R 

Span  

 L（m） 

RF-0 500 6 0.004 25 0 0.3 15 

Area-1 1000 6 0.004 25 0 0.3 15 

15 Area-2 3000 6 0.004 25 0 0.3 

Area-3 6000 6 0.004 25 0 0.3 15 

Height-1 500 11 0.004 25 0 0.3 15 

Height-2 500 16 0.004 25 0 0.3 15 

Height-3 500 21 0.004 25 0 0.3 15 

Height-4 500 26 0.004 25 0 0.3 15 

Growth-1 500 6 0.001 25 0 0.3 15 

Growth-2 500 6 0.002 25 0 0.3 15 

Growth-3 500 6 0.003 25 0 0.3 15 

Power-1 500 6 0.003 12 0 0.3 15 

Power-2 500 6 0.003 14 0 0.3 15 

Power-3 500 6 0.003 16 0 0.3 15 

Power-4 500 6 0.003 19 0 0.3 15 

Power-5 500 6 0.003 22 0 0.3 15 

 

4.1.1. Floor area  

As shown in Fig.17, in the condition of remaining other parameters 

unchanged, when the building area rose from 500 m2 to 6000 m2, the fire 

resistance rose from 141 min to 455 min. The lag phenomenon of the axial 

deformation development of the steel cable was deepened when the floor area 

increased, and the fire resistance increased in nonlinear tendency. This is 

because as the floor area increases, the ambient temperature of the large-space 

building decreases in nonlinear tendency, causing the lagging development of 

the material strength deterioration, the thermal creep and the axial deformation 

caused by thermal expansion.

 

         
(a) Effect on axial deformation                                  （b）Effect on fire resistance 

Fig. 17 Parametric analysis of floor area on steel cable 

 

4.1.2. Position height 

As shown in Fig.18, in the condition of remaining other parameters 

unchanged, when the position height increased from 6m to 26m, the fire 

resistance rose from 141 min to 341 min. The lagging phenomenon of axial 

deformation development of the steel cable was deepened when the position 

height of the steel cables increased, leading to the higher fire resistance. 

This is because according to the temperature-field model for large-space fire, 

the greater position height leads to the lower elevated temperature of the steel 

cable, which causes the lagging development of the material strength 

deterioration, the thermal creep and the axial deformation caused by thermal 

expansion under the same heat up time. 

  

4.1.3. Fire growth type 

As shown in Fig.19, in the condition of remaining other parameters 

unchanged, the fire resistance declined from 187 min to 141 min, as the fire 

growth type rose from 0.001 to 0.004. During the early stage of the heat up 

process, the fire growth type had little difference in the deformation 

development, but the difference in the deformation development gradually 

became larger over time. As the fire growth rate increased, the fire resistance of 

the steel cable presented a nonlinear downward trend. Compared to the other 

parameters, the increase of the fire growth type had little influence on the 

downward trend of the fire resistance. 

 

4.1.4. Heat release rate 

As shown in Fig.20, in the condition of remaining other parameters 

unchanged, when the heat release rate rose from 14 MW to 25 MW, the fire 

resistance decreased from 434 min to 141 min. As the heat release rate of the 

steel cables increasing, the fire resistance of the steel cables reduced over time, 

and the difference in the deformation development was greater. The heat release 

rate of the fire had the significant effect on the fire resistance. 
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(a) Effect on axial deformation                                 （b）Effect on fire resistance 

Fig. 18 Parametric analysis of position height of steel cable 

 

        
  (a) Effect on axial deformation                              （b）Effect on fire resistance 

Fig. 19 Parametric analysis of fire growth 

         
(a) Effect on axial deformation                               （b）Effect on fire resistance 

Fig. 20 Parametric analysis of heat release rate of fire 

 

4.2. Non-uniform level of fire and fire source location 

 

The parameter of non-uniform level of fire is set ranging from 0~0.8, and 

the non-uniform fire is located at the mid-span and the end of steel cable. As the 

non-uniform fire is located at the mid-span, the non-uniform fire extends from 

the middle to both ends of the steel cable; as the non-uniform fire is located at 

the end of the steel cable, the non-uniform fire extends from the one end to the 

other end. In addition, for the other parameters, the floor area is 500 m2; the 

position height is 6 m; the factor of fire growth type is 0.004; the load ratio is 

0.3; the fire release rate is 25 MW; the span is 15 m.

 

        
(a) Effect on axial deformation                             （b）Effect on fire resistance 

Fig. 21 Parametric analysis of non-uniform level of fire at mid-span of steel cable 
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(a) Effect on axial deformation                    （b）Effect on fire resistance 

Fig. 22 Parametric analysis of non-uniform level of fire at end of steel cable 

 

Fig.21 and Fig.22 show the effect of non-uniform level of fire and fire 

source location on the deformation and the fire resistance. 

Fig.21 shows that, when the fire was set at the mid-span, with the increase 

of the non-uniform level, the deformation of the steel cable was smaller and the 

fire resistance was higher. The reason is that the increasing continuous area of 

the steel cable causes more heat absorption under the non-uniform fire condition, 

which makes the accumulated axial deformation due to thermal expansion and 

thermal creep larger. Thus, the strain of the steel wire reaches the rupture strain 

early, and the fire resistance decreases.  

As shown in Fig. 22, when the fire source was set at the end of the steel 

cable, with the increase of the non-uniform level, the deformation of the steel 

cable was smaller, but the fire resistance did not change. The reason is the 

damage of the specimens with fire at the end is induced by the fact that the first 

layer of steel wires at the loading end reaches the rupture strain first, and breaks 

at the necking part near the end, which is different from the failure mode when 

the steel cable is subject to the fire source located under the mid-span. It 

indicates the failure pattern of the steel cable is mainly related to the location of 

fire source. 

 

4.3. Load ratio 

 

The parameter of load factor is set ranging from 0.2~0.7. The non-uniform 

level of fire is set as 0. For the other parameters, the floor area is 500 m2; the 

position height is 6 m; the factor of fire growth type is 0.004; the fire release rate 

is 25 MW; the span is 15 m. 

As shown in Fig.23, in the condition of remaining other parameters 

unchanged, the fire resistance decreased from 158 min to 87 min, as the load 

ratio rose from 0.2 to 0.7. As the load ratio increasing, the deformation was larger 

and the fire resistance declined in nonlinear tendency, indicating that the 

parameter of load ratio greatly affects the fire behavior of the steel cables.

 

       
(a) Effect on axial deformation                         （b）Effect on fire resistance 

Fig. 23 Parametric analysis of load ratio 

 

4.4. Span 

 

The parameter of fire source location is set under the mid-span and the end 

of steel cable. The non-uniform fire level is set ranging from 0~0.8. The span is 

set ranging from 15 ~35 m. In addition, the floor area is 500 m2; the position 

height is 6 m; the factor of fire growth type is 0.004; the fire release rate is 25 

MW ;the load ratio is 0.3. Fig. 24 shows the parametric analysis result. 
 

 

Fig. 24 Parametric analysis of span under different fire conditions 

According to Fig.24, the fire resistance of the specimens subject to the edge 

fire is the same as that of the specimens subject to uniform fire, which is 141 

min. When the end part of the steel cables was directly exposed to fire, the 

specimen was damaged earlier than when the mid-span position was exposed to 

fire. This phenomenon is consistent with the conclusion pointed out in the 

literature [6], in which the effect of the non-uniform level of fire on the fire 

resistance of steel cable was studied. When the end part of the steel cable subject 

to fire, the fire resistance is independent of the parameter of span and non-

uniform level of fire. The uniform fire condition of the steel cable can be taken 

as the unfavorable working condition in the fire safety design to ensure the 

reliability of steel cable. 

Moreover, it can be found that when the mid-span of the steel cable was 

subject to fire resource, the fire resistance decreased in nonlinear tendency with 

the increase of span. And the fire resistance increased as the non-uniform level 

of fire increased, but with the increase of the span, the influence of the non-

uniform level of fire on the fire resistance was weakened.  

 

5.  Conclusion  

 

This paper numerically analyzes the fire behavior of the normal steel strand 

cable and the full-locked steel cable under the large-space building localized 

fire. The following conclusions for providing fire safety design guidance of steel 

cable can be drawn: 
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(1) In the uniform fire condition, the peak temperature difference between 

the normal steel strand cable and the full-locked steel cable is 138.80 °C, while 

in the non-uniform fire condition, the maximum temperature difference is 

122.05°C. It indicates that the outer surface geometric curvature of the full-

locked steel cable is smaller than the outer surface geometric curvature of the 

normal steel strand cable, which causes that the full-locked steel cable needs to 

absorb more heat. Therefore, the overall temperature of the normal steel strand 

cable is higher than that of the full-locked steel cable.  

(2) In the fire safety design, it is suggested that the average temperature can 

be used to simplify the temperature field of the steel cable when calculating the 

transverse temperature of section, due to the small temperature gradient 

amplitude of the steel cables( the transverse temperature gradient of normal steel 

strand cable is 22 °C, and that of the full-locked cable is 17 °C ). However, the 

longitudinal temperature gradient amplitude of the two types of steel cables is 

large (the longitudinal temperature gradient of normal steel strand cable is 81 °C, 

and that of the full-locked steel cable is 79 °C ), which cannot be ignored in fire 

safety design. 

(3) In the condition of remaining other parameters unchanged, when the 

floor area increases from 500 m2 to 6000 m2, the fire resistance of the steel cable 

rises from 141 min to 455 min ; when the position height increases from 6m to 

26m, the fire resistance rises from 141 min to 341 min; when the fire growth 

type rises from 0.001 to 0.004, the fire resistance decreases from 187 min to 141 

min; when the heat release rate rises from 14 MW to 25 MW, the fire resistance 

decreases from 434 min to 141 min; as the load ratio increases from 0.2 to 0.7, 

the fire resistance decreases from 158 min to 87 min. The effect extent of the 

parameter in the model on the steel cable is as follows: heat release rate, position 

height of steel cable, floor area, fire growth type. In addition, the parameter of 

load ratio greatly affects the fire resistance.  

(4) The influence of non-uniform level of fire and span on the fire resistance 

of the steel cable is related to the fire location. When the fire location is at the 

end of the steel cable, the non-uniform level of fire and the span have no effect 

on the fire resistance. When the fire location is only at the mid-span of the steel 

cable, the non-uniform level of the mid-span fire increases from 0 to 0.8, the 

fire resistance of the steel cable increases from 141 min to 158 min. In the 

condition of remaining other parameters unchanged, the fire resistance 

decreases with the increasing span, the span factor greatly affects on the fire 

resistance. 

(5) The influence of span on the fire resistance under different fire 

conditions is analyzed, including the fire conditions of non-uniform fire at the 

mid-span of steel cable, non-uniform fire at the span end and uniform fire. It is 

found that the uniform fire condition can be regarded as the most unfavorable 

fire condition of the steel cable in the fire safety design. 
 

Notations 

 

𝜆𝑠-Thermal conductivity of steel  

𝜆𝑖- Equivalent thermal conductivity of non-swelling fire protection coating 

𝑅𝑖- Equivalent thermal resistance of intumescent fire protection coating 

H- Position height 

Tg
max-Maximum air temperature 

Q- Heat release rate 

Asp- Floor area 

Aq- Fire area 

γ- Factor of fire growth type 

Ksm- Factor for regression ratio of maximum air temperature 

β- Shape factor dependent on the floor area and space height 

Cs- Specific heat capacity 

Tst- Temperature of steel material 

σ- Stress of steel wires 

ε- Strain of steel wires 

𝐸- Elastic modulus of steel wires 

𝜀pp,𝜃- Proportional limit strain at elevated temperature 

𝜀pt,𝜃- Limit strain for yield strength at elevated temperature 

𝜀pu,𝜃- Rupture strain at elevated temperature 

𝜀th – Thermal expansion strain 

𝛼T- Thermal expansion coefficient 

𝑇- Temperature of steel wires 

𝜀cr- Creep strain at elevated temperature 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Current research on the effects of corrosion on the safety of steel members is primarily focused on the degradation of the 

ultimate bearing capacity, and there is a lack of research on the reliability-based service life assessment. In this paper, a 

modified reliability function and an uncertainty model for each parameter considering the effects of corrosion are 

established based on the reliability analysis method of the GB50068-2018 design specification. The effects of the 

corrosive environment category, wall thickness, and slenderness ratio on the time-varying reliability of axially compressed 

round tubes are analyzed. The results indicate that an increase in the corrosion duration and the environmental category 

can cause a decrease in the reliability index of the component, and the smaller the wall thickness, the faster the 

corrosion-related degradation of the reliability index. However, with the increase of the slenderness ratio, the 

corrosion-related degradation of the reliability index gradually decreases. In the end, a residual life prediction method and 

a design correction method for corroded components based on the reliability index are p roposed. Moreover, the values of 

the corrosion life and corrosion coefficient of circular steel tubes for different environmental categories, slenderness 

ratios, and thicknesses are determined. This paper provides a technical reference for the residual life prediction and full 

life design of round steel tubes considering local corrosion. 
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1.  Introduction 

 

As the service life of a large number of steel structures progresses, 

durability issues[1-3] related to corrosion problems come to the fore[4,5]. 

However, there are no operational assessment and design correction methods 

that take into consideration the development and effects of corrosion under 

different environments. Therefore, it is of high importance to conduct research 

on this issue. 

Previous studies [6-8] have paid extensive attention to the effects of 

corrosion on the durability of reinforced concrete structures, focusing on 

characteristics including the corrosion development rate, surface crack length 

and width, and stray currents. 

In contrast, there is a distinct lack of research on the durability of steel 

structures after corrosion, with available studies focusing mainly on the 

degradation of the load bearing capacity of components. A number of scholars 

have shown that corrosion has a non-negligible effect on the load-bearing 

capacity and structural safety of steel components. For example, Khedmati et 

al. [9] derived a semi-empirical equation based on a finite element model to 

predict the relationship between the axial compressive bearing capacity and the 

corrosion of circular steel tubes. Zhang et al.[10] analyzed the axial bearing 

capacity of irregularly corroded tubes and presented a recommended 

engineering assessment method. Wu et al [11] used an outdoor cycling spray 

and found that the corrosion duration had a strong effect on the ultimate 

bearing capacity of the specimens and a small effect on their stiffness. Jie et al 

[12] used hemispherical notches to simulate pitting damage and performed and 

analyzed the effect of small corrosion points on the fatigue performance of 

cross-shaped joints. Yang et al [13] investigated the performance degradation 

of offshore sheet pile walls using a corrosion model that could approximate the 

actual conditions.  

It should be noted that the above studies mainly concern the degradation 

of the carrying capacity rather than the change in the failure probability. 

However, most of the current design codes [14-16] are based on the reliability 

theory and do not take into account the effect of corrosion on design [17,18]. 

In response to this conflict between research and design, Lin et al [19] 

employed the Monte Carlo method to analyze the uncertainty of pitting 

corrosion in submarine pipelines. Their study revealed that the uncertainty of 

the corrosion process is crucial to the study of corrosion effects. Ma et al. [20] 

calculated the failure probability of corroded pipelines based on the critical and 

working pressures. Zelmati et al. [21] concluded that the reliability of gas 

transmission steel pipelines was reduced by 40% when the defect length of the 

pipeline increased to 55 mm. While the loading form considered in the above 

studies is internal pressure, the main loading form for circular tubes in spatial 

structures is axial pressure[22,23]. 

In view of the above limitations, this paper takes the axially compressed 

circular steel tubes in spatial steel structures as the research object. In the 

analysis of the reliability indices, the effect of corrosion is taken into account. 

On the basis of the existing liability function, the uncertainty of the generation 

and effect of local corrosion are taken into consideration. The variation trend 

of the reliability index of corroded axially compressed circular steel tubes 

under different load combinations is analyzed. Finally, based on the reliability 

index requirements, the residual life of steel tubes under different corrosion 

environments and the corrosion coefficient value for structural design 

modification are determined. 

 
2.  Reliability calculation model 

 

2.1. Reliability function 

 
According to GB50068-2018 [24], the basic variables to be considered 

when calculating the reliability index of a structure include the material 

strength KM, geometric dimensions KG, resistance calculation mode KP, effect 

calculation mode KB, and action effect S. The action effect in the reliability 

function can be divided into the constant load effect SG, live load effect SLR, 

and wind load effect SW. Using these essential variables, the reliability function 

can be obtained, when the corrosion effect is not taken into account. 

 

( , ) ( )P M G B G LR WZ R S K R K K K S S S= − = − + +                   (1) 
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Fig. 1 Uncertainty of corrosion effect 
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As illustrated in Fig. 1, both the resistance R of the structure and the action 

S of the load are stochastic in nature. When the resistance R is larger than the 

effect S (Z>0), the structure is in a safe state; when the resistance R is smaller 

than the effect S (Z<0), the structure is in a failure state; and when the 

resistance R is equal to the effect S (Z=0), the structure is in a marginal state. 

The green area in Fig. 1 is the probability of the failure state. 

When the corrosion effect is taken into consideration, KC is introduced to 

represent the resistance degradation caused by corrosion; thus, the modified 

function becomes: 

 

( , ) ( )P C M G B G LR WK KZ R K K K S S S= − + +                       (2) 

 

For axially compressed components, the resistance is related to the 

material strength f, the cross-sectional area An, and the stability coefficient φ. 

The action effect can be considered according to the provisions of the load 

sub-factor in GB50009-2012 [25]. As a result, the resistance and effect of 

corrosion can be determined by: 

 

d d dR fA=                                            (3) 

 

0( S + S + S )= G GK LR LRK W WKdS                                 (4) 

 

where the subscripts k and d denote the standard and design values, 

respectively, SGK is the standard value of the constant load effect, SLRK is the 

standard value of the live load effect, SWK is the standard value of the wind load 

effect, γ is the load sub-factor, ψ is the combined value factor, and γ0 is the 

structural importance factor, which is taken as 1. 

In the design of building structures, when the components are in the 

ultimate state, the design value of the resistance is equal to that of the load 

effect, which can be expressed as: 

 

d dR S=                                              (5) 

 
Consequently, when φ, Ad, and fd are known, the load effect design value 

Sd can be determined, and the standard load effect value generated by each load 

can be determined according to the load ratio relationship commonly used in 

engineering practice. Subsequently, the relationship between the standard value 

of each load, its mean value, and its variation coefficient is used; that is, the 

probability distribution pattern of each load is obtained. The specific process of 

the above reliability index calculation can be found in the literature [26-28]. 

Taking the corrosion effects into consideration, the equation of state for 

axially compressed round steel tubes can be further expressed as: 

 
( )P C G M B G LR WZ K K K K R K S S S= − + +                    (6) 

 

where KC is the bearing capacity reduction factor due to corrosion. To 

determine the reasonable value of KC, experimental and numerical simulation 

studies were performed in our previous work [29]. The factors considered in 

the study included the dimensions of the steel tubes and the size of local 

corrosion, as well as the location of random corrosion. A comparison of the 

experimental and simulation results is illustrated in Fig. 2.

 

      

 

Fig. 2 Comparison of experimental and simulation results 

 

Under the protective effect of the external coating, it has been determined 

that the main form of corrosion of steel members is localized corrosion. Based 

on the experimentally validated model, the reduction factor KC for 

locally-corroded round steel tubes was determined by parametric analysis 

using the following equation [30]: 
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 (7) 

 
where λ is the slenderness ratio of the tube, HC is the circumferential ratio of 

corrosion, LC is the axial ratio of corrosion, and DC is the depth ratio of 

corrosion. 

 

2.2. Calculation method 

 

The Monte Carlo method was utilized for random sampling, and according 

to the law of large numbers, when the number of samples is substantially large, 

the probability value obtained statistically after random sampling is equal to 

the actual probability value. A more detailed description of the Monte Carlo 

method and its application in corrosion prediction can be found in the literature 

[19, 31]. 

For an in-service building structure, the failure probability is about 10-5, 

and then, when the sampling number is 107, it can be guaranteed that the error 

is less than 20% with a confidence level of 95% [26, 32]. Consequently, the 

number of samples used in the subsequent study of this paper was 3*107, and 

when the failure probability has been determined, the corresponding reliability 

index can be deduced from the standard normal distribution. The reliability 

index calculation results can be found in Section4. 

 
3.  Uncertainty of parameters 

 

3.1. Load and resistance uncertainty 

 

A large number of engineering applications and measurements have 

indicated that there is significant randomness and variability in both load and 

resistance. The uncertain statistical parameters of loads according to the 

provisions of "Unified Standard for Reliability Design of Building structures" 

GB50068-2018 [4], "Code for load of Building structures" GB50009-2012 

[25], and "Technical Specification for Spatial Grid structures" JGJ7-2010 [33] 

are shown in Table 1. 

On the other hand, the uncertainty regarding the structural resistance to 

load mainly includes the effect of several aspects, such as the geometric 

dimension uncertainty KG introduced above, the uncertainty of the material 

properties KM, and that of the resistance calculation model KP. The 

uncertainties of each parameter for mild steel [34, 35] are listed in Table 2. 
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Table 1 

Load uncertainty 

 
Mean/stan

dard value 

Variation 

coefficient 
Distribution type 

Constant load 1.06 0.07 Normal distribution 

Live load 0.644 0.233 
Extreme value type I 

distribution 

Wind load 0.908 0.193 
Extreme value type I 

distribution 

Snow load 1.14 0.225 
Extreme value type I 

distribution 

Effect calculation 

model 
1.0 0.05 Normal distribution 

 

Table 2  

Resistance uncertainty 

 
Mean/standard 

value 

Variation 

coefficient  
Distribution type 

Wall thickness 1.0 0.05 Normal distribution 

Diameter 1.0 0.03 Normal distribution 

Yield strength 1.19 0.096 Normal distribution 

Young's modulus 1.02 0.01 Normal distribution 

Resistance calculation 

model 
1.0 0.05 Normal distribution 

3.2. Corrosion uncertainty  

 

In addition to the aforementioned uncertainties, corrosion of steel 

structures occurs inevitably with the progress of service life. The reaction 

process and speed of corrosion are also associated with strong randomness. 

Based on the specification "Corrosion of Metals and Alloys—Corrosivity of 

Atmospheres— Classification, Determination and Estimation" ISO 9223:2012 

[36], the relationship between corrosion amount depth and time can be 

expressed as follows: 

 

1

20

(20 (20 )( 20)) 20

n

corr

t n n

corr

t t
d

n t t



 −

 
= 

+ − 
                       (8) 

 
where t is the duration of the corrosion process, d t is the corrosion volume of 

the tth year (mm), γcorr is the corrosion volume of the metal in the first year, and 

n is the environmental characteristic parameter of the metal in the corrosion 

model. It reflects the inhibitory effect of corrosion products on the corrosion 

rate. Taking a value less than 1, its distribution can be simplified to a normal 

distribution with a mean value of 0.523 and a standard deviation of 0.026 

[37-39]. 

The corrosion environment can be divided into 6 categories [36]. Among 

them, C5 has a wide range of corrosion rate, which here has been divided into 

C5A and C5B. The corrosion rate range for each category in the first year and 

the corresponding environment type are given in Table 3.

 
Table 3  

Corrosion environment category 

Category 

One year after exposure 

Reference environment case 
Loss of weight (g·m2) 

Loss of thickness 

(μm) 

C1  

Very low 
<10 <1.3 

Atmospheric environments with very low levels of pollution and very short periods of humidity, e.g., 

deserts, Antarctica, etc. 

C2 Low 10-200 1.3-25 Atmospheres with low pollution levels in rural areas or terminals with low humidity levels 

C3 Medium 200-400 25-50 Moderately polluted urban and industrial atmospheres or low-pollution areas in the temperate subtropics 

C4 High 400-650 50-80 Highly polluted urban and industrial areas, medium salinity coastal areas, or swimming pools 

C5  

Very high 

650-1100 80-140 (C5A) Highly polluted industrial environments, high salinity seaside areas, or tropical or subtropical seaside 

industrial environments 1100-1500 140-200 (C5B) 

CX  

Extreme 
>1500 >200 

Specific marine environments, e.g., tropical offshore environments, or production spaces with almost 

permanent condensation 

 

In addition to the corrosion rate, it is also necessary to take the uncertainty 

of the corrosion area size into consideration. Through statistical analysis of 

corrosion observation data[26,27], the probability distribution patterns of the 

corrosion annular size, longitudinal size, and depth ratio have been determined 

(Table 4).
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Fig. 3 Corrosion effect uncertainty 
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Table 4  

Corrosion size uncertainty 

Corrosion size 

direction 

Corrosion size-to-depth ratio  

Mean 

value 
Standard deviation Distribution type 

Circumferential 150 25 Normal distribution 

Longitudinal 550 70 Normal distribution 

 

The uncertainty of the simplified calculation method of the corrosion 

effect (Eq. 7) should also be taken into consideration. The deviation of the 

simplified calculation method can be obtained by dividing the results of the 

finite element model calculation with those of the simplified calculation. Based 

on the data reported in the literature [30], Figure 3 exhibits the deviation 

distribution of the calculation method. The distribution of the corrosion effect 

calculation model resembled that of normal distribution. Using a normal 

distribution with a mean of 1 and a standard deviation of 0.03 to describe the 

actual and fitted values, the uncertainty of the corrosion effect calculation 

model can be suitably amplified, making the calculation results slightly biased 

toward safety. 

The above analysis takes into account the stochastic process of the 

corrosion area expansion and corrosion depth deepening with the increase of 

the structure service time. In the first year of service of the structure, the 

member surface exhibits a small exposure to corrosion, which can be probably 

attributed to bumping or accidental abrasion of the coating during the 

transportation of the member[40, 41]. During the subsequent service period, 

the local corrosion corresponding to the initial exposure is gradually 

aggravated, which is consistent with the assumption made in the reliability 

analysis of this paper. 

 

4.  Time-varying reliability index calculation 

 

4.1. Loading conditions considered 
 

In engineering design, it is necessary to consider the typical loads for the 

reliability level analysis of structural members. For the purposes of this paper, 

three most common forms of load combinations were selected (Table 5). The 

slenderness ratio is controlled within 150 [14]. The numerical relationships 

between different load effects on structures are not constant and correspond to 

a variety of reliability indices. However, relevant studies [42-44] have reported 

that, when the ratio between variable and constant loads is taken as 0.5 and that 

between wind or snow loads and variable loads is taken as 0.7, the calculated 

reliability indices are similar to those obtained by the weighted combination of 

different load effects. Thus, the above values were used in this study. 

 

Table 5  

Selection of load combinations 

Condition Considered loads  Expression [25] 

1 Constant load; live load 1.3SG+1.5SLR 

2 Constant load; live load; wind load 1.3SG+1.5(SLR+0.6SW) 

3 Constant load; wind load; snow load 1.3SG+1.5(SW+0.6SN) 

 

4.2. Effect of corrosion duration and environmental category 

The duration of the corrosion process and the environmental category 

determine the corrosion depth. According to Fig. 4, when the other factors 

remained unchanged, the reliability index of an axially compressed circular 

steel tube changed with increasing corrosion time. It should be noted that d 

denotes the original wall thickness of the steel tube and λ is its slenderness 

ratio. It can be observed that with the progress of service time, the reliability 

index of the circular steel tube under axial compression exhibited a downward 

trend, indicating that the failure possibility increased gradually. Moreover, the 

change trend of the reliability index was basically the same under the different 

load combinations. The curve of the relationship between reliability index and 

corrosion time was smooth; thus, the index was calculated every 5 years in 

order to reduce the calculation cost. 
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Fig. 4 Reliability index as a function of the corrosion duration 

 

Fig. 5 depicts the reliability index of the axially compressed round steel 

tube under different corrosive environment categories. It can be observed that, 

as the corrosive environment category increased, the reliability index of the 

component exhibited a decreasing trend. When the corrosive environment 

category was between C1-C3, the change in the reliability index was small, 

while when it was between C4 and C5, the reliability index decreased sharply. 

To better understand the effect of different corrosion environments and 

corrosion duration on the reliability index, Fig. 6 demonstrates the relationship 

between the reliability index, the corrosion rate, and the corrosion duration. It 

can be seen that, as the corrosion time and harshness of the environment 

increase, the reliability index decreased significantly. When the corrosive 

environment category was C1, the reliability index after 50 years of corrosion 

for a steel tube with 4 mm wall thickness and slenderness ratio of 50 was 3.71. 

When the environment category was C2, the corresponding reliability index 

decreased slightly to 3.45, while the reliability indices under the C3 and C4 

category corrosive environments were 2.97 and 2.23, respectively. The 

reliability index for the steel tube in the extremely corrosive environment (C5B) 

decreased to 1.28 after 50 years, and the failure probability of the component 

was more than 50% with significant structural risk. 
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      Fig. 5 Reliability index as a function of the environment category               Fig. 6 Reliability index under different corrosion rate and corrosion duration  
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4.3. Effect of steel tube wall thickness and slenderness ratio 

 

The corrosion depth ratio DC in Eq. (7) denotes the ratio of the wall 

thickness loss to the original wall thickness of the steel tube; thus, in addition 

to the corrosion depth, the effect of the wall thickness of the steel tube should 

also be taken into consideration. In Fig. 7, it can be observed that, when the 

wall thickness of circular steel tubes is small, the corrosion can easily cause 

serious reliability index degradation; however, when the wall thickness is 

larger, the effect of corrosion is relatively weak. Therefore, in the follow-up 

parametric analysis, it is necessary to make a more detailed parameter division 

for steel tubes with small wall thickness. 

In Fig. 8, it can be observed that the reliability index of the steel tube 

increased with the increase of the slenderness ratio. When the slenderness ratio 

was larger than 70, the effect of corrosion on the reliability index decreased 

with increasing slenderness ratio. This phenomenon can be attributed to that, 

with the increase of the slenderness ratio, the initial bending phenomenon of 

large-slenderness steel tubes becomes increasingly apparent, and the effect of 

local defects and centroid deviation induced by corrosion on the bearing 

capacity becomes weaker. Based on the calculation results, when summarizing 

the reliability index under different conditions, the slenderness ratio can be 

simply classified into five regions, i.e., less than 40, 40-70, 70-100, 100-130, 

and 130-150. 

 

5.  Residual life expectancy 

 

5.1. Design goals of the GB50068-2018 specification 

 
Currently, the limit state design method based on the probability theory 

and expressed in terms of sub-factors is commonly used in structural design 

codes. In GB50068-2018 [19], the reliability requirements of the structure are 

divided into different security levels according to the possible consequences of 

structural damage. The corresponding lower limit values of the reliability 

indices are listed in Table 6. 

 

Table 6  

Reliability indices of structural components 

Damage Type 
Security Level 

Level Ⅰ Level Ⅱ Level Ⅲ 

Ductile damage 3.7 3.2 2.7 

Brittle damage 4.2 3.7 3.2 

 

Ductile damage means that the structural elements undergo obvious 

deformation or other precursors prior to damage, while brittle damage is 

associated with no obvious deformation or other precursors prior to damage. 

Most of the structures are commonly designed based on security level II, and 

the damage of steel structures is generally considered to be ductile damage 

[14]; thus, the lower limit for the reliability index in the design corresponding 

to this study was β0 = 3.2.
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5.2. Residual life prediction 

 

It should be highlighted that the remaining life of a structural member 

based on reliability theory is not the time remaining until the structure is 

destined to fail or be destroyed. In fact, under the reliability theory, just as no 

structure is completely safe and never likely to fail, no structure is 100% 

destined to fail. The safety of a structural component is related to a certain 

probability, and the prediction of its residual life is also based on a certain 

reliability index, i.e., the end of service life is considered to have been reached 

when the reliability index of the structure is below a certain level. This 

reliability index can be called the reliability index for the service requirement 

βC, which corresponds to the corrosion duration called the ultimate corrosion 

duration TC. For the assessment of in-service structures, the residual life of the 

members under the reliability index for the service requirement βC can be 

determined by subtracting the ultimate corrosion duration from the elapsed 

in-service time. The relationship between the indicators and the residual life is 

presented in Fig. 9. 

According to the above analysis, determining the reliability index for the 

service requirement βC and calculating its corresponding ultimate corrosion 

duration TC are the core elements of determining the residual life. Currently, 

there is no unified conclusion on the reliability index of the endurance limit 

state, and the design codes [14] provide only a recommended value of 1.0-2.0 

for the reliability index of the first type of endurance limit state, e.g., cover 

damage, steel bar rust, etc. Nevertheless, for the other type of durability limit 

state, which is directly related to the bearing capacity and structural safety of 

members, there is no suggestion regarding the appropriate reliability index 

value. Considering that the problems caused by the third category of durability 

problems are more severe, the reliability index value of 1.0-2.0 may be on the 

low side. To meet the safe use requirements of the structure, this paper 

suggests that βC should be taken according to the lower security level (Table 1). 

For instance, for ductile damage members with security level 1, the βC needs to 

be designed for ductile damage members with security level 2. Therefore, the 

βC corresponding to the ultimate corrosion duration of second-class ductile 

damage components needs to be used, which is 2.7 (Table 6). 

Through linear interpolation of the reliability index, the ultimate corrosion 

duration TC of round steel tube components under different corrosion 

conditions can be determined. 

Under C1 and C2 corrosion environments, the reliability index of all 

components is higher than the value of βC after 50 years, and the lowest value 

is 3.15; thus, the TC can be considered to be more than 50 years. This is mainly 

due to that the reliability indices specified in the codes are "lower limit values", 

i.e., any structural calculation results should be higher than this value. After 

several revisions of the relevant codes, the reliability index for the initial 

design of the structure is now significantly higher than the target reliability 

index (3.2). In addition, the code indicates that the current reliability index is 

high in order to leave room for "environmental factors" [24]. Tables 7 to 10 

lists the ultimate corrosion duration of steel tubes in the C3, C4, C5A, and C5B 

corrosion environments, respectively. It can be found that the severity of the 

corrosive environment can significantly affect the ultimate corrosion duration 

TC. Furthermore, when the wall thickness or slenderness ratio is increased, the 

ultimate corrosion duration will increase as well, indicating that the structural 

members can withstand longer corrosion times on the premise of ensuring 

safety.

 

Table 7  

Ultimate corrosion duration in C3 type corrosive environment 

Slenderness ratio 
Wall thickness (mm) 

3 4 5 6 8 10 12 14 16 

15-40 41.8 50+ 50+ 50+ 50+ 50+ 50+ 50+ 50+ 

40-70 46.3 50+ 50+ 50+ 50+ 50+ 50+ 50+ 50+ 

70-100 48.6 50+ 50+ 50+ 50+ 50+ 50+ 50+ 50+ 

100-130 50+ 50+ 50+ 50+ 50+ 50+ 50+ 50+ 50+ 

130-150 50+ 50+ 50+ 50+ 50+ 50+ 50+ 50+ 50+ 

 
Table 8  

Ultimate corrosion duration in C4type corrosive environment 

Slenderness ratio 
Wall thickness (mm) 

3 4 5 6 8 10 12 14 16 

15-40 19.8 31.9 44.5 50+ 50+ 50+ 50+ 50+ 50+ 

40-70 23.1 35.4 47.4 50+ 50+ 50+ 50+ 50+ 50+ 

70-100 31.3 40.2 50+ 50+ 50+ 50+ 50+ 50+ 50+ 

100-130 40 50+ 50+ 50+ 50+ 50+ 50+ 50+ 50+ 

130-150 44 49 50+ 50+ 50+ 50+ 50+ 50+ 50+ 

 
Table 9  

Ultimate corrosion duration in C5A type corrosive environment 

Slenderness ratio 
Wall thickness (mm) 

3 4 5 6 8 10 12 14 16 

15-40 8 11.4 18.5 25 39.1 50+ 50+ 50+ 50+ 

40-70 9.9 15.6 21.9 27.4 43.5 50+ 50+ 50+ 50+ 

70-100 13.9 19.1 26.4 36.3 48 50+ 50+ 50+ 50+ 

100-130 18.3 27.5 34.8 46.4 50+ 50+ 50+ 50+ 50+ 

130-150 21.1 32.8 42.8 50+ 50+ 50+ 50+ 50+ 50+ 

 
Table 10  

Ultimate corrosion duration in C5B type corrosive environment 

Slenderness ratio 
Wall thickness (mm) 

3 4 5 6 8 10 12 14 16 

15-40 4.1 6.8 9.4 13.6 22 32.1 42.8 50+ 50+ 

40-70 5.4 8.7 12.3 17 25.6 34.8 46.3 50+ 50+ 

70-100 8.2 11.5 15.4 22.2 33 41.3 49.5 50+ 50+ 

100-130 10.5 20.9 21.8 27.7 39.5 50+ 50+ 50+ 50+ 

130-150 11.9 20.3 26.8 32.4 48.5 50+ 50+ 50+ 50+ 
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6.  Design correction 

 

6.1. Suggestions for design corrections 

 
According to Eqs. (6)-(8), the limit state design expressions for structural 

members contain various sub-factors, the values of which are determined by 

the code values regarding the reliability indicators. These reflect the acceptable 

level of the risk posed by structural failure. However, these reliability 

indicators and sub-factors do not take the effect of corrosion into account. 

When the bearing capacity of structural members is degraded due to corrosion, 

the reliability index is likely to no longer meet the corresponding reliability 

index requirement at the time of design, which means that the structural failure 

risk exceeds the acceptable level. 

To tackle this problem, the corrosion coefficient γC is introduced into the 

structural design to consider the bearing capacity degradation and the 

reliability index decrease induced by corrosion. Accordingly, the load-bearing 

capacity limit state can be re-written as: 

 

0( S + S S )= +C d G GK LR LRK Wd WKA f                         (9) 

 

By introducing a corrosion factor γC lower than 1, the cross-sectional area 

required in the design phase of the structure will be increased, enhancing its 

ability to resist loads. There is a correlation between the corrosion coefficient 

γC and the corrosion time of components, which, in this study, is conservatively 

determined as the design life of 50 years for ordinary houses and structures. 

Moreover, its calculation process takes into account the increase in the wall 

thickness in order to reduce the impact of corrosion. A trial algorithm was 

adopted to gradually reduce the value of γC and calculate the reliability index  
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Fig. 11 Corrected reliability index 

 

of the corresponding case until this becomes greater than or equal to the value 

of 3.2 taken from the specification. It should be noted that this value is taken 

considering the structural safety. This paper has been relatively conservative to 

use the reliability index for the design requirement at the limit state of the 

bearing capacity as the target. 

Fig. 10 plots the reliability index of the structural members for a 50-year 

corrosion duration as a function of the corrosion coefficient γC. Fig. 11 

illustrates the trend of the reliability index of the member after correcting the 

corrosion factor. The analysis results indicated that, by introducing the 

corrosion factor, the reliability indices of the steel members during the entire 

service period are greater than the required reliability index, which can 

guarantee the safety of the structure. 

 
6.2. Corrosion coefficient value  

 

Tables 11 to 14 list the corrosion coefficient γC values which can meet the 

reliability index requirements of the design code after trial calculations. In 

practice, the cross-sectional area A0 obtained without taking the corrosion 

effect into consideration should be divided by the corrosion coefficient γC to 

determine the cross-sectional area A1 that satisfies the corrosive environment. 

Subsequently, the wall thickness of the steel tube should be re-selected 

according to the new cross-sectional area (Fig. 12). The above adjustment 

process provides sufficient safety margins for steel members in harsh corrosive 

environments and meets the current structural design requirements. It should 

be clarified again that, for steel members in the C1 and C2 environments, the 

reduction of the load capacity due to corrosion is negligible (see Section 5.2); 

therefore, no adjustment to the cross-section is required. 

 

 

 

 

Fig. 12 Consideration of corrosion effects in the structural design process 
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Table 11  

Corrosion factors for C3 type corrosive environment 

Slenderness ratio 
Wall thickness (mm) 

3 4 5 6 8 10 12 14 16 

15-40 0.91 0.96 0.98 0.99 1 1 1 1 1 

40-70 0.91 0.97 0.99 1 1 1 1 1 1 

70-100 0.94 0.99 1 1 1 1 1 1 1 

100-130 0.99 1 1 1 1 1 1 1 1 

130-150 1 1 1 1 1 1 1 1 1 

 
Table 12  

Corrosion factors for C4 type corrosive environment 

Slenderness ratio 
Wall thickness (mm) 

3 4 5 6 8 10 12 14 16 

15-40 0.82 0.88 0.91 0.95 0.98 1 1 1 1 

40-70 0.82 0.88 0.93 0.96 1 1 1 1 1 

70-100 0.84 0.91 0.95 0.99 1 1 1 1 1 

100-130 0.89 0.95 1 1 1 1 1 1 1 

130-150 0.92 0.98 1 1 1 1 1 1 1 

 

Table 13  

Corrosion factors for C5A type corrosive environment 

Slenderness ratio 
Wall thickness (mm) 

3 4 5 6 8 10 12 14 16 

15-40 0.68 0.76 0.81 0.85 0.93 0.94 0.96 0.98 0.99 

40-70 0.68 0.77 0.81 0.86 0.93 0.95 0.97 0.99 1 

70-100 0.7 0.77 0.82 0.86 0.95 0.97 0.99 1 1 

100-130 0.74 0.81 0.87 0.92 0.97 1 1 1 1 

130-150 0.75 0.84 0.92 0.95 0.99 1 1 1 1 

 

Table 14  

Corrosion factors for C5B type corrosive environment 

Slenderness ratio 
Wall thickness (mm) 

3 4 5 6 8 10 12 14 16 

15-40 0.58 0.67 0.72 0.77 0.84 0.88 0.91 0.94 0.96 

40-70 0.58 0.68 0.72 0.77 0.84 0.88 0.92 0.94 0.97 

70-100 0.61 0.68 0.74 0.77 0.85 0.92 0.96 0.98 1 

100-130 0.62 0.71 0.78 0.81 0.9 0.95 0.99 1 1 

130-150 0.65 0.73 0.81 0.86 0.92 0.98 1 1 1 

 
 

7.  Conclusions 

 
In this paper, the time-varying reliability of corroded round steel tubes has 

been systematically analyzed. Moreover, a method for predicting the residual 

bearing capacity of members based on the time-varying reliability and a steel 

tube design correction method have been thoroughly investigated. The 

following main conclusions can be drawn. 

1) A reliability function considering the effect of corrosion was established 

and the process of local corrosion development under coating protection was 

considered. Based on the Monte Carlo method, the effects of corrosion 

duration, corrosion environment category, wall thickness, and slenderness ratio 

on the reliability index of corroded tubes were analyzed. The reliability indices 

of various types of round steel tubes under different environmental categories 

and corrosion durations were determined. 

2) Based on the time-varying reliability analysis considering corrosion, a 

method for predicting the residual life of corroded round steel tubes was 

proposed, which takes the reliability index for the service requirement βC into 

consideration. Furthermore, the ultimate corrosion durations were given for 

structural evaluation. 

3) To meet the requirements regarding the expected reliability indices for 

round steel tubes in corrosive environments, it has been proposed to modify 

their cross-section based on the corrosion coefficients. Finally, tables for 

consulting the corrosion coefficients that can facilitate the engineering design 

have been provided. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This study examines the dynamic mechanical properties of square tubular T-joints with impact loads acting on the chord 

surface in the joint area. The study first verified the failure modes and behaviors of the specimens under a brace axial force 

and impact, respectively, where the simulation results demonstrated good agreement with the experimental results. A total 

of 138 square hollow section tubular T-joint finite element models were divided into T1, T2, and T3 groups based on 

different tube diameter ratios. The failure modes, displacement-time history curves, and impact force-time history curves 

were obtained. The results revealed that the joint deformation modes were primarily characterized by significant local 

indentation at the impact site and junction of the chord and brace, as well as a certain degree of deformation at both ends of 

the chord. Within a certain range, the preloaded axial force could mitigate the development of plastic deformation, whereas 

an increased ratio of the drop hammer length to chord diameter exacerbated it. Finally, theoretical analysis was simplified 

by defining the plastic element set, and the energy dissipation coefficient ψ was proposed to evaluate the impact resistance 

of square tubular T-joints by analyzing the specific energy changes in the intersecting region (El) and at the ends of the 

chord (Ee). 

 

 

 
 

Received: 

Revised: 

Accepted: 

 

 

29 April 2023 

31 May 2023 

27 August 2023 

 K E Y W O R D S 

 
 

Square tubular T-joint; 

Impact loading; 

Preloading axial force; 

Energy dissipation 

 

 

Copyright © 2024 by The Hong Kong Institute of Steel Construction. All rights reserved.   

 

1.  Introduction 

 

Square hollow sections (SHS) [1–3] are widely used in architecture, 

bridges, and other long-span structures because of their excellent 

performance in bending and torsion. The key to connecting all parts of 

the steel tube component as a whole is the joint, which plays a critical 

role in the transmission load of the structure. However, owing to the 

significant disparity between the transverse stiffness of the chord and 

axial stiffness of the brace, the chord surface near the brace/chord 

intersection tends to fail [4], leading to local or overall damage to the 

structure. Tube members may be subjected to various impact loads during 

their service life (e.g., earthquakes, explosions, or collisions resulting 

from dropped objects). Currently, studies of scenarios in which the load 

acts directly on the end of the brace represent simplified analytical models 

that do not fully correspond to actual structural loading conditions. 

Consequently, research on the joint response to the load acting on the 

tubular surface is essential in evaluating the overall response of tubular 

structures. 

 Numerical analytical models are crucial in studying the impact 

performance of tube joints, and reasonable selection of the constitutive 

model significantly influences the calculation accuracy. Experiments 

have demonstrated that the mechanical properties of steel, such as the 

yield stress, ultimate strength, and elongation of the material, differ 

significantly under dynamic loading from those under static loading, and 

these properties change under different deformation rates, particularly the 

strain rate effect [5]. With an increase in the strain rate, the lower and 

upper limits of the yield strength increase, but the fracture strength 

decreases [6]. Different material constitutive relationships have been 

developed to describe accurately the mechanical properties of steel under 

dynamic loads. The Cowper–Symonds [7] model, which is based on the 

ideal rigid-plastic model, reflects the relationship between the ratio of the 

dynamic to the static yield stress, and this model is widely used to predict 

the strength growth of metals. The Johnson–Cook [8] constitutive model, 

which is suitable for large strains and high strain rates, reflects the 

strain-hardening effect of materials and describes their stress flow. A 

comparison of these models reveals that the Cowper–Symonds model 

considers the effect of the strain rate on the mechanical properties of steel 

by introducing the strain rate factor; thus, the model involves fewer 

parameters and has better applications for topical research. 

According to the basic concept of a structure, the structure’s 

mechanical response varies with changes in the load position, and this 

difference has been studied by researchers. Chen and Shen [9] 

investigated the dynamic behavior of 226 steel pipes fully clamped at 

both ends. The results showed that the dented area presented a 

symmetrical distribution when the load acted on the mid-span, whereas an 

asymmetrical distribution emerged at one-quarter span and near the 

supports impact locations. For these types of impact issues, the energy 

dissipation has been further studied [10], where the failure thresholds 

were determined to be 655, 395, and 290 J at the mid-span, one-quarter 

span, and near the supports, respectively. Shen et al. [11] showed that the 

circumferential stress of a pipe near the end support easily caused the 

pipeline to buckle on the bottom surface, resulting in shear sliding at the 

impact location, whereas an impact position at the one-quarter span was 

susceptible to shear damage at the support [9]. Interestingly, by 

combining the behavior of axial compression, Al-Thairy et al. [13] found 

that the plastic-hinge location was not significantly affected by the impact 

position and was always close to the mid-span, particularly under a large 

axial load. Regarding the dynamic performance of tubular joint members 

subjected to impacts, owing to the stress formed by the brace pressure on 

the chord, it is worth further exploring the impact of the load on the 

surface of the chord. 

Compared with the resistance mechanism of circular tubes, the 

performance of square tubes is more complicated [12–15]. Square tubes 

are formed by connecting four steel plates, where the deformation in any 

plate affects the characteristics of the two adjacent plates [2]. Gupta et al. 

[16] divided the four steel plates constituting a square tube into horizontal 

and vertical arms and found that when a static load acted uniformly in the 

transverse in-plane direction, the middle height of the two vertical arms 

initially formed hinges, after which second-stage hinges were formed at 

the four corners. Bin et al. [17] performed hemispherical indenter impact 

analyses at the mid-span and one-quarter span positions of a rectangular 

hollow section (RHS) tube with both ends fully clamped. The results 

indicated that plastic hinges were mainly formed at the indenter impact 

position and the support, and accompanied by an asymmetric deformation 

mode when the impact was along the width direction of the upper flange. 

Furthermore, Bin et al. [18] revealed that the peak force value of the 

upper flange of the RHS was always constant, even at different impact 

positions, as the local indentation of the tube could be attributed to the 

deformation and failure characteristics of the plate. In other words, 

similar local plastic deformation occurred at the onset of failure. 

Additionally, the action of the corner in SHS structures should not be 

ignored. Zhao et al. [19] found that the average tensile yield strength of 

the corner coupons was 16.8% higher than that of the flat coupons. Shao 

et al. [4] also revealed that the enhancement effect was beneficial to the 

transverse stiffness of the chord, increasing the load-bearing capacity of 

tubular joints, and the larger the corners of the SHS (within a certain 
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range), the better the strength of the structure [20]. In addition, a 

reasonable design of the rounded-corner geometry could also 

significantly improve the energy absorption capacity [21]. Thus, the 

mechanical behaviors of the corners and plates result in an SHS that 

differs from a circular hollow section (CHS). 

In this study, commercial ABAQUS software was used to perform 

independent numerical modeling of the static loading [22] and impact 

tests [23] of SHS T-joints, and the numerical results were compared with 

experimental curves to verify the feasibility of the finite element (FE) 

model. Then, 138 FE models of SHS T-joints were developed, including 

three static specimens and 135 specimens with impact loads acting on the 

surface of the chord. The three static specimens were used to obtain the 

ultimate bearing capacity and thus to determine the value of the axial 

preloading of the brace. The effects of the brace/chord width ratio (β), 

pre-axial loading (Ppre) of the brace, impact velocity (v), and ratio of the 

drop hammer length to chord width (λh) on the performance of tubular 

structures were preliminarily analyzed, and revealed the failure modes 

and energy dissipation mechanisms of the SHS T-joints. Finally, the ratio 

(ψ) of dissipated energy to total system energy is introduced to evaluate 

the energy dissipation capacity under the aforementioned parameters. 

 

2.  Verification of the FE model 

 

2.1. Model information and material properties 
 

According to the test plan, the accuracies of the FE models were verified 

using static loading [22] and impact tests [23]. The detailed geometries of the 

specimens are summarized in Table 1, where b, h, t, and L are the width, height, 

thickness, and length, respectively; R and r denote the outer and inner corner 

radii, respectively; and the subscripts “0” and “1” indicate the chord and brace 

components, respectively. The geometric ratios include the ratio (β) of the 

brace–chord width (b1/b0), the ratio (τ) of the brace–chord thickness (t1/t0), and 

the ratio (2ϒ) of the chord width to chord thickness (b0/t0). The constitutive 

relationship of the steel is expressed as an elastic–plastic model, as shown in 

Fig. 1, and the simplified bilinear isotropic hardening model was used for the 

static specimens. The C–S constitutive model that considers the strain rate was 

selected for the impact tests and is expressed in Eq. (1). 

 

1

[1 ( / ) ]n
dy y

D  = +                                               (1) 

 

where σdy is the dynamic strength, σy is the static strength, 𝜀 ̇ is the equivalent 

strain rate, and the rate-dependent constant D and dimensionless parameter n 

are 6488 s−1 and 3.91 [24], respectively. The specific mechanical properties of 

the steel specimens for the static and impact tests are listed in Table 2.  

 

Table 1  
Geometric parameters of the specimens 

Specimens Brace (mm) Chord (mm) Geometric Ratios 

b1 h1 t1 r1 R1 L1 b0 h0 t0 r0 R0 L0 β τ 2ϒ 

T-50×100×4-150×150×6 [22] 50.5 100.6 3.96 7.1 10.5 200.3 150.2 151.4 5.950 9.8 13.0 729.9 0.34 0.67 25.25 

T-120×120×4-140×140×4 [22] 121.1 121.3 3.91 6.7 9.6 240.5 140.4 141.2 3.994 5.9 8.6 719.0 0.86 0.98 35.16 

T8-100c [23] 100 100 5 - - 500 180 180 8 20 20 1940 0.56 0.625 22.5 

T6-60b [23] 60 60 5 - - 500 180 180 6 12 12 1940 0.33 0.83 30 

 

Table 2  

Material properties of the specimens 

Specimens 
fy (MPa) fu (MPa) Es (GPa) 

Brace Chord Brace Chord Brace Chord 

T-50×100×4-150×150×6[22] 951.9 1059.1 1098.4 1145.7 200.5 208.5 

T-120×120×4-140×140×4[22] 971.4 1008.0 1137.9 1116.4 209.4 208.9 

T8-100c [23] 369.8 543.2 208 

T6-60b [23] 369.3 554.5 210 

 

 

Fig. 1 Bilinear stress–strain curve 

 

2.2. Model simplification 

 

2.2.1. Simplification of static tests 

An interface contact between the support and chord was obtained through 

the Contact pair. The contact properties were determined by defining the 

normal behavior (hard) and tangential behavior (penalty) with a friction 

coefficient of 0.3. The reference points (RP-1 and RP-2) were each set at a 

vertical distance of 20 mm from the bottom of the two supports. The reference 

points and bottoms of the supports were constrained by coupling, and the 

degrees of freedom of the two reference points in all directions were limited. 

The brace and chord were connected by “merge,” and the weld simulated 

welding with a “tie” constraint (the weld design rule was Ww = t1, Wh = 0.5t0 + 

t1 [25]). The end of the brace was coupled to the RP-3 point and released the 

degrees of freedom in the Y direction (i.e., axial direction of the brace). The 

axial force was loaded by applying the displacement at point RP-3. 

 

2.2.2. Simplification of impact tests 

Compared with the static specimens, the impact specimens omitted the 

end plates on both ends of the chord and coupled the corresponding reference 

points, where both ends of the chord were completely fixed. The drop hammer 

was simplified as a rigid body, and the drop hammer and brace end plate 

contact settings were the same as the support and chord setting properties for 

the static specimen. With specimens T-120×120×4-140×140×4 and T8-100c 

used as examples, the simplified models are shown in Fig. 2. 

 

 

(a) T-120×120×4-140×140×4 

 
(b) T8-100c 

Fig. 2 Simplified specimen models  
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2.3. Mesh division and sensitivity test 

 

Solid elements are preferred over shell elements for tubular joint members 

[26–28] because shell elements ignore the stresses along the thickness direction. 

In this study, all components were modeled using 8-node linear brick solid 

elements with reduced-integration (C3D8R). The drop hammer and joint 

meshes were divided using free and structured mesh techniques, respectively. 

However, because the integrated element (C3D8R) may suffer from hourglass 

effects in the dynamic analysis, performing local mesh density refinement is 

necessary. Therefore, based on the sensitivity analysis and accuracy of the FE 

models, for the joint intersecting area, the study adopted a mesh size of 6 × 6 

mm, with the mesh density set to 20 × 20 mm in other areas. 

 

2.4. Verification of FE analytical results 

 

2.4.1. Failure modes 

The failure modes of specimens T-50×100×4-150×150×6 and 

T-120×120×4-140×140×4 are shown in Fig. 3, where the FE results agreed 

well with the test results. Specimen T-120×120×4-140×140×4 exhibited 

failure modes of chord face indentation and chord side wall bulging, whereas 

the difference in β resulted in only chord face failure in specimen 

T-50×100×4-150×150×6.  

Fig. 4 presents a comparison of the experimental and FE models results of 

specimens T8-100c and T6-60b, where the FE results agreed well with the test 

results. The failure modes of both specimens were those of chord concavity on 

upper-face and bulging from web. However, for specimen T6-60b, which had 

a relatively small width, the indentation depth of the chord upper flange was 

relatively large, whereas the local buckling deformation of T8-100c was less 

than that of specimen T6-60b. 

 

 
(a) T-50×100×4-150×150×6 

 

(b) T-120×120×4-140×140×4 

Fig. 3 Comparison of the FE model and experimental failure modes of static specimens [22] 

 

 

(a) T8-100c 

 

(b) T6-60b 

Fig. 4 Comparison of the FE model and experimental failure modes of impact specimens [23] 
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2.4.2. Verification of the correlation curve 

Fig. 5 shows the load versus chord face indentation (relative displacement) 

curves for the static specimens based on the FE models and test results. The 

figure shows that specimen T-120×120×4-140×140×4 reached the ultimate 

bearing capacity, whereas the curve of specimen T-50×100×4-150×150×6 

continued to increase. The failure strength of the joint was based on the 

CIDECT [29] criterion as the first occurrence of Pult (Pu) or P3%. Table 3 

presents a comparison of the ultimate bearing capacities derived from the 

numerical simulation and experimental results. The average error of the values 

of the FE model was approximately 7% of the experimental values, and the 

FE results were in reasonable agreement with the experimental results. 

 

 

Fig. 5 Comparisons of curves between the FE model and test 

 

 

Fig. 6 compares the impact force versus time curves for specimens 

T8-100c and T6-60b. The curve trends show good consistency, and the interval 

can be divided into four stages, where I–IV correspond to the impact, 

fluctuation, strengthening, and decline stages, respectively. However, the 

fluctuation of the FE simulation curves is relatively small in the four stages. 

Compared with the experimental curves, the impact force values of Stages I and 

II were higher in the FE simulation. The main reason for this phenomenon is 

that the FE model ignored the initial stress state of the tube. In particular, 

specimen T8-100c exhibited greater amplitude fluctuations during the four 

stages. Still, the shorter impact time was mainly attributed to its increased 

stiffness and the larger width of the brace/chord as compared with specimen 

T6-60b. 

 

 

Fig. 6 Time history curves of the impact force under the experimental and 

numerical models 

Table 3  

Comparison of the ultimate bearing capacities of the FE models and experimental results 

Specimens Pmax (kN) P3%( kN) Pmax/P3% Pult,EXP (kN) Pult,FEM (kN) (Pult,EXP-Pult,FEM)/Pult,EXP (%) 

T-50×100×4-150×150×6 EXP [22] - 163.4 - 163.4  - 

T-50×100×4-150×150×6 FEM - 151.2 - - 151.2 7.4 

T-120×120×4-140×140×4 EXP [22]   373.9 346.3 1.08 346.3 - - 

T-120×120×4-140×140×4 FEM 368.38 321.34 1.15 - 321.34 7.2 

 

3.  Analysis of FE models of SHS T-joints 

 

3.1. Determination of specimen size 

 

Based on the verified FE model, a T-shaped SHS joint model of a chord 

subjected to impact was established. The design restrictions complied with 

specifications outlined in the Standard for design of steel structures [25] and 

Design of SHS Weld Joints [30] as well as in practical engineering 

applications. According to Vander et al. [31], the chord length L0 should be at 

least 10 times the chord diameter b0, as shown in Fig. 7. 

A total of 138 FE models were constructed to analyze the effects of the 

pre-axial pressure (Ppre), impact velocity (v), ratio of drop hammer length to 

chord width (λh = ld/b0), and brace–chord width ratio (β = b1/b0) on the impact 

resistance of SHS T-joints under impact loads. The specific parameters of the 

specimens are listed in Table 4, including the three static loading specimens 

and 135 impact specimens. The three static loading specimens (T1-0, T2-0, 

and T3-0) were used to obtain the static bearing capacities of the specimens 

and to determine the value of the pre-axial pressure of the brace. The 

boundary conditions, mesh size, material properties and contact settings 

between the drop hammer and the joint were kept consistent with the impact 

specimens [23] in Section 2. 

 

  

Fig. 7 Geometric properties of the T-joint components   

 

The specimens were named according to the following: T1–T3 denote 

different β values; 0 Pu, 0.25 Pu, 0.5 Pu, 0.8 Pu, and 1.0 Pu represent the axial 

pressures of the brace; a, b, and c represent drop hammer impact velocities of 

5, 6, and 7 m/s, respectively; and H1, H2, and H3 indicate drop hammer 

lengths (ld) of 120, 150, and 240 mm, respectively. For the geometric 

dimensions of the drop hammer, only the drop hammer length ld was varied in 

this study; the other parameters ofωd, hd, and rd were set to 120, 20, and 10 

mm, respectively, as shown in Fig. 8.  

 

 

Fig. 8 Geometric properties of the drop hammer 
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Table 4  

Geometric parameters of the FE models 

Group Specimens 
Brace (mm) Chord (mm) 

Ppre (kN) v (m/s) ld (mm) 

b1 t1 L1 b0 t0 L0 

T1 
T1-0 

80 5 640 

180 6 1940 

- - - 

T1-0/0.25/0.5/0.8/1.0Pu-a/b/c-H1/H2/H3 0/0.25/0.5/0.8/1.0Pu 5/6/7 120/150/240 

T2 
T2-0 

100 5 640 
- - - 

T2-0/0.25/0.5/0.8/1.0Pu-a/b/c-H1/H2/H3 0/0.25/0.5/0.8/1.0Pu 5/6/7 120/150/240 

T3 
T3-0 

120 5 640 
- - - 

T3-0/0.25/0.5/0.8/1.0Pu-a/b/c-H1/H2/H3 0/0.25/0.5/0.8/1.0Pu 5/6/7 120/150/240 

 

                 (a) Top view                         (b) Bottom view                      (c) Front view 

 Fig. 9 Arrangement of measuring points 

 

3.2. Load application and position of strain measuring points 

 

The influence of the axial pressure was considered when analyzing the 

impact resistance of SHS T-joints. Accordingly, two steps are required. In 

Step One, which employs the static general analysis, the value of the brace 

preloading axial force is obtained. In Step Two, the dynamic explicit analysis 

is altered to complete the impact of the drop hammer. The implementation of 

Step Two depends on the restart technology. The restart function divides the 

model steps into sets by defining an input file for each set. These sets can be 

run sequentially, and the information can be transferred from one set to the 

other, enabling the application of an impact load on the tubular joints after 

static loading. 

Six measurement points were selected to analyze the stress development 

rule, as shown in Fig. 9. Points S1, S2, and S3 measure the axial stress of the 

upper flange of the chord, point S4 measures the radial stress at the center of 

the chord web, and points S5 and S6 measure the axial and radial stresses at 

the intersecting line of the chord and brace, respectively. 

 

4.  Analysis of failure modes 

 

In the studied specimens, failures occurred at the impact area, web, and 

ends of the chord. A summary of the failure process combined with the 

research plan enabled two typical working conditions of different preloaded 

axial forces and ratios of the drop hammer length to chord width to be 

considered. 

 

4.1. Effects of different pre-axial forces (Ppre) on the failure process 

 

The failure histories of the T1-0Pu-a-H1, T1-0.5Pu-a-H1, and 

T1-1.0Pu-a-H1 specimens are representative to a certain extent and thus can 

be used for analysis and elaboration. According to the static analysis, when 

0.5Pu was applied to the end of the brace, plasticity appeared at the four 

corners of the intersecting line, and most of the elements at the intersecting 

area under the action of 1.0Pu exhibited plasticity. Because the specimens did 

not undergo plastic deformation under 0.25Pu and the plastic state of the 

0.8Pu specimens was between that of the 0.5Pu and 1.0Pu specimens, analysis 

of the aforementioned specimens was omitted. The four moments of the 

T1-0Pu-a-H1, T1-0.5Pu-a-H1, and T1-1.0Pu-a-H1 equivalent plasticity clouds 

are shown in Fig. 10 according to the location and order in which plasticity 

occurred.  

When the drop hammer contacted the upper flange of the chord (t = 1.5 

ms), T1-0Pu-a-H1 exhibited a more extensive range of plasticity at the impact 

position, web, and intersection area. The plastic developmental shape of 

T1-0.5Pu-a-H1 appeared similar, and the plasticity areas were both 

significantly smaller than those of T1-1.0Pu-a-H1. However, due to chord 

tension in the T1-0.5Pu-a-H1 specimen, the plasticity scope was somewhat 

less than that of T1-0Pu-a-H1 and significantly less than that of 

T1-1.0Pu-a-H1, as shown in Fig. 10(a). Based on the step size calculated by 

the software, the selected elements began to exhibit plasticity at the chord 

ends of the three specimens (t = 4.5 ms), as shown in Fig. 10(b). The plasticity 

area of the T1-1.0Pu-a-H1 specimen almost completely covered the upper 

flange, bottom flanges and web in the intersecting zone of the joint, whereas 

the coverage area of the T1-0Pu-a-H1 specimen was slightly smaller, and that 

of the T1-0.5Pu-a-H1 specimen was smaller still. However, both webs 

maintained a portion of the elastic scope. As the impact action continued, the 

bottom flange at both ends of the chord also became plastic (t = 7.5 ms), and 

the scope of plasticity distribution of the three specimens was similar. Yet the 

damage to the bottom flange of the T1-1.0Pu-a-H1 specimen was more severe, 

as shown in Fig. 10(c). Until the drop hammer rebound occurred, as shown in 

Fig. 10(d) (t = 15 ms), the plastic distribution of the three specimens was 

nearly identical. However, T1-0.5Pu-a-H1 maintained a slightly elastic scope 

in the joint area. 

 

    
(1) T1-0Pu-a-H1    (2) T1-0.5Pu-a-H1    (3) T1-1.0Pu-a-H1 

(a) Moment when the drop hammer contacts the upper flange of the chord (t = 1.5 ms) 

           

(1) T1-0Pu-a-H1    (2) T1-0.5Pu-a-H1    (3) T1-1.0Pu-a-H1 

 (b) Moment of buckling of the upper flange at both ends of the chord (t = 4.5 ms) 
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(1) T1-0Pu-a-H1    (2) T1-0.5Pu-a-H1    (3) T1-1.0Pu-a-H1 

 (c) Moment of buckling of the bottom flange at both ends of the chord (t = 7.5 ms) 

    

(1) T1-0Pu-a-H1    (2) T1-0.5Pu-a-H1    (3) T1-1.0Pu-a-H1 

 (d) Moment of drop hammer rebound (t = 15 ms) 

Fig. 10 Equivalent plastic development cloud of specimens under different preloads (λh = 2/3) 

 

4.2. Influence of the ratio of the drop hammer length to chord width (λh) on the 

failure process 

 

This section examines the cases in which the λh values for specimens 

T1-0Pu-a-H1, T1-0Pu-a-H2, and T1-0Pu-a-H3 were 2/3, 5/6, and 4/3, 

respectively. Because the failure modes were different from those of the 

aforementioned specimens, only two states were selected for analysis. When 

the drop hammer touched the upper flange (t = 1.5 ms), specimens 

T1-0Pu-a-H2 (λh = 5/6) and T1-0Pu-a-H3 (λh = 4/3) almost simultaneously 

exhibited plasticity in the impact area, end of the chord, and web, as shown in 

Fig. 11(a). By contrast, the plastic scope of T1-0Pu-a-H3 (λh = 4/3) at the 

intersecting area was significantly greater than that of T1-0Pu-a-H2 (λh = 5/6) 

and even more significantly larger than that of specimen T1-0Pu-a-H1 (λh = 

2/3, as shown in Fig. 10(a)). In particular, the chord end of T1-0Pu-a-H1 (λh = 

2/3) was entirely in the elastic stage, whereas the other two specimens showed 

a significant aggravation of damage. Finally, at the moment of hammer 

rebound, the three specimens exhibited nearly the same degree of failure, as 

shown in Figs. 10(d) and 11(b). However, a very small area of elasticity was 

still present in T1-0Pu-a-H1 at the web.  

 

    

(1) T1-0Pu-a-H2 (λh = 5/6)     (2) T1-0Pu-a-H3 (λh = 4/3) 

(a) Moment when the drop hammer contacts the upper flange of the chord (t = 1.5 ms)   

    
(1) T1-0Pu-a-H2 (λh = 5/6)       (2) T1-0Pu-a-H3 (λh = 4/3) 

 (b) Moment of drop hammer rebound (t = 15 ms) 

Fig. 11 Equivalent plasticity clouds for λh of 5/6 and 4/3 

5.  Time history of the impact force and displacement 

 

5.1. Deformation- time history curves of joints 

 

In this study, the indentation value (Δ) of the upper flange of the chord 

represents the displacement caused by the impact, which is used to describe 

the deformation of the joint, as shown in Fig. 12.  

 

Fig. 12 Calculation of local indentation of the chord upper flange 

 

The displacement-time history curves of the specimens that were 

subjected to Ppre and directly impacted (Ppre is 0 Pu) exhibited a similar trend. 

By contrast, the maximum concave displacement (Δ) of the specimens showed 

a slight downward trend with increasing Ppre, as shown in Fig. 13. Comparing 

the Δ values in Fig. 13, it can be observed that the effect of Ppre on the concave 

values of the specimens in Fig. 13(b) and Fig. 13(c) is slightly more sensitive 

than that in Fig. 13(a) but significantly less than the effect of λh. The analysis 

presented in Fig. 11 shows that when λh was 5/6 and 4/3, the mechanical 

characteristics of the joint region were significantly different from those of the 

specimens with λh = 2/3. For instance, the maximum concave displacements of 

specimens T2-0Pu-a-H1, T2-0Pu-a-H2, and T2-0Pu-a-H3 were 48.2mm, 

39.1mm, and 36.1 mm, respectively. 

 

 
(a) Partial specimen with a drop hammer length of H1 

 
(b) Partial specimen with a drop hammer length of H2  

 
(c) Partial specimen with a drop hammer length of H3 

Fig. 13 Displacement-time history curves of specimens 
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5.2. Impact force-time history curve of joints 

 

As shown in Fig. 10, the equivalent plastic development cloud follows the 

same basic law. Thus, the impact force-time curves can be divided into four 

stages:(I) instantaneous impact, (II) impact shock, (III) stable, and (IV) 

descending, as shown in Fig. 14(a). 

As Fig. 14(a) shows, the trends of the curves are significantly different. 

The overall impact force-time curves of the specimens fluctuate more gently 

at a drop hammer length of H1, but the total action time is longer. The effect 

of Ppre on the three groups of curves is relatively small, and only in Stage (I) 

do specimens T1-0.8Pu-a-H2 and T1-0.8Pu-a-H3 exhibit a significant jump. 

Moreover, the curves are not significantly different in Stages (II)-(IV). Fig. 

14(b) shows the effects of variations in λh on the impact force-time curves for 

the same β and Ppre. It can be observed that when λh = 4/3, the overall value of 

the impact force-time curve is larger and the impact time is shorter. When v is 

increased, the overall trend of the curve changes insignificantly, but the action 

time is significantly increased. Compared with the curves in Fig. 14(c), the 

curves basically coincide for the specimens at the H1 drop hammer lengths, 

whereas for the specimens with H2 and H3 drop hammer lengths, the three 

curves are separated more significantly in Stage (III), and the impact force of 

the specimens in the T2 group is greater. 

 

 

(a) Effect of Ppre on the impact force

 

(b) Effect of λh on the impact force 

 

(c) Effect of β on the impact force 

Fig. 14 Impact force-time history curves of specimens 

 

 

 

6.  Evaluation of the impact energy dissipation capacity 

 

6.1. Theoretical analysis of energy dissipation 

 

The impact process actually involves energy transfer and dissipation, and 

thus analysis of the energy dissipation mechanisms is effective in evaluating 

the impact resistance performance of tube joints. In the case of an impact on 

the flange of a T-shaped joint of a square steel tube, the energy conservation 

equation within the elastic range can be expressed as follows: 

 

i p c k
E E E E+ = +                                              (2) 

 

where Ei represents the kinetic energy of the drop hammer, Ep represents the 

elastic potential energy of the preloaded brace, Ec represents the elastic 

potential energy of the deformation of the chord flange, and Ek represents the 

kinetic energy of the vibrations of the chord and brace. 

When the flange of the chord is subjected to an impact load, the chord 

and brace will undergo elastic deformation, resulting in dissipation of strain 

energy in the components of the chord and brace. The equation for the strain 

energy dissipation can be expressed as follows: 

 

s

1
dV

2 V
E =                                                 (3)                                              

 

where Es represents the dissipated strain energy, σ is the stress, 𝜀 ̇ is the strain 

rate, and V is the volume of the chord and brace. 

The equation for the energy dissipation of the brace preloading under 

impact loads can be expressed as follows: 

 

0.5 ( )
d p

E F F =  +                                          (4) 

 

where Ed is the energy dissipation, Fp is the preloading force of the brace, ΔF 

is the increment caused by the impact load on the flange of the chord, and Δδ 

is the increment of the relative displacement between the brace and chord. 

As the failure process proceeds, the plasticity of the chord and brace is 

developed, as shown in Fig. 10. Energy conservation and dissipation can be 

expressed as follows: 

 

s di p c k
E E E E E E+ = + + +                                      (5)       

 

After the drop hammer rebounds, the definition can be simplified as 

follows: 

 

l e dissc k s d
E E E E E E E+ + + = + =                                 (6) 

 

where El is the energy dissipated by local deformation (concave deformation 

of the upper and bottom flanges and bulging deformation of the web) and Ee is 

the energy dissipated by plastic deformation at both ends of the chord. 

Significantly, defining the energy dissipation coefficient ψ yields   

 

diss

i

E

E
 =                                                     (7)  

  

Note that because the difference between Ei and Ep is of a large order of 

magnitude, the effect of Ep is ignored, and the analysis is conducted later. 

The coefficient ψ evaluates the storage and loss of energy of an object 

during the deformation process, which can help us understand the response 

characteristics of the object under stress, such as its strength, toughness, and 

durability. This is important for the design and optimization of structures such 

as square steel tube T-shaped joints. 

 

6.2. Parametric analysis of energy dissipation coefficient ψ 

 

Fig. 15(a) reveals that Ppre had no discernible effect on ψ. As Ppre 

increased, the curves of the specimens in groups T1, T2, and T3 remained 

relatively flat, whereas El continued to increase and Ee continued to decrease. 

However, their changes were comparable, resulting in a nearly horizontal line 

for ψ. Furthermore, it could be inferred that ψ increased as v increased. Fig. 

15(b) illustrates that ψ decreased continuously as λh increased with a more 

pronounced decrease between λh = 5/6 and λh = 4/3. Simultaneously, El 
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significantly declined, whereas Ee gradually increased. Because the increase in 

Ee was much smaller than the decrease in El (ΔEe < ΔEl), the ψ curve 

consistently trended downward. Notably, β exerted a more significant effect 

on ψ than did the other variables, as demonstrated in Fig. 15(c). Specifically, 

ψ initially decreased and then increased as β increased, with the smallest value 

appearing at β = 0.56. The energy exhibited a pattern similar to Ppre but with 

greater variability. When β increased from 0.44 to 0.56, the increase in El was 

less than the decrease in Ee (ΔEl < ΔEe), resulting in a downward trend in the 

curve. However, when β increased from 0.56 to 0.67, the increase in El was 

greater than the decrease in Ee (ΔEl > ΔEe), which produced an upward trend 

in the curve. 

 

 

(a) Effect of Ppre  

 

(b) Effect of λh  

 
(c) Effect of β 

Fig. 15 ψ variation curves of specimens  

 

 

 

7.  Conclusions 

 

In this study, FE analysis of square tubular T-joints with chord flanges 

subjected to impact forces was conducted. The failure modes of the tubular 

joint were studied, and the effects of the pre-axial force, tube diameter ratio, 

ratio of drop hammer length to chord width, and impact velocity on the 

mechanical performance of the joint were investigated. The following 

conclusions were drawn: 

1) The damage mode of the joints mainly consisted of local concavity (i.e., 

local indentation at the impact and intersecting areas) as well as bulging 

deformation of the web on both sides and plastic deformation at the ends of 

the chord, in which the effects of λh on the displacement values of the local 

indentation were greatest. 

2) The pre-applied axial force of the brace caused tensile stress on the 

upper flange of the chord. Under the action of the membrane effect, this 

significantly affected Stage (I) of the impact force–time history curve. When 

the pre-applied axial pressure did not exceed 0.8 Pu (Ppre ≤ 0.8Pu), the peak 

value of Stage (I) of the impact force increased with an increase in the 

pre-applied axial force. However, its effect on the total plastic energy 

consumption during the impact process was negligible. 

3) The impact energy was absorbed through the local concave and plastic 

deformations at the end of the chord, where El played a dominant role. Ψ was 

used to evaluate the energy dissipation capacity, where ψ continued to 

decrease with the increase in λh. Moreover, the variation of β had a significant 

influence on ψ; between β = 0.44 and β = 0.56, ψ and β were negatively 

correlated, while between β = 0.56 and β = 0.67, the curve showed a positive 

correlation. The values of ψ under different parameters ranged from 0.81 to 

0.91, which further confirmed the superior energy absorption capacity of 

square steel tube joints [32–33]. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Recent advancements in design guidelines for cold-formed steel members focus on enhancing the prediction of nominal 

strengths under various loading conditions. This improvement is achieved through precise accounting for local plate 

buckling behavior. Nevertheless, the Effective-Width Method (EWM), aligned with current design standards, estimates a 

lower structural capacity for cold-formed steel members. Assuming buckling precedes the yielding of cross-sections and 

considering no interactive restraint between adjacent elements, conservative predictions of member strengths are derived. 

To address this issue, this paper introduces a numerical investigation involving several lipped channel cross-sections with 

varying web height-to-flange width ratios, intending to assess the local plate buckling coefficient (k-value). Initially, 

validating a shell finite-element model against test results establishes benchmark strengths for the considered cross-sections. 

Subsequently, analytical solutions for calculating the k-value are presented and compared with those obtained from 

numerical solutions. Interactions between cross-sectional adjacent elements are examined, leading to a proposed refined 

EWM compliant with AISI standards. Finally, a reliability analysis is performed to illustrate the accuracy and reliability of 

the proposed design method. This research highlights the significance of accurately considering the restraining effect 

between sectional sub-elements and the importance of boundary conditions influencing the plate buckling coefficient.  
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1.  Introduction 

 

Modern structural technology prioritizes environmental practices to 

mitigate global energy depletion, whether in construction, operation, 

maintenance, or demolition. Cold-formed steel (CFS) emerges as an eco-

friendly and recyclable structural material, minimizing carbon dioxide 

emissions during its cold-forming process, unlike hot-rolled steel sections that 

demand higher thermal energy. As a primary load-bearing material, CFS 

optimizes construction purposes due to its numerous advantages, including a 

high strength-to-weight ratio, easy installation, and lower energy consumption. 

It finds wide-ranging applications in construction manufacturing, such as light 

and short-span structures, light partition walls, and storage rack structures. CFS, 

derived from the flexion of thin-walled steel sheets, is susceptible to various 

buckling phenomena, including local buckling (L), distortional buckling (D), 

and global buckling (G) as. These instability modes exhibit elastic buckling 

loads before reaching ultimate strength and exhibiting post-buckling behavior. 

Consequently, the hot-rolled steel design approach is unsuitable for CFS, 

necessitating advanced guidance in three key areas: i) experimental tests to 

explore various CFS cross-sections under different load conditions [1]–[10], ii) 

numerical analyses, such as the finite strip method [11], [12] and shell finite 

element models [13], offering accurate simulations with realistic geometric 

imperfections and residual stresses, and iii) the development of simplified 

design standards [14]–[17] to provide accessible and semi-accurate guidance for 

the design of CFS sections, reducing reliance on more complex and expensive 

tools. 

Two existing design theories play a pivotal role in assessing the structural 

capacity of CFS axial columns and flexural beams: the traditional Effective 

Width Method (EWM) and the recently advanced Direct Strength Method 

(DSM). The former employs iterative solutions to define the effective width for 

each element comprising the cross-section. In contrast, the DSM calculates 

elastic buckling loads in local, distortional, and global buckling modes, 

addressing cross-section instability and predicting the nominal strength for each 

buckling mode. Consequently, numerous researchers have dedicated their 

efforts to examining the buckling behavior of CFS lipped-channel sections 

under diverse loading and boundary conditions. For example, Bryan [18] 

derived a solution for critical local buckling stress and the plate buckling 

coefficient for simply supported plates subjected to compression. Subsequent 

studies explored different boundary and loading conditions, revealing that the 

nominal plate strength is independent of critical elastic buckling theory, as noted 

in [19], due to post-buckling behavior. Kármán [20] delved into nominal 

buckling strength based on elastic buckling solutions, introducing empirical 

factors for simply supported plates. Winter [7], in later work, adapted the elastic 

buckling solution, presenting a formula for nominal plate strength during post-

buckling behavior. This formula remains integral to current effective width 

approaches, including AISI [15] and Eurocode3 (EC3) [16], and is incorporated 

into various contemporary design methodologies. 

More recently, a design theory based on DSM has emerged [14], [21], relying 

on determining the critical elastic buckling stress for entire cross-sections. 

Currently, this method is employed in Australia/New Zealand and North 

America standards. 

Taking inspiration from prior investigations, the EWM treated the plate 

element as simply supported, overlooking any interaction or restraining strength 

with adjacent elements. Consequently, the predicted nominal post-buckling 

strength proves conservative when compared to experimental test results. Yu 

and Yan [22] illustrated the influence of the web height-to-flange width (H/B) 

ratio on the plate buckling coefficient in the C and Z sections. Mulligan and 

Pekoz [23] conducted experiments on lipped channel stub columns to quantify 

local buckling and inspected buckling coefficient values for cross-section sub-

elements (web, flange, and stiffener). These values, derived from experimental 

results, were lower than those for simply supported plate elements due to the 

consideration of interaction between adjacent elements. Consequently, the 

impact of the H/B ratio on nominal strength, attributed to the interaction effect, 

is emphasized. An increase in cross-section width provides support to the web 

element, thereby increasing nominal buckling strength. This interaction 

significantly influences the buckling coefficient value (k), primarily dependent 

on boundary conditions and stress gradient. 

This research contributes to advancing the effective width method (EWM) 

by incorporating elastic local buckling phenomena in assessing the plate 

buckling coefficient (k), a parameter significantly influenced by the interaction 

between adjacent sub-elements. Initially, literature-derived test results are 

employed to validate a newly developed 2D shell finite-element model (SFEM) 

using ABAQUS [13]. The SFEM incorporates appropriate geometric 

imperfections and material properties specific to CFS. Subsequently, finite strip 

analysis in CUFSM [11] is utilized to perform elastic local buckling solutions, 

which are then compared with various expressions for local plate buckling 

coefficients in the calculation of critical local buckling stress ( 𝐹𝑐𝑟 ). This 

comparison characterizes the restraining effect between adjacent sub-elements 

and demonstrates superior performance in representing elastic behavior. The 

illustration of various elements and analytical methods with different buckling 

coefficients within the EWM theory is also outlined. These methods are 

presented to evaluate the impact of restraining interaction between connected 

sub-elements with varying boundary conditions. Results obtained from the 
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Direct Strength Method (DSM) are also discussed, revealing that enhancing 

elastic stability for the gross cross-section may be more accurate than the EWM. 

Subsequently, after presenting diverse design approaches for CFS, a parametric 

study is conducted on different CFS-lipped channel cross-sections with various 

web height-to-flange width ratios. These results are then compared to outcomes 

from the developed and validated shell finite element models (SFEM) [25-26], 

which serve as benchmark results for evaluating the reliability of the proposed 

refined design method (i.e., AISI-Re). This refined method aims to obtain 

optimum nominal strength for CFS-lipped channel cross-sections. Finally, the 

findings are summarized, emphasizing the role of the plate buckling coefficient 

(k) in determining the nominal buckling strength. 

 

2.  Finite element modelling 

 

2.1. Shell finite element modeling 

 

Finite Element (FE) analysis is used in ABAQUS [13] to analyze the 

behavior of thin plates, simulating the experimental tests detailed in [25] and 

[26]. The linear 4-node shell element with reduced integration (S4R) is selected 

for modeling the CFS columns. As mentioned in [27], this shell element aligns 

with the study’s goals, which focus on local plate buckling. Based on mesh 

sensitivity analysis, a maximum mesh size of 5 mm x 5 mm is assumed in 

element discretization, guaranteeing precise and trustworthy results for a 

comprehensive parametric investigation. Four elements are used to model the 

rounded corners of the lipped channel cross-section. 

 

2.2. Modelling parameters 

 

The benchmark experimental settings for the specimens under test were 

included in the simulations. A 600S137-54 lipped-channel cross-section with an 

intermediate length of 610 mm was one of the geometrical attributes that were 

subjected to several loading combinations (axial, uniaxial, and biaxial 

eccentricities). The reference point was established using a kinematic coupling 

constraint connecting it to the end cross-sections, and it was situated at the cross-

section centroid. With pin-ended boundary conditions, every beam-column was 

simulated. According to [25], Young’s modulus was 203.4 GPa, and the steel 

yield stress was 364.5 MPa. To construct the real stress-strain curve and account 

for the inelastic behavior of CFS due to material nonlinearity, the two-stage 

Ramberg-Osgood model, as presented by Gardner and Yun [31], was used. 

Initial geometric imperfections were incorporated to thoroughly evaluate the 

simulations against the experimental tests. This allowed for proper parametric 

investigations of CFS behavior and demonstrated satisfactory agreement with 

the results. To ensure the accuracy of the finite element modeling, additional 

test specimens from various experimental tests were simulated under the same 

standard conditions to account for pure compression and local buckling failure 

modes, as detailed in [25]. 

 

2.3. Residual stresses and cold-forming effect 

 

The same manufacturing process, including coiling, uncoiling, and shape 

bending, causes residual stresses and cold-forming effects. Residual stresses 

show a drop in yield strength, but the cold-forming process raises the yield 

strength in the corner region, leading to greater strength. The most accurate way 

to estimate a member’s true strength is to model the manufacturing process, 

including cold-forming effects and residual stresses. While this is frequently a 

difficult process to carry out, it is essential to avoid modeling them individually. 

According to several studies, there is no noticeable correlation between residual 

stress and the final capacity of columns (e.g., Schafer and Peköz; Abdel-

Rahman and Sivakumaran; Ellobody and Young) [28-30]. As long as ultimate 

load capacity is the main consideration, the yield strength in the corner region 

is enhanced due to the cold-forming process, which reduces the effect of 

residual stress. The corner effect and residual stress, especially in post-ultimate 

behavior, significantly affect column behavior but do not affect the final load 

capacity value, according to Abdel-Rahman and Sivakumaran [29]. This study 

disregarded the residual stress and corner enhancement in the FE model since it 

focuses on the ultimate load capacity rather than the post-ultimate load behavior. 

 
2.4. Initial geometrical imperfections 

 

Initial geometric imperfections are introduced by executing the linear 

perturbation “Buckle” step, enabling the prediction of the buckling mode shape 

to be scaled within the subsequent nonlinear collapse analysis. Drawing from 

prior research, various imperfection amplitudes are integrated into the model to 

ensure thorough validation and accurate verification. The specific amplitude 

values are outlined in Table 1, along with their corresponding peak loads. 

The FE results show that when the imperfection amplitude is adjusted to 

6𝑡𝑒−2𝑡, as suggested by Schafer and Peköz [32], the predicted peak loads show 

good agreement with the experimental test results. Values produced by this 

configuration are most similar to the experimental findings; mean predicted-to-

test ratios for [25] and [26] are 1.0047 and 1.1091, respectively. The coefficients 

of variation (COV) that correspond to these values are 0.0337 and 0.1287, 

respectively. For this reason, to make the solutions in the current study seem 

more realistic, this specific amplitude value was chosen. 

 

Table 1 

Peak ultimate loads for experimental and FE results with different imperfection amplitudes 

 Specimen 
Imperfection magnitude 

0.24mm 0.005t t/10 d/400 Schafer and Peköz [32] Dawson and Walker [33] 

Torabian et al, 

[25] 

600S137-54 (1) 0.9964 1.0165 0.9966 0.9945 0.9933 0.9949 

600S137-54 (2) 0.9868 1.0408 0.9883 0.9841 0.9827 1.0405 

600S137-54 (3) 0.9743 1.0855 0.9754 0.9730 0.9700 1.0715 

600S137-54 (4) 1.0264 1.0325 1.0279 1.0250 1.0236 1.0308 

600S137-54 (5) 1.0733 1.1110 1.0897 1.0616 1.0538 1.1126 

Mean 1.0114 1.0573 1.0156 1.0076 1.0047 1.0501 

 
COV 0.0391 0.0373 0.0450 0.0356 0.0337 0.0423 

Roy et al,  

[26] 

C75-L500-1 1.1089 1.1292 1.1202 1.1154 1.0789 1.2345 

C75-L500-2 1.3387 0.0000 1.3732 1.3661 1.2951 1.5421 

C75-L500-3 1.2008 1.2716 1.2090 1.2152 1.2060 1.5023 

C90-L500-1 0.9594 0.9650 0.9676 0.9643 0.9346 1.0416 

C90-L500-2 1.0641 1.1819 1.0910 1.0853 1.0310 1.0074 

Mean 1.1344 0.9095 1.1522 1.1493 1.1091 1.2656 

 
COV 0.1265 0.5723 0.1309 0.1311 0.1287 0.1976 

2.5. Validation and verifications 

 

A noteworthy agreement between FE results and test results in terms of 

load-displacement response, peak loads (Fig. 1), and failure modes (Fig. 2) is 

illustrated visually by the results of FE modeling and experimental tests [25]. 

Furthermore, the ultimate loads from the experiments and FE models are 

compiled in Table 2. A comparatively low coefficient of variation (COV) of 

0.06 accompanies the mean test-to-predicted value of 0.98. Overall, the findings 

shown in Figs. (1-2) and Table 2 demonstrate that the developed FE models can 

reliably and efficiently simulate the behavior of lipped-channel sections made 

of CFS under various loading conditions and buckling modes. 
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Table 2 

Comparisons between test and FE results [25-26] 

Specimen 
Test FE 

Comparison Ptest/PFE 

Ptest (KN) Buckling Mode PFE (KN) Buckling Mode 

600S137-54 (No. 1) 18.09 L 17.9683 L 1.0068 

600S137-54 (No. 2) 28.25 L 27.7602 L 1.0176 

600S137-54 (No. 3) 43.38 L 42.0804 L 1.0309 

600S137-54 (No. 4) 46.86 D 47.9669 D 0.9769 

600S137-54 (No. 5) 24.99 D 26.3336 D 0.9490 

C75-L500-1 42.20 L 43.004 L 0.9813 

C75-L500-2 50.10 L 59.4223 L 0.8431 

C75-L500-3 75.90 L 80.187 L 0.9465 

C90-L500-1 49.00 L 47.0097 L 1.0423 

C90-L500-2 61.10 L 59.5379 L 1.0262 

Mean         0.9821 

COV         0.0603 

 

 

Fig. 1 Load-displacement curves from FEM and experimental tests by Torabian et al, [25] 

 

 

Fig. 2 Failure modes of experimental specimens from Torabian et al, [25] and FEM 

0.0

5.0

10.0

15.0

20.0

25.0

30.0

35.0

40.0

45.0

50.0

0.0 1.0 2.0 3.0 4.0 5.0

A
x
ia

l 
fo

rc
e 

(k
N

)

Displacement (mm)

No.2 Exp

No.3 Exp

No.4 Exp

No.2 FE

No.3 FE

No.4 FE

Specimen No.2 (L=610mm)                     Specimen No.3 (L=610mm)                 



Hadeer Mashaly et al.  33 

 

3.  Analytical solutions of local plate buckling coefficients 

 

The critical local buckling stress (𝐹𝑐𝑟𝑙 ) is considered an essential and 

effective parameter in cold-formed steel design approaches such as the Direct 

Strength method (DSM) and Effective Width Method (EWM), whether in AISI 

[15] or EC3 [16], to compute the cross-sectional nominal strength. The general 

equation for the plate’s critical local buckling stress is as follows: 

                              

𝐹𝑐𝑟𝑙 = 𝑘𝑥  
𝜋2𝐸

12(1−𝜈2)
 (

𝑡

𝑥
)

2
                                    (1) 

 

where 𝑘𝑥 is the plate buckling coefficient, E is the modulus of elasticity, t is 

the plate thickness, ν is the Poisson’s ratio of steel, and 𝑥 is the plate width. Eq. 

(1) clarifies that the plate buckling coefficient (𝑘𝑥 ) affects remarkably the 

critical local buckling stress (𝐹𝑐𝑟𝑙), which in turn affects the nominal strength of 

the cross-section. As a result, this study clarifies the various design standards 

and suggested formulas for determining the plate buckling coefficient and how 

it affects the ultimate strength prediction. 

The critical local buckling stress for the lipped channel cross-section is 

found by taking the minimum local buckling stress of each element that makes 

up the cross-section. In the present investigation, and as per Eq. (1), four 

methods are employed to estimate the local buckling stress: 1) the element 

method, as incorporated in AISI S100 [15], 2) the approximate upper bounds 

for the element method (an analytical method detailed in [24]), 3) the current 

AISI [15], and 4) empirical closed-form equations proposed by Ahdab et al. [24]. 

 

3.1. The element method  

 
The element method considers no interaction between adjacent elements, 

following AISI S100 [17]. As seen in Fig. 3, the elements are believed to be free 

at the unattached edge and simply supported at the attached edge. The plate 

buckling coefficient under pure compression or stress gradient is generally 

expressed in Eq. (2). 

 

𝒌𝝍 = 𝟒 + 𝟐(𝟏 − 𝝍𝟑 ) + (𝟏 − 𝝍)                               (2) 

 
where 𝑘𝜓 is the plate buckling coefficient, 𝜓 = |𝐹2/𝐹1 |  is the determinant for 

the end plate stress ratio, and 𝐹1 is the larger compressive stress at the end plate. 

 

 
Fig. 3 Simply supported sub-elements in a lipped channel cross section based on the 

element method 

 

3.2. Approximate upper bounds for element method (analytical method) 

 

This approach assumes that every sub-element in the cross-section has a 

fixed end condition (Fig. 4), ignoring interactions with other elements. For local 

buckling solutions, it is acknowledged as a nonconservative method. To 

compute the plate buckling coefficient in line with the approximate upper 

bounds for the element method, Eq. (3) expands Eq. (2), which was first 

presented in [24]. 

 

𝒌𝝍 = 𝟔. 𝟗𝟕 + 𝟑. 𝟑(𝟏 − 𝝍𝟑 ) + 𝟑. 𝟑(𝟏 − 𝝍)                          (3) 

 

 

Fig. 4 Fixed supported sub-elements in lipped channel cross section based on the 

approximate upper bound method 

 

3.3. The empirical closed-formed equation 

 

Ahdab et al. [24] explored a different, semi-accurate method of calculating 

the plate buckling coefficient by using empirical closed-form equations that 

accounted for different loading conditions and took sub-element interaction into 

account. This method considers the geometry of adjacent elements within and 

beyond a diverse range of lipped channel cross-sections. The closed-form 

equation for pure compression is presented in Eq. (4), while those for major axis 

bending are given in Eqs. (5) and (6), as follows: 

 
For 𝟎 ≤  𝐇/𝐁 ≤  𝟏𝟐 and 𝟎 ≤  𝐃/𝐁 ≤  𝟏 

 

𝑘𝐻 = 𝑚𝑖𝑛 (4.5 (
𝐻

𝐵
)

2

, 4 [0.73 (
𝐷

𝐵
)

0.36

+ 1])                          (4) 

 
For 𝟎 ≤  𝐇/𝐁 ≤  𝟏 and 𝟎. 𝟏𝟓 ≤  𝐃/𝐁 ≤ 𝟎. 𝟒 

 
𝑘𝐵 = max (0.3 (

𝐵

𝐻
) + 5.2, 0.4 (

𝐻

𝐵
) + 5.9) ≥ 𝑘𝐸𝑊𝑀 𝐴𝐼𝑆𝐼                 (5) 

 

For 𝟎 ≤  𝑯/𝑩 ≤  𝟏 and 𝟎. 𝟏𝟓 ≤  𝑫/𝑩 ≤  𝟎. 𝟒 

 

𝑘𝐵 = 𝑚𝑖𝑛 (−0.4 (
𝐻

𝐵
) + 5.9, 22.3 (

𝐻

𝐵
)

−1.8

)   ≥ 𝑘𝐸𝑊𝑀 𝐴𝐼𝑆𝐼               (6) 

 

These closed-form equations are first compared with finite strip analysis 

(CUFSM) results for solutions involving elastic buckling. Subsequently, these 

are implemented in the AISI [15] methodology (henceforth referred to as AISI-

Re) by substituting the current buckling coefficient values, thereby revealing 

their pivotal role in predicting the nominal buckling strength. 

 
3.4. Results by finite strip method 

 

The elastic buckling stress (𝑭𝒄𝒓𝒍) for a range of cross-sections with varying 

web height-to-flange width ratios (H/B) was calculated by finite strip analysis 

using CUFSM [11]. B = 50.8 mm, D = 5.08 mm, t = 1.4376 mm, and r = 2.8752 

mm are the cross-sectional dimensions. There is a 203.5 GPa Young’s modulus 

(E) and a 0.3 Poisson’s ratio (v). Then, utilizing Eq. (1), the critical local 

buckling stresses were transformed into plate buckling coefficients 𝑲𝑯, 𝑲𝑩, 

and 𝑲𝑫 so that the results could be compared to those obtained from Ahdab et 

al.’s closed-form equations [24]. In FSM within CUFSM, to prevent non-unique 

minima and allow for the automated study of elastic buckling modes in CFS 

members, the methodology for CUFSM utilization as described in [34] has been 

implemented. Accordingly, results are shown in Fig. 5 and comprise pure 

compression and major axis bending. Remarkably, there is a good agreement 

that validates the accuracy of elastic buckling stress prediction for lipped 

channel cross-sections. Fig. 5(a) shows that the web plate buckling coefficient 

under pure compression is slightly affected when the web-to-flange width ratio 

(H/B) is increased beyond two (≥ 𝟐). On the other hand, as depicted in Fig. 5(b), 

the flange local buckling coefficient (𝑲𝑩) is significantly impacted by the elastic 

critical buckling stress (𝑭𝒄𝒓) for major axis bending. 
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Fig. 5 Plate buckling coefficient versus H/B ratio (a) web buckling coefficients for pure compression, and (b) flange buckling coefficients for major axis 

bending 

4.  Design guidelines 

 

4.1. Effective width method 

 

The effective width method (EWM) is used by the current design standards, 

EC3 [16] and AISI [15], to estimate the nominal strength of columns and beam-

columns. The EWM determines the effective width properties for each sub-

element in the cross-section under uniform stress, thereby reducing the load-

carrying capacity of a simply supported member. The effective width is 

determined by using Winter’s Equation [7], which is given as follows; 

 

𝑏𝑒𝑓𝑓 =
(1−

0.22

𝜆𝑝
)𝑏

𝜆𝑝
 ≤ 𝑏                                             (7) 

 

𝜆𝑝 = √(
𝐹𝑦

𝐹𝑐𝑟𝑙
)                                                  (8) 

 

where 𝑏𝑒𝑓𝑓  is the effective width of the sub-element, 𝜆𝑝  is the slenderness 

parameter, 𝑏 is the gross width, 𝐹𝑦 is the yield stress, and 𝐹𝑐𝑟𝑙 is the critical 

local buckling stress of the sub-element, which is calculated from Eq.(1). The 

modern CFS design specifications make extensive use of the effective width 

method (EWM). This method relies on figuring out each sub-element’s plate 

buckling coefficient (k), which is important to determine the critical local 

buckling stress ( 𝐹𝑐𝑟𝑙) and, in turn, the effective width properties. The plate 

buckling coefficient (k) for stiffened, and unstiffened elements mainly depends 

on the stress distribution inside the element and the current boundary conditions. 

For example, AISI considers the effect of the nearby stiffener in lipped channels 

when calculating the plate buckling coefficient of the compression flange. It is 

important to note that EWM tends to conservatively estimate the ultimate 

buckling strength of the considered CFS cross-sections under diverse loading 

conditions [25]. The adopted values of the local plate buckling coefficients (k), 

which do not consider the interactions between adjacent sub-elements, are 

responsible for this conservatism in the effective width properties. 

 

4.2. Direct strength method 

 

The direct strength method (DSM) has recently emerged as an alternative 

approach, explicitly outlined in Appendix 1 of the AISI specification [21]. This 

method determines nominal strength through finite strip analysis, finite element 

analysis, or closed-form solutions, accounting for elastic buckling loads and 

interactions between sub-elements. Through elastic buckling analysis, the DSM 

optimizes the use of gross cross-sectional properties. It identifies the three 

elastic buckling modes (L, D, and G) over the whole cross-section and 

determines which mode controls the nominal strength. According to 

previous studies, for lipped channel cross-sections, the DSM’s findings are 

often slightly higher than the EWM’s [25]. A summary of the DSM design 

equations under pure compression is provided as follows: 

For global buckling, the nominal strength 𝑃𝑛𝑒 is calculated from 

 

𝑃𝑛𝑒   =  (0 . 658𝜆𝑐
2
 ) 𝐴 ∗ 𝐹𝑦    𝐹𝑜𝑟  𝜆𝑐  ≤  1.5                          (9) 

 

𝑃𝑛𝑒 =  ( 
0.877

(𝜆𝑐
2)

)  𝐴 ∗ 𝐹𝑦            𝐹𝑜𝑟  𝜆𝑐 >  1.5                          (10) 

 

𝜆𝑐 = √
𝑃𝑦 

𝑃𝑐𝑟𝑒 
                                                   (11) 

 

𝑃𝑛𝑙  =   𝑃𝑛𝑒                                                           𝐹𝑜𝑟    𝜆𝑐 ≤   0.776          (12) 

 

𝑃𝑛𝑙 = [1 −  0.15 ∗ (
𝑃𝑐𝑟𝑙 

𝑃𝑛𝑒 
)

0.4

] (
𝑃𝑐𝑟𝑙 

𝑃𝑛𝑒 
)

0.4

𝑃𝑛𝑒   𝐹𝑜𝑟    𝜆𝑐 >   0.776           (13) 

 

𝑃𝑐𝑟𝑙 = 𝐴 ∗ 𝐹𝑐𝑟                                                 (14) 

 

Nominal Strength for beam column 𝑀𝑛𝑙 is calculated from equations of the 

same trend detailed in [21]. 

 
5.  Refined AISI method (AISI-Re) 

 

    In this section, the empirical closed-form equations for the plate buckling 

coefficient (k) are applied within AISI to predict the nominal ultimate strength, 

referred to as AISI-Re, intending to achieve two objectives: 1) evaluate the 

proposed value of the local plate buckling coefficient in light of the current AISI 

specifications; and 2) conduct a comprehensive parametric study on the nominal 

strength of various lipped channel columns and beam-columns, quantifying the 

impact of the buckling coefficient (k) on the predicted strength. Finally, a 

reliability analysis will more accurately show how the suggested method (AISI-

Re) has improved validity compared to the present AISI recommendations. 

 

5.1. Parametric study 

 

A comprehensive parametric study was undertaken on various lipped 

channel cross-sections under compression and major axis bending. The study 

focused on local buckling failure modes, employing models of relatively short 

member lengths (L) by adopting L=H to present an analytical exploration of the 
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elastic buckling and post-buckling behavior of lipped channel cross-sections. 

The EWM was utilized, incorporating four k-values for local plate buckling: 1) 

following AISI specifications, 2) AISI with k-value by element method (AISI-

Elem), 3) AISI with k-value by analytical method (AISI-Ana), and 4) AISI-Re 

with k-value by Ahdab et al., [24], considering interactions between adjacent 

sub-elements. The only difference between these approaches is the value that is 

determined for the plate buckling coefficient (i.e., 𝑘  value), which in turn 

affects the nominal strength for the typical cross-section. The Young’s modulus, 

the material yield stress, and Poisson’s ratio are taken as E = 210 GPa, 𝐹𝑦 = 345 

MPa, and ν = 0.3 , respectively. Results based on EWM with different 𝑘 

values are compared with those obtained from SFEM that represent validated 

simulations for experimental tests. The dimension parameters include web 

height (H = 70 mm), thickness (t = 1.5 mm), inner corner radius (R = 2 mm), 

stiffener length over flange width ratio (D/B = 0.2) to avoid large lip stiffeners 

and eliminate their effect on the element’s theoretical buckling stress [35], and 

the (H/B) ratio varies with a range from 1 to 2. 

 

5.1.1. Axial compression 

As per several design approaches and finite element (FE) models, Fig. 6 

shows the web height to flange width ratio (H/B) effect on the nominal strength 

of different cross-sections under pure compression. All existing design methods 

and solutions show significant conservatism, with the FE models providing the 

maximum nominal strength. Since AISI-Ana corresponds to an upper-bound 

philosophy, it produces the higher results. These curves demonstrate that the 

direct strength method (DSM) is a less conservative method than AISI for the 

cross-sections under study. On the other hand, the results from AISI-Re are 

more compatible with FE models and perform effectively when compared to the 

present AISI specifications. This can be attributed to implementing more 

accurate and reliable equations for calculating the plate buckling coefficient (k). 

Furthermore, it is observed that the nominal strength increases with an 

increasing H/B ratio up to a specified level when it remains relatively constant. 

Similar trends are noticed across different design methods. An increase in the 

H/B ratio up to 1.8 is shown to have a slight effect on the 𝑃𝑛/𝑃𝑦 ratio. With 

regard to the absence of the flange’s local buckling and an increase in the web’s 

local buckling, decreasing the flange width (B) lowers the nominal strength. 

AISI and AISI-Elem provide almost identical results for (H/B) higher than 1.75, 

as the flange-lip interaction gradually disappears in AISI when the flange width 

(B) is decreased. In summary, the sectional dimensions and predicted-to-FE 

results based on AISI and AISI-Re are presented in Table 3. The mean 

𝑃𝑝𝑟𝑒𝑑𝑖𝑐𝑡𝑒𝑑/𝑃𝐹𝐸 ratio is 0.89 and 0.83, respectively, with corresponding COV 

values of 0.01 and 0.05. This reconfirms and demonstrates the higher accuracy 

and reliability of the proposed AISI-Re compared to the current AISI design 

guidelines. 

 

  
Fig. 6 Comparisons between nominal axial strengths from different design methods and FE results: (a) 𝐏𝐅𝐄 versus 𝐏𝐩𝐫𝐞𝐝𝐢𝐜𝐭𝐞𝐝, and (b) normalized predicted loads 

versus H/B ratio 

Table 2 

Section properties and comparisons between FE results and different design standards for lipped channels under pure compression 

No. 
H 

(mm) 
H/B 

B 

(mm) 

C 

(mm) 

T 

(mm) 

R 

(mm) 
𝑃𝐴𝐼𝑆𝐼−𝑅𝑒/𝑃𝐹𝐸 𝑃𝐴𝐼𝑆𝐼/𝑃𝐹𝐸 

1 70 1 70.00 14.00 1.5 2 0.90 0.79 

2 70 1.05 66.67 13.33 1.5 2 0.91 0.78 

3 70 1.1 63.64 12.73 1.5 2 0.91 0.78 

4 70 1.15 60.87 12.17 1.5 2 0.91 0.78 

5 70 1.2 58.33 11.67 1.5 2 0.90 0.78 

6 70 1.25 56.00 11.20 1.5 2 0.89 0.78 

7 70 1.3 53.85 10.77 1.5 2 0.88 0.79 

8 70 1.35 51.85 10.37 1.5 2 0.88 0.80 

9 70 1.4 50.00 10.00 1.5 2 0.88 0.80 

10 70 1.45 48.28 9.66 1.5 2 0.88 0.81 

11 70 1.5 46.67 9.33 1.5 2 0.88 0.82 

12 70 1.55 45.16 9.03 1.5 2 0.88 0.83 

13 70 1.6 43.75 8.75 1.5 2 0.88 0.84 

14 70 1.65 42.42 8.48 1.5 2 0.88 0.85 

15 70 1.7 41.18 8.24 1.5 2 0.89 0.86 

16 70 1.75 40.00 8.00 1.5 2 0.89 0.87 

17 70 1.8 38.89 7.78 1.5 2 0.89 0.88 

18 70 1.85 37.84 7.57 1.5 2 0.89 0.88 

19 70 1.9 36.84 7.37 1.5 2 0.90 0.88 

20 70 1.95 35.90 7.18 1.5 2 0.90 0.88 

            Mean 0.89 0.83 

       COV 0.01 0.05 
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5.1.2. Eccentric compression 

A similar parametric study is conducted on cross-sections exposed to 

major axis bending to improve the prediction of beam-column cross-section 

strength. The goal is to evaluate the accuracy of different flexural nominal 

strength prediction methods by comparing their results with benchmark 

SFEM data. As described in AISI [15], a simple linear interaction equation (Eq. 

(15)) is used to quantify the effect of varying eccentricities on nominal flexural 

strength for different cross-sections. 

 
𝑃̅

𝑃𝑎
+

𝑀̅𝑥

𝑀𝑎𝑥
≤ 1.0                                                (15) 

 

 

where 

P̅ = required compressive axial strength (obtained from FEM models) 

Pa = nominal design strength obtained from different design approaches. 

M̅x =required flexural strengths (= 𝑃̅ ∗ 𝑒𝑐𝑐𝑒𝑛𝑡𝑟𝑖𝑐𝑖𝑡𝑦) 

Max = nominal flexural strengths according to different design approaches. 

As shown in Fig. 7, nearly all of the results obtained using the different 

methods (AISI, AISI-Elem, AISI-Ana, and AISI-Re) are similar for (H/B) 

greater than 1.65, suggesting that the effective width (i.e., a reduction factor 

(ρ=1) for each sub-element) is fully used. Because of the reduced interaction 

between the web and flange and the minor amount of web local buckling seen 

under major axis bending, it can be concluded that reducing the flange width (B) 

does not affect the nominal strength of flexural beams. Alternatively, for larger 

(H/B) ratios, the direct strength method (DSM) produces more conservative 

results than the effective width method (EWM) because, as reported in [36], 

decreasing the flange width (B) reduces the elastic buckling stress for the whole 

gross section, which in turn lowers the nominal strength of the member. In 

contrast, EWM calculates the critical buckling stress for each element separately. 

Furthermore, major axis bending supports the web, with its half-height 

experiencing tension. The nominal strength value is substantially enhanced by 

AISI-Re under different eccentricities (e.g., e = H/10, H/5, H/2, or H), as shown 

in Fig. 8, with the fact that it exhibits less conservative 𝑀𝑛/𝑀𝑦   values than 

prior approaches. It is obvious that the EWM can significantly enhance the 

prediction of nominal strength by including k of AISI-Re. However, in this case, 

the EWM continuously underestimates the nominal strength of the analyzed 

beam columns, independent of the applied k-values. The simpler and more 

linear interaction equations [1] established for eccentrically loaded lipped 

channels cause this disparity. Finally, Table 4 presents the summary of 

predicted-to-FE results. The corresponding mean and COV values confirm the 

reliability of the suggested AISI-Re method. 

 

 

Fig. 7 Comparisons between different design methods and FE results for flexural 

beams 

 

 

  

  

Fig. 8 Comparisons between different design methods and FE results for eccentrically loaded members; (a) e= H/10, (b) e=H/5, (c) e=H/2, and (d) e=H 
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Table 4 

Comparisons between FE, AISI, and AISI-Re results for eccentrically loaded lipped channels 

No. 
𝑒 = 𝐻/10 𝑒 = 𝐻/5 𝑒 = 𝐻/2 𝑒 = 𝐻 

P AISI-Re /PFE PAISI/PFE PAISI-Re /PFE PAISI/PFE PAISI-Re /PFE PAISI/PFE PAISI-Re /PFE PAISI/PFE 

1 0.83 0.73 0.82 0.72 0.83 0.72 0.84 0.72 

2 0.84 0.73 0.83 0.72 0.84 0.72 0.85 0.72 

3 0.86 0.73 0.85 0.72 0.85 0.72 0.86 0.72 

4 0.86 0.74 0.84 0.72 0.84 0.71 0.85 0.72 

5 0.85 0.74 0.84 0.73 0.83 0.72 0.84 0.72 

6 0.84 0.74 0.83 0.73 0.82 0.72 0.83 0.72 

7 0.82 0.73 0.83 0.74 0.81 0.72 0.82 0.72 

8 0.81 0.73 0.82 0.74 0.80 0.72 0.81 0.73 

9 0.80 0.74 0.80 0.74 0.80 0.73 0.80 0.73 

10 0.80 0.74 0.79 0.73 0.80 0.74 0.80 0.74 

11 0.79 0.74 0.78 0.74 0.80 0.75 0.80 0.75 

12 0.79 0.75 0.78 0.74 0.80 0.76 0.79 0.75 

13 0.78 0.75 0.77 0.74 0.79 0.76 0.79 0.76 

14 0.78 0.76 0.77 0.75 0.78 0.76 0.79 0.77 

15 0.78 0.76 0.77 0.75 0.78 0.76 0.79 0.78 

16 0.78 0.77 0.77 0.76 0.77 0.77 0.80 0.79 

17 0.78 0.78 0.77 0.76 0.77 0.76 0.80 0.79 

18 0.78 0.78 0.77 0.76 0.77 0.76 0.79 0.79 

19 0.79 0.78 0.77 0.76 0.77 0.76 0.79 0.79 

20 0.79 0.78 0.77 0.76 0.77 0.76 0.79 0.79 

Mean 0.81 0.75 0.80 0.74 0.80 0.74 0.81 0.75 

COV 0.04 0.02 0.04 0.02 0.03 0.03 0.03 0.04 

To prove the AISI-Re method’s reliability, finite element (FE) results from 

F. Öztürk et al. [37] are compared with calculated nominal strength according 

to the aforementioned five design methods. Different major axis eccentric loads 

are applied to the CFS-lipped-channel beam columns, as described in [37]. 

Subsequently, the nominal strength (β) parameter is computed as follows:  

 

𝛽 =  √(
𝑀1

𝑀1𝑦
)

2

+ (
𝑀2

𝑀2𝑦
)

2

+ (
𝑃

𝑃𝑦
)

2

                                  (16) 

 

where 𝑃, 𝑀1, and 𝑀2 are the applied axial compression and biaxial bending 

moments, and 𝑃𝑦, 𝑀1𝑦, and 𝑀2𝑦 are the squash load and biaxial yield moments, 

respectively. The effective performance of AISI-Re is assessed in Fig. 9, with 

results that agree with the finite element (FE) results in [37]. This further 

confirms the accuracy and reliability of the AISI-Re method, which prior 

investigations have supported. 

 

Fig. 9 Comparisons between nominal strength parameters (𝜷) for lipped channel sections 

obtained from different design methods and FE results 

 
5.2. Reliability analysis 

 

The proposed method is further evaluated against the FE data in a more 

quantifiable manner by calculating the reliability index (βo). The reliability is 

determined concerning the corresponding resistance factor as follows [15] 

 

𝜙 = 𝐶𝜙(𝑀𝑚𝐹𝑚 𝑃𝑚)𝑒
−𝛽0√𝑣𝑚

2 +𝑣𝐹
2+𝐶𝑝𝑉𝑝

2+𝑉𝑄
2

                            (17) 

 

where 𝜙  is the resistance factor, 𝐶𝜙  is the calibration factor (=1.52) as 

implemented in [38], 𝑀𝑚 and 𝐹𝑚 are the mean value of the material factor 

(=1.05 and 1.0), respectively for combined axial load and bending, 𝑃𝑚 is the 

mean value of FE-to-predicted ratios, 𝛽𝑜 is target reliability index which is 

taken equal to 2.5 for structural members, 𝑉𝑚 and 𝑉𝐹  are the coefficient of 

variation of the material and fabrication factor (= 0.1 and 0.05), respectively, 

𝐶𝑝 is the correction factor that taken to be 1.0 for reliability analysis, 𝑉𝑃 is the 

coefficient of variation of FE-to-predicted ratios as calculated in Table 5 and 

𝑉𝑄 is coefficient of variance for the load effect (= 0.21 for LRFD); see[15]. 

Results of the reliability analysis are summarized in Table 5, wherein the 

mean values of FE-to-predicted ratios and the corresponding COV values 

determine the reliability index for two sets of resistance factors 𝜙(= 0.85 ) and 

(= 0.9 ). Furthermore, a target reliability index of 2.5 is used to compute the 

resistance factors. The table reveals that the proposed AISI-Re gives more 

accurate results than the AISI design method, which is significantly 

conservative for the studied cross sections. The derived reliability indices of the 

linear interaction equation in AISI [15] are 3.24 (𝜙 = 0.85 ) and 3.00 (𝜙 =
0.9) for the AISI-Re design method, which are significantly higher than the 

desired reliability indices of 2.5. The results indicate that the current 

specification for predicting the nominal strength [15] needs to be improved by 

evaluating the plate buckling coefficient (𝑘), as demonstrated in the AISI-Re, 

to achieve closer results to the validated FE results. 

 

 

 

 

 

0

0.1

0.2

0.3

0.4

0.5

0.6

0.7

0.8

0.9

0 1 2 3 4 5 6 7 8

β

Specimen number

AISI-Re

AISI

AISI (k Element)

AISI (k Analytical)

DSM

FE [37]

FE



Hadeer Mashaly et al.  38 

 

Table 5 

Reliability analysis for AISI-Re and current AISI design method

Eccentricity No. 
AISI-Re(βFE/βn)  EWM AISI(βFE/βn) 

Pm Vp βo(φ=0.85) βo(φ=0.9) φ(βo=2.5)  Pm Vp βo(φ=0.85) βo(φ=0.9) φ(βo=2.5) 

𝑒 = 0 20 1.12 0.010 3.12 2.88 0.986  1.21 0.05 3.38 3.14 1.05 

𝑒 = 𝐻/10 20 1.17 0.020 3.30 3.06 1.028  1.26 0.04 3.57 3.33 1.10 

𝑒 = 𝐻/5 20 1.17 0.020 3.30 3.06 1.028  1.26 0.04 3.57 3.33 1.10 

𝑒 = 𝐻/2 20 1.15 0.010 3.23 2.99 1.012  1.24 0.04 3.50 3.27 1.08 

𝑒 = 𝐻 20 1.13 0.010 3.16 2.92 0.994  1.22 0.05 3.41 3.17 1.06 

All 100 1.15 0.017 3.24 3.00 1.01  1.24 0.04 3.50 3.27 1.08 

6.  Conclusions and summary 

 

This paper aims to establish a practical design for cold-formed steel-lipped-

channel cross-sections, offering a framework to enhance the existing codified 

effective width method (EWM). An AISI-Re design approach is proposed, 

incorporating an assessed and validated k-value for local plate buckling. A 

parametric study is undertaken to evaluate the impact of the local plate buckling 

coefficient on the design of cold-formed steel (CFS) lipped channel cross-

sections with varying (H/B) ratios, whether utilizing the codified EWM or the 

recent direct strength method (DSM). Additionally, results obtained from a 

validated finite element (FE) model are presented as benchmark solutions for 

the nominal strength of the analyzed members. Based on the generated results, 

the proposed AISI-Re design, which takes into account the interaction between 

adjacent sub-elements through the local plate buckling coefficient (i.e., k-value), 

demonstrates enhanced accuracy and reliability. Conclusions drawn from the 

results presented in this paper are as follows: 

 

• The local buckling coefficient (k) significantly influences elastic and 

inelastic buckling strength calculation for cold-formed steel (CFS) 

lipped-channel cross-sections. 

• Considering the restraining effect between sectional sub-elements is 

essential for adjacent sub-elements, as it expresses boundary 

conditions that substantially impact the plate buckling coefficient. 

• The direct strength method (DSM) is regarded as a more reliable 

approach than the effective width method (EWM) in pure compression 

loading conditions, and its effectiveness can be further enhanced by 

incorporating a more realistic and accurate k-factor. 

• AISI-Re can be seen as an improved method aligning with existing 

AISI standards. It provides realistic buckling strengths and closely 

aligns with experimental test results. 

• The refined k-factors demonstrate a notable effect within the range of 

1 ≤ (H/B) ≤ 2 compared to the existing AISI values. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Angles are popularly used in built-up steel sections. The behaviour of common sections built-up by angles such as boxes 

and tees are established, and design provisions are available in design codes. The cruciform arrangement, consisting of 

vertex-to-vertex connected angles, has been studied recently as a strengthening arrangement for lattice tower primary 

members, where the load is not applied through the centroid on the built-up section, like in common built-up sections. The 

behaviour of such cruciforms need to be studied further for establishing their efficiency as compression members. This 

study consists of experimental tests followed by numerical parametric study of such cruciforms. Experimental tests on 

cruciform of slenderness 80, 100 and 120 were performed followed by numerical finite element analysis for validation.  A 

parametric study was conducted on 36 bi-angled cruciforms with slenderness, connector spacing, number of bolts and angle 

width-thickness ratio as the chosen parameters. Predictions by national design codes were compared with the numerical 

results. The influence of these parameters on the load sharing rate between the angle sections were observed and it is seen 

that slenderness has the highest influence while the number of bolts per connector has least influence. Equal load sharing 

was achieved for cruciforms of lesser slenderness, showing that the arrangement can be an efficient strengthening 

arrangement. 
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1.  Introduction 

 

Steel angles are the primarily used sections to construct lattice towers such 

as telecommunication and electrical transmission towers [1]–[3]. These towers 

are built by bolted connections of single or double angles for primary leg mem-

bers and single angles for secondary members at higher elevation. Angles are 

also versatile due to which they are used in various built-up arrangements such 

as Tee (back to bank), Channel (toe to toe), box sections and design procedures 

for such built-up sections are available in international design standards. The 

behavior of angles is unique due to their unsymmetric geometry because of 

which Indian and other standards contain dedicated clauses to determine their 

compression capacity. Built-up sections in steel structures are adopted when the 

required cross-section to withstand the design load is not available and are re-

cently also being adopted for retrofit of distressed members in service.

 

 

Fig. 1 Different Built-up options with angle sections for a tower; (a) Existence tower plan; (b) bi-angled T section; (c) bi-angled box section; (d) bi-angled cruciform section  

 

Among various built-up options for existing tower legs for retrofit, Tee (Fig. 

1 (b)) is not possible practically due to presence of bolts (Fig. 1 (a)) at both sides 

of the angle section and box section (Fig. 1(c)) is not possible due to presence 

of root radius at edges where the angles will have to be joined. Hence for an 

existing tower the cruciform arrangement offers the most practical solution 

since it minimally interferes with the two sides of the angle section which is to 

be retrofitted (Fig. 1(d)). A number of arrangements are cruciform by geometry 

(e.g., aligned, alternate etc.). But only the arrangement using uniformly spaced 

cleat angles for connecting the existing and reinforcing angles, have been called 

“cruciform” (Fig. 2) by researchers. 

Extensive literature is available on the behaviour of built-up sections com-

posed of angle sections. Tetra-angled cruciforms [4]–[6] have been studied as a 

built-up section comprising of angles as well as the effect of inter-connectors 

on the behaviour of these members. Flexural-Torsional buckling occurs depend-

ing on connector spacing [7] and overall slenderness [8]. Force sharing between 

the two members of a built-up section up to 30% have been seen in some studies 

[9], though this is influenced by the connection pattern viz. single cross plate, 

double cross plate, cleat angle etc. 

Bolt-slip is a common occurrence in sections used in towers, with the most 

widely adopted slip model for the angle sections proposed by Ungkurapinan et. 

al [10] experimental programme. Recent studies demonstrate the resemblance 
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of joint models including slip [11] with experimental observation, and the initial 

torque has a prominent influence on ultimate load and stiffness [12]. The appli-

cation of additional angles to strengthen towers is seen earlier in the form of 

diaphragm retrofit by Albermani [13], [14]. Among available tower primary leg 

retrofit patterns in literature, the studies by University of South Australia have 

determined that the cruciform is superior in terms of capacity improvement [15], 

and the improvement in tower ultimate capacity was also shown through testing 

of small-scale tower with leg-retrofit by cruciform arrangement [16]. Literature 

on efficiency of cruciform retrofit in improving the whole tower capacity are 

also present [17], [18]. Other retrofit options such as provision of casings [19], 

box [20] and others [21], [22] have also been attempted. Xie and Zhang [23] 

conducted an experimental test on a bottom panel of tower assembly by retro-

fitting the diagonal members and found that vulnerable members of the assem-

bly changed from diagonal to main member after retrofitting. The component 

method of Eurocode 8 can be used to evaluate the connection in these members 

[24]. 

From the practical implementation view it is seen that the cruciform of Ver-

tex-to-Vertex connection is more suitable [15], [22] for field application of ret-

rofitting tower legs. But it is found that experimental work for determining in 

detail the behaviour of cruciform arrangement is lacking in the literature. Hence 

from the literature it is seen that further investigations on behaviour of cruciform 

of bi-angled section are needed to ascertain their effectiveness as a built-up sec-

tion. Further, the existence-to-retrofit angle connections are to be specifically 

suitable for in-situ retrofitting. Such an option is presented in [15], [22]. The 

present study investigates the mechanical behavior of such cruciform retrofit 

section under compression loading experimentally and numerically using 

ABAQUS. Parameters chosen for study are (a) Slenderness Ratio, (b) Con-

nector Spacing, (c) Number of bolts per connector and (d) Width to thickness 

ratio. The present study will help in understanding the ultimate behaviour of bi-

angled cruciform section along with load sharing rate between Existing Member 

(EM) and newly added Reinforcing Member (RM). 

 

2.  Experimental setup 

 

As shown in the Fig. 2 Vertex-to-vertex cleat angles were used to connect 

both Existing Member (EM) and Reinforcing Member (RM) to form the bi-

angled Cruciform section with 5.6 grade of 10 mm sized bolt. Fig. 2 (a) and Fig. 

2 (b) shows the cross-sectional views with connectors and without connectors, 

respectively. Fig. 2 (b) shows the loading point P and “e” is the eccentricity of 

the loading point, whereby load will be initially taken by EM then transferred 

to RM through Vertex-to-vertex cleat angles.

 

 

Fig. 2 Cross-sectional view of Bi-Angled Cruciform Section; (a) with connectors; (b) without connectors 

 

 

Fig. 3 Testing setup for Bi-Angled Cruciform Section with position of Strain gauge and LVDT 
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Fig. 4 Details of Experimental Specimens; (a) Single Angle specimens; (b) Bi-Angled Cruciform specimens; (c) Bottom Connector Details 

 

The slenderness of the specimens of both single-angle and cruciform was 

chosen as the common parameter so that a comparative picture of change in 

failure (buckling) mode can be observed. The steel angle section of ISA 

40X40X6 of E350 grade as per IS:2062-2011 was chosen for both single-angle 

and bi-angled cruciform experiments. 

Fig. 3 mentions the detailed test setup and specimen details along with the 

location of strain gauges and LVDTs. A total of six strain gauges were used 

during the experiment for each Bi-Angled Cruciform (BAC) specimen, three for 

EM and three for RM. All these strain gauges were placed at the mid height of 

each segment (portion of specimen between two connectors). Three LVDTs 

(LVDT 1 and LVDT 2 to measure the lateral and transverse displacements at 

mid height and LVDT 3 to measure the axial displacement) were used. The 

loading point is the centroid of the EM (Fig. 2), and the top loading plate is 

welded only with EM (top of Fig. 3 (b)) . The level difference (Fig. 3 (c)) in the 

top surfaces of EM and RM, ensures that the load is initially taken by EM and 

then transferred to the RM through the bolted cleat angles over some distance.  

The bottom plate was welded to the bottom connectors alone and not to the 

EM and RM (Fig. 3 (d) and Fig. 4 (c)). This was done in order to replicate the 

real field conditions where the main member of the tower is connected to the 

foundation via coping. During the experiment, some fabrication errors were 

found in the bi-angled cruciform section SR100 whereby the elevational differ-

ence between EM and RM was insufficient and SR120 specimen had an overall 

inclination of 20 with vertical. The same errors which occurred during fabrica-

tion were included in the numerical model later for model validation purpose.

 

 

Fig. 5 Coupon Testing; (a) Coupon specimen before and after testing (b) Stress-Strain Plot 

 

Eqn (1) to (5) were used to determine the various cross-sectional properties 

of BAC (Fig. 2 (b)), the chosen cruciform has cross-sectional area (A) 888 mm2, 

centroidal moments of inertia (Ix) of both angles and product of inertia (Ixy) 

260596 mm4 and 56952 mm4, respectively. The cleat angle are neglected for 

moment of inertia calculation of cruciform.  
 

A = 2T (2B − T)                                               (1) 

 
Ix =

4B4−{(B−T)4+3(B2−T2)}

6
                                        (2) 

 
Ixy =

T2(2B2−T2)

2
                                                (3) 

 
Imin = Ix − Ixy                                                 (4) 

 

rmin = √
Imin

A
                                                   (5) 

 

Bolt hole clearance, pitch, edge distance, and end distance are considered 

based on the regulations of IS:802-1995 (Code of Practice for structural steel 

Overhead Transmission Line Towers) [25] , while the centre-to-centre spacing 

of the connectors is based on the AISC 360-16 [26] specification, which states 

that individual components of compression members composed of two or more 
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shapes shall be connected to one another at intervals, a, such that the slenderness 

ratio, a/ri, of each of the component shapes between the fasteners does not ex-

ceed three-fourths times the governing slenderness ratio of the built-up member. 

The least radius of gyration, ri, shall be used in computing the slenderness ratio 

of each component part. 

AISC 360-16 [26] suggests that for a built-up member to function as an 

effective structural member pretension is required. From the torque equation 

T=KFD, the required torque to obtain a pretension force of magnitude 10kN for 

bolts was evaluated as 20 N-m by considering K value as 0.2 [27] and this value 

of torque was applied to tighten the bolts. Sequence of tightening of bolts was 

performed from middle to outer as suggested in reference [10]. 

Three number of coupon specimens were extracted in accordance with the 

ASTM E8/E8M−13a [28] provisions and tension test was performed to find the 

grade of the steel and stress-strain properties. Fig. 5 (a) and Fig. 5 (b) shows the 

coupon specimen used for the tension test and average stress-strain (both engi-

neering and true values) graph.  

Detailed test setup for the single angles and cruciform specimens including 

location of LVDT, strain gauges, load cell shown in Fig. 3 The loading was 

stopped during each experiment after load started to drop, post the ultimate load 

based on safety considerations due to the deflection of specimen. Plots of load-

deflection, strains and related results are plotted in section 4. 

 

3.  Numerical modelling 

 

In order to obtain greater understanding on the physical behavior of these 

sections, a parametric study was performed. A numerical model was developed 

using ABAQUS. All parts named Existing Member (EM), Reinforcing Member 

(RM), and Connectors were created in the part module using the 3D solid ex-

trude option.  Bolt and nut were developed as a single unit called a fastener. 

The material density was taken as 7850 kg/m3, with 0.3 as the friction coeffi-

cient. Boundary conditions of pinned at the base of bottom plate and twist and 

vertical deflection allowed at loading point were applied based on deformation 

observed in experiment. 

 

 

Fig. 6 Buckling Modes; (a) SA-F; (b) SA-T; (c) SA-LB; (d) BAC-F; (e) BAC-T; (f) 

BAC-FT; (g) BAC-LB 

 

Table 1 

List of models generated for Experimental results Validation and their global buckling modes 

S. No Name of Model Size of Section λ L First 4 Buckling Modes 

1 SR80-SA-Num 

ISA 40X40X6 

80 616 F, T, LB, LB 

2 SR100-SA-Num 100 770 F, T, LB, LB 

3 SR120-SA-Num 120 924 F, T, LB, LB 

4 SR80-BAC-Num 80 1200 F, T, TF, TF 

5 SR100-BAC-Num 100 1500 F, T, TF, TF 

6 SR100-BAC-Im-Num 100 1500 F, T, TF, TF 

7 SR120-BAC-Num 120 1800 T, TF, F, TF 

8 SR120-BAC-Im-Num 120 1800 T, TF, F, TF 

SR, λ - Slenderness Ratio; L – Length of specimen; Num – Numerical model; Im – Imperfection modified; F - Flexural Buckling about Minor Axis; T - Torsional Buckling; TF - Torsional-

Flexural Buckling; LB – Local Buckling.  

 

Fig. 7 Cruciform model with MPC connected to EM; (a) Top, (b) Bottom 

Multipoint constraints (MPC) beam elements are used for application of 

boundary conditions and load (Fig. 7). The bolt load of 10kN is applied as the 

bolt pretension. The total analysis is conducted in two stages [3] – stage 1 in-

cludes the prediction of buckling modes from linear perturbation analysis to in-

corporate the imperfections. Stage 2 was non-linear analysis performed by 

Static-RIKS by incorporating the imperfections from stage 1 analysis. Imper-

fections factors of 0.5, 0.1, 0.1 and 0.1 (decided based on the trial and error to 

match with the experimental behaviour) for the first four buckling modes were 

incorporated through the keyword edit (Fig. 6, Table 1). Different global seed 

size of 5, 10 and 15 were tried for the analysis and it was found that ultimate 

behaviour was same for all mesh sizes and hence mesh size of 15 was adopted 

to minimize the computational time. Eight noded brick elements (C3D8R) with 

reduced integration were assigned [15], [29]. Two interactions were considered 

- penalty friction formulation with a friction coefficient of 0.25 in tangential 

behaviour and hard contacted pressure-overclosure with a penalty (Standard) 

for constraint enforcement method by specifying contact stiffness of 2000 N-

mm with a linear behaviour [22].  

 

4.  Results and discussions 

 

Experiments were performed on single angles and Bi-Angled cruciforms of 

same slenderness to evaluate their mechanical behaviour and capacities. Nu-

merical validation of all models were done using the experimental results. Com-

parison of experiment and numerical results are presented in Table 2. 

 

4.1. Experimental results 
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Table 2 shows the ultimate capacities obtained from testing. During the ex-

periments, flexural buckling was observed for the all-single angles and cruci-

form sections of SR 80 and SR 100, whereas for SR 120 cruciform section, 

flexural-torsional buckling was observed. Due to insufficient elevational differ-

ence between EM and RM (SR 100 specimen) due to fabrication error, top plate 

attained contact with RM and therefore load was taken by both EM and RM 

from early stages of loading leading to higher failure load. 

 

 

Fig. 8 Load vs Lateral Displacement for Single Angle (SA) and Bi-Angled Cruciform 

(BAC) Experiments 

 

Fig. 8 show the load vs lateral displacement curves for all single angles and 

cruciform specimens, from the figure it is found that there is no much difference 

observed in the stiffness of both 80 and 100 slenderness specimens, whereas the 

stiffness of 120 slenderness specimen is significantly lower. This is because the 

Flexural-Torsional buckling drives the deflection of the specimen and also the 

effect of 20 inclination.  

 

4.2. Numerical results and validation 

 

For the specimen of slenderness 100 which had insufficient elevation dif-

ference between EM & RM, the ultimate capacity was 171.1kN since load was 

taken by both members from the start. Numerical capacity of SR100-BAC-Num 

was 169.26 kN. Therefore, a numerical model (SR100-BAC-Im-Num) of slen-

derness 100 was developed including the desired elevational difference between 

EM and RM and its capacity was 133.22 kN. Since SR120 model had an overall 

inclination of 20 the same was included in the numerical model for validation. 

The models ‘SR120-BAC-Num’ and ‘SR120-BAC-Im-Num’ are numerical 

models validated with inclination of 20 and without inclination, respectively. 

 

 

Fig. 9 Load vs Lateral Displacement for Single Angle Specimens 

 

Fig. 10 Comparison of Exp-Num for Load vs Lateral Displacement for Bi -Angles Cruci-

form 

 

For single angles and bi-angled Cruciform sections of all slenderness ratios, 

numerical capacity matched with experimental capacity and load vs lateral dis-

placement curves (Fig. 9 and Fig. 10) were in good agreement with numerical 

results. The initial stiffness of SR80 and SR100 coincided and their load carry-

ing capacities obtained from experiment (and numerical) were 188.2 kN (and 

186.9 kN) and 171.1 kN (and 169.2 kN) respectively. The stiffness of 120 slen-

derness specimen is very low when compared with other slenderness specimens. 

Secondary moments in a column is prominent at higher slenderness ratios and 

also the eccentric loading amplifies the reduction in lateral stiffness in this spec-

imen.  

Comparison of load vs axial displacement for cruciform specimens are pre-

sented in Fig. 13. From that curves it is observed that, unlike lateral stiffness 

there is not much difference in axial stiffness between various slenderness spec-

imens. As the curvature and the lateral deflection of a member increases, the 

compressive stresses on the concave side of the member also increases until the 

member fails due to excessive yielding. In the numerical analysis this corre-

sponds to the increment where specimen reaches ultimate load. For Single an-

gles (Fig. 11) and bi-angled Cruciform specimens (Fig. 12) the bending was 

observed about minor axis (v-v axis) in both experimental and numerical anal-

ysis. 

 

 

Fig. 11 Buckling axis for Single Angle Specimen 

 

 

Fig. 12 Buckling axis for Bi-Angled Cruciform Specimen 
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Comparison of load vs lateral displacement for SR 100 and SR 120 with 

and without fabrication errors Fig. 14. Stiffness of SR100-BAC-Im-Num 

(Model with elevational difference) was similar to experimental specimen, but 

there is considerable difference in their load carrying capacities, showing that 

providing elevational difference between the EM and RM affects the ultimate 

capacity. For SR120 model stiffness and capacity are greater for the specimen 

without inclination - 97.27kN compared to 82.47kN with inclination. Fig. 15, 

Fig. 16 and Fig. 17 show the deformed shapes of experimental cruciform spec-

imens along with numerical model deformed shapes obtained from numerical 

analysis. 

 

 

Fig. 13 Load vs Axial Displacement of Cruciform Specimens (Exp-Numerical Comparison) 

 

 

Fig. 14 Load vs Lateral Displacement for SR100 and SR120 Bi-Angles Cruciform (Com-

parison of models inclusive of fabrication errors) 

 
Fig. 18 (a) to Fig. 18 (f) show the Load vs Micro Stain curves from the 

experiments in EM & RM for the cruciform sections and same are compared 

with numerical values. During the experiments, for all specimens, the highest 

strain at any load was recorded in the top segment of EM and least strain rec-

orded in the top segment of RM and the same is seen in the validated numerical 

models. In the bottom segments of SR 80 and SR 100 specimens, the difference 

between the strains in EM and RM was low, indicating that the loads carried by 

EM and RM in the bottom segment are almost equal. In case of SR120 greater 

difference in strains between EM and RM compared to SR80 and SR100 were 

observed in the bottom segment, which may be due to higher slenderness ratio 

within each segment and initial inclination. In each figure, the top segment of 

EM which records the highest strain is the left most curve, while top segment 

of RM which carries least strain is the right most curve. The bottom segments 

of both EM and RM which carry intermediate, but similar strains, are seen in 

the middle of each figure. Strain in EM decreases from top segment to bottom 

segment, where as in RM its increases from top to bottom, which clearly depicts 

the load transfer through the connected angle cleats. 

 

Fig. 15 SR80 Deformed Shape (Exp-Numerical) 

 

 

Fig. 16 SR100 Deformed Shape (Exp-Numerical) 

 

 

Fig. 17 SR120 Deformed Shape (Exp-Numerical) 

  
 

  
 

  
 



Gorripotu Kishore Kumar and Raghavan Ramalingam  45 

 

Fig. 18 Comparison of Load vs Micro Strain (T-Top; M-Middle; B-Bottom) 

 

4.3. Codal predictions 

 

The experimental and numerical capacities were also compared with the 

codal predictions. Capacity of single and bi-angled cruciform sections were 

calculated with the help of Indian Standard [30], European Standard[31] and 

AISC[26] codal provisions and compared with experimental results. From the 

specifications of design of compression member, the following set of equations 

(6-9) were used to determine the capacity by using IS:800-2007 [30] and BS 

EN 1993-1-1:2005 / EN 1993-1-1:2005 (E) [31]. Partial safety factors were 

avoided in calculations. 

 

𝑁𝑏,𝑅𝑑 =  𝜒 𝐴 𝑓𝑦                                                 (6) 

 

𝜒 =  
1

∅+[∅2− 𝜆2]0.5
     𝑏𝑢𝑡 𝜒 ≤ 1.0                                   (7) 

 

𝜆̅ = √
𝐴𝑓𝑦

𝑁𝑐𝑟
                                                      (8) 

 

𝑁𝑐𝑟 =  
𝜋2𝐸𝐼

𝐿𝑐
2                                                     (9) 

Sections E3 & E4 of AISC: 360-16 [26] were used for determining the 

flexural buckling & Torsional and Flexural-Torsional buckling capacities of 

section respectively. The procedure available in E6 was followed to determine 

the modified slenderness ratio for built-up cruciforms. 

 

𝑃𝑛 =  𝐹𝑐𝑟𝐴𝑔                                                    (10) 

 

Flexural Buckling Strength 

 

𝐹𝑐𝑟 =  (0.658
𝐹𝑦

𝐹𝑒 ) 𝐹𝑦                                            (11) 

 

𝐹𝑒 =
𝜋2𝐸

(
𝐿𝑐
𝑟

)
2                                                    (12) 

 

Modified slenderness ratio for built-up section, Ki considered as 0.86. 

 

(
𝐿𝑐

𝑟
)

𝑚
= √(

𝐾𝑖𝑎

𝑟𝑖
)

2

+ (
𝐿𝑐

𝑟
)

𝑜

2

                                       (13) 
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Torsional and Flexural-Torsional buckling strength 

 

𝐹𝑒 = (
𝜋2𝐸𝐶𝑤

𝐿𝑐𝑧
2 + 𝐺𝐽)

1

𝐼𝑥+𝐼𝑦
                                         (14) 

 

The effective length factor (K) for the codal predictions was taken as 0.85, 

due to absence of degree of restraint properties for coping kind of support con-

dition, the K value was decided based on the deformed shape of bi-angled cru-

ciform experimental specimens. For the determination of effective slenderness 

ratio, radius of gyration about the minor principle axis (rvv) was used since the 

buckling (Fig. 10 and Fig. 12) for both single and bi-angled cruciform was ob-

served about minor principle axis. 

Table 2 shows that experimental and numerical results of single angles are 

close to the Codal predictions of IS [30] and Euro [31] code. The capacity pre-

dicted by AISC code [26] is higher than that of the other two codes. Codal ca-

pacity (using the flexural buckling specifications with respect to IS & Euro 

codes) for 100 & 120 slenderness cruciform were unconservative in comparison 

to experimental and numerical capacity. Codal capacity (with Flexural-Tor-

sional Buckling) in accordance with AISC specifications were in better agree-

ment with numerical capacity for 100 & 120 slenderness specimens. Codal flex-

ural buckling capacities obtained through IS and Euro codes are similar, since 

the codal expressions in both codes are identical.

 

Table 2 

Comparison of Experimental -Numerical-Analytical Results for Experimental Specimens 

S. No Name of Model 

Capacity of Section (kN) 

Experimental Numerical 
Analytical 

IS Code [30] Euro [31] AISC [26] 

1 SR80-SA-Num  109.04 107 108.55 (F) 108.55 (F) 121.3 (F) 

2 SR100-SA-Num 100.1 95.8 95.4 (F) 95.4 (F) 108.82 (F) 

3 SR120-SA-Num 75.072 81.7 77.7 (F) 77.7 (F) 95.21 (F) 

4 SR80-BAC-Num 188.237 186.87 180.1 (F) 180.15 (F) 177.55 (TF) 

5 SR100-BAC-Num 171.1 169.26 - - - 

6 SR100-BAC-Im-Num - 133.22 145 (F) 145.03 (F) 136.46 (TF) 

7 SR120-BAC-Num 81.81 82.47 - - - 

8 SR120-BAC-Im-Num - 97.271 111.8 (F) 111.8 (F) 97.04 (TF) 

 

4.4. Parametric study 

 
The parameters varied are: (a) Slenderness ratio – 80, 100 & 120; (b) Spac-

ing of connectors – according to AISC specifications, spacing equal to (¾)L 

times the ratio of rmin of single angle to Bi-Angled cruciform section and L times 

the ratio of rmin of single angle to Bi-Angled cruciform section, where L is length 

of full section; (c) Number of bolts per connector – 4 & 6; (d) Width to thickness 

ratio (represented as Wt.R) of angle section – 6.7, 10 & 15. Fig. 19 shows, spec-

imens with different spacing of connectors and number of bolts per connector 

used in the parametric study. A total of thirty-six models were thus developed 

and analyzed to figure out the influence of the considered parameters on capac-

ity and load sharing rate. The list of various models along with their capacities 

obtained from codal predictions and numerical are mentioned in the Table 3.

 
Table 3 

Consolidated Results for all Parametric models 

S.No Model 
L 

(mm) 

Theoretical Capacity in kN 
Avg 

Stress 

in MPa 

Num-Cap 

(kN) 

Axial 

Stiffness  

(kN/mm) 

IS Code Euro Code AISC 360-16 

FB FB FB TFB 

1 SR80-TFS-4B-Wt.R.6.7 1200 180.1 180.2 212.9 177.6 200 186.8 (F) 122.77 

2 SR80-TFS-4B-Wt.R.10 1552 191.1 191.1 226.4 190.9 215 191.2 (F) 104.93 

3 SR80-TFS-4B-Wt.R.15 2368 291.7 291.6 354.5 288.6 325 274.4 (F) 96.25 

4 SR80-TFS-6B-Wt.R.6.7 1200 180.1 180.2 212.9 177.6 200 190.8 (F) 124.75 

5 SR80-TFS-6B-Wt.R.10 1552 191.1 191.1 226.4 190.9 215 195.6 (F) 105.68 

6 SR80-TFS-6B-Wt.R.15 2368 291.7 291.6 354.5 288.6 325 290.8 (F) 105.84 

7 SR80-S-4B-Wt.R.6.7 1200 180.1 180.2 212.9 154.2 173.6 172.9 (F) 119.58 

8 SR80-S-4B-Wt.R.10 1552 191.1 191.1 226.4 164.8 185.6 171.5 (F) 96.8 

9 SR80-S-4B-Wt.R.15 2368 291.7 291.6 354.5 248.5 279.8 264.2 (F) 93.85 

10 SR80-S-6B-Wt.R.6.7 1200 180.1 180.2 212.9 154.2 173.6 176.8 (F) 121.76 

11 SR80-S-6B-Wt.R.10 1552 191.1 191.1 226.4 164.8 185.6 187.7 (F) 102.91 

12 SR80-S-6B-Wt.R.15 2368 291.7 291.6 354.5 248.5 279.8 271.9 (F) 101.57 

13 SR100-TFS-4B-Wt.R.6.7 1500 145 145 181.3 136.5 143.7 133.2 (F) 95.61 

14 SR100-TFS-4B-Wt.R.10 1940 150.2 150.7 192.1 143.7 151.3 154.1 (F) 78.41 

15 SR100-TFS-4B-Wt.R.15 2960 229.9 229.7 293.1 211.2 222.3 228.9 (F) 78.01 

16 SR100-TFS-6B-Wt.R.6.7 1500 145 145 181.3 136.5 143.7 144.7 (F) 98.79 

17 SR100-TFS-6B-Wt.R.10 1940 150.2 150.7 192.1 143.7 151.3 166.6 (F) 81.611 

18 SR100-TFS-6B-Wt.R.15 2960 229.9 229.7 293.1 211.2 222.3 240.8 (F) 82.17 

19 SR100-S-4B-Wt.R.6.7 1500 145 145 181.3 106.9 112.5 123.4 (F) 92.89 

20 SR100-S-4B-Wt.R.10 1940 150.2 150.7 192.1 112.6 118.5 139.8 (F) 77.19 
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21 SR100-S-4B-Wt.R.15 2960 229.9 229.7 293.1 169.2 178.1 211.1 (F) 76.12 

22 SR100-S-6B-Wt.R.6.7 1500 145 145 181.3 106.9 112.5 137.4 (F) 96.002 

23 SR100-S-6B-Wt.R.10 1940 150.2 150.7 192.1 112.6 118.5 142.4 (F) 81.02 

24 SR100-S-6B-Wt.R.15 2960 229.9 229.7 293.1 169.2 178.1 217.1 (F) 81.32 

25 SR120-TFS-4B-Wt.R.6.7 1800 111.8 111.9 141.7 97.04 66.9 97.2 (TF) 77.29 

26 SR120-TFS-4B-Wt.R.10 2328 118.1 118.1 149.6 99.49 68.6 104.1 (TF) 62.42 

27 SR120-TFS-4B-Wt.R.15 3552 180.2 180.1 228.2 144.9 99.9 161.0 (TF) 61.25 

28 SR120-TFS-6B-Wt.R.6.7 1800 111.8 111.9 141.7 97.04 66.9 106.2 (TF) 81.45 

29 SR120-TFS-6B-Wt.R.10 2328 118.1 118.1 149.6 99.49 68.6 109.9 (TF) 65.02 

30 SR120-TFS-6B-Wt.R.15 3552 180.2 180.1 228.2 144.9 99.9 167.4 (TF) 65.74 

31 SR120-S-4B-Wt.R.6.7 1800 111.8 111.9 141.7 68.57 47.3 96.0 (TF) 76.73 

32 SR120-S-4B-Wt.R.10 2328 118.1 118.1 149.6 70.9 48.9 96.7 (TF) 61.33 

33 SR120-S-4B-Wt.R.15 3552 180.2 180.1 228.2 106.4 73.4 152.1 (TF) 59.93 

34 SR120-S-6B-Wt.R.6.7 1800 111.8 111.9 141.7 68.57 47.3 100.6 (TF) 79.221 

35 SR120-S-6B-Wt.R.10 2328 118.1 118.1 149.6 70.9 48.9 100.9 (TF) 64.25 

36 SR120-S-6B-Wt.R.15 3552 180.2 180.1 228.2 106.4 73.4 156.2 (TF) 64.89 

Wt.R - Width/Thickness Ratio; for Wt.R 6.7 ISA40X40X6, Wt.R 10 ISA 50X50X5, Wt.R 15 ISA 75X75X5 were used; TFS - (3/4)*Spacing & S - Spacing (S); 4B - 4 Bolts per each 

cleat angle, 6B - 6 Bolts per each cleat angle; L – Length of the model; C/C-C – Centre to Centre of connectors. 

 

From Fig. 20 (a) to Fig. 20 (c) it is seen that the load vs lateral displacement 

behavior varies with spacing of connectors as well as the number of bolts per 

connector. For any slenderness ratio and width to thickness ratio of 6.7, sections 

with TFS (3/4 spacing) and six bolts per connector takes highest load due to low 

slenderness ratio of each segment and longer load transfer path. The effect of 

width to thickness ratio is depicted in Fig. 20 (d) which shows the stress vs 

lateral displacement for the SR80 specimen with TFS (3/4 spacing) and four 

bolts per connector at various width to thickness ratios. It clearly seen that the 

stiffness of model decreases with the increase in the width to thickness ratio 

since stiffness of individual angle leg tends to reduce with increasing width to 

thickness ratio, leading to reduction in the overall stiffness of the section.

 

 

Fig. 19 (a) Various Cruciform sections in parametric study; (a) (¾)S with 4 bolts per connector, (b) “S” with 4 bolts per connector, (c) (¾)S with 6 bolts per connector, (d) “S” with 6 bolts 

per connector 
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Fig. 20 (a) Load vs Lateral Displacement for 80 Slender and width to thickness ratio of 6.7; (b) Load vs Lateral Displacement for 100 Slender and width to thickness ratio of 6.7; (c) Load 

vs Lateral Displacement for 120 Slender and Wt.R6.7; (d) Stress vs Lateral Displacement for SR80 with various width to thickness ratios 

 
Table 3 also shows the axial stiffness (kN/mm) for all parametric study 

models. For specimens of same slenderness, compared to other parameters, it 

was noticed from the results that the axial stiffness is highly influenced by var-

iation in width to thickness ratio. As an example, for SR80-TFS-4B model and 

width to thickness ratio of 6.7, stiffness is 122.77 kN/mm whereas it reduces to 

104.93 kN/mm and 96.25 kN/mm for width to thickness ratio of 10 and width 

to thickness ratio of 15 respectively. There is slight reduction in the stiffness 

observed for any model when spacing of connectors increased from TFS (¾ S) 

to S, and slight increase in stiffness when number bolted increased from 4 to 6. 

Axial stiffness of models with TFS-4B-Wt.R6.7 reduces from 122.77 kN/mm 

for SR80 to 95.61 kN/mm for SR100 and its further reduces to 77.29 for SR120, 

showing that slenderness ratio influences the axial stiffness considerably. 

 

4.5. Load sharing rate 

 

One of the major objectives of study was to investigate the load transferring 

mechanism from the Existing Member (EM) to Reinforcing Member (RM) 

through the cleat angles. The stress transmission from EM to RM is clearly ob-

served from Fig. 21 in the axial direction for all cruciform specimens. All fig-

ures show EM on the right hand side and RM on the left hand side. It is clearly 

visible that stress in EM reduces from top to bottom, whereas for RM it in-

creases. It is observed that the high stress which is present in the top segment of 

EM (Fig. 21) reduces with increase in the slenderness ratio, which is due to 

reduction in the capacity of the specimen with increase in slenderness ratio. The 

three rows in Fig. 22 show the cross-sectional stress variation among the EM 

and RM at mid-height of each segment for SR 80, SR 100 and SR 120 for width 

to thickness ratio of 6.7.  

Field output values by probing S33 (in axial direction) was extracted for 

every element at the mid height cross section of each segment and then multi-

plied by the element cross-sectional area which provides the total load at the 

cross-section in a particular member (EM or RM). As an example, for 80SR-

TFS-4B-Wt6.7, the load sharing details are mentioned in Table 4. The load shar-

ing at the bottom segment is of utmost interest for practical purpose, hence Ta-

ble 5, Table 6 and Table 7 show the consolidated load sharing only at the bottom 

segment of all specimens of 80SR, 100SR and 120SR respectively. 

 

4.5.1. Effect of connector spacing on load sharing 

From Fig. 23 it is clear that, for models with same slenderness ratio and 

number of bolts per connector, there is a reduction in percentage of load trans-

ferring from EM to RM in models with connector spacing of S when compared 

with TFS (3/4 Spacing). Percentage reduction of load sharing for models with 

spacing S varies from an average of 19.9% to a maximum of 29.9%.  The in-

dividual segments slenderness ratio is high in the models with spacing S, when 

compared with the models with TFS, which is the plausible reason for less load 

transferring in models with spacing S. 

 
Fig. 21 Variation of Stresses in the EM & RM in longitudinal direction (a) SR80; (b) 

SR100; (c) SR120 
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4.5.2. Effect of bolts per connector on load sharing 

There is a considerable influence of the number of bolts per connector in 

the load sharing between the EM and RM. This can be observed in Fig. 23 by 

comparing any two bar columns with different bolts per connector and all other 

parameters same. There is an average increase of 19.29% to maximum of 35.7% 

of load sharing happens in models with 6B (six bolts per connector) than com-

pared to models with 4B (four bolts per connector). The cumulative intensity of 

bolt pre-tension force is more in models with 6B, which establishes a greater 

bearing resistance between the EM and RM than models with 4B, which may 

lead to higher load sharing for 6B models. 

4.5.3. Effect of slenderness ratio on load sharing 

It is clear from Fig. 23 that for any combination of parameters with increase 

in slenderness ratio load sharing reduces. Average of 6.52% to a maximum of 

12.8% reduction in load sharing for 100 slenderness specimens observed com-

pared to 80 slender specimens. It is about 28.2% average to 35.06% maximum 

for 120 slenderness compared to 100 slenderness specimens. SR120 specimen’s 

flexural torsional type of failure which differs from failure mode of SR80 and 

SR100 (Flexural mode) causes the lower load sharing rate. In addition, segmen-

tal slenderness ratio for SR120 specimen is higher than in other two specimens.

 

Table 4 

Load Sharing of 80SR-TFS-4B-Wt6.7 (80SR Exp) 

Location @mm 

Load 

Percentage of Load in RM 

Existing Member (EM) Reinforcing Member (RM) 

Top of EM 185.33   

Top Segment @ 305 142.86 43.52 23.35% 

Middle Segment @755 122.06 65.08 34.78% 

Bottom Segment @1055 83.43 102.03 55.02% 

 

Table 5 

Load Sharing between the EM & RM at Mid height of last segment for 80SR specimens 

S. No Model Total Capacity in kN 

Load Sharing in kN 

Percentage of Load in RM Existing Member  

(EM) 
Reinforcing Member (RM) 

1 80SR-TFS-4B- Wt.R.6.7 186.87 83.43 102.03 54.60% 

2  80SR-TFS-6B-Wt.R.6.7 190.89 76.56 114.14 59.90% 

3 80SR-S-4B-Wt.R.6.7 172.93 99.13 73.61 42.57% 

4 80SR-S-6B-Wt.R.6.7 176.869 92.75 83.40 47.15% 

5 80SR-TFS-4B-Wt.R.10 191.23 99.67 91.19 47.68% 

6 80SR-TFS-6B-Wt.R.10 195.648 94.79 98.70 50.45% 

7 80SR-S-4B-Wt.R.10 171.55 113.38 60.52 35.28% 

8 80SR-S-6B-Wt.R.10 187.74 108.90 80.92 43.10% 

9 80SR-TFS-4B-Wt.R.15 274.478 167.00 107.72 39.25% 

10 80SR-TFS-6B-Wt.R.15 290.852 153.07 136.91 47.07% 

11 80SR-S-4B-Wt.R.15 264.242 188.32 73.33 28.97% 

12 80SR-S-6B-Wt.R.15 271.954 168.59 102.43 37.66% 

 

Table 6 

Load Sharing between the EM & RM at Mid height of last segment for 100SR specimens 

S. No Model Total Capacity in kN 

Load Sharing in kN 
Percentage of Load in 

RM Existing Member  

(EM) 

Reinforcing Member  

(RM) 

1 SR100-TFS-4B-Wt.R.6.7 133.22 67.46 67.70 50.82% 

2 SR100-TFS-6B-Wt.R.6.7 144.78 61.53 82.90 57.40% 

3 SR100-S-4B-Wt.R.6.7 123.45 74.46 47.35 38.36% 

4 SR100-S-6B-Wt.R.6.7 137.415 74.57 64.01 46.58% 

5 100SR-TFS-4B-Wt.R.10 154.197 84.07 68.76 44.59% 

6 100SR-TFS-6B-Wt.R.10 166.695 87.55 77.96 46.77% 

7 100SR-S-4B-Wt.R.10 139.83 91.73 47.23 33.78% 

8 100SR-S-6B-Wt.R.10 142.483 84.78 56.41 39.59% 

9 100SR-TFS-4B-Wt.R.15 228.616 142.61 83.67 36.60% 

10 100SR-TFS-6B-Wt.R.15 240.884 133.70 106.54 44.23% 

11 100SR-S-4B-Wt.R.15 211.164 149.24 61.18 27.75% 

12 100SR-S-6B-Wt.R.15 217.104 145.38 71.30 32.84% 

 

4.5.4. Effect of width to thickness ratio on load sharing: 

From the results, it is found that for any slenderness ratio there is consider-

able reduction in the load sharing rate with increase in the width to thickness 

ratio of the angle legs. For example in case of SR80 with TFS spacing and 4B 

connectors for Wt.R 6.7 the load sharing rate is 55.02% where for the Wt.R 15 

load sharing is 39.12%. From Fig. 23 for any set of other constant parameters 
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with increase in width to thickness ratio from 6.7 to 10, it was observed that 

average of 14.45% to maximum of 22.31% reduction in load sharing happened. 

Similarly, for width to thickness ratio of 10 to 15 there is 14.06% average to 

21.34% reduction in load sharing can be seen. 

 

Table 7 

Load Sharing between the EM & RM at Mid height of last segment for 120SR specimens 

S. No Model Total Capacity in kN 

Load Sharing in kN 
Percentage of Load in 

RM Existing Member  

(EM) 

Reinforcing Member  

(RM) 

1 120SR-TFS-4B-Wt.R 6.7 97.271 63.20 33.84 34.79% 

2 120SR-TFS-6B-Wt.R.6.7 106.247 63.20 44.25 41.65% 

3 120SR-S-4B-Wt.R.6.7 96.053 70.25 26.74 27.84% 

4 120SR-S-6B-Wt.R.6.7 100.644 64.37 33.89 33.67% 

5 120SR-TFS-4B-Wt.R.10 104.124 73.23 30.15 28.96% 

6 120SR-TFS-6B-Wt.R.10 109.995 69.84 39.24 35.67% 

7 120SR-S-4B-Wt.R.10 96.724 75.75 22.09 22.84% 

8 120SR-S-6B-Wt.R.10 100.922 68.87 30.98 30.69% 

9 120SR-TFS-4B-Wt.R.15 161.034 121.43 38.64 23.99% 

10 120SR-TFS-6B-Wt.R.15 167.419 118.56 48.43 28.93% 

11 120SR-S-4B-Wt.R.15 152.144 119.93 32.04 21.06% 

12 120SR-S-6B-Wt.R.15 156.259 107.00 42.27 27.05% 

 

 
Fig. 22 Stress distribution in between EM & RM at various cross – sections top to bottom (left to right) for Wt.R.6.7; (a) to (d) – SR80-TFS-4B; (e) to (h) – SR100-TFS-4B; (i) to (l) – 

SR120-TFS-4B 
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Fig. 23 Variation of Percentage of Load Carrying by RM with Various Slenderness Ratio 

 

5.  Conclusions 

 

In the present study, the behavior of Bi-Angled Cruciform (BAC) sections 

made by connecting two angle sections vertex to vertex were tested for three 

different slenderness ratio (80, 100 and 120) under compression through one 

angle. Numerical models developed in ABAQUS were validated with the 

experimental results followed by a parametric study with 36 models to 

investigate the effect of various parameters, namely, slenderness ratio, spacing 

of connectors, number of bolts per connector and width to thickness ratio. The 

experimental and numerical capacities were also compared with codal 

predictions using Indian Standard, Euro Code and AISC specifications. The 

load sharing between the EM and RM is the key result to show the application 

of the retrofit arrangement. The following conclusions can be drawn: 

 

i. These bi-angled cruciform provide 20% to 83% increase in capacity as 

single angles of same slenderness as against 100% increase expected 

theoretically. The increase percentage decreases with overall specimen 

slenderness. However, this increase in capacity shows that the cruciform 

arrangement is capable as a quick in-situ solution for intervention.  

ii. The experiment (SR100-BAC) where the top loading plate attained 

contact with RM shows that there is a significant difference in capacity 

(21%) in comparison with cruciform loaded through the centroid of EM 

which transfer loads via the connectors to RM. This difference is not 

significant at lower slenderness (SR80). 

iii. All models of SR80 and SR100 failed by flexural buckling while SR120 

models fail in flexural-torsional mode. Consequently, IS and Euro code 

prediction were close to the numerically obtained values when using 

flexural buckling equation. The AISC code which contains a slenderness 

factor (Ki) for built-up sections over predicts the flexural buckling 

capacity. 

iv. From the diagrams, the transfer of load from EM to RM is shown to be 

more efficient in cruciform arrangement for lower slenderness. For higher 

slenderness, improvements can be obtained with more fasteners per 

connection and/or lower inter-connection spacing. The load-sharing rate 

ranges from 20% in the top segments to up to 50% at the bottom most 

segments highlighting the importance of the connection arrangements in 

achieving the required load sharing.  

v. From the conducted parametric study results, the influence of parameters 

can be ranked in descending order as follows: overall slenderness, angle 

leg width to thickness ratio, spacing of connectors and lastly, bolts per 

connector. On overall load sharing in SR120 specimens is only 35%, and 

width to thickness ratio 15 leads to sharing rate as low as 22%. Therefore, 

these parameters can be chosen carefully to achieve efficient load transfer 

in the built-up cruciform for the retrofit. 

vi. The ideal load sharing rate in any retrofitting technique is 50% each in 

Existing Member (EM) and Reinforcing Member (RM). From the results 

it is seen that this is achieved only at lower slenderness ratio (80) and low 

width to thickness ratio (6.7) and when employing TFS-spacing for con-

nectors. The load share in the RM falls below 50% at the same slender-

ness ratio when the connector spacing is S. For the two higher slenderness 

ratios (100 and 120) the load share in RM does not reach 50% for any 

case, even though in all cases the TFS-spacing resulted in the higher load 

share in RM. Therefore AISC 360-16 [26] recommendation pertaining to 

maximum connector spacing shall be followed in order to achieve the 

maximum possible load share in RM, though this will not always result 

in 50% load share. 

Consideration of the preload in Existing Member (EM) before addition of 

the Reinforcing Member (RM) and influence of the preload on the overall built-

up section can be taken as future scope of research.

 

Nomenclature 

 

SA Single Angle 
 

fy Characteristic yield stress (IS 800) 

BAC Bi-Angled Cruciform section 
 

λ non-dimensional effective slenderness ratio (IS 800) 

SR 80 Slenderness Ratio of 80, Similarly for SR100 and SR 120 
 

α Imperfection factor (IS 800 & EN 1993-1-1:2005) 

TFS Center to center connector spacing equal to “(¾)*L times 

the ratio of rmin of single angle to Bi-Angled cruciform sec-

tion” 

 
Nb, Rd Design buckling resistance of compression member (EN 1993-1-

1:2005) 

S Center to center connector spacing equal to “L times the 

ratio of rmin of single angle to Bi-Angled cruciform sec-

tion” 

 
χ Reduction factor (EN 1993-1-1:2005) 
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4B 4 Bolts per one angle cleat 
  

Non-dimensional slenderness (EN 1993-1-1:2005) 

6B 6 Bolts per one angle cleat 
 

Ncr Elastic critical force (EN 1993-1-1:2005) 

Wt.R 6.7 Width to thickness ratio of 6.7 for angle, similarly Wt.R 10 

and Wt.R 16 

 
Lc Effective Length (EN 1993-1-1:2005) 

A Cross-sectional area of SA or BAC 
 

I Moment of Inertia (EN 1993-1-1:2005) 

Ix/Iy Moment of Inertia about x-x axis/y-y axis 
 

Pn Nominal axial strength (AISC 360-16) 

Ixy Product of Inertia 
 

Fcr Critical stress (AISC 360-16) 

Imin Minimum moment of Inertia 
 

Ag Gross area of member (AISC 360-16) 

rmin Minimum radius of gyration 
 

Fy Specified minimum yield stress (AISC 360-16) 

SR Slenderness Ratio 
 

Fe Elastic buckling stress (AISC 360-16) 

L Length of SA/BAC specimens 
 

(Lc/r)m Modified slenderness ratio for built-up section (AISC 360-16) 

Pd Design compressive strength (IS 800) 
 

Cw Warping Constant (AISC 360-16) 

Ae effective sectional area (IS 800) 
 

Lcz Effective length of member for buckling about longitudinal axis 

(AISC 360-16)  
fcd Design compressive stress (IS 800) 

   

 

References 

 
[1] A. H. A. Abdelrahman, Z.-L. Du, Y.-P. Liu, and S.-L. Chan, “Stability design of single angle 

member using effective stress-strain method,” Structures, vol. 20, pp. 298–308, Aug. 2019, 

doi: 10.1016/j.istruc.2019.04.013. 

[2] W.-Q. Jiang, Y.-P. Liu, S.-L. Chan, and Z.-Q. Wang, “Direct Analysis of an Ultrahigh-

Voltage Lattice Transmission Tower Considering Joint Effects,” Journal of Structural 

Engineering, vol. 143, no. 5, May 2017, doi: 10.1061/(ASCE)ST.1943-541X.0001736. 

[3] A. Hussain, Y.-P. Liu, and S.-L. Chan, “Finite Element Modeling and Design of Single Angle 

Member Under Bi-axial Bending,” Structures, vol. 16, pp. 373–389, Nov. 2018, doi: 

10.1016/j.istruc.2018.11.001. 

[4] E. Murtha‐Smith and H. R. Adibjahromi, “Restrained Warping in Cruciform Compression 

Members,” Journal of Structural Engineering, vol. 114, no. 1, pp. 198–210, Jan. 1988, doi: 

10.1061/(ASCE)0733-9445(1988)114:1(198). 

[5] M. C. Temple, S. S. S. Sakla, D. Stchyrba, and D. Ellis, “Arrangement of interconnectors for 

starred angle compression members,” Canadian journal of civil engineering, vol. 21, no. 1, 

1994, doi: 10.1139/l94-007. 

[6] I. S. Botelho et al., “Starred rolled stainless steel angle sections under compression: An 

experimental and numerical investigation,” Thin-Walled Structures, vol. 158, Jan. 2021, doi: 

10.1016/j.tws.2020.107177. 

[7] J. ke Han, C. lei Zhang, Z. bao Li, and X. ming Wang, “Stability analysis of closely star-

battened member of transmission tower,” International Journal of Steel Structures, vol. 17, 

no. 3, pp. 949–956, Sep. 2017, doi: 10.1007/s13296-017-9007-8. 

[8] B. Li, P. Cao, D. Zhang, and Y. Guo, “Experimental research on behavior of Q420 dual-angle 

steel with cruciform section under dynamic compression,” Journal of Vibroengineering, vol. 

19, no. 3, pp. 2031–2042, 2017, doi: 10.21595/jve.2016.17794. 

[9] R. Balagopal, N. Prasad Rao, R. P. Rokade, and P. K. Umesha, “Studies on strengthening 

techniques for existing transmission line and communication towers,” in Lecture Notes in 

Civil Engineering, vol. 12, Springer, 2019, pp. 639–648. doi: 10.1007/978-981-13-0365-

4_54. 

[10] N. Ungkurapinan, S. R. D. S. Chandrakeerthy, R. K. N. D. Rajapakse, and S. B. Yue, “Joint 

slip in steel electric transmission towers,” Eng Struct, vol. 25, no. 6, pp. 779–788, 2003, doi: 

10.1016/S0141-0296(03)00003-8. 

[11] E. Baran, T. Akis, G. Sen, and A. Draisawi, “Experimental and numerical analysis of a bolted 

connection in steel transmission towers,” J Constr Steel Res, vol. 121, pp. 253–260, Jun. 2016, 

doi: 10.1016/j.jcsr.2016.02.009. 

[12] C. Lu, X. Ma, and J. E. Mills, “The structural effect of bolted splices on retrofitted 

transmission tower angle members,” J Constr Steel Res, vol. 95, pp. 263–278, Apr. 2014, doi: 

10.1016/j.jcsr.2013.12.011. 

[13] F. Albermani, M. Mahendran, and S. Kitipornchai, “Upgrading of transmission towers using 

a diaphragm bracing system,” Eng Struct, vol. 26, no. 6, pp. 735–744, May 2004, doi: 

10.1016/j.engstruct.2004.01.004. 

[14] Q. Xie and L. Sun, “Failure mechanism and retrofitting strategy of transmission tower 

structures under ice load,” J Constr Steel Res, vol. 74, 2012, doi: 10.1016/j.jcsr.2012.02.003. 

[15] Y. Zhuge, J. E. Mills, and X. Ma, “Modelling of steel lattice tower angle legs reinforced for 

increased load capacity,” Eng Struct, vol. 43, pp. 160–168, Oct. 2012, doi: 

10.1016/j.engstruct.2012.05.017. 

[16] J. E. Mills, X. Ma, and Y. Zhuge, “Experimental study on multi-panel retrofitted steel 

transmission towers,” J Constr Steel Res, vol. 78, pp. 58–67, Nov. 2012, doi: 

10.1016/j.jcsr.2012.06.004. 

[17] V. K. Shukla, M. Selvaraj, and K. V. Kumar, “Failure Analysis of a Cruciform-Leg 

Transmission Line Tower,” International Journal of Steel Structures, vol. 21, no. 2, pp. 539–

548, Apr. 2021, doi: 10.1007/s13296-021-00454-5. 

[18] C. Lu, X. Ma, and J. E. Mills, “Modeling of retrofitted steel transmission towers,” J Constr 

Steel Res, vol. 112, pp. 138–154, Sep. 2015, doi: 10.1016/j.jcsr.2015.04.005. 

[19] L. Sun, M. Trovato, and B. Stojadinović, “In-situ retrofit strategy for transmission tower 

structure members using light-weight steel casings,” Eng Struct, vol. 206, 2020, doi: 

10.1016/j.engstruct.2020.110171. 

[20] X. Guo, S. Zong, Z. Shen, S. Zhu, and S. Yuan, “Mechanical behavior of in-service axial 

compression angle steel members strengthened by welding,” Journal of Building Engineering, 

vol. 32, Nov. 2020, doi: 10.1016/j.jobe.2020.101736. 

[21] B. Mou, Y. Zhou, Q. Qiao, and J. Liu, “Compressive behavior of bolted built-up steel 

columns fabricated using angle section columns,” Journal of Building Engineering, vol. 44, 

Dec. 2021, doi: 10.1016/j.jobe.2021.103260. 

[22] G. Liang, L. Wang, Y. Liu, and N. Geng, “Mechanical behavior of steel transmission tower 

legs reinforced with innovative clamp under eccentric compression,” Eng Struct, vol. 258, 

May 2022, doi: 10.1016/j.engstruct.2022.114101. 

[23] Q. Xie and J. Zhang, “Experimental study on failure modes and retrofitting method of latticed 

transmission tower,” Eng Struct, vol. 226, 2021, doi: 10.1016/j.engstruct.2020.111365. 

[24] A. M. Taha, M. A. Dabaon, M. H. El-Boghdadi, and M. F. Hassanein, “Experimental testing 

and evaluation of real-scale lap-splice bolted connections used in typical lattice steel 

transmission towers,” Thin-Walled Structures, vol. 171, Feb. 2022, doi: 

10.1016/j.tws.2021.108790. 

[25] “Indian Standard USE OF STRUCTURAL STEEL IN OVERHEAD TRANSMISSION 

LINE TOWERS-CODE OF PRACTICE IPJSRT 1 MATERIALS, LOADS AND 

PERMISSIBLE STRESSES Section 1 Materials and Loads,” 1995. 

[26] “Specification for Structural Steel Buildings,” 2016. 

[27] John H. Bickford, Introduction to the Design and Behavior of Bolted Joints, 4th ed. CRC 

Press, Taylor & Francis group, 2008. 

[28] “Designation: E8/E8M − 13a Standard Test Methods for Tension Testing of Metallic 

Materials 1,” 2019, doi: 10.1520/E0008_E0008M-13A. 

[29] A. H. A. Abdelrahman, Y.-P. Liu, and S.-L. Chan, “Advanced joint slip model for single-

angle bolted connections considering various effects,” Advances in Structural Engineering, 

vol. 23, no. 10, pp. 2121–2135, Jul. 2020, doi: 10.1177/1369433220906226. 

[30] B. of Indian Standards, “IS 800 (2007): General Construction In Steel - Code of Practice.” 

[31] “EN 1993-1-1: Eurocode 3: Design of steel structures - Part 1-1: General rules and rules for 

buildings.”

 

 



 
Advanced Steel Construction – Vol. 20 No. 1 (2024) 53–59  
DOI:10.18057/IJASC.2024.20.1.6 

53 

 
 
STUDY ON FLEXURAL CAPACITY OF PROFILED STEEL SHEET - POLYURETHANE 

SANDWICH SLABS 
 

Wen-Tao Qiao 1, 2, *, Zhi-Yuan Huang 1, Teng Wang 3, Kai-Li Cui 1 and Li-Jun Meng 1 

 
1 School of Civil Engineering, Shijiazhuang Tiedao University, Shijiazhuang, China 

2 Key Laboratory of Roads and Railway Engineering Safety Control (Shijiazhuang Tiedao University), Ministry of Education, Shiji azhuang, China 

3 State-owned Enterprise Comprehensive Service Center of Ningjin County Finance Bureau, Xingtai, China 

* (Corresponding author: E-mail: qwt@stdu.edu.cn) 

 

A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Widely employed in enveloped structures, the metal-faced sandwich panel boasts thermal insulation, noise abatement, 

lightweight, and remarkable assembly efficiency. In this paper, a new type of profiled steel sheet and polyurethane sandwich 

slab (PSSPSS) was proposed. Through static load tests and numerical simulations, the flexural properties of the PSSPSS 

were studied, and the influence of individual geometric parameters on the flexural capacity of the structure was evaluated. 

The results of this analysis led to the derivation of the calculation formulas for the deflection and flexural bearing capacity 

of the PSSPSS. These results demonstrate that the bearing capacity and failure mode of the structure, as determined by test 

and simulation, are in perfect agreement. The sandwich slab’s failure is mainly demonstrated by an overabundance of 

deflection, with the peak being 1/42 of the span, and the channel steel at the middle span being distorted and snapped. The 

slab deflection calculation formula ’s results, when compared to the test results, demonstrate a mere 2.1% error, thus 

confirming its accuracy. The slab thickness, profiled steel sheet thickness, polyurethane foam density, and slab span all 

contribute to higher bearing capacity and improved stiffness in the structure, yet the effect of the slab span is more evident. 

The slab span, however, has a more profound effect on stiffness. The flexural bearing capacity formula’s applicability is 

indicated by the maximum error being within 10%, as demonstrated by the comparison of the formula ’s results with the 

FEA results for the sandwich slab with varying parameters. 
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1.  Introduction 

 

Under the dual influence of policy guidance and market demand, various 

new prefabricated building systems have been proposed[1]. Now, sandwich 

slabs with metal materials as panels are widely used in the construction field 

due to their unique structure and excellent combination performance. Among 

them, the metal surface layer has a protective effect on the core layer, preventing 

it from weathering, avoiding mechanical damage, and isolating water and water 

vapor. The core layer can connect the two surface layers as a whole and bear 

the load together. When the surface layer is buckling under load, the core layer 

can support the surface layer and increase the buckling resistance of the surface 

layer, and it also has the functions of heat insulation and sound insulation[2]. 

Metal panels and a variety of lightweight core materials have become the 

ideal materials for wall panels and roof panels due to their remarkable 

combination advantages. Some scholars have researched the metal-faced 

sandwich panels and put forward relevant design theories. Noor. A.K. et al.[3] 

proposed three analytical models that are commonly used in the study of 

mechanical properties of sandwich panels. The first one is a simplified model, 

which is often used to solve the problems of panel wrinkles. The second one is 

a two-dimensional model based on Reissner theory, Hough theory, and 

Polushakov-Duqing Hua theory, and the two-dimensional model is more 

accurate and widely used. The third is a three-dimensional and quasi-three-

dimensional continuum model, which uses an equivalent homogeneous 

segmented anisotropic body to replace panels and cores, and the analysis is the 

most sophisticated but also the most complex. Y.H. Mugahed. et al.[4,5] carried 

out a theoretical analysis on the extremes of fully composite and non-composite 

action of sandwich slabs and proposed a typical analysis method to determine 

the degree of composite action. Jongchol Choe. et al.[6-8] proposed a new one-

dimensional layered model that uses Euler Bernoulli beam theory in the skin 

and higher-order kinematics in the core, this model can efficiently and 

accurately characterize the critical load and post-buckling behavior of sandwich 

structures. Aktham. et al.[9] proposed the FEA method for sandwich slabs under 

eccentric loading. Hartsock. J. A. and Chong. K. P. et al.[10-12] took the single-

span simply-supported sandwich panel under uniform load and mid-span 

concentrated load as the research object, analyzed the bending deformation and 

internal force calculation, and compared with the test results, which were in 

good agreement. On this basis, Allen[13,14] proposed the calculation method 

of the mechanical properties of sandwich plates under uniform load and 

concentrated load. Sohel[15,16] proposed a theoretical model to predict the 

flexural and punching resistance and a good correlation with test results is 

obtained. A large deflection analysis considering plate membrane action is also 

proposed to predict the force-deflection relation of Steel-Concrete-Steel 

sandwich slabs. In addition, based on the theoretical analysis model proposed 

by the above scholars, some scholars have carried out a lot of analysis and 

research on the mechanical properties of sandwich structures and proposed 

different calculation models. Davies. J. M.[17-19] conducted a large number of 

finite element analyses on the pressed metal panel sandwich slab, and 

successively proposed the finite element analysis method of the bending 

performance of the sandwich slab and the combined action of bending and 

compression. The sandwich panel was divided into two parts, the flange and the 

core layer. The core part considered the bending deformation and shear 

deformation of the core, while the flange part ignored the shear deformation of 

the flange and only considered its bending deformation. The formula of mid-

span deflection of single-span sandwich panels under uniform load and 

concentrated load is obtained by this approximate calculation method.  Chong 

and Hartsoek[20] proposed and summarized the structural behavior of sandwich 

slabs, including flexural stresses, deflections, vibration, and thermal stresses. 

Russo and Zuccarello[21] carried out experimental and numerical evaluation of 

the mechanical behavior of sandwich structures, constituted by fiber-glass 

laminate skins over PVC foam or polyester mat cores. Ramtekka et al.[22,23] 

studied the application of a three-dimensional mixed finite element model to the 

flexure of a sandwich plate. Kachalla.[24,25] proposed a new method to analyze 

the longitudinal bearing capacity of composite slabs based on the partial shear 

method and the European code. Besides, Davies and Hakmi studied on local 

buckling behavior of foam-filled thin-walled steel sandwich beams using the 

effective width concept. There have been some other studies on the axial load-

bearing behavior of sandwich composite panels[26-29]. In summary, a large 

number of studies have been conducted on the bearing capacity and deformation 

of sandwich roof panels and wall panels mainly through experimental research, 

numerical simulation, and theoretical analysis. However, due to the low bearing 

capacity and poor stiffness, metal-faced sandwich panels are rarely used on 

floors. 

In view of the advantages, a new type of assembled sandwich slab structure 

is proposed in this paper, that is, based on the structure of metal-faced sandwich 

panels, the double-layer deep profiled steel sheet and channel steel are 

combined, and the rigid polyurethane foam material is filled as the core of the 

sandwich panel. In this paper, the flexural bearing capacity and parameter 

influence of PSSPSS were studied using experiment and finite element 

simulation analysis. On this basis, the calculation formulas of deflection and 

flexural bearing capacity of the sandwich slab were derived. 

 

2.  Structure of the slab 

 

PSSPSS is mainly composed of profiled steel sheets, channel steel, and 

rigid polyurethane foam. Based on the structure of metal faced sandwich slab, 

the channel steel is used as the frame, the double-layer deep profiled steel plate 
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is used as the metal panel, and the rigid polyurethane foam material is used as 

the core layer of the sandwich slab. The structure of the sandwich slab is shown 

in Fig. 1. 

As one of the materials with the best thermal insulation performance, rigid 

polyurethane foam can effectively improve the thermal insulation performance 

of the floor. At the same time, in the process of polyurethane foaming, the core 

material will automatically bond and firmly adhere to the surface layer, 

eliminating the procedure of spraying adhesives. In addition, the utilization of 

channel steel as the foundation of the floor slab not only enhances the bearing 

capacity and bending rigidity of the floor slab; but also facilitates the connection 

between the floor and the wall in assembly. 

 

 

Fig. 1 Sandwich slab structure diagram 

 

3.  Experimental studies 

 

3.1. Test specimen 

 

In the test, a full-scale PSSPSS test piece with dimensions of 

4100mm×1200mm×140mm is designed and produced. Q235 steel is the source 

of the profiled sheet, which is 2mm in thickness, and [14a is the channel steel. 

The section characteristics of the specimen are shown in Fig.2. 

 

 

 

Fig. 2 Section characteristics and size of the sandwich slab 

 

3.2. Material properties 

 

The samples of the steel material are taken from the same batch of steel as 

the specimen. The steel is divided into hot-rolled steel and cold-formed steel, 

and each steel is divided into three groups. According to the Chinese 

specification GB/T228.1 - 2010[30], the tensile tests are carried out on the steel 

samples of steel sheet and channel steel. The test results are shown in Table 1 

and Fig. 3. 

 

Table 1 

Summary of material properties 

Specimen Yield strength/MPa Tensile strength/MPa 

SS-1 270 360 

SS-2 273.8 365 

SS-3 277.5 370 

Average 273.75 365 

CS-1 282 376 

CS-2 273.75 365 

CS-3 287.25 383 

Average 281 375 

 

   

(a)Test device          (b)Steel sheet after    (c) Channel steel after 

                             tensile test            tensile test 

Fig. 3 Steel tensile test 

 

The material properties of rigid polyurethane foam refer to the relevant 

provisions in Chinese standards GB / T 21558 - 2008[31] and GB / T 8813 - 

2020[32], and are calculated according to the formula in Reference [33], the 

formulas are as follows: 

Elastic modulus: 

 

24.6 / 38)E = （   (1) 

 

Shear modulus: 

 

21.725 / 38)G = （   (2) 

 

Compressive strength: 

 

3/2

y
0.15 / 38)f = （   (3) 

 

Shear strength: 

 

3/2

y
0.078 / 38)f = （   (4) 

 

After calculation, the properties of polyurethane foam can be obtained, as 

shown in Table 2. 

 

Table 2  

Mechanical properties of rigid polyurethane foam 

Compressive 

strength/MPa 

Compression 

modulus/MPa 

Shear 

strength/MPa 

Shear 

modulus/MPa 

Poisson's 

ratio 

0.38 15.61 0.20 5.85 0.3 

 

3.3. Loading device and procedure 

 

In the test, the self-balancing gantry reaction frame and the hydraulic 

actuator are used to apply a load, and the monotonic static force is evenly 
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distributed at the third point positions of the sandwich slab through the 

secondary distribution beam. To avoid the load-acting direction not 

perpendicular to the test piece plane due to the downward deflection of the 

specimen, the single-span hinge supports are placed at both ends of the 

distribution beam. Both ends of the specimen are equipped with sliding and 

fixed hinge supports to ensure that the sandwich floor can move horizontally. 

Among them, a round steel with a diameter of 50mm is in direct contact with 

the steel sheet as the sliding hinge support and another round steel is welded to 

the steel sheet as the fixed hinge support. At the same time, 20mm steel plates 

are placed at the supports of the sandwich slab to avoid local damage to the 

specimen caused by stress concentration. The test loading device is shown in 

Fig. 4 and Fig. 5 

Before the test was officially loaded, 10 kN was applied for preloading to 

check whether the supports and all the instruments were working properly, and 

then the test was officially loaded after unloading. The load control method was 

used for staged loading, and before the maximum deflection of the sandwich 

slab reached 1/200 of the slab span (elastic limit stage), the load for each level 

was 10kN. After that, the load was applied at each level of 5 kN, and the loading 

was stopped until the specimen was destroyed and could not continue to bear 

the load. Real-time monitoring is carried out through force sensors during the 

test process, and test data is collected using the DHDAS dynamic signal 

acquisition system. When the specimen exhibits obvious failure or the beam end 

load drops to 85% of the peak load, it is considered specimen failure and the 

test is terminated. 

 

 

Fig. 4 Loading device 

 

 

Fig. 5 Sketch of loading device 

 

3.4. Experiment results and analysis 

 

3.4.1. Failure process 

The deflection deformation of the specimen was small at the initial stage of 

loading. When the load increased to 0.4Pu, the mid-span deflection was 19.5mm, 

and the deflection was 1/200 of the span, reaching the limit value of the normal 

service limit state of the sandwich slab. At this time, there was, a slight sound 

inside the sandwich slab, but the specimen had no obvious deformation, as 

shown in Fig. 6(a). When the load increased to about 0.7Pu, a continuous 

"creak" sound began to emit inside the specimen, the deflection of the sandwich 

slab grew rapidly and a significant bending deformation occurred, as shown in 

Fig. 6(b). Subsequently, with a small increase in the load value, the deflection 

of the specimen increased rapidly. When the load increased to Pu, the midspan 

deflection reached 93.4mm and the deflection was about 1/42 of the span. The 

midspan position of the channel steel was more affected by the bending moment, 

and the flange bulged outward due to local buckling, the specimen reached the 

ultimate bearing capacity state, as shown in Fig. 6(c). 

 

 

（a）Initial state of the specimen 

 

（b）Intermediate state of the specimen 

 

（c）Final failure state of the specimen 

Fig. 6 Loading and failure process of the specimen 

 

3.4.2. Deflection 

The load-deflection curve of the sandwich slab at the midspan is shown in 

Fig. 7, where the load value does not include the self-weight of the specimen, 

and the deflection value is corrected by the displacement of the supports (the 

corrected deflection value = the deflection values at the midspan and the loading 

points minus the support displacement value). 

 

 

Fig. 7 Midspan load-deflection curve of sandwich slab 

 

From the load-deflection curve at midspan, it can be seen that the load and 

deflection of the sandwich slab change linearly at the initial stage of loading, 

the stiffness of the specimen remains unchanged, about 1.9kN/mm. When the 

sandwich slab is loaded to the elastic limit load, the curve still maintains a linear 

relationship, indicating that the sandwich slab is in an elastic state during the 

elastic limit state. As the load increases, the channel steel at the midspan yields, 

the curve turns, and the stiffness of the specimen decreases slightly, the stiffness 

is about 1.2kN/mm, while the load value continues to rise, indicating that the 

profiled steel plate and the polyurethane core layer continues to function. When 

the specimen is damaged, the lower tensile steel sheet and the channel steel both 

reach the yield state. 

 

4.  Numerical simulation 

 

4.1. Finite element model 



Wen-Tao Qiao et al. 56 

 

 

In the model of PSSPSS, there are five main components: profiled 

steel .accurately simulate the actual components in the model, appropriate unit 

types should be selected based on their cross-sectional and material 

characteristics. 

Based on the test, the geometric dimensions, material properties, loading 

scheme, and boundary conditions of the finite element model are consistent with 

the test specimen. In the model, the profiled steel sheet is equipped with a four-

node reduced-integration shell element (S4R), while the channel steel and 

polyurethane sandwich has an eight-node hexahedral reduced-integration solid 

element (C3D8R). The core layer is made of polyurethane foam, which is 

closely bonded with steel sheet and channel steel to ensure cooperative work in 

the test, so the tie is used between the profiled steel sheet, channel steel, and 

core layer. In order to avoid local damage to the model caused by stress 

concentration, the steel backing plates are set at the loading point, and the 

supports, and bound with the contact of the sandwich slab. The loading point is 

coupled with the steel backing plate, and the two points are loaded 

symmetrically with displacement control. The boundary conditions at both ends 

of the sandwich slab are hinged, one end constrains U1, U2, U3, UR2, UR3, and 

the other end constrains U1, U2, UR2, UR3. Using the structured grid control 

method, the model is divided into regular grid cells, and the size is selected as 

0.02m. The finite element model is shown in Fig. 8. Based on the test, the 

geometric dimensions, material properties, loading scheme, and boundary 

conditions of the finite element model are consistent with the test specimen. In 

the model, the profiled steel sheet is equipped with a four-node reduced-

integration shell element (S4R), while the channel steel and polyurethane 

sandwich has an eight-node hexahedral reduced-integration solid element 

(C3D8R). The core layer is made of polyurethane foam, which is closely bonded 

with steel sheet and channel steel to ensure cooperative work in the test, so the 

tie is used between the profiled steel sheet, channel steel, and core layer. In order 

to avoid local damage to the model caused by stress concentration, the steel 

backing plates are set at the loading point, and the supports, and bound with the 

contact of the sandwich slab. The loading point is coupled with the steel backing 

plate, and the two points are loaded symmetrically with displacement control. 

The boundary conditions at both ends of the sandwich slab are hinged, one end 

constrains U1, U2, U3, UR2, UR3, and the other end constrains U1, U2, UR2, 

UR3. Using the structured grid control method, the model is divided into regular 

grid cells, and the size is selected as 0.02m. The finite element model is shown 

in Fig. 8. 

The finite element model employs rigid polyurethane foam as an isotropic 

material, the ideal elastoplastic model as the constitutive model, and the double 

broken line model as the constitutive model of steel. Refer to Table 1 and Table 

2 for each parameter. 

 

 

Fig. 8 Finite element model 

 

4.2. Numerical simulation results and analysis 

 

Table 3 displays a comparison between the test data and finite element 

calculations of the bearing capacity under elastic and bearing capacity limit 

states. Fig. 9 shows the comparison of midspan load-deflection curves of the 

sandwich slab obtained from FEA and test. It can be seen that the overall 

changing trends of the two load-deflection curves are basically the same, and 

the differences between the normal service load and the failure load of the two 

curves are all small, the differences are 5.7% and 3.3%, respectively. Due to the 

possible nonuniformity of the polyurethane foaming density, the uncertainty of 

the properties of the polyurethane material is caused, which makes the 

properties of the polyurethane material in the finite element model deviate from 

the test piece. Secondly, the boundary conditions in the finite element model 

cannot be guaranteed to be completely consistent with the support conditions in 

the test, and the manual data collection will also cause a deviation in the results. 

Finally, there are errors between the finite element simulation results and the 

experimental results. 

 

Table 3  

Comparison of experimental and numerical simulation results 

Bearing capacity Test value/kN 
numerical 

simulation value/kN 
Ratio/% 

P1/200 37.50 35.49 5.70 

Pu 87.00 84.34 3.20 

 

 

Fig. 9 Comparison of load-deflection curves 

 

In addition, When the specimen reaches its maximum bearing capacity, the 

mid-section of the channel steel buckles and bulges outward. The sandwich 

slab’s failure characteristics, as seen in Fig.10, were found to agree with those 

from the test, in comparison to the finite element simulation. Therefore, the 

finite element model proposed in this paper can better simulate the flexural 

performance of the sandwich slab. 

 

 

Fig. 10 Comparison of test and FEM failure characteristics 

 

4.3. Parametric analysis 

 

To further study the flexural mechanical properties of the profiled steel 

sheet-polyurethane sandwich slab, based on the test results and FEA results of 

the sandwich slab in Section 3.1 and Section 4.1, the parametric analysis of the 

sandwich slab is carried out to obtain the influence of various factors on the 

flexural performance of the sandwich slab. The parameters are shown in Table 

4. 

 

Table 4  

Variation of parameters of sandwich slabs 

Geometry Material 

Slab thickness/mm Slab span/mm 
Steel sheet 

thickness/mm 
PU density/(kg·m-³) 

120 2700 1 45 

140 3300 1.5 65 

160 3900 2 75 

180 4500 2.5 90 

200 5100 3 — 

 

4.3.1. Slab thickness 

Fig.11 reveals that, with a rise in slab thickness, the bearing capacity and 

stiffness of the sandwich slab are significantly enhanced, with an even greater 

increase. This is evidenced by the comparison of load-deflection curves and 
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finite element calculation results. Compared with the slab thickness of 120mm, 

when the slab thickness is 200mm, the flexural capacity of the sandwich slab is 

increased by 267% under the limit state of elastic, and 172% under the ultimate 

state of bearing capacity. 

 

 

Fig. 11 Load-deflection curves of slab thickness variations 

 

4.3.2. Slab span 

As shown in Fig. 12, by comparing the load-deflection curves and the finite 

element calculation results of the sandwich slab with different slab spans, it can 

be found that compared with the slab span of 5100mm, when the slab span is 2 

700mm, the flexural capacity of the sandwich slab is increased by 283% under 

the limit state of elastic, 167% under the limit state of bearing capacity. The 

sandwich slab's bearing capacity and stiffness are significantly enhanced, and 

the alteration of the slab span has a more noticeable impact on the slab's flexural 

bearing capacity when it is in the under-the-limit state of elasticity. As the slab 

span is reduced, the bearing capacity and stiffness of the sandwich slab are 

progressively increased, and the stiffness turning point is gradually advanced, 

thus increasing the stiffness of the sandwich slab. 

 

 

Fig. 12 Load-deflection curves of slab span variation 

 

4.3.3. Profiled steel sheet thickness 

Fig. 13 shows the influence of the profiled steel sheet thickness on the load-

deflection curve of the sandwich slab. It can be seen from Fig. 13 that the 

bearing capacity and stiffness of the sandwich slab improved significantly with 

the increase of the profiled steel sheet thickness. When it is increased from 1mm 

to 3mm, the bearing capacity of the sandwich slab increases by 127 % in the 

elastic limit state and 187 % in the bearing capacity limit state. It can be seen 

that when the profiled steel sheet is thin, the corresponding load-deflection 

curve changes abruptly when the deflection is large. Compared with the 

corresponding finite element program, it is found that the compressed steel sheet 

buckles at the midspan, which can indicate that the thinner profiled steel sheet 

will change the failure mode of the sandwich slab. 

 

4.3.4. Polyurethane foam density 

The influence of rigid polyurethane foam density on the load-deflection 

curve of the sandwich slab is shown in Fig. 14. It can be seen that with the 

increase of polyurethane density, the bearing capacity and stiffness of sandwich 

slab have been improved to a certain extent, but the improvement is not obvious. 

The elastic limit state of the sandwich slab bearing capacity rises 26% when the 

density shifts from 45kg/m³ to 90kg/m³, and 15% when it reaches its ultimate 

state. 

 

Fig. 13 Load-deflection curves of profiled steel sheet thickness variation 

 

5.  Calculation of slab deflection and flexural capacity 

 

The shear modulus of the core material, with its special structural form, is 

minuscule, and when compressed, it will cause considerable shear deformation; 

thus, the shear deformation of the core material cannot be overlooked. The 

flexural stiffness of the core material is minimal, and its contribution to the 

bending deformation resistance can be disregarded[17]. Therefore, the bending 

deformation of the sandwich slab is mainly controlled by steel sheet and channel 

steel, and the shear deformation is shared by steel sheet, channel steel, and core 

material. 

 

 

Fig. 14 Load-deflection curves of polyurethane foam density variation 

 

5.1. Approximate calculation of slab stiffness 

 

For a deep-profiled steel sheet, its flexural rigidity needs to be considered, 

while for polyurethane, the influence of the stiffness of the core layer on the 

sandwich slab cannot be considered. Therefore, the flexural rigidity of PSSPSS 

to the neutral axis is mainly determined by the stiffness of the profiled steel 

sheet itself, the stiffnesses of the profiled steel sheet, and the channel steel to 

the neutral axis of the sandwich slab. 

Flexural rigidity of sandwich slab： 

 

1 2 3
K EI EI EI= + +   (5) 

 

Where K is the total stiffness of the sandwich slab; EI1 is the stiffness of the 

profiled steel sheet itself; EI2 is the stiffness of the profiled steel sheet to the 

neutral axis of the sandwich slab; EI3 is the stiffness of channel steel to the 

neutral axis of the sandwich slab. 

 

5.2. Equivalent thickness and equivalent shear modulus of the core layer 

 

Fig. 15 is the cross-sectional diagram of PSSPSS. According to the cross-

sectional characteristics of the deep-profiled sandwich slab, the following 

relationship can be obtained: 
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Fig. 15 Diagram of a cross-section of sandwich slab 

 

Effective core thickness: 

 

e c
2D D d= +   (6) 

 

Effective cross-sectional area: 

 

( )e c e c c c c
/ 2 /A A D D A D d D= = +   (7) 

 

Effective shear modulus: 

 

( )e c e c c c c
/ 2 /G G D D G D d D= = +   (8) 

 

Where Dc is the core thickness (mm); Ae is the cross-sectional area of the 

core layer (mm2); Ge is the shear modulus of core material (MPa); d is the 

distance from the centroid axis of profiled steel sheet to the flange edge of steel 

sheet (mm). 

 

5.3. Calculation of deflection under uniform load 

 

Based on the experimental study, finite element comparative verification, 

and finite element variable parameter analysis of PSSPSS, according to the 

calculation formula of the sandwich slab in Chinese standard GB/T 23932 - 

2009[34] and the theory of sandwich beam, the deflection calculation formula 

of the sandwich slab is theoretically deduced, and the formula is as follows: 

 

4 2

e e

5

384 8

qL k qL

K A G


 = +   (9) 

 

Where L is the span of the sandwich slab (mm); K is the flexural rigidity of 

the sandwich slab; k is the non-uniformity coefficient of shear stress (1.2 for 

rectangular section); β is the shear distribution coefficient; Ae is the cross-

sectional area of the core layer (mm2); Ge is the shear modulus of core material 

(MPa). 

The deflection of the sandwich slab calculated by the above formula is 

19.9mm, and the finite element simulation value is 19.5mm. The theoretical 

calculation value is higher than the finite element result, and the error is only 

2.1%, which shows that the theoretically derived formula can be used to 

calculate the deflection of PSSPSS in the elastic limit state. 

 

5.4. Calculation of flexural capacity under uniform load 

 

The flexural capacity of the sandwich slab is mainly controlled by the 

deformation during the elastic limit state. When the plate deflection reaches 

l/200, the flexural bearing capacity of PSSPSS under uniform load can be 

determined by the following formula, which generally dictates that the 

maximum deflection of the sandwich slab should not exceed 1/200 of the slab 

span. 

4 2

e e

5

384 8

q
L k L

K A G




=

+

  (10) 

 

The flexural bearing capacity of the sandwich slab with different 

parameters in the elastic limit state is calculated and compared with the FEA 

results, which are based on the calculation formula of flexural capacity of the 

sandwich slab under uniform load. The calculated flexural capacities are 

compared with the FEA results, as shown in Fig. 16. The results of the proposed 

equations are in agreement with the FEA results, with errors of only 10% being 

observed. The errors are only about 10%. This means that the formula has good 

applicability. 

 

 

Fig. 16 Error distribution of flexural bearing capacity formula and simulation results 

 

6.  Conclusion 

 

Using ABAQUS software for finite element analysis and variable 

parameter analysis, this article designs and manufactures a set of experimental 

components for static test research, utilizing the PSSPSS as the research object. 

Subsequently, the results of the experiment and finite element analysis are used 

to derive the deflection calculation formula and flexural bearing capacity 

calculation formula of the sandwich panel, leading to the following conclusions: 

(1) The mid-span deflection of the sandwich slab is too large when 

damaged, reaching a maximum of 93.4mm - approximately 1/42 of the span. 

The tensile profiled steel panel and channel steel have both reached the yield 

state, and the mid-span position of the channel steel is deformed and buckled. 

However, due to the supporting effect of the deep corrugations of the profiled 

steel plate and the core layer, the buckling resistance of the metal surface layer 

is increased, so that the buckling of the profiled steel sheet does not occur. 

(2) The experimental data and numerical simulation results, when 

compared, demonstrate that bearing capacity errors are minimal under normal 

service load and failure load, at 5.7% and 3.3%, respectively. Simulation of the 

sandwich slab failure characteristics and stress by the finite element method 

yielded results that were in perfect harmony with the experimental ones, 

demonstrating the finite element model’s capability of accurately replicating the 

sandwich slab’s mechanical performance and confirming the accuracy of the 

experimental results. 

(3) The sandwich slab bearing capacity is significantly affected by the slab 

thickness, profiled steel sheets thickness, and span, whereas the density of 

polyurethane foam and stiffeners has no major effect. With the increase of plate 

thickness and profiled steel plate thickness, the flexural bearing capacity of 

sandwich panels is significantly improved. The reduction of plate span has a 

more significant effect on the flexural bearing capacity of panels under normal 

use. The increase of polyurethane foam density slightly improves the bearing 

capacity of sandwich panels. 

(4) Additionally, for the calculation of the deflection of sandwich slabs, a 

calculation formula is derived based on existing theories and compared with 

experimental results, with an error of only 2.1%, verifying the correctness of the 

formula; Based on the formula for calculating the deflection of sandwich slabs, 

a formula for calculating the flexural bearing capacity of sandwich slabs is 

derived. The results of the calculation of the bearing capacity of sandwich slabs 

with different parameters are compared with the results of finite element 

analysis. The maximum error is 9.97%, indicating that the proposed formula for 

flexural bearing capacity has certain applicability. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Traditional metal dampers have the advantages of easy processing, convenient production, and good mechanical properties . 

However, most of the traditional metal dampers are single design, and their application is limited by the size of the dampers. 

Based on the honeycomb metal damper, a honeycomb regular hexagon metal damper with a free connection is proposed in 

this paper. Firstly, the failure mechanism, hysteretic curve, skeleton curve, stiffness degradation curve, and energy 

dissipation curve of the single energy-dissipating supporting member and the triple two-row supporting member were 

obtained through the low-cycle reciprocating loading test. Then the R-O mechanical model was fitted to the skeleton curve 

obtained from the test. Then, three kinds of honeycomb regular hexagon dampers were modeled by ABAQUS finite element 

simulation software, and the finite element simulation results were compared with the test results. The results show that the 

energy dissipation support in this paper has a good bearing capacity and energy dissipation capacity, and the development 

trend of simulation results align with the experimental results. The energy dissipation capacity of the energy dissipation 

support can be improved, and the multi-section yield can be achieved by connecting multiple energy dissipation units.  
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1.  Introduction 

 

Previous earthquakes have shown that adjacent buildings are often 

damaged or collapsed due to collision under the action of earthquakes [1]. This 

phenomenon can be seen in many earthquake disasters at home and abroad [2-

4]. The application of metal dampers in building structures can improve the 

energy dissipation capacity and seismic performance of buildings [5-6]. Li et al. 

[7] proposed a "dual function" metal damper set in the actual steel structure 

building, which proved that the damper could improve the seismic performance 

of the structure. Wang et al. [8] proposed a corrugated mild steel damper. The 

pseudo-static test confirmed that the new damper has the best mechanical 

performance when the steel plate wave angle is 60°, and the thickness of the 

steel plate is 6 mm. Based on elastoplastic mechanics, Wu et al. [9] proposed a 

metal damper restoring force model applied to simulate energy dissipation and 

a damping system. The results show that the new restoring force model can 

accurately predict the performance of metal dampers under different conditions 

and has good universality. Guo et al. [10] designed a steel bar damper, carried 

out a theoretical analysis of the new damper, and studied its mechanical 

properties through numerical analysis and a low-cycle reciprocating test. Finally, 

the optimal shape of a single steel bar is obtained, which proves that the damper 

can achieve full section yield and prevent stress concentration. Mehmet 

Alpaslan Kӧroğlu, et al. [11] has shown from experiment of energy dissipation 

and seismic performance of structures that damper at beam-column joints can 

be improved. Zhang et al. [12] proposed a new type of U-shaped steel damper 

self-centering beam-column connection, and the proposed self-centering 

connection can provide reliable energy dissipation and self-centering ability. 

Chen et al. [13] used the general finite element software ABAQUS to discuss 

the hysteretic characteristics of shear plate dampers under axial pressure. In the 

past few years, scholars have proposed several new steel dampers with high 

energy consumption capacity, including mild steel plate dampers [14],shape 

memory alloy dampers [15-16],U-shaped steel damper [17-19],friction 

damper [20-22]. 

Most of the dampers in building structures are single dampers and research 

on interconnecting dampers is rare. In this paper, a kind of metal energy 

dissipation brace which can be freely connected is proposed so that the 

application of dampers in building structures is not limited by size. To 

understand the hysteretic performance and energy dissipation performance of 

the support, hysteretic performance, stiffness degradation, and energy 

dissipation analysis of the energy dissipation support were firstly analyzed 

through the low-cycle reciprocating test, which proved that the energy 

dissipation support has good working performance. Secondly, the finite element 

simulation of the damper is carried out by ABAQUS, and the simulation results 

are compared with the test results to verify the accuracy of the test. 

 

 

 

2.  Structure and test design of the energy dissipation support device 

 

2.1. Construction of single support unit 

 

The connectable energy dissipation devices developed in this study are 

referred to as hexagonal honeycomb dampers, which are categorized into three 

types: foundation, one-way, and two-way. Their advantages include low steel 

consumption and good energy dissipation performance. The foundation-type 

support monomer is divided into the main body unit and ear plate. The main 

body unit is a regular hexagon, primarily used to dissipate seismic energy. The 

ear plate connects the left and right monomers, increases the contact area 

between the left and right support main bodies, and improves the energy 

dissipation capacity. The ear plate was welded to the support body. The upper 

and lower parts of the support body were provided with a diamond-shaped notch 

to connect the upper and lower parts of each monomer. The energy dissipation 

device was improved by changing the upper and lower corners of the primary 

element to a circular arc and the diamond notch to a welded ear plate to reduce 

the influence of stress concentration. Considering the in-plane instability of the 

energy dissipation units and possible multidirectional earthquake action, the 

bidirectional/unidirectional brace was further improved by changing the 

primary body of the energy dissipation device to a bidirectional layout. The new 

damper was integrally cut and welded from a Q235 steel plate, forming the 

primary energy dissipation section. Bending deformation was expected to occur 

at each corner of the regular hexagon under load. However, multisection 

yielding can be formed to enhance the deformation and bearing capacities of the 

damper. Fig. 1 shows the single energy dissipation unit. 

 

       

(a)                     (b)                        (c) 

Fig. 1 3D schematic of each energy dissipation unit type: (a) foundation, (b) one-way, and 

(c) two-way 

 

2.2. Calculation of individual supporting capacity 
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Fig. 2 Single energy dissipation unit dimensions: a-padeye width, b-web width, c-side 

padeye width, h-energy dissipation section length, and L-energy dissipation unit width 

 

Fig. 2 shows a single energy dissipation unit. According to the elastoplastic 

mechanics, when a single energy dissipation unit is loaded, the yield and plastic 

moments at any cross-section of the energy dissipation section can be calculated 

as follows: 

 

𝑀𝑦 =
1

6
𝑠𝑏2𝜎𝑦 −

𝑏

6
𝐹𝑦,     (1) 

 

𝑀𝑝 =
1

4
𝑠𝑏2𝜎𝑦 −

𝐹𝑚𝑎𝑥
2

4𝑠𝑏𝜎𝑦
, (2) 

 

where s is the thickness of the energy dissipation section, My is the yield bending 

moment, Mp is the plastic bending moment, σy is the yield strength of the 

material, Fy is the yield bearing capacity of a single energy dissipation unit, and 

Fmax is its maximum bearing capacity. Fy and Fmax can be calculated using Eqs. 

(3) and (4). 

 

𝐹𝑦 = 𝑀𝑦/ℎ (3) 

 

𝐹𝑚𝑎𝑥 = 𝑀𝑝/ℎ      (4) 

 

Accordingly, the yield bearing capacity Fy and maximum bearing capacity 

Fmax of a single energy dissipation unit can be obtained as follows: 

 

𝐹𝑦 =
𝑠𝑏2𝜎𝑦

6ℎ+𝑏
,     (5) 

 

𝐹𝑚𝑎𝑥 = 𝑠𝜎𝑦(√4ℎ2 + 𝑏2 − 2ℎ) (6) 

 

2.3. Specimen design 

 

Six specimens were designed for the tests. The specimens are denoted by 

GJ-1, GJ-2, GJ-3, GJ-4, GJ-5, and GJ-6. GJ-1, GJ-3, and GJ-5 are single energy 

dissipation units. GJ-2, GJ-4, and GJ-6 are energy dissipation supports forming 

a 3×2 unit using the single energy dissipation units GJ-1, GJ-3, and GJ-5, 

respectively, which was connected through bolts. The dimensions of the 

supporting monomers in each component were the same. The bolts used 

between each support unit were 4.8 grade M4 ordinary hexagonal socket bolts. 

Fig. 3 shows the primary dimensional parameters and locations of each 

component (unit/mm). 

 

 

(a) GJ-1 

 

(b) GJ-2 

 

(c) GJ-3 

 

(d) GJ-5 

Fig. 3 Geometric dimensions and construction of each test member 
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2.4. Material property test 

 

The dampers used in this study were made of a 9 mm thick Q235 steel plate. 

The mechanical properties of the steel plate under uniaxial tension were tested 

in accordance with the GB/T228.1-2010 Metallic Materials Tensile Testing Part 

1: Room Temperature Test Method [23] and completed in the laboratory of the 

School of Science, Lanzhou University of Technology. Table 1 lists the test 

results. 

 

Table 1 

Mechanical properties of Q235 

Sample mark b (mm) Fy (Mpa) Fu (Mpa) Fy/Fu δ (%) 

1 9 421 576 0.731 20.3 

2 9 439 583 0.753 21.2 

3 9 434 584 0.743 20.4 

Note: b is the width of the sample, Fy is the yield strength of the material, Fu is 

the tensile strength of the material, Fy/Fu is the material yield ratio, and δ is the 

elongation after fracture. 

 

2.5. Test equipment and loading system 

 

The test was performed at the Key Laboratory for Disaster Prevention and 

Reduction of Civil Engineering in Western China and the Civil Engineering 

Laboratory of Lanzhou University of Technology. A low-cycle reciprocating 

loading test was performed on the test piece using a microcomputer-controlled 

electrohydraulic servo single-channel loading device produced by Hangzhou 

Bangwei Company. The maximum force and displacement of the device were 

1000 kN and 200 mm, respectively. The loading methods of test pieces GJ-1, 

GJ-3, and GJ-5 are as follows: First, two steel plates were used to connect the 

actuator and base; subsequently, the bolt holes were set at the corresponding 

positions of the steel plates, and two clips with grooves were used to buckle the 

test pieces on the upper and lower steel plates. Finally, the steel plates were 

connected to the grooves of the upper and lower cover plates with bolts. For 

members GJ-2, GJ-4, and GJ-6, to distribute the force more evenly and simulate 

the actual working condition of the energy dissipation support device, a 255 mm 

long steel bar was welded on both sides of the member, and a clip with a groove 

was added between the two upper and lower support units. Fig. 4 shows the 

installation diagram of the two components and the loading device diagram. In 

the test, six members were subjected to displacement loading. The specimen 

compression was positive, whereas the tension was negative. 

 
(a) 

 
(b)                                                   (c)                               

Fig. 4 Mounting diagram of components (a) GJ-1, GJ-3, and GJ-5 and (b) GJ-2, GJ-

4, and GJ-6. (c) Schematic of the loading device 

The loading displacement at the beginning of the test was 0.5 mm, which 

increases by 0.5 mm at each stage before reaching 5 mm. After the displacement 

reached 5 mm, the loading displacement at each level was increased to 1 mm 

until the component load dropped to 85% of the ultimate load, which was a sign 

of failure, and the loading was stopped. Fig. 5 shows the loading system and 

cycle times for each component. 

 

 
           (a) 

 
          (b) 

Fig. 5 Loading system of components (a) GJ-1, GJ-3, and GJ-5 and (b) GJ-2, GJ-4, 

and GJ-6 

 

3.  Test results and analysis 

 

3.1. Loading test 

 

In the actual test, owing to the bolt processing problems and improper 

installation process, some bolts could not achieve the expected connection effect; 

therefore, some padeye connections were welded to strengthen the connection 

between the pads without affecting the main body of the energy dissipation 

support unit. Deformation occurred on the bolt holes at the upper and lower ends 

of component GJ-1 when the loading displacement amplitude was 3 mm. When 

the displacement amplitude was 3.5 mm, tiny cracks appeared on the diamond 

grooves at the upper and lower ends of the component. The cracks on the 

grooves of the component gradually expanded along the grooves with a 

continuous increase in displacement. When the displacement was 6 mm, the 

bearing capacity of the component decreased below 85%, and the loading was 

stopped. GJ-3 and GJ-5 improved the problem of stress concentration in GJ-1; 

therefore, the limit displacement was also improved. When GJ-3 was loaded to 

8 mm, the short side of the energy dissipation unit arc and the corner of the 

connection between the energy dissipation unit and padeye almost 

simultaneously exhibited slight cracks. The cracks gradually expanded with 

continued loading until they were completely destroyed. The failure mode of 

GJ-5 was the same as that of GJ-3. Tiny cracks appeared, and the bearing 

capacity decreased below 85% when GJ-5 was loaded to 9 mm and 14 mm. For 

member GJ-2, the bolt connection between the energy dissipation elements 

exhibited relative dislocation when the displacement amplitude was 13 mm. 

Small cracks appeared at the joints at both ends of the energy dissipation brace, 

and an expansion trend was observed when the displacement amplitude was 14 

mm. When the displacement amplitude was 14–19 mm, cracks appeared at the 

joints on both sides of the bolted connection between the energy dissipation 

elements and gradually expanded to the bolt with increased load amplitude. 

When the load reached 16 mm, the cracks at this location formed a through-

crack from the end of the diamond groove to the bolt hole, and the bearing 

capacity of the component decreased significantly. When the component was 

loaded to 19 mm, its bearing capacity decreased to less than 85% of the ultimate 

load, and the test was completed. The failure modes of components GJ-4 and 

GJ-6 were similar, and a problem of uneven contact surfaces owing to 

machining errors was encountered. The left and right connecting bolts were 

staggered when GJ-4 was loaded to 14 mm. After reaching 17 mm, tiny cracks 

appeared at the ear plate connection of each energy dissipation unit and 

continued to expand until the component was damaged. The left and right 
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connecting bolts were staggered when GJ-6 was loaded to 15 mm. Tiny cracks 

appeared after loading to 18 mm. The component was damaged when GJ-6 was 

loaded to 21 mm. Fig. 6 shows the cracks and final failure mode of each 

component. 

According to the comprehensive test phenomenon, GJ-1 and GJ-2 

weakened this position of the component because the joints were set at both 

ends of the energy dissipation unit. The joint position of each component had 

an increasing stress concentration with increasing bearing capacity of the two 

components. Finally, this position failed before the other positions. GJ-3 and 

GJ-5 changed the connection mode between the energy dissipation units; there 

was no stress concentration at the joint, thereby significantly improving the 

bearing and energy dissipation capacities. Furthermore, GJ-1 and GJ-3 had a tilt 

degree during crack formation to final failure, whereas GJ-5 had no apparent tilt 

compared with GJ-1 and GJ-3. Many cracks or failures occurred when GJ-2, 

GJ-4, and GJ-6 were damaged. Therefore, connecting multiple energy 

dissipation elements enables multisection failure of members and improves the 

bearing and energy dissipation capacities. 

 

3.2. Hysteretic behavior 

 

The hysteresis curve of each component had a degree of pinching under 

tension because the displacement between the component and actuator base was 

small, and there were errors and defects in the component. This phenomenon 

was more apparent in the GJ-1 and GJ-2 tests owing to the component 

processing problem and because the initial error of the actuator was not well 

adjusted. This phenomenon was significantly improved after subsequent tests. 

The primary supporting body of each component was inclined, and the bolted 

connection was unstable during the loading process, resulting in different 

bearing capacities of the component under tension and compression. This also 

resulted in an asymmetric hysteretic curve. Figs. 7 and 8 show the 

corresponding hysteretic properties and skeleton curves for each specimen, 

respectively. The hysteretic curves of each specimen were approximately 

shuttle-shaped until the bearing capacity of the damaged member degraded 

slightly, indicating that the specimen had good energy dissipation and 

deformation capacities. Table 2 lists the test results for the six test pieces. 

   

(a)                       (b) 

 

 (c) 

   
(d)                         (e) 

Fig. 6 Illustrations of different component failures. (a) Cracks appear. (b) Connection 

starts to break. (c) Crack expands gradually during loading. (d) Cracks appear on multiple 

sections. (e) Ultimate destruction 

 

             

(a)                                              (b)                                               (c) 

             

(d)                                              (e)                                                 (f) 

Fig. 7 Hysteresis curve of components (a) GJ-1, (b) GJ-2, (c) GJ-3, (d) GJ-4, (e) GJ-5, and (f) GJ-6 
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Table 2 

Experiment results of energy dissipation support device 

Component 

No 

Loading 

direction 

K0 

(kN/mm)-1 
Fy/kN Uy/mm Fp/kN Up/mm Fu/kN Uu/mm μ 

GJ-1 

Negative 

direction 
2.10 2.88 0.88 5.18 4.00 4.40 4.76 5.41 

Forward 1.03 3.02 0.93 6.19 6.00 5.86 7.06 7.59 

GJ-2 

Negative 

direction 
1.32 3.67 1.54 9.40 14.00 7.99 15.73 10.24 

Forward 1.22 4.53 1.83 14.15 18 13.01 19 10.41 

GJ-3 

Negative 

direction  

Forward 

3.54 

1.75 

3.09 

3.38 

0.87 

1.12 

6.52 

9.31 

8.07 

8.56 

5.64 

8.82 

9.33 

9.67 

10.73 

8.63 

GJ-4 

Negative 

direction  

Forward 

3.39 

3.93 

5.63 

6.24 

1.80 

1.77 

14.32 

18.57 

18.24 

18.99 

12.56 

17.23 

19.56 

20.13 

10.87 

11.36 

GJ-5 

Negative 

direction 

Forward 

6.71 

6.78 

4.26 

5.41 

1.12 

1.14 

8.82 

10.99 

17.00 

17.01 

7.23 

9.16 

17.63 

18.63 

15.73 

16.36 

GJ-6 

Negative 

direction  

Forward 

5.71 

5.93 

6.24 

5.63 

1.87 

1.76 

20.08 

17.43 

20.04 

20.01 

19.32 

16.46 

21.42 

20.75 

11.47 

11.78 

Note: K0 is the initial stiffness, Fy is the yield load, Uy is the equivalent yield displacement (obtained by geometric method), Fp is the peak load (highest point of the 

skeleton curve), Up is the peak displacement, Fu is the ultimate load (load when the specimen fails or when the load drops to 85%), Uu is the limit displacement, and 

μ is the ductility coefficient. 
 

The tensile bearing capacity was less than its corresponding compression 

bearing capacity when the number of energy dissipation support units increased. 

The initial stiffness of the members had a downward trend as the number of 

single members increased. However, the bearing capacity of the members also 

exhibited a significant increase, primarily because members GJ-2, GJ-4, and 

GJ-6 were connected by multiple energy dissipation units through bolts 

compared with members GJ-1, GJ-3, and GJ-5. This decreased the integrity of 

the component. Thus, the initial stiffness of the components GJ-2, GJ-4, and GJ-

6 was relatively smaller than that of a single energy dissipation support element. 

 

 

Fig. 8 Skeleton curve of each component 

 

Table 2, Figs. 7(a, c, and e), and Fig. 8 illustrate that the initial stiffness, 

yield load, and ductility coefficient of GJ-3 and GJ-5 improved compared with 

those of GJ-1 after changing the connection mode and corners between energy 

dissipation devices; thus, their energy dissipation and bearing capacities also 

improved significantly. GJ-5 was plumper and more symmetrical than GJ-1 and 

GJ-3, indicating that the capacity of the energy dissipation unit can be improved 

by solving the tilting phenomenon of the supporting body in the loading process.  

Table 2, Figs. 7(b, d, and f), and Fig. 8 show that GJ-6 had a fuller hysteretic 

curve and higher energy dissipation and bearing capacities than GJ-2 and GJ-4. 

This indicates that the two-way design of GJ-5 can effectively prevent the in-

plane displacement of the primary support body and instability of the font 

caused by connection or loading errors and ensure its energy dissipation and 

bearing capacities when multiple energy dissipation units are connected. 

 

3.3. Hysteretic behavior 

 

 

Fig. 9 Bearing capacity degradation curve 

 

 

Fig. 10 Stiffness degradation curve 

 

The ratio of the maximum load FIn1 of each stage to the maximum load 

FIn3 of the second cycle was recorded as the bearing capacity degradation rate 

to investigate the load-bearing performance of each energy dissipation support 

device. Under cyclic loading, the equivalent secant stiffness was used to 

characterize the stiffness of each specimen with a gradual increase in 

displacement. Figs. 9 and 10 illustrate the bearing capacity and stiffness 

degradation curves of each member, respectively.   

Fig. 9 shows that the degradation of the bearing capacities of different 

members presents similar change rules: the degradation rate of each member 

was 0.91–1.04, and the degradation degree of the bearing capacity of each 

member was small. This indicates that the three single energy dissipation units 

and the 2×3 units have a good load-bearing capacity. 
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As shown in Fig. 10, members GJ-1, GJ-3, and GJ-5 are single energy 

dissipation units with large initial stiffness. The stiffness degradation of a single 

energy dissipation unit was high, whereas those of the 2×3 units were gradual. 

Therefore, for members GJ-2, GJ-4, and GJ-6, although their initial stiffness 

showed a downward trend compared with that of a single energy dissipation 

unit, their stiffness degradation curves were relatively smooth. This indicates 

that the stiffness degradation resistance of the energy dissipation support device 

was better than that of a single energy dissipation element. 

 

3.4. Evaluation of energy dissipation performance of components 

 

The equivalent viscous damping coefficient ξe is an important index for 

evaluating the energy dissipation capacity of structures [24]. Eq. (7) and Fig. 11 

show the calculation method for the equivalent viscous damping coefficient. 

The shaded area in the Fig represents the area of a single hysteresis loop. 

 

ξ𝑒 =
1

2𝜋
∙

𝑆𝐴𝐵𝐶+𝑆𝐶𝐷𝐴

𝑆𝑂𝐵𝐸+𝑆𝑂𝐷𝐹
    (7) 

 

    

Fig. 11 Schematic of equivalent viscous damping coefficient calculation 

 

This study used the equivalent viscous damping coefficient curve to 

evaluate the energy dissipation capacity of the energy dissipation braces. As 

illustrated in Fig. 12, the overall trend of the equivalent viscous damping 

coefficient of each member increased with an increase in displacement. The 

equivalent viscous damping coefficient of member GJ-1 did not decrease before 

failure and reached 0.32, indicating that a single energy dissipation element has 

a good energy dissipation capacity. The equivalent viscous damping coefficient 

corresponding to each loading displacement of component GJ-2 fluctuated to 

varying degrees. A significant fluctuation was observed, particularly when 

U=1.5–2.5 mm. However, the equivalent viscous damping coefficient of GJ-2 

remained above 0.19, reaching a maximum of 0.27. Moreover, the energy 

dissipation curve of this component exhibited an upward trend. The viscous 

damping coefficients of members GJ-3, GJ-4, GJ-5, and GJ-6 initially increased 

rapidly and stabilized between 0.4 and 0.5. The equivalent viscous damping 

coefficients of each member did not decrease before failure, indicating that the 

damper has good energy dissipation capacity. 

GJ-5 had the largest equivalent viscous damping coefficient, followed by 

GJ-3, and GJ-1 was the lowest. This indicates that solving the problem of stress 

concentration and in-plane instability of the energy dissipation element can 

improve the energy dissipation capacity of the component. The equivalent 

viscous damping coefficients of members GJ-2, GJ-4, and GJ-6, composed of 

multiple energy dissipation units, were lower than those of members GJ-1, GJ-

3, and GJ-5, composed of their corresponding single energy dissipation units. 

This indicates that the energy dissipation capacity of the energy dissipation 

device reduces slightly with an increase in the energy dissipation units. 

  

Fig. 12 Comparison of equivalent viscous damping coefficient curves of various 

components 

3.5. Resilience model 

 

This study selected the Ramberg–Osgood (RO) model, which is a 

continuous curve model, as the restoring force model of the energy dissipation 

brace to fit the skeleton curve obtained from the test. It has the problem of 

discontinuous derivatives at individual turning points that the general broken-

line model does not have and is more consistent with engineering practice. 

Moreover, this model requires fewer parameters; therefore, it is a widely used 

mechanical model. Fig. 13 shows the skeleton curve of the RO model. The 

skeleton curve is expressed as 

 

𝑈

𝑈𝑦
=

𝐹

𝐹𝑦
(1 + 𝛼 |

𝐹

𝐹𝑦
|

𝛾−1

),  (8) 

 

where   and   are curve shape coefficients;  controls the elastic 

proportional limit of the curve, and the least square method is used to obtain

5.0= . The control curve represents the stiffness after yielding. 𝛾 = 7.1 ∙
𝑙𝑛(𝑡 𝑆⁄ ) + 29.5 [25], where t and S are the width and side length of each side 

of the energy dissipation unit, respectively. When 1= , the curve is 

completely elastic and plastic. When ∞= , the curve is ideal elastic and 

plastic. Fy and Uy are the yield load and yield displacement, respectively. 

After substituting each loading displacement, the skeleton curve under the 

RO model can be obtained through calculation, where Fy and Uy denote the yield 

load and yield displacement in each loading direction, as listed in Table 2. This 

study fitted only the "rising" segment of the skeleton curve because the RO 

model does not fit the descending segment. Fig. 14 compares the skeleton 

curves obtained from the test and calculation of each component. 

According to the skeleton curve results calculated using the RO model and 

those obtained using the test hysteresis curve, the test result of each component 

in the early stage of loading was more consistent with the RO recovery model. 

The fitting degree of the two curves decreased with increased loading 

displacement. However, the RO mechanical model can better fit the energy 

dissipation brace. 

 

 

Fig. 13 Ramberg–Osgood (RO) restoration model skeleton curve 

 

   
(a)                             (b) 

 

 (c)                            (d) 
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 (e)                                 (f) 

Fig. 14 Skeleton curve comparison of the RO model and each component test: (a) GJ-1, 

(b) GJ-2, (c) GJ-3, (d) GJ-4, (e) GJ-5, and (f) GJ-6 

 

4.  Finite element simulation analysis of dissipative components 

 

4.1. Basic information of finite element model 

 

By using ABAQUS finite element analysis software, a three-dimensional 

model was established for three different forms of honeycomb regular hexagon 

dampers. In the finite element model, honeycomb regular hexagon dampers 

included energy dissipators and ear plates, whose main function was to make 

the bearing capacity evenly distributed on the energy dissipators. In addition, 

eight nodes of linear hexahedron elements were used for the grid division of the 

finite element model. Furthermore, local mesh refinement was carried out on 

key research sites, such as around bolt holes and the arc of the honeycomb 

energy dissipation ring, to observe the failure characteristics of the main body 

of energy dissipation, which greatly reduced the error of simulation results 

caused by the grid division of the model. Compared with the test, the factors 

such as residual stress, initial eccentricity, insufficient welding, and welding 

heat influence are ignored in the finite element analysis. The finite element 

analysis ignores the influence of sliding distance and assembly void under low 

cyclic load. Q235 steel was used in the finite element model of the damper, 

which was completely consistent with the field test, and Tie binding was used 

to connect the contact surface. The finite element model and mesh division of 

the damper is shown in Fig 15. 

 

 

(a) Schematic diagram of a honeycomb regular hexagon damper 

    

    (b) basic type                      (c) Unidirectional type 

   

(d) Bidirectional type 

Fig. 15 Finite element model and meshing diagram of a damper 

 

4.2. Finite element model loading conditions and other parameter information 

 

Other parameters of the finite element model are completely consistent with 

those described in field tests. The basic type of honeycomb regular hexagon 

damper corresponds to GJ-1, the unidirectional type of honeycomb regular 

hexagon damper corresponds to GJ-3, and the bidirectional type of honeycomb 

regular hexagon damper corresponds to GJ-5. In the finite element model, the 

boundary condition is to simulate the fixed constraint with the six degrees of 

freedom constraints in the bottom lug plate. To prevent excessive local 

deformation caused by adverse factors such as stress concentration in the 

loading process from affecting the simulation results, coupling points were set 

at the loading position, and displacement loading was carried out on the upper 

lug plate by coupling constraint mode. The loading mode was cyclic hysteretic 

loading. The loading process is in complete agreement with the field test. The 

boundary conditions of the finite element model are shown in Fig 16. 

 

 

Fig. 16 Boundary conditions of finite element model 

 

4.3. Comparison of failure phenomena 

 

Compared with the honeycomb regular hexagon damper finite element 

simulation, the failure position of the honeycomb regular hexagon damper test 

is almost the same as the position of large stress distribution in the finite element 

model of the damper. However, the phenomenon that the edge of the energy-

dissipating body part is separated from the connecting part of the lug plate 

cannot be simulated in the finite element analysis. Therefore the ductility 

performance of the two is not completely consistent. But there are other factors 

of experimental error. In the field test process, there are also some problems, 

such as uneven connection surface between member and actuator and uneven 

weld machining, so the field test results are slightly different from the finite 

element simulation. The comparison between the site failure site of each 

component and the finite element simulation failure site is shown in Fig 17. 

 

    
(a) basic type                 (b) basic type failure phenomenon 

    

  (c) Unidirectional type        (d) Unidirectional type failure phenomenon 

    

    (e) Bidirectional type            (f) Bidirectional type failure phenomenon 

Fig. 17 Comparison between the site failure phenomenon of each component and the 

finite element simulation failure phenomenon 
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As can be seen from FIG. 17, the honeycomb regular hexagon damper 

foundation first appears to crack at the end of the diamond groove and gradually 

breaks down. The failure mode of unidirectional and bidirectional honeycomb 

regular hexagonal dampers is similar, and the stress distribution is large at the 

arc of the energy-dissipating body, and the angle between the ear plate and the 

energy-dissipating body, but the stress concentration phenomenon does not 

appear. The stress distribution in the stress program of the finite element model 

of the damper is consistent with the failure characteristics of the damper 

specimen in the field test. 

 

4.4. Comparison of hysteresis curves 

 

As shown in Fig 18 (a), in the comparison between the honeycomb regular 

hexagon damper basic type field test and finite element test, many unfavorable 

factors appeared in the field test, such as certain initial displacement errors of 

the actuator, gap between the damper and the actuator, and uneven welding 

between the energy dissipation body and the ear plate. The above adverse 

factors led to the field test did not reach the ideal bearing capacity and a certain 

degree of pinching phenomenon. In the unidirectional field test of the 

honeycomb regular hexagon damper, the initial displacement error of the 

actuator is improved to ensure full contact between the damper and the actuator 

at the beginning of displacement loading. However, due to the machining 

problem of the ear plate, the connection between the component and the actuator 

is uneven, resulting in certain slippage in the displacement loading process, and 

the bearing capacity is not up to the ideal state. The comparison of the field test 

and finite element results is shown in Fig 18 (b). In the bidirectional field test 

of the honeycomb regular hexagon damper, the initial displacement error of the 

actuator is solved, the contact surface between the damper and the actuator is 

smooth, and the no-slip phenomenon occurs in the displacement loading process. 

The hysteresis curve of the field test is fuller and has a higher bearing capacity 

than that of the foundation type and unidirectional type, but there are some 

processing problems in the weld between the energy dissipation body and the 

ear plate. The weld strength is not enough, and there is a certain gap, which 

makes the field test hysteresis curve under tension and compression asymmetry, 

and also makes the bearing capacity under tension not reach the ideal bearing 

capacity. However, the maximum bearing capacity under compression is not 

much different from the finite element simulation results, and the field test and 

finite element simulation hysteresis curve trend are the same. The consistency 

of finite element simulation and field test results is indirectly explained. The 

comparison of the field test and finite element results of the bidirectional 

honeycomb regular hexagon damper is shown in Fig 18 (c). 

 

5.  Conclusions 

 

The application of dampers in building structures is often limited by their 

size. Based on the research on the interconnect dampers proposed in this paper. 

According to the hysteresis curve obtained from the low-cycle reciprocating 

motion and finite element software model analysis, the following conclusions 

were drawn: 

(1) The damper described in this paper has good hysteretic energy 

dissipation capacity, especially in the case of large deformation; there is still a 

full hysteretic loop, and because the damper can be connected, the length is 

adjustable, so it has good applicability. 

(2) According to the bearing capacity degradation curve, stiffness 

degradation curve, and equivalent viscous damping coefficient curve of 

components obtained from the low-cycle reciprocating test, it can be seen that 

the dampers mentioned in the paper all have good load-holding capacity; 

Among the single dampers GJ-1, GJ-3, and GJ-5, GJ-3, and GJ-5 have the 

higher bearing capacity and energy dissipation capacity than GJ-1 after solving 

the problem of stress concentration. Among the three dampers, the hysteretic 

curves of GJ-5 are fuller and more symmetrical, indicating that the bidirectional 

design of the support body is conducive to solving the problem of in-plane 

instability of the energy dissipation member. The three-connection and two-row 

energy dissipation support test of each energy dissipation unit proves that the 

connection of multiple energy dissipation units can improve the bearing 

capacity and energy dissipation performance and can achieve multi-section 

yield. 

(3) The R-O restoring force model based on the damper is also proposed, 

and the skeleton curve of the damper is simulated. The skeleton curve of the 

damper can be roughly estimated by the mechanical properties of the material 

selected by the damper and the size of the energy dissipation support. The 

comparison with the experimental results shows that the inferred results of this 

method are reliable. 

(4) The yield characteristics of each honeycomb regular hexagon damper 

are almost identical to those of the large stress part of the stress program in the 

finite element model of the damper, which fully demonstrates the unity of the 

finite element simulation results and field test results. According to the 

hysteretic curve results, the finite element simulation ignored the welding 

residual deformation and initial defects of the component, as well as the initial 

error of the actuator and other adverse factors, so there was no slip phenomenon 

in the finite element simulation results. The energy dissipation laws of the three 

kinds of dampers in field tests and finite element simulation are the same. The 

energy dissipation capacity of unidirectional and bidirectional honeycomb 

regular hexagonal dampers is higher than that of the basic type, while the energy 

dissipation capacity of the bidirectional type is slightly higher than that of the 

unidirectional type. 

 

 

(a) Honeycomb regular hexagonal base type 

 

(b) Honeycomb regular hexagonal unidirectional type 

 

(c) Honeycomb regular hexagonal bidirectional type 

Fig. 18 Hysteresis curve comparison 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This study assessed the seismic performance and replaceability of steel frame structures incorporating replaceable beam 

segments. A reduced-beam-section beam-column joint featuring a replaceable energy dissipation beam segment was 

specifically designed for this purpose. The joint underwent quasi-static analysis subjected to low-cycle reciprocating 

loading. The study extended to a single-story, single-span plane steel frame, where reduced-beam-section beam-column 

joints with replaceable energy dissipation beam segments were analyzed for hysteretic and deformation behavior. Moreover, 

the exploration of parameters such as end-plate opening clearance and rotation deformation was undertaken to inform the 

simplification of the overall plane frame model. Meanwhile, multi-scale models were developed for an eight-story, four-

span, reduced-beam-section steel frame (RBSSF) with a replaceable energy dissipation beam segment and a rigid steel 

frame (RSF). These models were employed to analyze the elastoplastic time-history characteristics and the replaceability 

of the beam segment. The results demonstrated that the reduced-beam-section beam-column joint with a replaceable energy 

dissipation beam segment exhibited a relatively full hysteresis curve, affirming high ductility, energy di ssipation, and plastic 

deformation capacities. Notably, damage and plastic development in the steel beam primarily concentrated in the low -yield-

point replaceable energy dissipation beam segment. The small end-plate opening clearance ensured cooperative deformation 

between the end plates facilitated by the bolts. Comparatively, the RBSSF structure displayed superior seismic performance 

to the RSF structure during earthquakes, with the replaceable energy dissipation beam segment satisfying replaceability 

requirements under moderate seismic conditions. 
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1.  Introduction 

 

Traditional seismic structural designs typically focus on augmenting the 

strength, stiffness, or ductility through effective seismic measures to avoid 

brittle failure or collapse. However, this approach often results in plastic damage 

and residual deformation, presenting challenges in terms of repair [1]. Structures 

incorporate energy dissipation components or isolation layers to mitigate 

seismic responses and damage [2]. Recently, the concept of resilient structures 

has been introduced in seismic engineering. These structures meet the basic 

performance requirements and can recover and maintain functionality after an 

earthquake, which ensures safety, facilitates efficient post-disaster relief 

operations, and enables rapid reconstruction. Scholars have extensively 

evaluated and discussed resilient structural systems, considering various aspects 

such as structure, community, city, and society [3]. Resilient structures have 

emerged as a central focus and development direction in seismic engineering. 

A resilient structure [4,5] integrates rocking [6-12], self-centering [13-21], replaceable 

components [22-24], and additional energy dissipation devices [25-27] to diminish 

the structural response, damage, and residual deformation during earthquakes. 

The strategic placement of replaceable energy dissipation members in parallel 

with rocking or self-centering mechanisms contributes to diverse and resilient 

structural systems, maximizing their effectiveness. 

Luo [28] innovatively designed a beam-column joint based on damage 

control principles. The joint incorporated an L-shaped plate with a stable 

connection to the main structure, possessing robust plastic deformation 

capability. This plate was the primary damage element, and its replaceability 

after damage was a notable feature. Shen et al. [29] conducted a quasi-static test 

on beam-column joints employing reduced-beam end-plate-bolted and web-

channel-bolted connections. The results revealed the independent control of 

joint strength and stiffness, superior energy dissipation capacity for the end-

plate-bolted segment, larger plastic angle for the web-channel-bolted 

connection, and efficient beam segment inspection and replacement after 

damage. Wang et al. [30] conducted experiments and numerical analysis on a 

reduced replaceable beam joint, demonstrating its efficacy in damage control, 

along with commendable hysteretic energy dissipation and replaceability. 

Zhang et al. [31] performed a pseudo-dynamic test on a scale sub-structure model 

of a web friction-type prestressed steel frame structure. Their findings showed 

reduced cable force loss, minimized residual deformation, and the realization of 

post-earthquake self-centering and structural function recovery through 

effective mechanisms, such as gap opening and closing and friction energy 

dissipation. Castiglioni et al. [32] conducted an experimental study on a beam-

column joint featuring replaceable rectangular steel plate webs, confirming 

stable hysteretic energy dissipation characteristics and high ductility. Oh et al. 
[33] proposed a seismic performance-enhancing metal damper at the end of a 

steel beam, demonstrating effective energy dissipation and concentrated plastic 

deformation on a replaceable steel plate damper with a slit, leading to a 

favorable hysteretic performance. Shao and Chen [34] engineered a beam-column 

joint incorporating angle steel as the energy dissipation component, showcasing 

excellent hysteretic energy dissipation. Angle steel functioned as a “damage 

fuse” and could be readily replaced post-damage. Hu [35] introduced a high-

strength steel beam-column joint with a fused connection plate, demonstrating 

its ability to meet load-bearing capacity demands and concentrate damage 

through a quasi-static test, and emphasized the pivotal role of connection plate 

strength in seismic performance. He et al. [36] conducted a quasi-static analysis 

of a beam-column joint filled with low-yield-point steel at weakened positions 

of the steel beam flanges and webs. The analysis indicated high ductility and 

energy dissipation capacity but highlighted significant buckling deformation of 

the steel beam. Wang et al. [37] designed a beam-column joint with a low-yield-

point steel connection component, demonstrating through quasi-static analysis 

its effectiveness as a fuse with commendable hysteretic energy dissipation 

capacity. The load-bearing capacity coefficient emerged as a crucial factor 

influencing the joint’s seismic performance. Chi and Liu [38] proposed a post-

tensioned self-centering column base incorporating a buckling restrained steel 

plate, with a quasi-static test confirming no structural damage at a 4% rad 

displacement angle. The buckling restrained steel plate emerged as the primary 

source of energy dissipation, resulting in stable hysteretic behavior. 

Current investigations into the replaceable form of steel frame structures 

have primarily focused on integrating various replaceable energy dissipation 

components at the beam end and column base. Scarce attention has been paid 

to researching the seismic performance and replaceability of the beam segment 

itself within a steel frame structure featuring a replaceable energy dissipation 

beam segment. Consequently, this study focused on the design of a reduced-

beam-section beam-column joint incorporating a replaceable energy dissipation 

beam segment. The seismic performance and beam replaceability of the 

resulting reduced-beam-section steel frame (RBSSF) were examined, and the 

findings were compared with those of a conventional rigid steel frame (RSF). 

 

2.  Seismic performance of a beam-column joint with a replaceable 

energy dissipation beam segment 

 

2.1. Design of the joint 

 

The design of the reduced-beam-section beam-column joint, featuring a 
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replaceable energy dissipation beam segment, adhered to established standards, 

including the Chinese standard for the design of steel structures (GB50017-2014) 
[39], Chinese code for seismic design of buildings (GB50011-2010) [40], AISC 

358-16 [41], and pertinent provisions and studies [29]. The specific parameters of 

the joint are detailed in Table 1. 

 

Table 1 

Parameters of the designed joint model 

Segment Steel beam Column 
Replaceable beam 

segment 

Section size H400×250×12×20 □400×400×30 H400×220×12×20 

Steel grade Q235B Q345B LYP160 

 

2.2. Establishment of finite element model 

 

In this study, we established a numerical model of the joint using the finite 

element software ABAQUS. The C3D8R element was employed for all 

members, with the normal contact direction set as “hard” and the tangent 

direction as the “penalty function”, incorporating a friction coefficient of 0.45 
[39]. The high-strength bolts followed a bilinear constitutive model, while the 

other steels adopted a trilinear constitutive model, as illustrated in Fig. 1. 

Pertinent parameters are detailed in Table 2. Von Mises yield criterion and 

mixed-hardening criterion [42] were selected, and the loading system adhered to 

the American AISC seismic code provisions [43]. The finite element model 

subjected to low-cycle cyclic loading translated the story drift angle into beam-

end displacement. The loading amplitude curve is depicted in Fig. 2, and the 

node model is presented in Fig. 3. 

 

Table 2 

Material properties of the steel frame joint 

Material 

Stress 

 (N/mm2) 

Strain 

 (%) 

Elastic modulus  

(N/mm2) 

Poisson  

ratio 

σy σu σt εy εu εt E Μ 

Q235 235 420 330 0.114 15 22 206000 0.3 

Q345 345 554 480 0.167 25 36 206000 0.3 

LYP160 160 273 230 0.077 28.6 54 206000 0.3 

High strength bolt 945 1254 - 0.456 9 - 206000 0.3 

 

  

(a) (b) 

Fig. 1 Constitutive model of the steel frame joint: (a) Bilinear constitutive model, (b) 

Trilinear constitutive model 
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Fig. 2 Loading amplitude curve 

 

 

Fig. 3 Model of reduced beam section joint 

 

2.3. Verification of the finite element modeling method 

 

To validate the finite element model described earlier, an experimental 

model featuring a fabricated steel frame joint splicing a Z-shaped cantilever 

beam segment [44] was simulated using the finite element method. The finite 

element model utilized C3D8R solid elements for each segment, and other 

parameters and boundary conditions were derived from the reference [44]. The 

resulting model is depicted in Fig. 4. A comparison between the experimental 

and finite element simulation results is presented in Fig. 5. 

 

 

Fig. 4 Finite element model of the experimental model [44] 
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Fig. 5 Comparison between the experimental and finite element simulation results: (a) 

Comparison of hysteresis curves, (b) Comparison of failure modes 

 

Fig. 5 illustrates that the hysteresis curve and failure mode of the finite 

element model aligned with the test results, and the simulation accurately 

captured the plate slip. This confirms the viability of the finite element modeling 

method employed in this study and establishes the reliability of the analysis 

results. 
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2.4. Results of finite element analysis 

 

2.4.1. Hysteresis curves 

The hysteresis curve depicted in Fig. 6 represents the load-displacement 

(P–Δ) characteristics of the designed joint under cyclic loading. The curve 

directly elucidates the seismic performance of the designed joint. 
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Fig. 6 Hysteresis curve of the designed joint 

 

The joint exhibited elasticity during the initial loading stages, resulting in a 

small area in the hysteresis curve. As the displacement load at the beam end 

increased, the joint transitioned to the elastic-plastic stage, as evidenced by the 

decreased slope of the curve, indicating stiffness degradation. Concurrently, the 

load-bearing capacity and deformation increased, leading to a fuller hysteresis 

curve. Upon reaching the ultimate load, a further increase in the displacement 

load at the beam end led to a gradual decline in the joint’s load-bearing capacity. 

Consideration of joint destruction occurred when the load-bearing capacity 

reached 85% of the ultimate load. 

 

2.4.2. Backbone curve 

The backbone curve represents the envelope of the load extreme points on 

the hysteresis curve at each loading level. It serves as a crucial reference for 

identifying the characteristic points of the joints. The depicted backbone curve 

of the designed joint is presented in Fig. 7. 
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Fig. 7 Backbone curve of the designed joint 

 

Table 3 

Comparison of the load and displacement at different characteristic points 

Joint type 

Yield Ultimate Destroy 

Py 

(kN) 
Δy 

(mm) 
Pmax 

(kN) 
Δmax 

(mm) 
Pu 

(kN) 
Δu 

(mm) 

Reduced 

beam section 

Positive 140.37 33.79 171.20 89.12 145.52 162.13 

Negative 154.13 45.33 -175.25 89.75 148.96 143.09 

 

In Fig. 7, it is evident that the positive and negative backbone curves of the 

designed joint lack complete symmetry, possibly attributed to the Bauschinger 

effect. Initially, the backbone curve approximated a straight line during the 

initial loading stage. As the displacement load at the beam end increased, the 

slope of the backbone curve gradually decreased, deviating from a straight line. 

Nevertheless, the joint load-bearing capacity continued to increase, peaking at 

the ultimate load-bearing capacity before progressively declining until the joint 

failed. 

In this study, the geometrography method determined the equivalent yield 

point of the joint. The ultimate load corresponded to the peak point on the 

backbone curve, with the corresponding displacement identified as the ultimate 

displacement. Joint failure was recognized at 85% of the ultimate load, and the 

associated displacement was termed failure displacement [45]. Table 3 presents 

a comparison of the load and displacement of the designed joint at the three 

characteristic points. 

 

2.4.3. Stiffness degradation curve 

Stiffness degradation denotes a gradual reduction in the specimen stiffness 

as the applied load increases, serving as an indicator of material damage. This 

phenomenon is quantified by the secant stiffness Ki 
[45]. 
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Fig. 8 Stiffness degradation curve of the designed joint 

 

As shown in Fig. 8, the stiffness degradation curve of the reduced-beam-

section beam-column joint, featuring a replaceable energy dissipation beam 

segment, exhibited an initial rapid decline in stiffness, followed by a 

comparatively slower decrease in the later stage. 

 

2.4.4. Ductility and energy dissipation capacity 

The seismic performance of joints is commonly evaluated using parameters 

such as ductility coefficient, total energy consumption (Wt), equivalent viscous 

damping coefficient (ζeq), and energy dissipation coefficient (E). These 

parameters are detailed in Table 4. 

 

Table 4 

Ductility coefficient and energy consumption index of the designed joint 

Displacement ductility coefficient μ Wt 

(kN·m) 
ζeq E 

Positive Negative Mean 

4.79 3.16 3.98 334.45 0.48 3.01 

 

The analysis in Table 4 revealed that the mean value of the displacement 

ductility coefficient (μ) for both the positive and negative directions was 3.98, 

indicating a high level of ductility in the designed joint. The joint exhibited an 

equivalent viscous damping coefficient (ζeq) of 0.48, coupled with a large 

hysteresis area and high total energy consumption, indicating a commendable 

seismic energy dissipation capacity. 

 

2.4.5. End-plate opening analysis 

This section investigated the opening and closing clearance of the joint end 

plate, laying the groundwork for the subsequent simplification of the overall 

model. Measuring points 1–9 on the joint end plate were strategically chosen 

for studying the opening clearance, with points 2, 4, 6, and 8 aligned with the 

bolt axis positions, as illustrated in Fig. 9. 

 

 

Fig. 9 Layout of measuring points (Mp) 

 

The relationship curve, Δeps-θb, between the opening and closing clearances 

of the end plate and the beam-end rotation angle under low-cycle cyclic loading 

is depicted in Fig. 10. Here, the clockwise direction was considered positive for 

beam-end rotation, whereas counterclockwise was negative. 
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(a) (b) 

Fig. 10 Relationship between end-plate opening and closing clearance and beam-end 

rotation angle: (a) Position A, (b) Position B 

 

Throughout the loading process, as damage and plastic development 

predominantly occurred in the replaceable energy dissipation beam section, the 

opening clearance of the end plate remained minimal. Consequently, the bolts 

ensured close contact, fostered coordinated deformation between the end plates, 

and facilitated a stable force transfer mechanism for this connection mode. 

 

2.5. Establishment and performance verification of the simplified joint model 

 

2.5.1. Establishment of the simplified joint model 

This section established and analyzed a simplified model of a reduced-

beam-section beam-column joint featuring a replaceable energy dissipation 

beam segment. The coordinated deformation between the end plates, as revealed 

in the analysis of the joint end plate opening (Section 2.3.5) and the single-story 

single-span end plate (Section 3.2.2), prompted the removal of high-strength 

bolts in the simplified joint model based on the refined joint model. Instead, a 

tie constraint was implemented for the end plate contact, resulting in the 

simplified joint model depicted in Fig. 11. 

 

 

Fig. 11 Simplified joint model 

 

2.5.2. Verification of mechanical properties of the simplified joint model 

A quasi-static analysis was conducted to validate the accuracy of the 

simplified joint model for simulating the mechanical performance of the joint. 

The hysteresis and backbone curves of the simplified joint model were obtained 

and compared with those of the refined joint model, as illustrated in Figs. 12 

and 13. Table 5 presents a comparison of the element number and calculation 

time between the refined and simplified joint models. 
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Fig. 12 Comparison of hysteresis curve of the refined and the simplified joint models 
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Fig. 13 Comparison of the backbone curve of the refined and the simplified joint models 

 

Figs. 12 and 13 show a slightly higher load-bearing capacity in the 

simplified joint model than in the refined joint model. This discrepancy is 

attributed to the enhanced stiffness of the end plates resulting from the binding 

constraints. However, the hysteresis and backbone curves of both models were 

aligned, confirming the accurate simulation of the mechanical properties using 

the simplified joint model. 

 

Table 5 

Comparison of element number and calculation time between the refined and 

simplified joint models 

Models Number of elements Calculation time (min) Efficiency (%) 

Refined model 66550 694 - 

Simplified model 27430 159 336 

Note: The computer for these simulations was equipped with an Intel Core i9-7980XE CPU 

operating at 2.6 GHz, 16 GB RAM, and an NVIDIA GeForce RTX 2080 GPU with 16 GB 

memory. 

 

3.  Seismic performance and end-plate deformation analysis of single-

story, single-span plane frame 

 

3.1. Establishment of finite element model 

 

The modeling method, contact setting, and material constitutive 

relationship for the single-story, single-span plane frame model were consistent 

with those detailed in Section 2.2. To expedite convergence and reduce the 

computation time, connectors were utilized to streamline the representation of 

the bolts. Despite the advantage of eliminating the need to define the contact 

and mesh, connectors do not capture the response of bolts. A fixed constraint 

was implemented at the bottom of the column to restrict the out-of-plane 

displacement. Additionally, a reciprocating horizontal displacement load was 

applied to the column coupling point (RP-1) on the left side of the frame, as 

illustrated in Fig. 14. The loading system is further illustrated in Fig. 15. 

 

 

Fig. 14 Single-story single-span plane frame 

 

 

Fig. 15 Loading amplitude curve of column end 
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3.2. Analysis of finite element calculation results 

 

3.2.1. Hysteresis curve 

The load-displacement (P-Δ) curve of the single-story single-span plane 

frame is depicted in Fig. 16. 

 

 

Fig. 16 Hysteresis curve of the RBF plane frame 

 

During the initial loading stage, the plane frame structure exhibited an 

elastic state, resulting in a limited hysteresis curve area. As the horizontal 

displacement of the column end gradually increased, the structure transitioned 

into an elastoplastic state, accompanied by a decreasing curve slope, indicative 

of stiffness degradation. Simultaneously, the load-bearing capacity and 

deformation increased, leading to an expanded hysteresis curve. Notably, the 

hysteresis curve displayed a continuous shuttle-shaped loop throughout the 

loading process, suggesting excellent plastic deformation and energy 

dissipation capacity in the single-story, single-span plane steel frame with 

reduced-beam-section beam-column joints featuring a replaceable energy 

dissipation beam segment. 

 

3.2.2. End plate opening analysis 

In this section, an examination of the opening and closing clearance of the 

end plate was conducted, laying the groundwork for overall model 

simplification. Measuring points 1–9 on the end plate of the single-story, single-

span plane steel frame were selected to study the opening clearance, and their 

layout is depicted in Fig. 17. Among these, measuring points 2, 4, 6, and 8 

corresponded to the positions of the bolt axis. 

 

 

Fig. 17 Layout of opening clearance measuring points (Mp) 

 

The Δeps-θc curve, depicting the relationship between the opening and 

closing clearances of the end plate and the beam end rotation angle under 

horizontal low-cycle cyclic loading, is presented in Fig. 18. Notably, the beam 

end rotation direction was considered positive in the clockwise direction and 

negative in the counterclockwise direction. 

 

  

(a) (b) 

Fig. 18 Relationship between the opening and closing clearance of the end plate and the 

beam end rotation angle: (a) Position A, (b) Position B 

Fig. 18 illustrates that throughout the loading process, the opening 

clearance of the end plate remained minimal due to the concentration of damage 

and plastic development in the replaceable energy dissipation beam section of 

the steel beam. Consequently, the bolts ensured close contact and coordinated 

deformation between the end plates, facilitating a stable force transfer 

mechanism in this connection mode. The discrepancies in the end-plate opening 

and closing clearance curves between the joint and the single-story single-span 

plane steel frame can be attributed to the different loading positions: the joint 

loaded at the beam end and the frame loaded at the column end. A subsequent 

study of the frame structure with this joint ignored the effect of the end-plate 

opening. 

 

3.2.3. Analysis of the end-plate rotation angle 

In this section, the horizontal displacements of measuring points 1–9 at 

positions A and B of the single-story, single-span plane frame end plate are 

extracted and presented in Fig. 19. This study investigated the rotation angle, 

flatness of the end plate under different loading displacements, and 

replaceability of the replaceable energy dissipation beam section after an 

earthquake. The relationship between the end-plate height and the horizontal 

displacement of measuring points 1–9 (Dep-Δeps curve) under varying rotation 

angles of the column end is depicted in Fig. 20. Furthermore, the analysis results 

of the rotation angle at positions A and B of the end plate are summarized in 

Table 6. 
 

 

Fig. 19 Measuring points (Mp) of the end-plate displacement 

 

Table 6 

Analysis results of the rotation angle at positions A and B of the end plate 

Rotation angle at 

column end 

(rad) 

Rotation angle at 

position A 

(rad) 

Relative 

rotation angle 

(rad) 

Rotation angle at 

position B 

(rad) 

Relative 

rotation angle 

(rad) 

0.00375 0.0025 -0.00125 0.0013 -0.00245 

0.005 0.0044 -0.0006 0.0015 -0.0035 

0.0075 0.0076 0.0001 0.0008 -0.0067 

0.01 0.0113 0.0003 0.0001 -0.0099 

0.015 0.0181 0.0031 -0.0014 -0.0164 

0.02 0.0241 0.0041 -0.0026 -0.0226 

0.03 0.0353 0.0053 -0.0048 -0.0348 

0.04 0.0464 0.0064 -0.0072 -0.0472 

0.05 0.0593 0.0093 -0.0099 -0.0599 

0.06 0.0702 0.102 -0.0125 -0.0725 

0.07 0.0823 0.0123 -0.0155 -0.0855 
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(a) (b) 

Fig. 20 Displacement curve of the end plate: (a) Position A, (b) Position B 
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The displacements of measuring points 1–9 at positions A and B formed 

approximately straight lines during the loading process. This suggests the 

absence of significant buckling on the end plate, ensuring its flatness. 

Consequently, the connection between the end plates remained relatively stable, 

and the end plate deformation was minimal. These conditions meet the 

anticipated construction and replacement requirements, facilitating the post-

earthquake replacement of the replaceable energy dissipation beam section. 

 

4.  Dynamic elastoplastic time-history analysis of steel frames 

 

To assess the seismic performance of the plane steel structure featuring the 

designed joint, this section conducted an elastoplastic time-history analysis on 

an eight-story, four-span RBSSF with a replaceable energy dissipation beam 

segment and an RSF. 

 

4.1. Project profile 

 

The structure’s specifications included a 4.2 m height for the bottom floor, 

a 3.6 m for the remaining floors, and a 6.0 m span. The seismic fortification 

intensity was Richter magnitude 8 (0.2 g), with a class II site classification. The 

designed earthquake fell under group I, with an aseismic grade of III and a 

designated service life of 50 years. The standard dead (live) load values were 

5.0 (2.0) kN/m2. The section sizes and steel properties of the steel beam, column, 

and replaceable beam segment are detailed in Table 7. 

 

Table 7 

Parameters of the steel frame 

Segment 1st–3rd floor 4th–6th floor 7th and 8th floors 

Frame beam H400×250×12×20 H400×250×12×20 H400×250×12×20 

Frame 

column 
□400×400×30 □400×400×25 □400×400×20 

Replaceable 

beam 

segment 

H400×220×12×20 H400×220×12×20 H400×220×12×20 

 

4.2. Establishment and validation of the multi-scale model 

 

In this study, multi-scale modeling technology was employed to construct 

a nonlinear finite element model to enhance the accuracy and efficiency of the 

seismic performance analysis of steel frames. Multi-scale modeling integrates 

fine and macro models through the collaboration of different-scale elements. 

Previous research [46-48] has validated the feasibility of this modeling approach 

and the associated interface connection method. 

The ABAQUS software was utilized to establish the multi-scale plane steel 

frame model. As shown in Fig. 21, the behavior of the replaceable beam 

segment and end plate was simulated using solid elements. In contrast, the shell 

elements modeled the behavior of the node domain and the short beam segment. 

Additionally, the behavior of the other frame columns and beams was 

represented using beam elements. The coupling command [42] ensured the 

connection and collaboration between the shell and beam elements. 

 

 

Fig. 21 Multi-scale plane steel frame models of the RBSSF and RSF established in this 

study for elastoplastic time-history analysis 

 

Fig. 22 depicts the multi-scale plane steel frame models of the RBSSF and 

RSF established in this study for elastoplastic time-history analysis. 

 

  

(a) (b) 

Fig. 22 Schematic diagram of multi-scale plane steel frame structures: (a) RBSSF, (b) RSF 

 

4.3. Modal analysis 

 

Modal analysis of the RBSSF and RSF structures was conducted using 

ABAQUS software. The first three-order vibration modes of the structures are 

illustrated in Fig. 23, and the corresponding natural vibration periods and 

circular frequencies for these modes are provided in Table 8. 

 

Table 8 

Natural vibration period and circular frequency of the frame structures 

Frame T1 ω1 T2 ω2 T3 ω3 

RBSSF 1.98 3.16 0.64 9.88 0.35 18.11 

RSF 1.95 3.21 0.63 10.03 0.34 18.34 

Note: Ti and ωi represent the ith natural vibration period and circular frequency of the struc-

ture, respectively. 

 

   

First-order vibration mode Second-order vibration mode Third-order vibration mode 

(a) 

   

First-order vibration mode Second-order vibration mode Third-order vibration mode 

(b) 

Fig. 23 First three order vibration modes of plane steel frame: (a) RBSSF, (b) RSF 
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In the elastoplastic time-history analysis of the structure, the impact of 

damping could not be disregarded. Rayleigh damping was chosen as the 

structural damping model in this study. The mass damping coefficient (α) and 

stiffness damping coefficient (β) were determined based on the natural 

frequency and period of the structure, as outlined in Table 9. 

 

Table 9 

Structural damping coefficients α and β 

Frame Mass damping coefficient α Stiffness damping coefficient β 

RBSSF 0.2395 0.00766 

RSF 0.2434 0.00755 

 

4.4. Selection of seismic wave 

 

In this study, seismic wave records were meticulously chosen based on 

parameters such as seismic fortification intensity, seismic intensity grade, and 

site soil type, following the guidelines from ATC-63 [49] and the Chinese code 

for seismic design of buildings (GB50010-2010) [40]. Ultimately, the El Centro 

wave (natural wave), Westmoreland wave (natural wave), and RH4TG035 

(artificial wave) were selected for elastoplastic time-history analysis. To ensure 

consistency in the peak acceleration with the target peak acceleration, the 

seismic acceleration time-history curves of the three groups of seismic waves 

were amplitude-modulated to 0.4 g, as illustrated in Fig. 24. 

 

4.5. Determination of performance objectives 

 

This study chose the maximum and residual inter-story displacement angles 

as the structural demand indices when subjected to earthquake motion, 

considering the deformation and failure criteria. The prescribed limits for the 

inter-story and residual inter-story displacement angles under various seismic 

levels were determined based on prior research [50-53] (Table 10). The scope of 

the residual inter-story displacement angle primarily governs the replaceability 

of the energy dissipation beam. 

 

4.6. Time-history analysis results of the steel frame structure under earthquake 

action 

 

4.6.1. Displacement response analysis of the top floor 

The time-history curves depicting the displacement of the RBSSF and RSF 

structures during frequent, moderate, and rare earthquakes are presented in Figs. 

25–27. 
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Fig. 24 Seismic acceleration time-history curves after amplitude modulation to 0.4 g 

Table 10 

Performance level of the steel frame structure with replaceable energy dissipation beam 

Seismic level Performance level Structural function description 

Inter-story displacement 

angle 

Residual inter-story displacement 

angle 

Frequent 

earthquake 

Basically intact 

Slight damage 

The replaceable beam section may experience slight plastic deformation, while the 

main portion remains elastic, preserving the overall structural integrity. 

< 0.4% 

< 0.8% 

< 0.15% 

Moderate 

earthquake 

Medium damage 

The replaceable beam section incurs additional damage, with slight damage to the main 

portion, enabling normal functioning after replacing the damaged beam section. 

< 1.2% < 0.5% 

Rare 

earthquake 

Severe damage 

The replaceable beam section sustains severe damage, leading to varying degrees of 

damage in the beam and column-bearing members. Partial removal of damaged mem-

bers allows for the appropriate use of the structure. 

< 1.8% < 1.0% 
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(b) 

Fig. 25 Time-history curves of the top floor displacement of the steel frame under frequent earthquakes: (a) RBSSF, (b) RSF 
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(b) 

Fig. 26 Time-history curves of the top floor displacement of the steel frame under a moderate earthquake: (a) RBSSF, (b) RSF 

 

0 10 20 30 40 50
-300

-200

-100

0

100

200

300

400

-187.09mm

289.37mm

T
o
p

 f
lo

o
r
 d

is
p

la
c
e
m

e
n

t/
m

m

Time/s

 EL-Centro 0.4g

 

0 10 20 30 40 50
-300

-200

-100

0

100

200

300

-228.97mm

228.81mm

T
o

p
 f

lo
o

r 
d

is
p

la
ce

m
en

t/
m

m

Time/s

 Westmorland 0.4g

 

0 10 20 30 40 50
-300

-200

-100

0

100

200

300
228.63mm

-184.31mm

T
o

p
 f

lo
o

r 
d

is
p

la
ce

m
en

t/
m

m
Time/s

 RH4TG035 0.4g

 

(a) 

0 10 20 30 40 50
-300

-200

-100

0

100

200

300

400

-228.94mm

272.48m

T
o

p
 f

lo
o

r 
d

is
p

la
ce

m
en

t/
m

m

Time/s

 EL-Centro 0.4g

 
0 10 20 30 40 50

-300

-200

-100

0

100

200

300

-226.77mm

243.14mm

T
o

p
 f

lo
o

r 
d

is
p

la
ce

m
en

t/
m

m

Time/s

 Westmorland 0.4g

 

0 10 20 30 40 50
-300

-200

-100

0

100

200

300
238.59mm

-181.01mm

T
o
p

 f
lo

o
r
 d

is
p

la
c
e
m

e
n

t/
m

m

Time/s

 RH4TG035 0.4g

 

(b) 

Fig. 27 Time-history curves of the top floor displacement of the steel frame under a rare earthquake: (a) RBSSF, (b) RSF 

 

Figs. 25–27 revealed that the occurrence of the maximum displacement in 

the RBSSF structure lagged behind that of the RSF structure. However, the 

time-history curves for the top floor displacement exhibited similar trends for 

both the structures. Under frequent and moderate earthquakes, the maximum 

displacement of the RBSSF structure’s top floor was slightly larger than that of 

the RSF structure. This discrepancy may be attributed to the RBSSF structure’s 

reduced beam sections, resulting in an overall smaller stiffness than that of the 

RSF structure. Conversely, during a rare earthquake, the maximum 

displacement of the RSF structure’s top floor slightly exceeded that of the 

RBSSF structure. This can be attributed to the full plastic energy dissipation of 

the replaceable energy dissipation beam section, with damage concentrated 

mainly in this section. In contrast, the primary structure of the steel frame 

experienced relatively minor damage. 

 

4.6.2. Shear force response analysis of the base 

The time-history curves illustrating the base shear force responses of the 

RBSSF and RSF structures under frequent, moderate, and rare earthquakes are 

depicted in Figs. 28–30. 
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(b) 

Fig. 28 Time-history curves of the base shear force of the steel frame under frequent earthquakes: (a) RBSSF, (b) RSF 
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(b) 

Fig. 29 Time-history curves of the base shear force of the steel frame under a moderate earthquake: (a) RBSSF, (b) RSF 
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(b) 

Fig. 30 Time-history curves of the base shear force of the steel frame under a rare earthquake: (a) RBSSF, (b) RSF 

 

Figs. 28–30 show that the maximum base shear force in the RBSSF 

structure occurred later than that in the RSF structure under frequent, moderate, 

and rare earthquakes. The patterns observed in the time-history curves for the 

base shear forces of both structures were similar. Notably, the maximum base 

shear force of the RBSSF structure was marginally smaller than that of the RSF 

structure, contributing to a certain degree of damage reduction in the frame 

columns. 

 

 

4.6.3. Analysis of inter-story displacement angle 

The inter-story displacement angle (MIDR) curves depicting the behavior of 

the RBSSF and RSF structures under frequent, moderate, and rare earthquakes 

are presented in Figs. 31–33. 
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(a) (b) 

Fig. 31 Inter-story displacement angle curves of the steel frame under frequent 

earthquakes: (a) RBSSF, (b) RSF 

 

0.0 0.5 1.0 1.5 2.0

0

2

4

6

8

F
lo

o
r
/N

θMIDR/10-2 rad

 EL-Centro 0.2g

 Westmorland 0.2g

 RH4TG035 0.2g

 

0.0 0.5 1.0 1.5 2.0

0

2

4

6

8

F
lo

o
r
/N

θMIDR/10-2 rad

 EL-Centro 0.2g

 Westmorland 0.2g

 RH4TG035 0.2g

 

(a) (b) 

Fig. 32 Inter-story displacement angle curves of the steel frame under a moderate  

earthquake: (a) RBSSF, (b) RSF 
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(a) (b) 

Fig. 33 Inter-story displacement angle curves of the steel frame under a rare earthquake: 

(a) RBSSF, (b) RSF 

 

Figs. 31–33 revealed consistent weak floor positions and a consistent 

pattern in the inter-story displacement angle curves for both RBSSF and RSF 

structures subjected to the same seismic waves. The maximum inter-story 

displacement angles of both structures remained within the prescribed limits 

under various seismic conditions, satisfying the structural requirements. During 

frequent and moderate earthquakes, the RBSSF structure exhibited a slightly 

larger maximum inter-story displacement angle than the RSF structure. This 

divergence may be attributed to the full plastic energy dissipation in the 

replaceable energy dissipation beam section, where damage is primarily 

concentrated, leading to relatively minor damage and residual deformation in 

the main structure of the steel frame. Conversely, under rare earthquakes, the 

inter-story displacement angle of the RBSSF structure was relatively smaller 

than that of the RSF structure. 

 

5.  Feasibility analysis of energy dissipation beam replacement 

 

Residual displacement is crucial for evaluating the seismic and toughness 

performance of structures and for gauging the structural recoverability and 

replaceability [54]. However, residual inter-story displacement provides a holistic 

view of the structure’s overall residual deformation, lacking specificity about 

local residual deformation. This section analyzed the feasibility of beam 

segment replacement by considering the residual inter-story displacement angle 

and residual rotation angle of the end plate of the replaceable beam segment. 

 

5.1. Residual inter-story displacement angle 

 

This section extracted and analyzed the residual inter-story displacement 

angle (RIDR) of the RBSSF structure. The corresponding curves under various 

seismic conditions are presented in Fig. 34, and detailed analysis results are 

provided in Table 11. 
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(c) 

Fig. 34 Residual inter-story displacement angle curves of the RBSSF structure under 

earthquake action: (a) Frequent earthquake, (b) Moderate earthquake, (c) Rare earthquake 

 

Table 11 

Residual inter-story displacement angle of the RBSSF structure under earth-

quake action 

Seismic level Seismic wave Floor (N) 
Residual inter-story displacement 

angle (% rad) 

Frequent 

earthquake 

EL-Centro 2 0.026 

Westmorland 2 0.022 

RH4TG035 3 0.037 

Average - 0.028 

Moderate 

earthquake 

EL-Centro 2 0.117 

Westmorland 2 0.054 

RH4TG035 2 0.124 

Average - 0.098 

Rare 

earthquake 

EL-Centro 4 0.284 

Westmorland 3 0.163 

RH4TG035 2 0.270 

Average - 0.239 

 

From Fig. 34 and Table 11, it can be concluded that the residual inter-story 

displacement angle of the RBSSF structure under frequent, moderate, and rare 

earthquakes remained within the prescribed limits. Hence, it meets the 

requirements for the residual inter-story displacement angle of the structure. 

 

5.2. Residual rotation angle of the end plate 

 

In this section, we examined the residual rotation angle of the end plate of 

the replaceable beam section at the side span of the floor, where the residual 

inter-story displacement angle was the largest (Fig. 35). Due to the binding 

constraint between the end plates, the end plate exhibited relatively high 

stiffness, ensuring its flatness. Consequently, the analysis focused on the 

horizontal displacement of measuring points 1–3 at positions A and B of the end 

plate. The residual displacement curves (Dep-∆ep) for measuring points 1–3 

along the height direction of the end plates at positions A and B under different 

seismic conditions are illustrated in Fig. 36, with the corresponding analysis 

results of the residual rotation angle of the end plate presented in Table 12. 
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Fig. 35 Schematic diagram of measuring point selection for the end-plate residual 

displacement 
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(c) 

Fig. 36 Residual displacement curves of the replaceable beam segment under seismic 

action: (a) Frequent earthquake, (b) Moderate earthquake, (c) Rare earthquake 

 

Fig. 36 and Table 12 revealed that during seismic activity, both the residual 

rotation angle and the relative residual rotation angle of the end plate remained 

significantly below the installation tolerance limit for steel structure members, 

set at 0.15% rad. Consequently, the replacement of the energy dissipation beam 

section was feasible. However, under rare earthquake conditions, the maximum 

residual rotation angle of the end plate at positions A and B exceeded the 

installation tolerance limit of the steel structure members (0.15% rad). In 

contrast, the relative residual rotation angle remained below this limit. This 

suggests the limited replaceability of the energy dissipation beam segment. 

In conclusion, if only the residual inter-story displacement angle of the 

structure was considered as the criterion for the replaceability of the energy 

dissipation beam segment, the structure clearly met the replaceability 

requirement under rare earthquake conditions. Nevertheless, when the rotation 

angle of the end plate between the replaceable beam segment and the steel beam 

surpassed the component installation tolerance limit, the replacement of the 

energy dissipation beam segment became challenging or unattainable. 

Therefore, it is crucial to consider both the overall and local residual 

deformations when assessing the structural replaceability. 

Table 12 

Residual rotation angle of the replaceable beam segment under seismic action 

Seismic 

level 
Seismic wave 

Residual rotation 

angle at  

position A 

(% rad) 

Residual rotation 

angle at  

position A 

(% rad) 

Relative residual 

rotation angle 

between positions 

A and B 

(% rad) 

Frequent 

earthquake 

EL-Centro 0.0615 0.0774 0.0159 

Westmorland 0.0589 0.0760 0.0171 

RH4TG035 0.0706 0.0842 0.0136 

Average 0.0637 0.0792 0.0155 

Moderate 

earthquake 

EL-Centro 0.1127 0.1076 0.0049 

Westmorland 0.0867 0.0942 0.0075 

RH4TG035 0.1225 0.1099 0.0126 

Average 0.1073 0.1039 0.0083 

Rare earth-

quake 

EL-Centro 0.3046 0.1862 0.1184 

Westmorland 0.1999 0.1637 0.0362 

RH4TG035 0.2389 0.2242 0.0147 

Average 0.2478 0.1914 0.0564 

 

6.  Conclusions 

 

In this study, a beam-column joint featuring a reduced-beam section and a 

replaceable energy dissipation beam segment was meticulously designed. After 

the design phase, a comprehensive quasi-static analysis was conducted on the 

joint and the single-story, single-span steel frame incorporating this novel joint. 

The analysis included exploring the seismic performance, failure modes, 

opening clearance, and end plate rotation angles. These findings laid the 

groundwork for streamlining an overall plane frame. Moreover, multi-scale 

models for both the RBSSF and RSF structures were crafted. Elastoplastic time-

history analyses were then employed to scrutinize the replaceability of the beam 

segment and ascertain the practical requirements for replacement. The primary 

conclusions derived from this study are summarized as follows: 

1. The hysteresis curve of the joint featuring a replaceable low-yield-point 

energy dissipation segment exhibited notable completeness, signifying high 

ductility and effective energy dissipation with a robust plastic deformation 

capacity. 

2. Throughout the entire loading process, damage and plastic development 

predominantly occurred in the replaceable low-yield-point energy dissipation 

beam. The minimal opening clearance of the end plate ensured close bolt contact, 

fostering coordinated deformation between the end plates. Consequently, a 

stable force transfer mechanism was established in this connection mode. 

Additionally, the simplified joint model adeptly replicated the mechanical and 

deformation characteristics of the refined joint model. 

3. In response to frequent, moderate, and rare earthquakes with a Richter 

magnitude of 8, the time-history curves depicting the development trends of the 

top floor displacement and base shear force in both the RBSSF and RSF 

structures exhibited similarities. The maximum inter-story displacement angles 

in both structures adhered to the code requirements. Notably, under frequent 

and moderate earthquakes, the RBSSF structure, characterized by reduced beam 

sections, demonstrated larger maximum top floor displacement and inter-story 

displacement angles than the RSF structure. This difference can be attributed to 

the RBSSF’s overall lower stiffness. Conversely, the RBSSF structure exhibited 

smaller maximum top floor displacement and inter-story displacement angles 

during rare earthquakes than the RSF structure. Furthermore, the maximum base 

shear force in the RBSSF structure was consistently lower than that in the RSF 

structure under all earthquake scenarios, highlighting the superior seismic 

performance of the RBSSF structure. 

4. The residual inter-story displacement angle of the RBSSF structure 

during frequent, moderate, and rare earthquakes with a Richter magnitude of 8 

met the prescribed limits for the residual inter-story displacement angle in the 

performance target. Additionally, the residual rotation angle of the end plate in 

the replaceable energy dissipation beam segment satisfied the replaceable 

deformation limit under frequent and moderate earthquakes. However, under 

rare earthquakes, the residual angle of the end plate in the replaceable energy 

dissipation beam section slightly exceeded the limit, posing challenges for 

replacing the energy dissipation beam segment. Both overall residual and local 
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residual deformations should be considered when assessing replaceability. 

5. This study investigated the seismic performance and replaceability of a 

reduced-beam-section beam-column joint with a replaceable energy dissipation 

beam segment through numerical simulations. Future research should further 

validate these results by using model tests. 
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A B S T R A C T A R T I C L E H I S T O R Y

The drum-shaped honeycomb-type III cable dome with a quad-strut layout abandons the traditional concept, incorporating a
multi-support pole concept, making it one of the most structurally diverse types of cable dome structures. Its upper chord cable mesh is
evenly divided, resulting in a simple and efficient structural design. This design approach reduces the usage of cables and struts, making
pre-stressing and tensioning construction more convenient. Furthermore, the structure exhibits good cost-effectiveness. Based on the node
force equilibrium equations, a general formula is derived for calculating the internal forces of prestressed cables and struts in the
prestressed state of the structure. Additionally, the variation of prestress distribution with geometric parameters of the cable dome
structure is analyzed. A numerical model with a span of 120 meters was established in the general finite element software Ansys to
investigate the influence of structural parameters on the structural natural frequency characteristics. Moreover, using the nonlinear
dynamic analysis method, the dynamic response of the structure under multidimensional seismic loads was compared and analyzed. The
research results indicate that the prestress distribution of the structure is reasonable, with a greater amount of prestress in the outer ring
compared to the inner ring. This observation suggests that the stiffness of the structure is primarily supported by the outer ring structure.
The structural natural modes of vibration predominantly exhibit vertical deformation, indicating that the vertical stiffness of the structure
is weaker than the circumferential direction. Furthermore, when subjected to seismic loading, the internal forces in cables and struts, as
well as the dynamic displacements of key nodes, are relatively small, demonstrating excellent seismic performance.
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1. Introduction

The concept of prestressing the entire structure was initially proposed by
the American engineer Fuller, who envisioned a structural system that remains
continuously under tension as a whole while experiencing discrete areas of
compression. The fundamental idea behind this concept is that "compressed
islands exist in the ocean of tension" [1]. In the 1980s, the American engineer
Geiger further evolved and developed Fuller's ideas, introducing the
Geiger-type cable dome structure, which was successfully applied in the
construction of the sports arena and fencing hall for the 1988 Seoul Olympics
[2,3]. To address the issues of weak out-of-plane stiffness and limited capacity
to withstand asymmetric loads in the Geiger-type cable dome structure, the
American engineer Levy proposed the Levy-type cable dome structure. This
design incorporates triangular spatial trusses internally, significantly
enhancing the overall stability of the structure. The Levy-type cable dome
structure found successful application in the main stadium, Georgia Dome,
during the 1996 Atlanta Olympics [4]. However, this structural arrangement
increases the number of struts, due to the dense grid division in the inner ring,
making the construction of inner ring nodes and membrane installation more
challenging [5].

In order to address the issues encountered in the two classic cable dome
structural forms, in 2005, Shilin Dong et al. proposed the Kewitte-type cable
dome and two hybrid cable domes, incorporating the arrangement patterns of
various grid shell structures into the cable dome structures [6]. All of these
structures feature advantages such as uniform grid division and even stiffness
distribution. In 2010, Shilin Dong et al. introduced an innovative spatial
structural system that combines a single-layer grid shell with a cable dome [7].
Subsequently, Shilin Dong et al. introduced a new type of honeycomb-type
cable dome with a multi-strut layout structural system [8,9]. In this cable dome
design, the upper chord consists of ridge cables arranged in a honeycomb
pattern, while multiple support struts connect to the lower chord nodes. After
the introduction of the innovative research on the honeycomb-type cable dome
structural system, Shilin Dong and Hui Lv et al. have recently proposed the
drum-shaped honeycomb-type cable dome with a quad-strut layout [10]. This
concept deviates from the traditional cable dome concept that typically
involves tension cables and compressed strut islands. Instead, it incorporates
the idea of multiple support struts, resulting in three cable dome structural
forms: the drum-shaped honeycomb-type I, Ⅱ, and Ⅲ cable domes with a
quad-strut layout. The analysis methods for determining the prestressed state

of these three cable dome structures have also been explored.
The cable dome structure is a typical flexible structure where its structural

stiffness is primarily provided by prestressing. Therefore, the analysis of
prestressed modes and structural morphology is the foundation and key to the
theoretical analysis of cable dome structures. Pellegrino et al. proposed the
theory of equilibrium matrices [11,12]. For structures with known geometric
dimensions and topological relationships, the relationship between the
structural member topology and internal forces can be expressed in matrix
form using node equilibrium equations. Furthermore, Xingfei Yuan et al.
introduced the concept of globally feasible prestress modes for cable domes,
taking advantage of the structure’s symmetry. They employed the method of
quadratic singular value decomposition to determine prestress modes that
would ensure geometric stability in cable dome structures [13].

Regarding cable dome structures, which are characterized by flexibility,
lightness, large spans and significant nonlinearity, researchers in the field have
conducted extensive studies on their dynamic characteristics. Pengcheng Li et
al. explored the natural vibration characteristics of the cable-stiffened
single-layer latticed shell through modal analysis. They also analyzed the
structure's nonlinear behavior when subjected to the El Centro earthquake
waves [14]. In a separate study, Zhenwei Li et al. investigated the internal
connections between multiple square loop-string cables and grid beams,
providing valuable insights for seismic-resistant structures [15]. Hao Zhang et
al. analyzed the dynamic response of the cable dome structure, specifically
focusing on the consequences of local cable or strut failures, distinguishing the
importance of structural cables and struts [16]. Chi Zhu et al. have introduced
a method aimed at enhancing the efficiency of structural dynamic testing and
propose a dynamic response reconstruction method that accounts for step
excitation, alongside a corresponding high-precision non-measurement point
selection strategy [17]. However, regarding the drum-shaped honeycomb-type
cable dome, current research has only focused on the static performance of the
structure.

Accordingly, this paper aims to further investigate the mechanical
characteristics of the novel drum-shaped honeycomb-type Ⅲ cable dome with
a quad-strut layout. Based on the node equilibrium equations and under the
conditions of symmetry and periodicity, analytical formulas for the prestressed
cable forces in the structure were derived. Additionally, the paper analyzed the
influence of various design parameters on the distribution of prestressing
forces within the structure. By considering a 120 m cable dome as an example,
the paper analyzed the natural frequency characteristics of the structure and
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investigated the impact of various structural parameters on these
characteristics. Building upon the results of the natural frequency analysis, a
time history analysis method was employed to calculate the dynamic
responses of cable forces in different struts and the displacements of key nodes
under multidimensional seismic loads. This analysis provided valuable
insights into the structure's ability to withstand seismic forces. The research
finding provides a reference for the practical engineering design of this
specific cable dome configuration.

2. Structural configuration and pre-stress state analysis

2.1. Structural configuration

As shown in Fig. 1, the main structure of the drum-shaped
honeycomb-type III cable dome with a quad-strut layout is composed of ridge
cables, ring cables, diagonal cables, struts and rigid ring beams. In Figs. 1a
and 1b, the labels N, T, B, H, and V represent the upper chord circumferential
ridge cables, radial ridge cables, diagonal cables, ring cables and struts
respectively. The subscripted numbers indicate the concentric circles from the
inside out, while the letters indicate the types of components. Within the main
hexagonal grid of the upper chord, two diagonal cables and four struts are
arranged in a skip pattern. The lower chord nodes are positioned along the
radial axis of the main hexagonal grid, and ring cables connect each lower
chord node. Additionally, the inner upper chord ridge cable connects two
adjacent main hexagonal grids, forming secondary hexagonal grids.

For the drum-shaped honeycomb-type cable dome with a multi-strut
layout, it can be represented usingthe symbol n msH with three subscripts,
where n represents the number of circumferential divisions, m represents the
number of ring cables, and s represents the number of struts converging at the
lower chord nodes. The structure shown in Fig. 1 can be denoted by the
symbol 24 24H Ⅲ

, where III indicates the upper chord ridge cable
arrangement scheme.

(a) Schematic plan

(b) Sectional view (A-A)

Fig. 1 Schematic diagram of the 24 24H Ⅲ cable dome

The advantages of the 24 24H Ⅲ cable dome are as follows:
(1) The upper chord ridge cable grid of the 24 24H Ⅲ cable dome is

evenly divided, inheriting the advantages of simplicity and efficiency from the
drum-shaped honeycomb-type cable dome with a multi-strut layout. This
design feature allows the cable dome to adapt to a variety of circumferential
broken-line cable dome shapes, meeting the architectural design requirements.

(2) There are a total of 8 pairs of outer ring diagonal cables in the
structure. Simultaneously tensioning all outer ring diagonal cables can

effectively reduce the risk of ring cable slippage.
(3) There are 4 compression struts converging at the lower chord node of

the 24 24H Ⅲ cable dome, forming a continuous double-V spatial structure in
the circumferential direction. This spatial configuration enhances the lateral
stiffness at the upper and lower nodes. Additionally, the number of
components converging at the inner and outer upper chord nodes is 4 and 5
respectively, creating a spatial load-bearing system. This design significantly
improves the stability and load-bearing performance of the entire cable dome
structure, making it suitable for the use of a rigid roof system.

(4) The strut-to-cable quantity ratio of the 24 24H Ⅲ cable dome is only
1:1.9, which is significantly lower compared to ratios of 1:3 for Gerger-type
cable domes and 1:5 for Levy-type cable domes [18]. This suggests that the
24 24H Ⅲ cable dome is more economical, considering that the cost of cable
materials is typically higher than that of rod materials.

2.2. Analysis method of prestressed state

The 24 24H Ⅲ cable dome structure simplifies the analysis and
computation process by considering a single substructure when the spatial
arrangement meets axial symmetry conditions and is divided into n equal parts
in the circumferential direction. The analysis and computation of the
substructure should refer to the plan and section diagrams shown in Fig. 2.
The internal forces of each component should be labeled with the respective
component names. The angles between the upper chord cables, struts, diagonal
cables and the horizontal plane are denoted as ia , ib , ia , ib , i
respectively. Under the action of axially symmetric prestress, by establishing
the equilibrium equations for the nodal forces, it is possible to calculate the
relationships between the internal forces of cables and struts in the cable dome
structure. For nodes located on two symmetric axes simultaneously, a vertical
force equilibrium equation can be established. For nodes along the radial
symmetric axis, two equilibrium equations can be established. For general
nodes that do not align with a symmetric axis, three node equilibrium
equations can be established.

(a) Analysis model (plan view)

(b) Sectional view (B-B)

Fig. 2 Analysis model of the 24 24H Ⅲ cable dome
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For the 24 24H Ⅲ cable dome, there are a total of 17 types of components.
Equations (1) - (6) collectively form a set of 16 node equilibrium equations.
The number of these equations is one less than the number of unknown
internal forces in the cables and struts. Therefore, this structure is classified as
a statically determinate structure of the first degree. The nodal equilibrium
equation group is as follows:
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For node 2a:
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For node 2’:
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For node 2b:
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The support reactions under prestressed conditions can also be determined
using the following equations:
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In conclusion, based on the node force equilibrium equations for a single
substructure, formulas for calculating the internal forces in various types of
cables and struts have been derived. These formulas are specifically applicable
for determining the internal force distribution in the prestressed state of the
24 24H Ⅲ cable dome with a planar projection in the shape of a circle, while
satisfying periodicity and symmetry conditions.

3. Parametric analysis of prestressed state

3.1. Structural design parameters

For the 24 24H Ⅲ cable dome with a span of L, inner ring opening size of
L0, spherical shell radius of R, rise height of f and structural thickness of h, the
simplified half-space truss, considering periodicity and symmetry conditions,
is shown in Fig. 3. The calculation formulas for the main geometric
parameters are listed in Table 1.

The thickness hi and length ∆ ia, ∆ ib of the cable dome are determined
separately using the following equations (8) and (9). The thickness h
represents the center thickness of the cable dome, while hi varies linearly
along the radial direction. ζ and ηi are dimensionless coefficients.
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As illustrated in Fig. 3, the arrangement schemes for the lower chord node
i’ of the structure includes three cases:

Case 1: The projected length of the two inner struts in the horizontal plane
radial direction is 0, as shown in Fig. 3a.

Case 2: The projected length of the two inner struts in the horizontal plane
radial direction is 2ia , as shown in Fig. 3b.

Case 3: The projected length of the two inner struts in the horizontal plane
radial direction is ia , as shown in Fig. 3c.
Based on the above, the primary design parameters for the form of the cable
dome structure include the span-to-rise ratio, thickness-to-span ratio and the
arrangement scheme for the lower chord nodes i ’ . Once these design
parameters are established, the geometric configuration of the structure can be
determined using the formulas provided in Table 1. Furthermore, the prestress
distribution within the cable dome can be determined using equations (1) to
(7).
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Table 1
Formula for calculating the geometric dimensions of the 24 24H  type cable dome (i=1, 2)

Length parameter Angle parameters

   

 

2

1

                                    1

2 2
a

( 1)

                                       sin8 2
sin

sin sin

( cos - ) ( sin )

( cos

f

ia ia ia ibi a

ib ib ib i ii a

ia ib i ib

ib i a i

fLR r R

r R r Δ Δ

r R r Δ r r R

s r r r
n n

s r r
n





 

 









  

   

     

 

  2 2
( 1)

2 2

2 2

2 2
( 1) ( 1)

( 1)

) ( sin )

( cos ) ( sin )

( cos ) ( sin )

( cos ) ( sin )

(cos cos )         (cos cos )

(cos cos )   

b i a

ia i ia ia

ib b i ib

i i a i i a

ia ia ib ib ib i a

ia i ia i i

r
n

s r r r
n n

s r r r
n n

s r r r
n n

h R h R

h h R h



 

 

 

   

 



 





   

   

   

   

   

( 1)

(cos cos )
(cos cos )

b i ib i

i i i i a

h R
h h R

 
  

  
   

1 1

1 1

1 1

1

tan ( )                       tan ( )

tan ( )                       tan ( )

sin
tan ( )                          tan ( )πcos

n

tan

ia ib
ia ib

ia ib

ia ib
ia ib

ia ib

ib
i

i ia
i

ib ia

ib

h h
s s
h h
s s

rh n
s r r

 

 



 



 

 

 



 

 
 

 


 

 


( 1)

1

( 1)

( 1)
1 1

( 1)

sin sin
( )    tan ( )πcos cos

n
2sin sin

tan ( )      tan ( )2cos cos

i a ia

ia

i a ib i ia

ib i a

ib i

ib i i a i

r r
n n

r r r r
n

r r
n n

r r r r
n n



 



 

  







 




 

 
 

Note: iah , ibh , iah , ibh , ih represent the height of the upper chord cables, struts and diagonal cables respectively, iaS , ibS , iaS , ibS , iS  represent the
horizontal projected lengths of the upper chord cables, struts and diagonal cables respectively.

(a) Case 1 (b) Case2 (c) Case 3

Fig. 3 The arrangement schemes for the lower chord node i’

3.2. Parametric analysis example of prestress distribution

In the parametric analysis, the span-to-rise ratio was set to 0.08, 0.09 and
0.10, while the thickness-to-span ratio was set to 0.07, 0.08, 0.09 and 0.10.
The parameter η was set to 1.0. The cable dome structure had a span (L) of
120 m, an inner ring opening diameter (L0) of 40 m, and both ∆ ia and ∆ ib

equal to 10 m. Under the relative prestress H2 = 1.0, the prestressed cable
dome structure's internal force distribution in cables and struts can be
determined. Prestressed state analysis was implemented using a custom code
developed on the Matlab platform, and the calculated results are shown in
Table 2. Through comparison with the case study, the calculated results were
found to be consistent with the results obtained from the second-order singular
value decomposition method [19].

By observing the calculated results in Table 2, the following patterns can
be summarized:

(1) When the span-to-rise ratio (f/L) and the thickness-to-span ratio (h/L)

are equal for the cable dome, and the same lower chord node arrangement
scheme is used, the internal forces in cables and struts exhibit geometrically
equal patterns under prestressed conditions.

(2) Under prestressed state, the internal forces in cables and struts,
including support reactions, increase linearly with an increasing
thickness-to-span ratio. This indicates that as the structural stiffness increases,
the internal forces in cables and struts also increase accordingly.

(3) Under prestressed state, the internal force distribution in the cables and
struts of the outer ring of the cable dome structure is significantly greater than
that of the inner ring, indicating that the structural stiffness is mainly
contributed by the outer ring structure.

(4) Among the three lower chord node arrangement schemes, Case 1 is
less affected by changes in the span-to-rise ratio and thickness-to-span ratio in
terms of internal forces in cables and struts. Case 2 is relatively more sensitive,
while Case 3 is the most sensitive to these changes.
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Table 2
The distribution of prestress in the cable dome structure under changes in geometric parameters

Parameter
f L 0.08 0.09 0.10

h L 0.07 0.08 0.09 0.10 0.07 0.08 0.09 0.10 0.07 0.08 0.09 0.10

Case 1

2H 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00

1N 0.21 0.30 0.41 0.52 0.13 0.21 0.30 0.39 0.08 0.15 0.22 0.30

1aN 0.24 0.35 0.47 0.60 0.15 0.25 0.35 0.45 0.09 0.17 0.26 0.35

1bN 0.07 0.10 0.14 0.18 0.04 0.07 0.10 0.13 0.02 0.05 0.07 0.10

1aT 0.09 0.14 0.18 0.23 0.06 0.10 0.13 0.18 0.03 0.07 0.10 0.13

1bT 0.10 0.15 0.21 0.27 0.06 0.11 0.15 0.20 0.04 0.07 0.11 0.15

1aV -0.01 -0.02 -0.02 -0.03 -0.01 -0.01 -0.02 -0.02 -0.01 -0.01 -0.02 -0.02

1bV -0.01 -0.01 -0.02 -0.02 -0.01 -0.01 -0.02 -0.02 0.00 -0.01 -0.01 -0.02

1B 0.07 0.08 0.10 0.11 0.05 0.07 0.08 0.10 0.04 0.06 0.07 0.08

1H 0.15 0.18 0.20 0.22 0.11 0.15 0.18 0.20 0.08 0.12 0.15 0.17

2aN 0.20 0.28 0.36 0.40 0.14 0.21 0.28 0.35 0.09 0.15 0.21 0.28

2bN 0.24 0.34 0.44 0.54 0.16 0.25 0.33 0.43 0.10 0.17 0.25 0.33

2aT 0.23 0.31 0.40 0.49 0.16 0.24 0.31 0.39 0.10 0.17 0.24 0.31

2bT 0.26 0.37 0.49 0.60 0.18 0.28 0.37 0.47 0.11 0.20 0.28 0.37

2aV -0.05 -0.07 -0.09 -0.11 -0.04 -0.06 -0.08 -0.10 -0.03 -0.05 -0.07 -0.09

2bV -0.04 -0.06 -0.07 -0.08 -0.03 -0.05 -0.06 -0.07 -0.02 -0.04 -0.05 -0.06

2B 0.44 0.45 0.46 0.47 0.43 0.44 0.45 0.46 0.43 0.43 0.44 0.45

X 0.64 0.73 0.83 0.93 0.56 0.65 0.73 0.82 0.50 0.58 0.65 0.73

Y -0.03 -0.08 -0.14 -0.20 0.02 -0.03 -0.08 -0.13 0.05 0.01 -0.04 -0.08

Case 2

2H 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00

1N 0.27 0.36 0.46 0.56 0.19 0.28 0.36 0.45 0.14 0.21 0.28 0.36

1aN 0.31 0.43 0.54 0.66 0.23 0.32 0.42 0.52 0.16 0.25 0.33 0.42

1bN 0.10 0.13 0.17 0.20 0.07 0.10 0.13 0.16 0.05 0.07 0.10 0.13

1aT 0.13 0.17 0.22 0.27 0.09 0.13 0.17 0.21 0.07 0.10 0.14 0.17

1bT 0.15 0.20 0.26 0.31 0.11 0.15 0.20 0.25 0.08 0.12 0.16 0.20

1aV -0.02 -0.02 -0.03 -0.04 -0.02 -0.02 -0.03 -0.03 -0.01 -0.02 -0.02 -0.03

1bV -0.01 -0.02 -0.02 -0.02 -0.01 -0.01 -0.02 -0.02 -0.01 -0.01 -0.02 -0.02

1B 0.07 0.08 0.09 0.10 0.06 0.07 0.08 0.09 0.05 0.06 0.07 0.08

1H 0.18 0.20 0.22 0.23 0.15 0.18 0.20 0.21 0.13 0.15 0.18 0.19

2aN 0.35 0.44 0.54 0.64 0.27 0.35 0.44 0.53 0.20 0.28 0.36 0.44

2bN 0.37 0.48 0.59 0.70 0.29 0.38 0.48 0.58 0.22 0.30 0.39 0.48

2aT 0.35 0.44 0.53 0.62 0.27 0.36 0.44 0.52 0.21 0.29 0.37 0.44

2bT 0.43 0.55 0.67 0.79 0.34 0.45 0.55 0.66 0.26 0.36 0.46 0.55

2aV -0.09 -0.11 -0.13 -0.14 -0.08 -0.10 -0.12 -0.14 -0.07 -0.09 -0.11 -0.13

2bV -0.07 -0.08 -0.09 -0.10 -0.06 -0.07 -0.08 -0.09 -0.05 -0.06 -0.07 -0.08

2B 0.42 0.42 0.43 0.44 0.42 0.42 0.43 0.44 0.42 0.42 0.43 0.44

X 0.74 0.83 0.93 1.03 0.66 0.74 0.83 0.92 0.60 0.67 0.75 0.83

Y -0.08 -0.14 -0.20 -0.27 -0.03 -0.08 -0.14 -0.20 0.02 -0.04 -0.09 -0.14

Case 3

2H 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00

1N 0.33 0.42 0.52 0.62 0.26 0.34 0.42 0.51 0.20 0.27 0.35 0.42

1aN 0.39 0.50 0.62 0.73 0.31 0.40 0.50 0.60 0.24 0.33 0.41 0.50
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Table 2
The distribution of prestress in the cable dome structure under changes in geometric parameters

Parameter
f L 0.08 0.09 0.10

h L 0.07 0.08 0.09 0.10 0.07 0.08 0.09 0.10 0.07 0.08 0.09 0.10

Case 3

1bN 0.13 0.16 0.20 0.24 0.10 0.13 0.16 0.20 0.08 0.11 0.13 0.16

1aT 0.17 0.22 0.26 0.31 0.14 0.18 0.22 0.26 0.11 0.14 0.18 0.22

1bT 0.21 0.26 0.32 0.37 0.17 0.21 0.26 0.31 0.13 0.17 0.22 0.26

1aV -0.03 -0.04 -0.04 -0.05 -0.03 -0.03 -0.04 -0.05 -0.02 -0.03 -0.04 -0.04

1bV -0.02 -0.02 -0.03 -0.03 -0.02 -0.02 -0.02 -0.03 -0.01 -0.02 -0.02 -0.02

1B 0.07 0.08 0.08 0.09 0.06 0.07 0.08 0.09 0.06 0.06 0.07 0.08

1H 0.20 0.21 0.23 0.24 0.18 0.20 0.21 0.22 0.16 0.18 0.20 0.21

2aN 0.53 0.63 0.74 0.85 0.44 0.53 0.63 0.73 0.37 0.45 0.54 0.63

2bN 0.55 0.67 0.78 0.89 0.46 0.56 0.66 0.76 0.38 0.47 0.57 0.66

2aT 0.50 0.59 0.68 0.77 0.43 0.51 0.59 0.67 0.37 0.44 0.52 0.59

2bT 0.66 0.79 0.91 1.04 0.56 0.68 0.79 0.90 0.48 0.59 0.69 0.79

2aV -0.15 -0.17 -0.18 -0.20 -0.14 -0.16 -0.18 -0.19 -0.13 -0.15 -0.17 -0.19

2bV -0.10 -0.11 -0.12 -0.13 -0.10 -0.11 -0.12 -0.13 -0.09 -0.10 -0.11 -0.12

2B 0.39 0.39 0.40 0.41 0.39 0.40 0.41 0.42 0.40 0.40 0.41 0.42

X 0.85 0.94 1.04 1.14 0.77 0.86 0.94 1.03 0.71 0.78 0.86 0.94

Y -0.15 -0.22 -0.29 -0.36 -0.09 -0.16 -0.22 -0.28 -0.05 -0.11 -0.16 -0.22

4. Structural dynamic characteristics analysis

4.1. Finite element model

In the finite element software Ansys, a numerical model with a span of
120 m was established. As an example, a set of parameters was chosen, which
includes a span-to-rise ratio of 0.08, a thickness-to-span ratio of 0.10, and
Case 1 of lower chord node arrangement scheme. The cable dome consists of
two ring structures, with the inner ring structure having an opening diameter
of 40 m. There are a total of 17 categories of components in the model. In the
Ansys model, both cables and struts were simulated using the LINK180
element. Cables were defined as tension-only elements, while struts were
defined as compression-only elements [20]. According to the initial prestress
requirement, the cable cross-sections were prestressed to 20% of their
breaking strength, while and the strut cross sections followed the aspect ratio

design. For the cable, steel wire strands were used, and for the struts,
hot-pressed seamless steel pipes were used. The material properties of these
components can be found in Table 3. In the structural model, all nodes 3a in
the outer ring were fully constrained as boundary conditions. The standard
value for roof load is set to 0.5 kN/m2, and it is applied by converting the
distributed load into equivalent nodal loads using the SURF154 surface effect
element for calculation. The structural model is depicted in Fig. 4. The initial
prestress was applied through initial strains, and the levels of initial prestress
and component cross-sectional parameters can be found in Table 4. The
prestress mode was determined based on the values in Table 1. As shown in
Table 4, the internal force distribution after the self-balancing of the finite
element structural model matches the results of the prestressed state
distribution, demonstrating the correctness of the established finite element
model.

(a) 3D visualization of the numerical model (b) front view of the numerical model

Fig. 4 Numerical model of the 24 24H  cable dome

Table 3
Material properties

Components
Yield strength

(Mpa)
Poisson’s ratio

Modulus of elasticity
(Mpa)

Coefficient of linear expansion
Density

(kg/mm3)

cables 1860 0.3 1.95×105 1.36×10-5 7.85×10-6

struts 345 0.3 2.06×105 1.2×10-5 7.85×10-6
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Table 4
Structural prestressing modes and member section parameters

Categorization Components Prestressed Mode
Self-equilibrating Internal

Forces（kN）
Sectional Dimensions

Ridge cables

1N 0.52 5235 Φ147

1N a 0.60 6030 Φ161

1N b 0.18 1760 Φ92

N 2a 0.40 3962 Φ127

N 2b 0.54 5448 Φ147

1T a 0.23 2322 Φ80

1T b 0.27 2660 Φ107

2T a 0.49 4879 Φ147

2T b 0.60 5980 Φ155

Diagonal cables 1B 0.11 1108 Φ92

2B 0.47 4699 Φ147

Ring cables 1H 0.22 2240 Φ80

2H 1.00 10000 Φ154

Sturts

1V a -0.03 -294 Φ254×14

1V b -0.02 -231 Φ273×16

2V a -0.11 -1082 Φ426×16

2V b -0.08 -789 Φ427×15

4.2. Analysis of structural modal characteristics

The natural vibration characteristics are intrinsic mechanical properties of
a structure that are closely related to its mass and stiffness. These
characteristics not only reflect the stiffness of the structure but also directly
influence the response to dynamic loads. They serve as an important basis for
judging whether the distribution of structural stiffness and mass matches and
is reasonable. Modal analysis includes two aspects: natural frequencies and
mode shapes. The free vibration equation for each node are as follows:

[ ]{ } [ ]{ } [ ]{ } 0M u C u K u  && & (10)

In the aforementioned equation, [M] represents the structural mass matrix,
[C] represents the structural damping matrix, [K] represents the structural
stiffness matrix, {F(t)} denotes the time-varying load function, { }u is the
nodal displacement vector, { }u& is the nodal velocity vector, and { }u&& is the
nodal acceleration vector [15]. When conducting modal analysis, the influence
of damping is not typically neglected. Therefore, the equation can be rewritten
as follows:

[ ]{ } [ ]{ } 0M u K u && (11)

By performing a transformation on the equation, the generalized
characteristic equation for the structure can be obtained as follows:

0)( 2  ΦMK  (12)

In the equation, ω represents the structural natural frequencies, and Φ is
the mode shape vector. The characteristic determinant of equation is given by:

02  MK  (13)

Solving the equation yields the n natural frequencies of the system
denoted as n  ...21 and along with their corresponding mode
shapes. In this study, the Block Lanczos method was employed for modal
analysis, specifically considering the first 50 modes. The variation of natural
frequencies is shown in Fig. 5. It is noteworthy that the first 10 natural

frequencies of the structure exhibit proximity to each other, while the
higher-order natural frequencies are more widely spaced. The fundamental
frequency of the structure, measured at 1.0184 Hz, indicates that the structure
has a relatively high stiffness. Due to the axial and central symmetry of the
structure, the frequencies will appear in pairs with equal values.

From the data in Table 5, it can be observed that each pair of
equal-frequency modes is essentially the same, except they are rotated 90 °
around the structure's central axis. As shown in Fig. 6, the modes for each
order exhibit distinct characteristics. The 1st and 2nd modes are primarily
dominated by vertical deformation in the inner ring, with horizontal
displacement smaller than vertical displacement. The 3rd mode involves
horizontal vibration, primarily characterized by circumferential deformation in
the inner ring. In the 4th and 5th modes, vertical deformation dominates, with
the point of maximum displacement shifting from the inner ring to the outer
ring. Additionally, these modes exhibit significant horizontal displacement.
The 6th and 7th modes are characterized by circumferential deformation in the
outer ring, accompanied by vertical displacement. The 8th and 9th modes
primarily exhibit vertical vibrations, with vertical deformation in the outer ring
as the dominant feature. These modes also exhibit significant horizontal
displacement. The 10th mode involves coupled deformation in both the
circumferential and vertical directions, with slightly larger vertical
displacement observed in the inner ring compared to horizontal displacement
in the outer ring. Based on the analysis provided, it can be concluded that, for
this cable dome configuration, the inner ring has lower stiffness compared to
the outer ring, and the structural stiffness in the vertical direction is weaker
than that in the circumferential direction.

Fig. 5 The first 50 natural frequencies of the structure vs order numbers
Table 5
Material properties

Order 1、2 3 4、5 6、7 8、9 10

Frequency（Hz） 1.0184 1.0455 1.0991 1.1863 1.2417 1.2828
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(a) 1st order (b) 2nd order (c) 3rd order (d) 4th order (e) 5th order

(f) 6th order (g) 7th order (h) 8th order (i) 9th order (j) 10th order

Fig. 6 The first 10 vibration modes of the structure

4.3. Parametric analysis of structural modal characteristics

The structural modal characteristics are closely related to factors such as
the geometric configuration of the structure and the level of prestress.
Therefore, it is essential to conduct a parametric analysis of the structural
modal characteristics. To further investigate the influence of structural
parameters on modal characteristics, several key structural parameters are
selected, including the initial prestress level, span-to-rise ratio,
thickness-to-span ratio and lower chord node arrangement scheme. Through
parametric analysis, the impact of each parameter on the structural modal
characteristics is explored.

4.3.1. Initial prestress level
To investigate the influence of the initial prestress level on the structural

modal characteristics while keeping other parameters constant, the prestress
levels are varied to be 0.5, 1.0, 1.5, and 2.0 times. Modal analysis is performed
on the structure, and the resulting first 50 natural frequencies are shown in Fig.
6. From the figure, it is observed that, under different initial prestress levels,
the trends in the first 50 natural frequencies of the structure remain generally
consistent. The low-frequency modes are densely distributed, while the
high-frequency modes are sparser and exhibit multiple jump points. As the
initial prestress level increases, the natural frequencies of the structure also
increase. The increase in low-frequency modes is more significant compared
to the increase in high-frequency modes. Notably, when the prestress level
changes from 0.5 times to 1.0 times, there is a significant increase in
frequencies. However, as the prestress level changes from 1.0 times to 2.0
times, the rate of increase gradually decreases. This suggests that as the initial
prestress level increases, the structural stiffness also increases. However, the
rate of stiffness increase gradually decreases when the prestress level exceeds
1.0 times.

Fig. 6 The first 50 natural frequencies under different initial prestress level vs order
numbers

4.3.2. Span-to-rise ratio
To explore the impact of the span-to-rise ratio on the structural natural

frequencies while keeping other parameters constant, the structural model was
analyzed with span-to-rise ratios of 0.07, 0.08, 0.09, and 0.10. The resulting
first 50 natural frequencies of the structure are shown in Fig. 7 below. From
the graph, it is observed that, for all four span-to-rise ratios, the overall trend
of natural frequency variations is similar. The lower-order frequencies are
denser, while the higher-order frequencies are sparser and exhibit multiple
jump points. As the span-to-rise ratio increases, the natural frequencies
decrease initially until around the 45th mode, after which they exhibit the

opposite trend, increasing with a higher span-to-rise ratio. The span-to-rise
ratio has a significant impact on the fundamental mode and lower-order
frequencies, leading to changes in structural stiffness as the span-to-rise ratio
increases.

Fig. 7 The first 50 natural frequencies under different span-to-rise ratios vs order numbers

4.3.3. Thickness-to-span ratio
To investigate the impact of the thickness-to-span ratio on the structural

natural frequencies while keeping other parameters constant, the structural
model was analyzed with thickness-to-span ratios of 0.07, 0.08, 0.09 and 0.10.
The resulting first 50 natural frequencies of the structure are shown in Fig. 8
below. From the figure, it is observed that, for all four thickness-to-span ratios,
the overall trend of natural frequency variations is quite similar. The
lower-order frequencies are denser, while the higher-order frequencies are
sparser and exhibit multiple jump points. As the thickness-to-span ratio
increases, the natural frequencies also increase. After the 45th mode, the
natural frequencies of the three models with a thickness-to-span ratio greater
than 0.08 become relatively close, indicating that the structural stiffness
reaches its peak. An increase in the structural thickness-to-span ratio results in
a corresponding increase in structural stiffness.

Fig. 8 The first 50 natural frequencies under different thickness-to-span ratios vs order
numbers

4.4. Time history analysis of structural seismic

4.4.1. Selection and input of seismic waves
To understand the impact of seismic actions on this structure, this study
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selected the El-Centro wave from the 1940 El Centro, California earthquake,
which had a magnitude of 7.1, as the seismic load input. The numerical model
employed in this section is the same as that in Section 4.1, with a damping
ratio set to 0.02 [21]. The dynamic response of the structure under seismic
loading was investigated. According to the guidelines outlined in the "Seismic
Design Code for Buildings" Section 5.1.4, the analysis was conducted for
high-intensity earthquake conditions in Seismic Design Category 8, with a
maximum ground acceleration of 0.7 m/s ² [22]. The El-Centro earthquake
waveforms in three directions were adjusted to have peak accelerations of 0.7
m/s² in the X direction, 0.7 m/s² in the Y direction and -0.7 m/s² in the Z
direction to meet the specific requirements. The acceleration time-history
curves of the El-Centro earthquake waveforms for the first 30 seconds after
adjustment are shown in Fig. 9.

The seismic response analysis of the structure was conducted using the
dynamic time-history analysis method [14]. The structure's dynamic response
was computed under one-dimensional, two-dimensional and three-dimensional
seismic load inputs. The earthquake arrays used in the analysis are listed in
Table 6. The seismic excitation factors were set to 1.0 and 0.65 for the
two-dimensional seismic wave, and 1.0, 0.85, and 0.65 for the
three-dimensional seismic wave.

Fig. 9 The acceleration time-history curve for the first 30 s after amplitude adjustment of
El-Centro seismic wave

Table 6
The excitation factors of each earthquake array

Arrays X(EW) Y(NS) Z(U)

1D seismic wave 1.0 — —

2D seismic wave 1.0 — 0.65

3D seismic wave 1.0 0.85 0.65

4.4.2. Internal force analysis
The calculation results of dynamic internal force coefficients for the

structure under three different seismic arrays are shown in Table 7. Dynamic
internal force coefficient refers to the ratio of the maximum internal force of a
component during the time-varying internal force process to its initial internal
force. Analyzing the data from Table 7, it can be concluded that the overall
dynamic effect on component internal forces in the structure under seismic
actions is not significant, with a maximum dynamic internal force coefficient
of only 1.0031. In general, the internal forces of inner ring components exhibit
a greater dynamic response to seismic actions compared to outer ring
components. The dynamic response of internal forces induced by
three-dimensional and two-dimensional seismic actions is significantly larger
than that induced by one-dimensional seismic actions. Furthermore, the
structural dynamic response to three-directional seismic actions is slightly
greater than that to two-dimensional seismic actions.

Fig. 10 shows the time-history curves of the components that exhibit the
most pronounced dynamic response under seismic actions among various
types of components. During the analysis process, no tension cables
exhibited any slackening phenomenon, and the distribution of dynamic
responses coincided with the acceleration time-history curves of the seismic
waves.

Table 7
The dynamic internal force coefficients of each component under different
earthquake arrays

Components
Dynamic internal force coefficient of each component

1D 2D 3D

Ridge cables

N1 1.00072 1.00260 1.00257

N1a 1.00285 1.00256 1.00256

N1b 1.00244 1.00291 1.00284

N2a 1.00230 1.00207 1.00207

N2b 1.00257 1.00229 1.00257

T1a 1.00235 1.00252 1.00254

T1b 1.00281 1.00277 1.00278

T2a 1.00243 1.00220 1.00237

T2b 1.00289 1.00263 1.00284

Diagonal cables
B1 1.00215 1.00251 1.00295

B2 1.00217 1.00241 1.00259

Ring cables
H1 1.00159 1.00191 1.00213

H2 1.00123 1.00187 1.00200

Struts

V1a 1.00205 1.00218 1.00290

V1b 1.00297 1.00302 1.00310

V2a 1.00202 1.00214 1.00249

V2b 1.00217 1.00295 1.00227

(a) The time-history curve of N1b (b) The time-history curve of B1



Hui Lv et al. 90

(c) The time-history curve of H1 (d) The time-history curve of V1b

Fig. 10 The time-history curve of internal forces in components under seismic loading

4.4.3. Deformation analysis
The seismic wave input direction and the substructure numbering for the

cable dome structure are shown in Fig. 11. Along the X-axis, nodes are
parallel to the one-dimensional horizontal seismic load direction, while along
the Y-axis, nodes are perpendicular to the one-dimensional horizontal seismic
load direction. Therefore, the maximum horizontal displacement in the
X-direction occurs at nodes along the X-axis. Table 8 below presents the
calculated dynamic displacement responses of various nodes in the cable dome
structure under multi-dimensional seismic loads. Considering the horizontal
symmetry of the structure in terms of height, the analysis of horizontal
displacement primarily focuses on the X-direction.

Regarding the horizontal displacement of the structure, an analysis of the
calculation results in Table 8 reveals that, due to the additional constant load
acting only on the upper chord nodes, the X-direction horizontal displacement
response at each upper chord node is greater under two- and three-dimensional
seismic loads compared to one-dimensional seismic loads. Under two- and
three- dimensional seismic loads, the dynamic responses are similar. For the
lower chord nodes, under all three seismic arrays, the displacement dynamic
responses are relatively close. The four braces converge at the lower chord
node, providing sufficient lateral stiffness for the upper chord honeycomb
cable grid. Therefore, the X-direction horizontal displacement dynamic
response coefficients for all upper chord nodes are less than 1.10. The
maximum displacement response coefficient is observed at inner ring lower
chord node 1, with a coefficient of 1.54, which is significantly greater than the
outer ring's coefficient of 1.03. This discrepancy is attributed to the lower
pre-tension level of the inner ring cables, resulting in significantly lower radial
stiffness for the inner ring. The time-history curves of horizontal displacement
for the lower chord nodes are shown in Fig. 12. Fig. 11 Earthquake wave direction and substructure numbering

Table 8
The dynamic internal force coefficients of each component under different earthquake arrays

Node number 1a 1b 2a 2b 1’ 2’

Direction 1D 2D 3D 1D 2D 3D 1D 2D 3D 1D 2D 3D 1D 2D 3D 1D 2D 3D

Ux

Uxmax 6.50 6.53 6.52 7.82 7.86 8.00 7.53 7.57 7.56 7.17 7.20 7.21 4.83 4.85 4.86 12.55 12.57 12.58

Ux0 6.06 7.45 7.01 6.96 3.15 12.27

Uxmax/Ux0 1.07 1.08 1.08 1.05 1.06 1.07 1.07 1.08 1.08 1.03 1.03 1.04 1.53 1.54 1.54 1.02 1.02 1.03

Uy

Uymax 6.39 6.40 6.70 7.90 8.14 8.48 7.40 7.48 7.93 7.00 7.05 7.14 3.16 3.16 4.3 12.27 12.27 12.54

Uy0 6.06 7.45 7.01 6.96 3.15 12.23

Uymax/Uy0 1.05 1.06 1.11 1.06 1.09 1.14 1.06 1.07 1.13 1.01 1.01 1.03 1.00 1.00 1.37 1.00 1.00 1.03

Uz

Uzmax 91.90 92.10 92.37 81.65 81.77 82.94 57.03 57.18 57.56 39.61 39.64 40.15 91.05 91.63 92.12 56.32 56.36 56.71

Uz0 -90.68 -81.19 -56.23 -39.23 -90.40 -55.43

Uzmax/Uz0 1.01 1.02 1.03 1.01 1.01 1.02 1.01 1.02 1.03 1.01 1.02 1.03 1.01 1.02 1.03 1.01 1.02 1.03

Note: U represents displacement, and subscripts with letters represent the direction of displacement. U0 represents the initial load state displacement. The
displacement dynamic response coefficient is the ratio of the maximum displacement in a certain direction to the initial load state displacement.
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(a) The horizontal displacement time-history curve for lower chord node 1’-7 (b) The horizontal displacement time-history curve for lower chord node 2’-7

Fig. 12 The horizontal displacement time-history curve of lower chord nodes

Regarding the horizontal displacement of the structure, in seismic arrays 2
and 3, seismic waves were introduced in the Z-direction. Consequently, under
two-dimensional and three-dimensional seismic loads, the vertical
displacement dynamic response at various structural nodes is greater than that
under one-dimensional loads. However, under one-dimensional and
two-dimensional seismic loads, the dynamic response is similar. When
comparing the results for upper chord nodes and lower chord nodes, it is
evident that node loads have a relatively small impact on the Z-direction
displacement of the nodes. When comparing the displacement values between
inner and outer ring nodes, it can be observed that Z-direction seismic waves
have a greater impact on the inner ring of the structure than the outer ring,

indicating that the inner ring of the structure has lower stiffness than the outer
ring. The time-history curves of vertical displacement for inner ring nodes are
shown in Fig. 13, and the displacement fluctuations align with the acceleration
time-history curves.

Overall, the dynamic response of the structure under seismic loads is
relatively small. However, each type of components and nodes exhibits
distinct dynamic responses to different seismic actions. The analysis results
reflect the structural characteristics that are essential to consider when
conducting dynamic load calculations and structural design for this cable
dome structure. These findings are of significant importance.

(a) The vertical displacement time-history curve for lower chord node 1a-1 The vertical displacement time-history curve for lower chord node 1b-1

Fig. 13 The vertical displacement time-history curve of inner ring nodes

5. Conclusions

This study focuses on the new form 24 24H Ⅲ cable dome structure. Based
on the node equilibrium theory, it derives general calculation formulas for the
prestress state of the structure and the internal forces in the bars. Additionally,
the study analyzes the distribution of prestress within the structure and how it
changes with variations in structural parameters. Using a finite element
numerical model with a span of 120 meters as an example, the study explores
the impact of structural parameters on the structural vibration characteristics
through modal analysis. Based on the modal analysis results, the study
calculates the dynamic response of the components and critical nodes’
displacements under multi-dimensional seismic loads using nonlinear dynamic
analysis methods. These research findings provide valuable insights into the
mechanical performance of the structure. The main conclusions of this paper
are as follows:

(1) From the perspective of structural topology, the cable grid of the
24 24H Ⅲ cable dome structure is uniformly distributed, making the structural
design simple and efficient while minimizing the use of cables and struts. By
tensioning the outer ring cables simultaneously, the structure can be
pre-positioned, reducing the steps involved in tensioning during construction.
This design approach can accommodate diverse architectural requirements

while remaining cost-effective.
(2) The results of the prestressed state calculation example indicate that,

the internal forces in the prestressed cables and struts of the structure are
reasonably distributed, with the outer ring of the structure primarily governing
the overall stiffness. Meanwhile, variations in the aspect ratio, height-to-span
ratio and the arrangement of lower chord nodes have distinct effects on the
distribution of internal forces in the cables and struts. Increasing the
thickness-to-span ratio while moderately reducing the span-to-rise ratio can
enhance the structural stiffness. However, this change would also lead to
increased support reactions.

(3) The modal analysis results show that the fundamental frequency of the
structure is 1.0184, indicating good stiffness. Due to the structural height
symmetry, there is a distinct pattern in the resonant modes of the structure.
These modes predominantly involve vertical deformations, suggesting that the
vertical stiffness of the structure is comparatively weaker than the radial
stiffness. Additionally, structural parameters have a noticeable impact on the
resonant characteristics. Increasing the initial prestress level, reducing the
span-to-rise ratio or increasing the thickness-to-span ratio can effectively
enhance the structural stiffness.

(4) From the results of the seismic response calculations, the dynamic
responses of various structural components and nodes do not significantly
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differ from those under static loads. This indicates that the 24 24H Ⅲ cable dome
structure, as a flexible system, demonstrates excellent seismic performance
when reasonable structural parameters are selected under specific site
conditions.
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Pitting corrosion is normally distributed randomly along the pipeline, which is the source of the uncertainty affecting the 

ultimate bearing capacity of the submarine pipelines. So the Monte Carlo method is employed to study the  effect of pitting 

corrosion on the upheaval buckling behavior of the pipeline. A corroded pipeline model with randomly distributed pitting 

corrosion is utilized to captures the intricate realities of corrosion scenarios.  Multiple corrosion models with distinct artificial 

patterns have been meticulously crafted. Additionally, a new pipeline element based on Euler-Bernoulli beam theory is 

extended considering corroded sections, pipe-soil interactions, axial load, initial imperfections, and other major factors. 

Moreover, the bearing capacity, vertical deformation and section stress of the pipeline under corrosion is discussed 

thoroughly, wherein a Newton- Raphson typed numerical analysis procedure is utilized for nonlinear analysis of the 

upheaval buckling of pipelines. The influence of corrosion parameters such as the corrosion depth, corrosion ratio and area 

loss ratio on mechanical properties of the submarine pipelines is further analyzed in detail. It’s indicated that  varying 

patterns of corrosion distribution, despite exhibiting identical corrosion parameters, can result in distinct reduction factors 

and vertical buckling displacements. 
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1.  Introduction 

 

Submarine pipelines are highly efficient in transporting oil and gas, also 

recognized as “lifeline engineering”, as they play a similar role as human 

arteries. However, the complexity of the marine environment results in 

corrosion in steel pipelines, leading to pipeline failures and damage. The 

corrosion of pipelines not only compromises their structural integrity but also 

poses potentially harmful consequences for the surrounding marine 

environment. Pitting corrosion is a common form of localized corrosion that 

occurs due to inadequate cathodic protection or absence of pipeline coating. The 

phenomenon is characterized by the formation of small pits on the pipeline 

surface, which can grow in size and depth, leading to severe pipeline damage 

over time. Pitting damage, though diminutive in size, can trigger the stress 

concentration and expedite the onset of plasticity in metallic structural 

components. To mitigate such corrosion-related concerns, it’s imperative to 

ensure a robust coating system and effective cathodic protection measures are 

in place. It’s therefore imperative to remain vigilant and implement effective 

maintenance strategies to detect and preserve against such damages to ensure 

the durability and longevity of structures[1-3].  

Submarine pipelines installed on uneven seabeds are prone to buckling 

when exposed to elevated temperature and pressure conditions. Thermal 

expansion and pressure increase can generate axial compression force that 

exceeds the pipeline's critical axial compression limit. This exceeds the stress 

and strain thresholds, potentially resulting in local buckling and decreased axial 

carrying capacity, which may even lead to fatigue and fracture[4,5]. It's essential 

to proactively mitigate such risks by applying adequate pipeline design methods 

and advanced modelling techniques to anticipate and prevent corrosion failure 

to safeguard the pipeline's functioning and longevity. When pipelines undergo 

corrosion, there is an increased risk of compromised structural integrity and 

strength, resulting in uncertainty regarding the estimation of burst pressure. 

Consequently, it is crucial to evaluate the impact of corrosion on the pipeline's 

buckling behavior. Nevertheless, the corrosion of pipelines is influenced by 

several factors such as the ocean environment, anti-corrosion effect, pipeline 

materials and manufacturing technology, stress level etc. Meanwhile, the 

specific feature and geometric parameter of pitting corrosion including the 

corrosion ratio, distribution, size and shape are of great variability, which leads 

to the uncertainties of its adverse effects on the performance of steel pipelines. 

There is a possibility of encountering challenges during the design and operation 

of submarine pipelines. 

Pitting corrosion in pipelines is typically marked by the formation of 

circular cavities on the exterior of the compromised material. These cavities are 

typically assumed to be of uniform or random size, depth, and distribution 

throughout the pitted member [6]. The Pipeline Defect Assessment Manual 

(PDAM) offers a comprehensive overview of the techniques available for 

evaluating pipeline flaws, including corrosion. Additionally, it highlights a 

specific defect type and the associated factors that contribute to uncertainty in 

the modeling process for each assessment [7]. Netto [8] developed a numerical 

tool by creating oval corrosion pits defects for pipelines through the process of 

spark corrosion while the size and area of defects was specified, and the 

influence of corrosion defects on the collapse pressure of offshore pipelines was 

studied. Wang et al.[9] introduced random pitting defects into the outer surface 

of the pipeline by using 6% ferric chloride solution and found that the shape of 

pitting defects was cylindrical or semi-ellipsoid. It is said that the random 

geometric defects, amplitude of out-of-roundness and material properties would 

affect the collapse pressure significantly. Motta et al.[10] evaluated the failure 

pressure of corroded pipelines using nonlinear FE analyses of the manufactured 

defect models with constant or complex shape, dimension and configuration 

which were generated by PIPEFLAW. It is said that the conservative predictions 

would be obtained based on the semiempirical method. Mohd et al.[11] 

conducted a study on the residual strength properties of corroded subsea 

pipelines subjected to combined internal pressure and bending moment, taking 

into account the distinct characteristics (distribution, shape, and size) of the 

corrosion models. Nazaria et al.[12] used an idealized corrosion model in 

elliptical shape with 16 different corrosion geometries varied in depth, length 

and location along the tube aiming for predicting the ultimate strength and 

buckling behavior of locally damaged tubes. Ahn et al.[13] conducted 

compressive loading tests on steel tubes with two different types of artificially 

induced corrosion damage achieved by a mechanical process to examine the 

residual compressive strength and structure of locally corroded tubes. In reality, 

corrosion damage in pipelines is frequently more intricate than idealized models 

assume, as they postulate a uniform distribution of corrosion pits. While these 

simplified models may offer some insights into the underlying mechanisms of 

corrosion, they tend to overestimate the pipeline's strength under the same level 

of corrosion scenarios in reality. Therefore, the utilization of models that 

accurately replicate the dispersion of pitting corrosion is imperative, along with 

a thorough examination of the potential mechanisms of pipeline failure across 

varying corrosion scenarios [3]. Those equations derived from specific corroded 

models or actual corroded members should be examined for applicability in 

practical use. This is owing to the lack of consideration of the uncertainties 

associated with the various features of pitting corrosion, as evenly corroded 

surfaces with uniform corrosion dimensions are rare in reality [14, 15]. The 

presence of uncertainties in the corrosion features of pipelines can lead to 

variations in their ultimate strength. To accurately determine the remaining 

strength of corroded components, it is necessary to employ simulation 

technologies that can replicate the real-world conditions of the pipelines. 

Without such simulations, it is difficult to draw general conclusions about the 

strength of corroded components under different loading scenarios, as the 

impact of corrosion can vary greatly depending on the specific materials, 
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conditions, and geometries involved [16]. 

The present study aims to examine the impact of various corrosion 

parameters, including distribution, shape, and size, on the ultimate strength of 

submarine pipelines exposed to severe corrosive environments [6, 17-21]. Chen 

et al.[17] presented an efficient algorithm to determine the deterioration of the 

bearing cpacitys of I-Section steel members with random corrosion. Silva et 

al.[18] conducted a study on the diverse forms of corrosion, examining the 

influence of a random distribution of corrosion thickness on the ultimate 

strength of an unstiffened rectangular steel plate. Wang et al.[19] analyzed the 

failure mechanism and degradation of ultimate strength of the plated steel 

structure caused by the random pitting corrosion. A numerical study was carried 

out on tubular members of diverse slenderness ratios with pitting corrosion on 

the surface along the length and hoop to clarify the pitting effect on ultimate 

strength [6]. Ben et al.[20] applied Separable Monte Carlo (SMC) for randomly 

sampling the sets of input parameters of the Limit State Function (LSF) for the 

purpose of estimating the failure probability of corroded pipelines.  

Pipelines play a critical role in transportation of oil and gas products in the 

subsea environment [22-25]. Owing to the unpredictable nature of pitting 

distribution and the intricate variations in material properties, considerable 

uncertainty persists regarding the impact of corrosion on the bearing capacity 

of pipelines. Hence, the aim of this research is to utilize the Monte Carlo method 

to investigate the upheaval buckling of submarine pipelines that are influenced 

by pitting corrosion, considering its stochastic distribution. A new pipeline 

element based on the Euler-Bernoulli beam theory to investigate the impact of 

pitting corrosion on submarine pipelines, including its random distribution 

across the cross-section, length, and circumference of the pipeline. A detailed 

explanation of how to employ these effects into the pipeline element is 

presented in detail. It is essential to consider the impact of pitting corrosion on 

the pipeline's overall bearing capacity as it significantly affects its performance. 

This paper is structured as follows, Section 2 explains the submarine pipeline 

model considering the pitting corrosion in detail. Utilizing the Monte Carlo 

method, a significant number of corrosion sections are randomly produced and 

organized to accurately replicate the dispersal pattern of pitting corrosion across 

both the longitudinal length and the circumferential perimeter of the pipeline 

surface. Section 3 provides a detailed description of the computational methods 

employed for determining the pertinent parameters of corroded submarine 

pipelines. The sections were discretized, and the geometric parameters were 

computed in accordance with the pertinent section model. Section 4 presents the 

flowchart of buckling analysis of the corroded pipeline. Sections 5 to 7 offer a 

detailed exposition on the determination of the bearing capacity, vertical 

deformation, and stress of corroded pipelines. The buckling behavior of 

pipelines affected by corrosion is discussed extensively. Moreover, parameter 

analysis that examines how the size and type of corrosion affects the buckling 

deformation as various pipeline types is presented. The concluding remarks are 

subsequently summarized. 

 

2.  Corrosion modelling of the pipeline 

 

In our previous works, a new pipeline element based on the Euler-Bernoulli 

beam theory designed for pipeline buckling analysis has been proposed [26-28]. 

Compared to the traditional method that utilizes Winkler-type springs to 

account for soil-pipeline interaction, it has been demonstrated that the method 

we proposed is more efficient. This advantage becomes more apparent when 

using the Monte Carlo method, as it requires the design and execution of 

numerous cases. By considering the corrosion distribution across the cross-

section, length, and circumference of the pipeline, section properties can be 

determined. This part provides a detailed explanation of how pitting corrosion 

is distributed on the pipeline. 

In most conditions, features of pitting corrosion are randomly distributed in 

steel pipelines due to the harsh ocean environment. Regardless of the shape of 

the pits, corrosion at the sectional level results in a decrease in the thickness of 

the section. Fig.1 shows the generation of the corrosion model of a pipeline 

cross section. The circular hollow section of the pipeline can be described using 

two variables i.e. wall thickness t and diameter D. 

Divide the pipeline cross section into n small segments with the same radian 

𝜃. Those corroded segments will be chosen by random, and the thickness of the 

corroded segments 𝑡𝑟 will be expressed as, 

 

𝑡𝑟 = 𝑡 − 𝑡𝑑  (1) 

 

where t is the wall thick of the pipeline, td is the corrosion depth of the chosen 

segment, which is randomly distributed in reality. 

 

 

Fig. 1 The generation of the corrosion on a pipeline cross section 

 

The total number of corroded segments 𝑛𝑐 can be expressed as, 

 

𝑛𝑐 = 𝑛𝜌𝐶𝑅 (2) 

 

where 𝑛𝑐 denotes the number of segment and 𝜌𝐶𝑅 is the corrosion ratio which 

represents the proportion of corroded segments to the total number of intact 

segments within a given section. 

Thus, the area loss ratio of the section (DOPs) can be deduced, 

 

DOPs =
𝐴𝑐

𝐴
=

0.5𝜃𝑡𝑑(𝐷 − 𝑡𝑑)

 (𝐷 − 𝑡)𝜋𝑡
𝑛𝜌𝐶𝑅 (3) 

 

where A and 𝐴𝑐 are the original area and corroded area of the cross section. 

DOPs indicates the pitting intensity of the cross section.  

In Monte Carlo simulation, all corrosion sections are arranged along the 

length of the pipeline, so pitting corrosion is distributed on the surface of the 

pipe along the length and circumferential direction of the pipeline. In other 

words, the pipeline is divided into m small segments with the same length l 

along the pipeline axis, where m also means the number of runs for the Monte 

Carlo simulation, as shown in Fig. 2. It is important to note that the cross-section 

of the pipeline can be subdivided into numerous extremely small cross-sectional 

segments, each with a negligible volume. These corrosion segments are 

randomly distributed and combined, resulting in the formation of pitting 

corrosion, the volume and shape of which are inherently unpredictable so as 

to  captures the intricate realities of corrosion scenarios. 

 

 

(a) A pipe with random pitting corrosion  

 

(b) The dimension of pitting corrosion  

Fig. 2 Pipeline model with corrosion  

 

The degree of degradation (DOD) is introduced to describe the 

deterioration of the pipeline, which can be expressed as,  

 

DOD =
𝑉 − 𝑉𝑟

𝑉
 (4) 

 

where V and Vr are the original volume and remaining volume of the pipeline, 

which can be obtained by[29], 

 

𝑉 = (𝐷 − 𝑡)𝜋𝑡𝐿 

 

(5) 
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𝑉𝑟 = [(𝐷 − 𝑡)𝜋𝑡 − 0.5𝜃𝑡𝑑(𝐷 − 𝑡𝑑)𝑛𝜌𝐶𝑅]𝐿 (6) 

  

DOD =
0.5𝜃𝑡𝑑(𝐷 − 𝑡𝑑)𝑛𝜌𝐶𝑅𝐿

(𝐷 − 𝑡)𝜋𝑡𝐿
 (7) 

 

3.  Bearing capacity and relevant parameters  

 

3.1. Bearing capacity 

 

The bearing cpacity of steel pipelines are discussed in this section. To 

assess the pipeline's structural integrity, axial compression force P is applied 

uniformly to both ends. It should be noted that both ends of the pipelines are 

fixed when estimating the bearing capacity of the pipelines under axial 

compression. Subsequently, the external load is incrementally increased until 

the stress concentration at a designated cross-sectional point achieves the yield 

strength. This approach allows for an accurate assessment of the pipeline's 

resistance to failure under compressive loads. When the yield strength is 

reached, the pressurization is stopped and the maximum pressure applied is 

collected as the bearing capacity. Global buckling of pipelines can be 

approximately considered as a column-type response, given the restricted 

deformation of their cross-sections. As a result, the Euler buckling approach is 

a suitable method to analyze their buckling behavior [23, 30]. The criteria for 

pipeline failure pressure in the commonly used evaluation criteria at home and 

abroad can be summarized into two categories: two failure criteria based on 

stress and strain [2]. The evaluation criteria commonly utilized domestically and 

internationally for pipeline failure pressure can be categorized into two principal 

branches: stress-based and strain-based failure criteria[31]. In engineering 

practice, however, the deformation of pipeline sections is frequently constrained 

by various factors, including material strength, manufacturing processes, and 

operational environments. Consequently, the degree of deformation is typically 

limited, making the stress-based failure criterion the prevailing approach for 

assessing the bearing capacity of pipelines with corrosion defects. Therefore, 

this study opts to employ the stress-based failure criterion for calculating the 

load-bearing capacity of pipelines with corrosion defects. 

The yield strength is a commonly used evaluation index for the mechanical 

properties of solid materials, representing the practical limit of the material's 

use. When stress surpasses the yield limit, plastic deformation occurs, leading 

to a sudden increase in strain and eventual failure of the materia. According to 

ASME B31.4-2022 [32], the longitudinal stress from pressure and external 

loadings in unrestrained pipe is calculated by, 

 

𝑆𝐿 =
𝑃𝑖𝐷

40𝑡
+

𝑖𝑀

𝑍
+

𝐹𝑎

𝐴
=

𝑃𝑖𝐷

40𝑡
+

𝐹𝑎

𝐴
+

𝑀𝑦𝑚𝑎𝑥

𝐼
≤ 0.54𝑆𝑦 (8) 

 

where, A is the section area, M is the bending moment across the nominal pipe 

cross section due to weight or seismic inertia loading, ymax is the maximum 

distance to axis on the section, Sy is the specified minimum yield strength of 

pipeline material, Fa is the axial force, Pi is the internal design gage pressure, Z 

is the section modulus of the pipeline, i is the component stress intensification 

in plane of loading, limited by 0.75i ≥ 1. For straight pipe, i=1.0. 

The bearing cpacity PB of the steel pipeline under compression can be 

expressed as, 

 

𝑃𝐵 = 𝐴𝑆𝐿 (9) 

 

3.2. Relevant geometrical parameters 

 

In order to calculate the bearing capacity in Eq. (8), the pertinent section 

parameters of the pipeline should be confirmed firstly. Due to the randomness 

of corroded sections, their area, centroid coordinates, and moment of inertia 

must be calculated using a fiber model. In this model, each unit of the section is 

treated as a fiber, with its centroid coordinates and area calculated and stored as 

small fiber blocks. By integrating all of these fiber blocks, the full fiber model 

information for the entire corroded section can be obtained, which includes the 

section area A, the centroid coordinate (Y0, Z0) and the moment of inertia I. A 

coordinate system yoz is established to describe the position of each node, where 

the centroid of the cross-section is o, as shown in Fig. 3. According to the 

equations above, the section area A, centroid coordinates (Y0, Z0) and the 

moment of inertia I are key parameters for the computation of bearing cpacity 

of corroded section. They are given by, 

 

𝑡𝑟𝑖 = {
𝑡    (uncorroded)

𝑡 − 𝑡𝑑    (corroded)
 (10) 

  

𝑅𝑖 =
𝐷

2
− 𝑡 +

𝑡𝑟𝑖(1.5𝐷 − 3𝑡 + 2𝑡𝑟𝑖)

3(𝐷 − 2𝑡 + 𝑡𝑟𝑖)
 (11) 

  

𝐴𝑖 = 0.5𝜃𝑡𝑟𝑖(𝐷 − 2𝑡 + 𝑡𝑟𝑖) (12) 

  

𝐴 = ∑ 𝐴𝑖  

𝑛

𝑖=1

 (13) 

  

𝑌0 = ∑ 𝑌𝑖𝐴𝑖/𝐴

𝑛

𝑖=1

= ∑ 𝑅𝑖 𝑠𝑖𝑛 𝜙𝑖 𝐴𝑖/𝐴

𝑛

𝑖=1

 (14) 

  

𝑍0 = ∑ 𝑍𝑖𝐴𝑖/𝐴

𝑛

𝑖=1

= ∑ 𝑅𝑖 𝑐𝑜𝑠 𝜙𝑖 𝐴𝑖/𝐴

𝑛

𝑖=1

 (15) 

  

𝐼𝑦 = ∫(𝑍𝑖 − 𝑍0)2𝑑𝐴 =
𝜃

2
∑(𝑅𝑖 𝑠𝑖𝑛 𝜙𝑖 − 𝑍0)2

𝑛

𝑖=1

𝑡𝑟𝑖(𝐷 − 2𝑡 + 𝑡𝑟𝑖) (16) 

  

𝐼𝑧 = ∫(𝑌𝑖 − 𝑌0)2𝑑𝐴 =
𝜃

2
∑(𝑅𝑖 𝑐𝑜𝑠 𝜙𝑖 − 𝑌0)2

𝑛

𝑖=1

𝑡𝑟𝑖(𝐷 − 2𝑡 + 𝑡𝑟𝑖) (17) 

 

where: Iy and Iz are the y- and z- moment of inertial of the asymmetric section 

after corrosion. Ri denotes the length from the left node of ith segment on the 

cross section to the center o, while 𝜙𝑖 denotes the angle between the line and 

y axis, as shown in Fig. 4. 

 

 

Fig. 3 Corroded section division and the number  

 

 

Fig. 4 Segments on the corroded section 

 

4.  Flowchart of buckling analysis 

  

The detailed flowchart of how to perform the buckling analysis is presented 

in Fig. 5. The section is divided into n segments, and the central angle of each 

unit is 𝜃. The number of corroded pieces nc can be calculated based on Eq. (2). 

Several 𝜙𝑖  (𝑖 = 1, 2, 3 … 𝑛)  locating the positions of corroded pieces are 
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generated randomly, which guarantees the random properties of pitting 

corrosions. When the pits and section parameters are obtained for m cases, the 

buckling analysis based on the Newton-Raphson iteration procedure is carried 

out. The internal pressure and external hydrostatic pressure of the pipeline are 

expressed by the pressure difference. The vector sum of the pipeline internal 

pressure, external hydrostatic pressure and the external load applying at both 

ends of the pipeline element is named as external forces, which can be seen in 

Fig.5. The python program stops running and records the utmost permissible 

loading pressure as the pipeline’s bearing capacity when the normal stress on a 

section of the pipeline exceeds its yield strength, indicating that the pipeline is 

damaged and can no longer withstand the compressed pressure.  

 

 

Fig. 5 Flow chart of the Monte Carlo simulation procedure  

 

5.  Monte Carlo simulation 

 

5.1. Design parameters of the pipeline  

 

The basic information of section's size, corrosion ratio, corrosion depth and 

segments are shown in Table 1. 

 

Table 1 

Design parameters for the pipeline and corrosion 

Description Paramete Value Unit 

Diameter D 323.9 mm 

Thickness t 14.3 mm 

Pipeline length L 100 m 

Number of segments n 360 - 

Mesh size θ 1 ◦ 

Corrosion ratio ρCR 50 % 

Corrosion depth td 2.86 mm 

Initial imperfection length LY0 20 m 

Initial imperfection amplitude Vm0 0.2 m 

Young's module E 206 GPa 

Yield strength Sy 450 MPa 

Length coefficient k 1 - 

Total number of pipeline element nele 300 - 

The pipelines are fabricated by an API 5L X65 PSL2 steel and both ends of 

the pipelines are assumed fixed, the initial imperfection of the pipeline can be 

determined by the following equation, 

 

𝑉0(𝑋) =
𝑉𝑚0

2
[1 + 𝑐𝑜𝑠(

2𝜋

𝐿𝑌0

)] ,   −
𝐿𝑌0

2
< 𝑋 <

𝐿𝑌0

2
 (18) 

 

where, 𝑉𝑚0 is the maximum initial imperfection amplitude about Y- axis, as 

shown in Fig. 6; 𝐿𝑌0 is the vertical initial imperfection length. The pipeline is 

assumed to be placed in a trench on a semi-rigid seabed and covered with 

backfill soil. The sum weight of the trench backfills and the pipeline is 1.5 kN/m 

and the vertical soil-pipeline interaction can be obtained and presented in Fig. 

7. The axial friction between the pipeline and the foundation is ignored. The 

specific parameters of the damaged pipeline model are shown in the Table 1. 

2000, 4000, 6000, 8000 and 10000 kN load are divided into 100, 1000, 2500 

and 5000 parts and applied on both ends of the pipeline element. The step length 

and bearing capacity of each test are recorded in Table 2. Arrange the bearing 

capacity in Table 2 into Table 3 according to the load step and record the the 

run time of the program of different load steps. For different applied loads, when 

the same step size is set, the calculation results are basically similar. When the 

step length is in the range of 4 ~ 6 kN, the absolute value of the relative error 

between the bearing capacity and the high-precision result is less than 0.5%, 

which is acceptable. Indeed, the computation time for all scenarios remains 

minimal, with the longest duration being less than 16 minutes. Therefore, the 

step length can be taken as 4 ~ 6 kN in the case studies in the following sections. 

 

 

Fig. 6 Initial vertical configuration of the pipeline 

 

 

Fig. 7 Pipe-soil interaction  

 

5.2. Run time assessment of Monte Carlo simulation 

 

Monte Carlo method is conducted to simulate a naturally corroded pipeline, 

and numerous cases are needed to be carried out. To establish the relationship 

between the Monte Carlo simulation outcomes (bearing capacity) and the 

number of runs, investigations on bearing capacity, number of runs, and pipeline 

slenderness are necessary. The basic information of section's size, corrosion 

ratio, corrosion depth and segments are kept the same with Section 5.1. The 

Monte Carlo simulation is then performed several times for each type of 

pipeline according to different slenderness of the pipeline. Slenderness is the 

ratio of the pipeline length to the radius of rotation of the pipeline Section. For 

the uncorroded pipelines, it is given by, 

 

𝜆 = 𝜇
𝐿

𝑅𝑔𝑟

= 𝜇
𝐿

√𝐼/𝐴
= 𝜇

4𝐿

√𝐷2 + 𝑑2
 (19) 

 

where, 𝜇 is the length factor, for pipeline with both ends fixed, 𝜇=0.5; 𝑅𝑔𝑟 is 

the radius of gyration of the Section; d is the inner diameter of the pipeline. The 

slenderness is determined according to the size of the pipeline before being 

corroded and the estimated bearing capacity is documented accordingly. 

Table 4 presents the bearing capacity of 9 pipelines with length of 30m, 
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50m, 100m, 150m, 200m, 250m, 300m, 400m and 500m at different random 

times and record the results with random times of 50, 100, 300, 500 and 1000 

respectively. Fig. 8 shows that the bearing capacity of the pipeline decreases as 

the slenderness increases. For pipelines with slenderness of 245.7, 409.5, 819.0, 

1228.5 and below, the bearing capacity decreases rapidly as the pipeline length 

increases. For pipelines with the slenderness of 1638.0, 2047.5, 2457.0, 3276.0, 

4095.0 and above, the bearing capacity is limited by length of the pipeline. In 

this scenario, as the slenderness (pipeline length) increases further, the reduction 

in bearing capacity of the pipeline gradually stabilizes, ultimately resulting in a 

consistent and reliable bearing capacity value.This significant effect on the 

buckling behavior due to the pipeline length was also found by other researchers 

[24]. One of their results shows that, for long pipelines, if the pipeline length is 

greater than the critical length, the increase of pipeline length has negligible 

effect on the analysis results. As the area loss rate of the section remains 

constant in each turn, the resulting maximum and minimum bearing capacities 

should also be consistent across different runs. The calculated results of cases 

with a run count of 1000 were used as reference values. Upon achieving a run 

count of 300, the relative error between the pipeline's bearing capacity and the 

reference value remains consistently below 2%. To ensure efficient computation 

and avoid unnecessary delays, we have elected to limit the number of random 

iterations to a range of 300 to 500 runs in the scenarios outlined below. 

 

Table 2 

Loading condition of the pipeline with corrosion  

Load step 100 1000 2500 5000 

Member load 

(kN) 

Step length 

(m) 

Bearing  

capacity (kN) 

Step length 

(m) 

Bearing  

capacity (kN) 

Step length 

(m) 

Bearing  

capacity (kN) 

Step length 

(m) 

Bearing  

capacity (kN) 

2000 20 1140 2 1138 0.8 1137.6 0.4 1138.4 

4000 40 1160 4 1140 1.6 1137.6 0.8 1137.6 

6000 60 1140 6 1140 2.4 1140.0 1.2 1135.2 

8000 80 1120 8 1144 3.2 1139.2 1.6 1139.2 

10000 100 1200 10 1140 4.0 1136.0 2.0 1140.0 

 

Table 3 

Run time and relative error of different load steps 

Load step (kN) Run time (min) Relative error (%) Load step (kN) Run time (min) Relative error (%) 

100 <0.5 5.411 4.0 16 0.141 

80 <1 1.620 3.2 22 0.070 

60 <1 0.141 2.4 31 0.141 

40 <1 1.897 2.0 55 0.035 

20 <2 0.141 1.6 98 0.070 

10 <5 0.141 1.2 122 0.281 

8 <7 0.492 0.8 190 0.070 

6 <8 0.141 0.4 360 0.000 

 

Table 4 

The pipeline bearing capacity related to run time of Monte Carlo simulation 

 Run count 50 100 300 500 1000 

Length (m) Slenderness 
Bearing  

capacity (kN) 

Relative er-

ror (%) 

Bearing  

capacity (kN) 

Relative er-

ror (%) 

Bearing  

capacity (kN) 

Relative er-

ror (%) 

Bearing  

capacity (kN) 

Relative er-

ror (%) 

Bearing  

capacity (kN) 

Relative er-

ror (%) 

30 245.7 1494 4.96 1560 0.76 1572 0.00 1560 0.76 1572 0.00 

50 409.5 1326 0.00 1332 0.45 1326 0.00 1326 0.00 50 409.5 

100 819.0 1140 0.00 1140 0.00 1140 0.00 1140 0.00 100 819.0 

150 1228.5 1056 1.68 1080 0.56 1080 0.56 1080 0.56 150 1228.5 

200 1638.0 1026 1.72 1050 0.57 1044 0.00 1044 0.00 200 1638.0 

250 2047.5 1050 2.34 1032 0.58 1026 0.00 1026 0.00 250 2047.5 

300 2457.0 1008 0.60 1020 1.80 1014 1.20 1002 0.00 300 2457.0 

400 3276.0 1020 1.80 1008 0.60 1002 0.00 1002 0.00 400 3276.0 

500 4095.0 1002 1.21 1020 3.03 990 0.00 990 0.00 990 0.00 

 

 
Fig. 8 The bearing capacity of pipelines with different slenderness   

5.3. Bearing capacity of specified corrosion models 

 

Monte Carlo Simulation constructs models of potential outcomes by 

utilizing probability distributions, like the uniform or normal distribution, to 

account for variables that have inherent uncertainty. This enables the prediction 

of a range of results based on estimated values. Although two pipeline models 

may have the same size, corrosion ratio, corrosion depth, and other corrosion-

related parameters, they are essentially distinct models because of the different 

corrosion pitting layout. In order to figure out the difference of the bearing 

capacity of pipelines caused by the randomness of corrosion distribution, six 

different corrosion patterns are artificially designed, as shown in Fig. 9. In Type 

a, the regularly distributed corrosion pattern is assumed, in which the section is 

symmetrical about both vertical and transverse axes. In Types b and c, the 



Tong Lin et al.  98 

 

corrosion only distributes at the left half and right half, respectively. In Type d 

and e, the corrosion only distributes at the top half and bottom half, respectively. 

In Type f, an irregularly distributed corrosion pattern is adopted. The basic 

information of section’s size, corrosion ratio, corrosion depth and segments are 

shown in Table 5. The area loss ratios of the sections with different corrosion 

patterns are all 81.37%. Table 6 presents the bearing capacity of six types of 

pipelines. The distribution of corrosion in a pipeline plays a crucial role in 

determining its buckling bearing capacity, which can vary considerably. 

 In particular, Types d and e tend to have the smallest buckling bearing 

capacity. By analyzing corrosion distribution, we can identify the most 

dangerous types and take necessary measures to avoid them in practical 

engineering, reducing the risk of damage. 

 

 

Fig. 9 Specified corrosion models  

 

Table 5 

Design parameters for the pipeline and corrosion 

Description Paramete Value Unit 

Diameter D 200 mm 

Thickness t 30 mm 

Pipeline length L 100 m 

Number of segments n 360 - 

Mesh size θ 1 ◦ 

Corrosion ratio ρCR 50 % 

Corrosion depth td 10 mm 

Initial imperfection length LY0 20 m 

Initial imperfection amplitude Vm0 0.2 m 

Young's module E 206 GPa 

Yield strength Sy 450 MPa 

Length coefficient k 1 - 

Total number of  pipeline element nele 300 - 

 

Table 6 

Bearing capacity of different corrosion type 

Corrosion type a b c d e f 

Bearing capacity (kN) 1044 1032 1032 1020 1026 1044 

 

5.4. The influence of the maximum wheelbase of the section 

 

According to the equations in Section 3.1, the maximum wheelbase on the 

section ymax is an important parameter when calculating the section coefficient 

WZ, and its size directly affects the normal stress of the section. However, since 

numerous corroded sections are distributed along the length of the pipeline, the 

section parameters of each pipeline element are different and uncertain. 

Meanwhile, the value of ymax for corroded pipelines is not defined in the relevant 

specifications. In other words, the section coefficient WZ of each piping element 

is also indeterminate, reflecting the real-world conditions. To assess the impact 

of uncertainty in WZ on the calculated magnitude of normal stress in a given 

section, a comprehensive case study was undertaken. 

Five pipeline section models with different sizes are designed and the 

corroded levels of these sections are unified. The specific parameters of these 

corroded pipeline models are the same with Section 5.3. In the pipeline element 

program, the ymax value is taken as D/2 and D/2-td respectively, which represents 

the maximum wheelbase of the section before and after corrosion. The bearing 

capacity of these corroded pipelines of each case is recorded in Table 7. Take 

the minimum bearing capacity of all the cases as the reference, the relative error 

of each case compared with the reference value can be obtained. At the same 

time, the bearing capacity of these five pipelines with intact section (no 

corrosion) is also presented. 

It can be seen from Table 7 that as the thickness-diameter ratio of the 

pipeline decreases, the relative error of the bearing capacity of the pipeline 

caused by the value of ymax gradually decreases. The difference between the 

calculation results of the corroded pipeline model and the non-corroded pipeline 

model is gradually becoming smaller. For the corroded pipeline with thicker 

wall, when ymax equals D/2, the bearing capacity of the pipeline is the smallest 

among all the cases. Compared with the bearing capacity of the non-corroded 

pipeline in the same size, the bearing capacity of pipeline buckling obtained for 

two different values of wheelbase of cross-section is obviously different. 

In the following studies, the value of ymax are considered as D/2 and D/2-td 

separately, and the pipeline bearing capacity under two maximum wheelbase 

values are referred as low value and high value. For the thin-walled pipelines, 

the relative errors between the bearing capacity of the corroded pipeline and the 

uncorroded one are smaller than that of thick wall pipelines. When the pipeline 

wall is thin and the thickness-diameter ratio is relatively small, the bearing 

capacity is determined mainly by its size. Slight corrosion has little effect on the 

bearing capacity of the pipeline, so the difference of pipeline bearing capacity 

before and after the corrosion shrinks. 

 

6.  Buckling bearing capacity assessment 

 

This section aims at examining the distinct impact of varying parameters of 

corrosion on pipeline bearing capacity, while also comparing the effects of 

corrosion on pipelines of different sizes. Three pipeline sections with different 

sizes were selected according to ASME specifications, and their related 

parameters are presented in the Table 8. The pipeline element is limited to static 

analysis at present and does not involve dynamic analysis. Therefore, 

hydrodynamics cannot be considered temporarily. The pipelines are all single-

walled in this paper. This method is not applicable for the buckling analysis of 

PIPs or piggyback pipelines at present. The thickness-diameter ratio of three 

kinds of pipelines is, Type 3> Type 1> Type 2. As vital parameters related to 

corrosion, the corrosion depth and corrosion ratio are set as variables. The 

corresponding DOPs are also presented to reflect the overall effect of corrosion 

on the bearing capacity of pipeline. The corrosion depth of the pipeline section 

varies between 20%, 40%, 60%, and 80% of its original thickness. Concurrently, 

the corrosion ratio fluctuates between 0.2, 0.4, 0.6, and 0.8 of the total number 

of elements comprising the pipeline section. It should be noted that the corrosion 

depth ratio is the ratio of corrosion depth to the original thickness of the section. 

Both high and low values of the bearing capacity are presented respectively in 

Tables 9 and 10. The specific parameters of these corroded pipeline models are 

consistent with Section 5.3. 

 

Table 8 

Design parameters for the pipeline section model 

Parameters Type 1 Type 2 Type 3 

D (mm) 323.9 323.9 168.3 

t (mm) 14.3 12.7 14.3 

Thickness-diameter ratio (%) 4.41 3.92 8.50 

 

6.1. Relationship between the bearing capacity and corrosion depth 

 

This section details the impact of corrosion depth on the bearing capacity 

of pipelines, given a specific corrosion ratio. It illustrates the relationship 

between the two factors and how they interact. The relationships between the 

bearing capacity and corrosion depth for each section are presented in Figs. 10 

and 11. As the corrosion depth and ratio increase, a noticeable decline in the 

bearing capacity of all three pipeline types is observed. 

The relationship between bearing capacity and corrosion depth is nonlinear. 

As the corrosion ratio escalates, the gradient of the bearing capacity-corrosion 

depth ratio curve experiences a marked increase, signifying a heightened 

influence of corrosion depth on the pipeline's bearing capacity. Additionally, as 

corrosion depth intensifies, the disparity between the high and low bearing 
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capacity values widens. Notably, at reduced levels of corrosion, the discrepancy 

between the high and low bearing capacities is more pronounced compared to 

higher corrosion rates. This observation indicates greater uncertainty in the 

pipeline's bearing capacity when corrosion rates are relatively low. 

Fig. 11 illustrates the correlation between bearing capacity and corrosion 

depth across various corrosion ratios.  For Type 3, the slope of the bearing 

capacity-corrosion depth ratio curve is the least among the three types, 

regardless of whether the values are low or high. Furthermore, when the 

corrosion ratio is substantial, the curve of Type 1 exhibits a steeper incline 

compared to Type 2. 

 

Table 7 

Bearing capacity of corrosion type with different ymax 

 Corroded section model ymax = D/2, t = t ymax = D/2 −td, t = tr uncorroded Thickness diameter ratio 

Diameter (mm) Thickness (mm) 
Corrosion depth 

(mm) 

Bearing capacity 

(kN) 

Relative 

error (%) 

Bearing capacity 

(kN) 

Relative 

error (%) 

Bearing capacity 

(kN) 

Relative error 

(%) 
— 

150 30 10 642 0.00 744 15.89 846 31.78 0.2 

200 30 10 954 0.00 1044 9.43 1206 26.42 0.15 

200 20 10 654 0.00 690 5.50 882 34.86 0.1 

400 10 3 1092 0.00 1098 0.55 1266 15.93 0.025 

500 10 3 1464 0.00 1470 0.41 1710 16.80 0.02 

 

Table 9 

Design parameters of the corrosion and the high value of bearing capacity for the pipelines  

Type 1 Type 2 Type 3 

td (mm) ρCR DOPs (%) Bearing capacity (kN) td (mm) ρCR DOPs (%) Bearing capacity (kN) td (mm) ρCR DOPs (%) Bearing capacity (kN) 

0.00 0 0.00 1248 0.00 0 0.00 1140 0.00 0 0.00 552 

2.86 0.2 2.38 1200 2.54 0.2 2.37 1098 2.86 0.2 2.46 528 

5.72 0.2 4.71 1146 5.08 0.2 4.70 1050 5.72 0.2 4.84 504 

8.58 0.2 7.00 1092 7.62 0.2 6.99 990 8.58 0.2 7.13 480 

11.44 0.2 9.25 996 10.16 0.2 9.24 912 11.44 0.2 9.34 450 

2.86 0.4 4.75 1152 2.54 0.4 4.73 1056 2.86 0.4 4.92 528 

5.72 0.4 9.42 1062 5.08 0.4 9.39 972 5.72 0.4 9.68 462 

8.58 0.4 14.00 960 7.62 0.4 13.98 882 8.58 0.4 14.26 420 

11.44 0.4 18.50 852 10.16 0.4 18.48 768 11.44 0.4 18.68 378 

2.86 0.6 7.13 1110 2.54 0.6 7.10 1020 2.86 0.6 7.39 480 

5.72 0.6 14.13 978 5.08 0.6 14.10 894 5.72 0.6 14.52 420 

8.58 0.6 21.01 846 7.62 0.6 21.00 762 8.58 0.6 21.39 360 

11.44 0.6 27.76 672 10.16 0.6 27.73 630 11.44 0.6 28.01 312 

2.86 0.8 9.51 1068 2.54 0.8 9.47 978 2.86 0.8 9.85 462 

5.72 0.8 18.84 888 5.08 0.8 18.78 810 5.72 0.8 19.36 378 

8.58 0.8 28.01 696 7.62 0.8 27.95 642 8.58 0.8 28.52 312 

11.44 0.8 37.01 510 10.16 0.8 36.97 474 11.44 0.8 37.35 246 

 

Table 10 

Design parameters of the corrosion and the low value of bearing capacity for the pipelines  

Type 1 Type 2 Type 3 

td (mm) ρCR DOPs (%) Bearing capacity (kN) td (mm) ρCR DOPs (%) Bearing capacity (kN) td (mm) ρCR DOPs (%) Bearing capacity (kN) 

0.00 0 0.00 1248 0.00 0 0.00 1140 0.00 0 0.00 552 

2.86 0.2 2.38 1206 2.54 0.2 2.37 1104 2.86 0.2 2.46 540 

5.72 0.2 4.71 1164 5.08 0.2 4.70 1068 5.72 0.2 4.84 522 

8.58 0.2 7.00 1116 7.62 0.2 6.99 1014 8.58 0.2 7.13 510 

11.44 0.2 9.25 1032 10.16 0.2 9.24 936 11.44 0.2 9.34 486 

2.86 0.4 4.75 1206 2.54 0.4 4.73 1062 2.86 0.4 4.92 516 

5.72 0.4 9.42 1074 5.08 0.4 9.39 984 5.72 0.4 9.68 474 

8.58 0.4 14.00 984 7.62 0.4 14.00 888 8.58 0.4 14.30 444 

11.44 0.4 18.50 870 10.16 0.4 18.48 792 11.44 0.4 18.68 396 

2.86 0.6 7.13 1116 2.54 0.6 7.10 1020 2.86 0.6 7.39 492 

5.72 0.6 14.10 984 5.08 0.6 14.10 900 5.72 0.6 14.50 432 

8.58 0.6 21.00 858 7.62 0.6 21.00 786 8.58 0.6 21.40 378 

11.44 0.6 27.76 702 10.16 0.6 27.73 642 11.44 0.6 28.01 324 

2.86 0.8 9.51 1074 2.54 0.8 9.47 984 2.86 0.8 9.85 468 

5.72 0.8 18.84 894 5.08 0.8 18.78 822 5.72 0.8 19.36 390 

8.58 0.8 28.01 720 7.62 0.8 27.95 660 8.58 0.8 28.52 318 

11.44 0.8 37.01 528 10.16 0.8 36.97 492 11.44 0.8 37.35 252 
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The result suggests that in pipelines composed of various sections, the 

bearing capacity of the pipelines is increasingly affected by the depth of 

corrosion as the thickness-diameter ratio decreases. Notably, when the 

pipeline's thickness-diameter ratio is comparable, thicker walled pipelines are 

more susceptible to the influence of corrosion depth, particularly under 

conditions of high corrosion ratios. It can be seen in Fig. 11 that, for pipeline 

Type 3, which boasts a thicker thickness-diameter ratio compared to the other 

two pipelines, exhibits a substantial variance in its bearing capacity between its 

high and low values. It is indicated that the value of ymax significantly influences 

the pipeline's bearing capacity when considering the impact of corrosion depth. 

 

 

(a) Type 1 

 

(b) Type 2 

 

(c) Type 3 

Fig. 10 The bearing capacity of three types of pipelines  

 

 

(a) Corrosion Ratio = 0.2  

 

(b) Corrosion Ratio = 0.4  

 

(c) Corrosion Ratio = 0.6  

 

(d) Corrosion Ratio = 0.8  

Fig. 11 The relationship between bearing capacity and corrosion depth  

 

6.2. Relationship between bearing capacity and corrosion ratio 

 

The objective of this section is to undertake a comprehensive examination 

of the impact exerted by the corrosion ratio on the bearing capacity of pipelines, 

with the corrosion depth remaining constant throughout the analysis. Fig. 12 

exhibits the trend of the bearing capacity variations in three distinct pipeline 

types with respect to escalating corrosion ratios. As shown in Fig. 12, all three 

types of pipelines  exhibit a decline in their bearing capacity as the corrosion 

ratios rise. Additionally, as the corrosion depth ratio escalates, the nonlinearity 

of the bearing capacity-corrosion ratio curve becomes increasingly apparent, 

and the slop of the curve experiences a marked increase. These observations 

underscore the influence of corrosion ratio on pipeline bearing capacity, 

particularly at deeper corrosion depths. As the corrosion ratio increases, the gap 

between the high and low values of pipeline bearing capacity tends to narrow. 

Moreover, pipelines with higher corrosion depth rates exhibit a more substantial 

dispersion in their bearing capacity values compared to those with lower 

corrosion depth rates. It can be inferred that pipelines with a lower corrosion 

depth ratio tend to possess a bearing capacity that is less predictable. 

The relationship between the bearing capacity and the corrosion ratio for 

different pipeline's corrosion ratio can be seen in Fig. 13. The slope of the 

bearing capacity-corrosion ratio curve for Type 3 pipelines is the least steep. In 

contrast, Types 1 and 2 exhibit a more rapid decline in bearing capacity with 

increasing corrosion ratio. Furthermore, a noticeable impact of the corrosion 

depth ratio on the trend is observed. As the corrosion depth ratio increases, the 

rate of change in the curve slope among the three types of pipelines follows the 

order: Type 1 > Type 2 > Type 3. 

The result reveals that for pipelines with a reduced thickness-diameter ratio, 

the influence of the corrosion ratio on the bearing capacity becomes more 

pronounced. Specifically, under conditions of elevated corrosion depth ratios, 

the thicker-walled pipelines exhibit a greater sensitivity to the corrosion ratio, 

particularly when the thickness-diameter ratios of the pipelines are comparable. 

Furthermore, it is observed that across all three types of pipelines, the disparity 

between the high and low values of bearing capacity remains minimal. This 
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suggests that the influence of ymax on the relationship between bearing capacity 

and corrosion ratio is negligible. 

 

 

(a) Type 1 

 

(b) Type 2 

 

(c) Type 3 

Fig. 12 The bearing capacity of three types of pipelines  

 

 

(a) Corrosion Depth Ratio = 20% 

 

(b) Corrosion Depth Ratio = 40%  

 

(c) Corrosion Depth Ratio = 60% 

 

(d) Corrosion Depth Ratio = 80% 

Fig. 13 The relationship between bearing capacity and the corrosion ratio  

 

6.3. Relationship between bearing capacity and corrosion DOPs 

 

This section aims at investigating the relationship between the pipeline's 

bearing capacity and the area loss ratio. Fig. 14 reveals that the bearing capacity 

of all three pipeline types diminishes as the DOPs increase. Moreover, the 

bearing capacity-DOPs curve exhibits great nonlinearity. Notably, the bearing 

capacity-DOPs curve of Type 3 pipeline exhibits the least variation in slope 

compared to Type 1 and Type 2, which display comparable patterns. 

Meanwhile, it is evident that despite the proximity of area loss ratios, slight 

variations in bearing capacity for identical sections may occur. This variance is 

more pronounced in Types 1 and 2, whereas for Type 3, the fluctuations in the 

curve are minimal. To delve deeper into the uncertainty of pipeline bearing 

capacity under a specific area loss ratio, multiple scenarios with comparable 

DOPs values have been considered, as detailed in Tables 9 and 10. The ratio 

comparing the bearing capacity of a corroded pipeline to that of an intact 

pipeline serves as the benchmark, referred to as the reduction factor. Both the 

upper and lower bounds of the reduction factor, along with the maximum 

relative errors among various sets of reduction factors, have been computed and 

are presented in Table 11. 

 

 

Fig. 14 Relationship between bearing capacity and DOPs 

 

Table 11 reveals a significant variation in pipeline bearing capacity, even 

for identical cross-sections and area loss ratios. This variation is attributed to 

the combined effects of different corrosion ratio and depth. Notably, a 

combination of reduced corrosion depth with elevated corrosion ratio results in 

a more considerable reduction factor. Conversely, a scenario with deeper 

corrosion coupled with a lower corrosion ratio leads to a less pronounced 

reduction factor. These findings underscore the inadequacy of solely relying on 

area loss ratio to assess pipeline bearing capacity. Furthermore, they underscore 

the impact of corrosion on the unpredictability of pipeline bearing capacity, 

offering a distinct perspective on this aspect. 

Upon analyzing the reduction factors across Type 1, 2, and 3 pipelines, it 

was evident that Types 1 and 2 exhibited significantly higher maximum relative 
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errors in their reduction factors compared to Type 3. Notably, pipelines of Types 

1 and 2 with a smaller thickness-diameter ratio tended to possess increased 

uncertainty in terms of their bearing capacity when exposed to corrosion. 

Conversely, pipelines of Type 3 maintained consistent reduction factors in both 

high and low values. 

Table 11 reveals that, with identical section and area loss ratios, the bearing 

capacity of pipelines is profoundly influenced by the intricate relationship 

between corrosion ratio and depth. Notably, a combination of shallow corrosion 

depth and high corrosion ratio results in a more pronounced reduction factor. 

Conversely, deeper corrosion coupled with a lower corrosion ratio leads to a 

less significant reduction factor. These observations underscore the inadequacy 

of solely relying on area loss ratio to assess pipeline bearing capacity. 

Furthermore, they underscore the impact of corrosion on the unpredictability of 

pipeline bearing capacity from a distinct perspective. When comparing the 

reduction factors among Type 1, 2, and 3 pipelines, it is evident that Type 1 and 

2 pipelines exhibit significantly higher maximum relative errors in their 

reduction factors compared to Type 3. Specifically, pipelines of Types 1 and 2 

with a smaller thickness-diameter ratio appear to exhibit greater uncertainty in 

their bearing capacity when subjected to corrosion. Conversely, Type 3 

pipelines maintain consistent reduction factors across both high and low values, 

indicating a more reliable performance under corrosion conditions. 

 

Table 11 

The bearing capacity of 3 types of pipelines with similar DOPS 

Section 

type 

DOPs 

(%) 
ρCR 

td 

(mm) 

Reduction 

factor (L) 

Maximum relative 

error (%) 

Reduction 

factor (H) 

Maximum relative 

error (%) 

 9.25 0.2 11.44 0.798  0.827  

Type 1 9.42 0.4 5.72 0.851 6.44 0.861 4.11 

 9.51 0.8 2.86 0.856  0.861  

 9.24 0.2 10.16 0.800  0.821  

Type 2 9.39 0.4 5.08 0.853 6.63 0.863 3.64 

 9.47 0.8 2.54 0.855  0.863  

 9.34 0.2 11.44 0.815  0.880  

Type 3 9.68 0.4 5.72 0.837 2.70 0.859 2.38 

 9.85 0.8 2.86 0.837  0.848  

 

Table 12 presents a compilation of three distinct sets of reduction factors, 

each corresponding to different section types but maintaining identical DOPs, 

corrosion ratios, and corrosion depth ratios. The results reveal that, despite the 

uniformity in corrosion parameters and DOPs, there exists a noteworthy 

disparity in the reduction factors among the various section types. This 

observation underscores the limitations of solely relying on DOPs as a metric 

for assessing the bearing capacity of pipelines impacted by corrosion. Notably, 

the maximum relative error among these reduction factors can reach up to 8.3%, 

and there is no consistent pattern in the relationship between the reduction 

factors of the three section types. This implies that the section type alone is not 

a determinant of the magnitude of the reduction factor. 

 

Table 12 

The bearing capacity of different type of pipeline with similar DOP 

DOPs 

(%) 
ρCR 

Corrosion 

depth ratio 

(%) 

Section 

type 

Reduction 

factor (L) 

Maximum 

relative error 

(%) 

Reduction 

factor (H) 

Maximum 

relative error 

(%) 

   Type 1 0.769  0.788  

14 0.4 60 Type 2 0.774 1.71 0.779 3.21 

   Type 3 0.761  0.804  

   Type 1 0.678  0.688  

21 0.6 60 Type 2 0.668 3.99 0.689 0.58 

   Type 3 0.652  0.685  

   Type 1 0.409  0.423  

37 0.8 80 Type 2 0.416 8.30 0.432 5.79 

   Type 3 0.446  0.457  

 

7.  Buckling deformation and stress 

 

The section presents the global deformation, mid-span displacement and 

maximum stress of the section. The parameters of the pipeline are kept the same 

with Section 6, corrosion ratios 0.4 and 0.8, and corrosion depth ratios 40% and 

80% are taken into account. 

 

7.1. Global deformation 

 

Fig. 15 depicts the global deformation of pipelines affected by corrosion. 

Given the minimal variance in vertical deformation between high and low 

values, only the peak vertical deformation is presented. Furthermore, the global 

vertical deformation of the identical type of pipeline without corrosion in the 

process of loading to the maximum bearing capacity is also shown in the figure 

as a reference. As evident from Fig. 15, as the corrosion ratio and depth increase, 

the pipeline's vertical deformation decreases. Concurrently, with the 

progression of corrosion, both the vertical deformation and the length of vertical 

buckling exhibit a decrease. Notably, Type 3 exhibits the largest vertical 

displacement, followed by Type 1, with Type 2 exhibiting the smallest 

displacement. It is indicated that, under specific corrosion conditions, a pipeline 

with a higher thickness-diameter ratio experiences more severe vertical 

deformation. Additionally, while the DOPs of pipelines under conditions of ρCR 

= 0.4, td = 80% and ρCR = 0.8, td = 40% exhibit similar trends, there are significant 

differences in vertical deformation for Type 1 and Type 2 pipelines between 

these conditions, whereas for Type 3, the difference can be neglected. 

 

 

(a) Type 1 

 

(b) Type 2 

 

(c) Type 3 

Fig. 15 The vertical deformation of the pipelines with different corrosion parameters 

 

7.2. Vertical displacement at the midpoint 

 

The vertical deformation at the midpoint of the pipeline exhibits a minor 

difference between high and low values, which is rational given the limited 

influence of ymax on the vertical deformation at the midpoint. Thus, only the high 

value of the vertical deformation is presented. Fig. 16 illustrates the increase in 

vertical displacement at the pipeline midpoint with increasing imposed load. 

With constant corrosion parameters, the curves exhibit a distinct nonlinearity, 

indicating that as external loads gradually increase and pipeline deformation 

accelerates, the rate of vertical displacement growth at the midpoint 

progressively rises. Additionally, the vertical displacement at the midpoint of 
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the pipeline diminishes as the corrosion ratio and corrosion depth increase, 

consistent with the global vertical deformation of the pipeline. Moreover, the 

slopes of the curves steepen correspondingly with the growth of the corrosion 

ratio or corrosion depth. It means that, with the aggravation of pipeline 

corrosion, the growth rate of vertical displacement at the midpoint increases 

significantly with the imposed load. Moreover, since the DOPs of the pipeline 

at ρCR = 0.4, td = 80% and ρCR = 0.8, td = 40% are nearly identical, resulting in 

similar slopes for these two curves.This supports the inference that as DOPs 

increase, the rate of vertical displacement growth at the midpoint responds 

significantly to external loads. The observed correlation between the vertical 

displacement at the midpoint and vertical deformation of the three pipeline types 

confirms that thicker sections of the pipeline exhibit more pronounced vertical 

deformation compared to thinner sections under comparable constant parameter 

conditions. 

 

 

(a) Type 1 

 

(b) Type 2 

 

(c) Type 3 

Fig. 16 The vertical displacement at the midpoint with different corrosion parameters 

 

7.3. Stress at the midpoint 

 

A graphical representation of the normal stress variations within the cross-

section at the pipeline's midpoint, corresponding to different loading stages, is 

depicted in Fig. 17. Additionally, a reference value of 0.54Sy is included as the 

upper limit for longitudinal stress. Under imposed loads, both the stress and 

vertical displacement at the pipeline's midpoint exhibit comparable patterns of 

variation. 

The stress at the midpoint of the pipeline diminishes as the corrosion ratio 

and depth increase. Furthermore, the slopes of the curves also increase with the 

corrosion ratio (corrosion depth). Moreover, when subjected to imposed loads, 

the stress growth rate at the midpoint experiences a notable acceleration with 

the elevation of DOPs. This suggests that the rate at which stress accumulates 

at the midpoint remarkably amplifies with the progression of pipeline corrosion. 

Nevertheless,the vertical displacement change at the same point exceeds the 

stress variation during the application of external loads, suggesting that the rate 

of stress accumulation at the midpoint rises steadily with the persistent 

imposition of external loads. Although the stresses at the midpoint are 

comparable among the three pipeline types, Type 3 exhibits the highest rate of 

stress accumulation at the midpoint, followed by Type 2, with Type 1 showing 

a relatively lower increase rate. Therefore, it seems that the thickness-diameter 

ratio of the pipeline section does not largely affect the connection between 

corrosion and stress at the midpoint.  

  

 

(a) Type 1 

 

(b) Type 2 

 

(c) Type 3 

Fig. 17 The stress at the midpoint of pipelines with different corrosion parameters 

 

8.  Conclusions 

 

By implementing Monte Carlo method, a corrosion-inclusive model of a 

submarine pipeline was developed to perform a numerical analysis regarding 

pipeline buckling considerations. The findings of this study serve as the 

foundation for a quantitative assessment of the pipelines' bearing capacity. 

Based on the previously established pipeline element, the newly introduced 

element demonstrates significant efficiency advantages when dealing with 

numerous cases that require analysis. Without the employment of highly 

efficient numerical models, it would be unfeasible to carry out the  multi-

factorial parametric studies. In order to investigate how the corrosion features 

affect the bearing capacity of the pipelines, a series of pitting corrosion are 

designed and randomly distributed across the cross sections of the pipelines. A 

comprehensive analysis has been conducted to assess the impact of diverse 

corrosion parameters, including corrosion depth, corrosion ratio, and area loss 

ratio, on the mechanical characteristics of pipelines. The examination 

encompassed key properties such as bearing capacity, buckling deformation, 

and stress. The findings can be summarized as follows: 

 

⚫ As the corrosion depth (corrosion ratio) increases, its impact on the 

pipelines bearing capacity becomes more increasingly significant. Even 

slight corrosion enhance the unpredictability of the pipeline’ s bearing 

capacity. With the aggravation of the corrosion, the buckling 

displacement and stress at the midpoint of the pipeline accelerate under 

applied loads, indicating accelerated deformation. Besides, pitting 

corrosion has a more substantial influence on the magnitude of upheaval 

buckling deformation than the buckling length. Evaluating the bearing 
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capacity of a corroded pipeline solely based on single corrosion 

parameter is inadequate. Minor variations in corrosion ratio and depth 

can lead to slight differences in the bearing capacity and buckling 

displacement of a specific section, especially at similar  area loss ratio 

of the section (DOPs).The combination of substantial corrosion depth 

with a relatively low corrosion ratio often results in a more minor 

reduction in the reduction factor. Furthermore, different types of sections, 

even with identical corrosion parameters, can exhibit varying reduction 

factors and vertical buckling displacements. 

⚫ The bearing capacity of the pipeline decreases as the slenderness 

increases and then gradually stabilizes. When assessing the buckling 

bearing capacity of a corroded pipeline, it is crucial to note that the 

section coefficient WZ for corroded pipelines is not clearly defined in 

relevant specifications. To capture the uncertainty of its bearing capacity, 

it is necessary to consider both values of ymax : D/2 and D/2- td. Although 

the effect of ymax on the bearing capacity and buckling deformation is 

limited by the impact of corrosion ratio, its influence on corrosion depth 

remains significant. Furthermore, the buckling bearing capacity of a 

pipeline can vary significantly depending on corrosion distribution. 

Among various corrosion models with identical area loss ratios, pipelines 

exhibiting regular and random corrosion patterns exhibit similar bearing 

capacities while the corrosion concentration in the top or bottom half of 

the pipeline cross-section should be avoided, as this leads to the lowest 

buckling bearing capacity. 

⚫ This method is applicable for corrosion analysis of both thin and thick-

walled pipelines. For pipelines with varying cross-sections, a reduced 

thickness-to-diameter ratio leads to heightened uncertainty regarding the 

structural integrity of the pipeline, considering both corrosion depth and 

corrosion ratio. Among pipelines with similar thickness-to-diameter 

ratios, those with thicker walls are more vulnerable to the effects of high-

level corrosion, either in terms of corrosion depth or corrosion ratio. 

Conversely, pipeline sections with a larger thickness-to-diameter ratio 

may exhibit more pronounced vertical buckling displacement under 

certain corrosion conditions, whereas the thickness-diameter ratio has 

limited impact on the relationship between corrosion and stress at the 

midpoint. 
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