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ABSTRACT:  This paper considers recent research results on hollow section joints and the effect on the current 
design rules and is an extended version of the ICASS keynote lecture [1]. Main attention is paid to Rectangular 
Hollow Section  (RHS) overlap joints, Circular Hollow Section (CHS) joints with thick-walled chords and the 
influence of the chord stress on the joint strength. Further, the effect of reinforcement plates on the strength of thin-
walled joints is discussed. Also, some special aspects on elliptical hollow sections, stainless steel, high strength steel 
and delivery requirements for cold-formed hollow sections are considered. Finally, some developments regarding 
the fatigue design of hollow section joints are presented. 

Keywords:  Circular hollow section (CHS); Rectangular hollow section (RHS); Gap joints; Overlap joints; Static 
strength; Fatigue strength; High strength steel. 

 
 
NOMENCLATURE 
 
CHS Circular Hollow Section 
RHS Rectangular Hollow Section 
Ai  cross section area of the overlapping brace member i 
As effective shear area of the joint 
Fu,c ultimate load capacity of the collar reinforced joint 
Fu,u ultimate load capacity of the of the unreinforced joint 
M0 in plane bending moment in the chord (general) 
Mi,0 in plane bending moment in the chord in the plane i=1 or 2 
Mi,u,c ultimate in plane bending moment capacity of the collar reinforced joint 
Mi,u,u ultimate in plane bending moment capacity of the unreinforced joint 
Mo,u,c ultimate out of plane bending moment capacity of the collar reinforced joint 
Mo,u,u ultimate out of plane bending moment capacity of the unreinforced joint 
Mpl, 0 plastic moment capacity of the chord  
Ni  axial force in the overlapping brace member i 
Nj axial force in the overlapped brace member j 
N0p maximum prestressing force in the chord 
N0 maximum chord axial force 
N1,0 axial ultimate load capacity of the joint based on the load in member 1 for chord load nearly 

zero 
Ni,u axial ultimate load capacity of the joint based on the load in member i  
Npl, 0 plastic design capacity of the chord 
Ni, effec width   ultimate load capacity of the overlapping brace based on the effective width criterion  
Ov  Overlap in % 
RN0-M0 interaction factor of bending moment and axial loading 
Vu ultimate shear capacity ratio 
bi external width of the overlapping brace i  
bj external width of the overlapped brace j  
b0 external width of a chord 
bei effective width of the overlapping brace i with the chord connection 
bej effective width of the overlapped brace j with the chord connection 
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be(ov) effective width of the overlapping brace i with the overlapped brace j connection 
c constant for external corner radius 
di external diameter of brace i  (i=1 or 2 in a K joint) 
d0 external diameter of a chord 
fyi design yield strength of the overlapping brace i  
fyj design yield strength of the overlapped brace j  
fy0 design yield strength of a chord 
fui ultimate stress of the overlapping brace i  
fuj ultimate stress of the overlapped brace j  
hi external depth of the overlapping brace i  
hj external depth of the overlapped brace j  
lc length of the collar plate reinforcement 
n maximum chord stress divided by the chord yield stress 
tc wall thickness of the collar plate reinforcement 
ti wall thickness of the overlapping brace i  
tj wall thickness of the overlapped brace j  
t0 wall thickness of a chord 
β diameter or width ratio between braces and chord:  β= di/d0 or β= bi/b0  
γ half diameter or half width to thickness ratio of the chord, d0/2t0 or b0/2t0  
θi acute angle between the overlapping brace member i and the chord 
θj acute angle between the overlapped brace member j and the chord 
τc relative reinforcement plate-to-chord wall thickness ratio, tc/t0 
φ angle in between the two planes in a multiplanar joints (φ = 90°) 
 
 
INTRODUCTION 
 
The design rules in the second edition of the “Design Recommendations for Hollow Section Joints 
- Predominantly Statically Loaded” by the Sub-commission XV-E of the International Institute of 
Welding, (IIW-XV-E, 1989) [2] are the basis for many national and international design 
recommendations or standards, e.g. the Eurocode 3, (CEN, 2003) [3]. Based on these IIW-XV-E 
recommendations the Comité International pour le Développement et l’Etude de la Construction 
Tubulaire (CIDECT) has published several design guides for designers and fabricators, see for 
example [4]. 
 
Since the publication of the 2nd edition of the IIW-XV-E recommendations, considerable research 
has been carried out in various areas, during the last years, including joints of very thin-walled and 
very thick-walled hollow sections. Further, research has been carried out to fill gaps in knowledge, 
e.g. multiplanar joints or for strength upgrading of joints in existing structures. Currently, the IIW-
XV-E recommendations are revised and extended for the third edition [5]. Some of the research on 
which these revised recommendations and extensions are based, will be dealt with in this paper, as 
well as some other work in which the authors are involved. 
 
For the fatigue design of hollow section joints the IIW-XV-E sub-committee has published in 1999 
the “Recommended fatigue design procedure for welded hollow section joints”, (IIW-XV-E, 1999) 
[6]. These recommendations are now the basis for drafting of an ISO standard. In these 
recommendations the fatigue design is based on the “hot spot stress” approach or also called the 
“geometrical stress” approach. Nowadays, such an approach becomes also usual for plated 
structures like ships and FPSO’s. During the last few years, many investigations have been, or are 
still being carried out to compare and synchronize the various methods for the determination of the 
hot spot stress in relation to the fatigue classification and the thickness effect. 
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This paper gives a brief review of some of the research recently carried out on hollow section 
joints, in particular those topics in which the authors are involved. Further, some other research is 
briefly discussed and references are given for more detailed information. 
 
 
STATIC DESIGN OF RECTANGULAR HOLLOW SECTION JOINTS 
 
Uniplanar and multiplanar K-gap joints 
 
In the current CIDECT Design Guide for Rectangular Hollow Section Joints [7], it is recommended 
to assess multiplanar KK-gap joints with the uniplanar K-gap joint design formulae by applying a 
reduction factor of 0.9. In addition a chord shear check should be performed for the gap location of 
gap joints. 
 
Since the experimental evidence was limited, CIDECT initiated programme 5BJ in which all 
influencing parameters have been investigated [8]. In this research, it was found that in case of 
chord face failures, multiplanar KK-joints behaved nearly similar to uniplanar K-joints if the chords 
of the uniplanar joints were additionally loaded by a chord (pre)stressing force equal to Nop= 
-2Ni*cosθi which represents the difference in the chord reaction force (see Figure 1).  
 

N

N N

4NCOSθ

N

θjθi

  
 

Figure 1. Uniplanar and multiplanar joints with equivalent behaviour 
 
Consequently, it can be concluded that if for multiplanar KK-joints the larger chord load is taken 
into account in the chord stress function for chord face failure, the same formula can be used as for 
uniplanar K-joints and no further reduction factors have to be applied. However, due to the possible 
larger shear in the gap for particular loadings, the chord has always to be checked for the 
interaction of shear and axial load. The interaction is based on the well known Von Mises Huber-
Hencky criterion. For example for a symmetrically loaded RHS multiplanar KK-joint with an 
included angle φ=90° and no eccentricity, all sides of the RHS chord are loaded by axial load and 
shear and for each plane the following interaction Eq. (1) is valid: 

22

i i i i

0 y 0 y

ΣN cosθ ΣN sinθ+ 1.0
0.5A f 0.5A f / 3

⎛ ⎞⎛ ⎞⋅ ⋅
≤⎜ ⎟⎜ ⎟⎜ ⎟ ⎜ ⎟⋅ ⋅⎝ ⎠ ⎝ ⎠

       (1) 

 
For the multiplanar joint the chord axial load N0 is the sum of the horizontal components of the 
brace forces in both planes or two times the value in one plane. The resulting shear force V0 in the 
multiplanar joint is the vectorial resultant of the vertical components of the brace forces in both 
planes being √2 times the shear force in one plane. Thus the Eq. (1) can also be written as Eq. (1a): 

NN

4NCOSθ2NCOSθ

θjθi
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22

0 j0

0 y 0 y

V cos /20.5N + 1.0
0.5A f 0.5A f / 3

⎛ ⎞⎛ ⎞ ⋅ φ
≤⎜ ⎟⎜ ⎟⎜ ⎟ ⎜ ⎟⋅ ⋅⎝ ⎠ ⎝ ⎠

       (1a) 

or with *
0,plN = A0 fy0 and **

0,plV = A0 fy0 / √3  and φ=90°:   
2 2

0 0
* **
0,pl 0,pl

N 1.4V+ 1.0
N V

⎛ ⎞ ⎛ ⎞
≤⎜ ⎟ ⎜ ⎟⎜ ⎟ ⎜ ⎟

⎝ ⎠ ⎝ ⎠
         (1b) 

In case of asymmetric loading or for φ≠90° it is easier to consider the interaction for each plane. 
 
In the framework of a new CIDECT programme a numerical programme is being carried out to 
investigate the chord load functions for K-joints with gap. Based on the results, new chord load 
functions are being developed based on the maximum chord load [9]. The new proposed functions 
will have a format, which is similar for all types of circular and rectangular hollow section joints, as 
given below in Eq. (2): 

[ ] )( 43211)(
γβ ccccnnf

++
−=          (2) 

 
Some of the results are shown in Figure 2 in comparison to the current chord stress function [7,10].  

-
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0
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Figure 2. Chord stress reduction for RHS-K joints with gap (β = 0.4) 

 
In this study, as in other studies, it was shown that for n>>0, with chords loaded in tension a 
reduction factor also has to be applied, although the reduction is much smaller than for compression 
loading. 
 
Uniplanar and multiplanar K-overlap joints 
 
In the above-mentioned investigation it was also observed that, especially for multiplanar KK-
overlap joints with medium to slender chord width to thickness ratios, chord face failure could 
occur which is not covered by the current codes and recommendations. Therefore, a detailed 
numerical study was carried out to study 50% and 100% uniplanar K- and multiplanar KK-overlap 
joints in more detail. 



 Recent Developments in Welded Hollow Section Joint Recommendations 113 

Based on this study it was found that three failure modes have to be checked [11,12], i.e.: 
- overlapping brace failure (brace effective width criterion) 
- brace shear failure at the connection with the chord 
- local chord failure 

 
The brace effective width criterion, e.g. shown in Figure 3 for a 100% overlap joint, was already 
given in the current recommendations but the other two criteria are added, although the chord 
member has always to be checked for member failure. This investigation showed that at the joint 
location a linear interaction between axial load and bending moment is better than the member 
interaction formula. Besides these failure modes, it was found that the shear in the cross section of the 
braces just above the connection with the chord face has to be limited to avoid chord face failure. The 
first author indicated already in 1976 that brace shear failure at the connection with the chord face 
should be considered as a possible failure mode. However, brace shear failure was not observed in the 
experiments, which may be due to the small shear deformations. As a result this failure mode is not 
included in the current IIW and CIDECT recommendations and only a the brace effective width 
criterion was proposed to cover the strength of RHS overlap joints.  
 
As indicated in Figure 4, the brace walls parallel to the chord axis are fully effective for shear and the 
brace cross wall at the heel is theoretically not effective or only effective for a part be. The toe part of 
the overlapped brace of an overlap joints with an overlap Ov<100% is generally not fully welded to 
the chord (hidden location) and therefore not effective; it is only fully effective in case of 100% 
overlap joints. The results for 100% overlap joints showed that in those cases where the joint capacity 
is not limited by other criteria, the ultimate shear capacity can be reached, i.e. u

s
fA
3

⋅ .  

0.5be

0.5be

h1

N1 N2

b1

 
 

Figure 3. Brace effective width criterion for 100% overlap joints 
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Figure 4. Joint configuration and definition of the shear area for 100% and 50% overlap joints 
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Adopting this ultimate brace shear capacity limit to avoid chord face failures still gives an additional 
reserve in joint capacity of 1.1 to 1.15. 
 
Nowadays, higher strength steels are more frequently used, therefore, also the validity ranges for 
the width to thickness ratios have been reconsidered and are now related to the section class. In this 
case the section classes for the compression parts in hollow sections of Eurocode 3 are used. 
 
Based on these studies the design recommendations are formulated as given in Table 1. The 
formulae are presented in a general format even allowing different steel grades for the overlapping 
and overlapped brace.  
 
Joints of thin-walled rectangular hollow sections 
 
Research on X, T and Y-joints of thin-walled hollow sections [13], indicated that the validity range 
of the width to thickness ratios in the design recommendations could, in particular cases, be more 
liberal. However, in actual structures always secondary effects like secondary moments exist and in 
case of thin-walled members these may cause premature failure because of lack of deformation and 
rotation capacity. Thus, using thin-walled sections outside the validity ranges of the current 
recommendations requires a more detailed elastic analysis. Further, it should be noted that in case 
of tests on joints of thin-walled sections all moments should be carefully measured because these 
may influence the axial load capacity due to the lower rotation/deformation capacity. Neglecting 
these moments may give test rig dependent test results. 
 
Joints of stainless steel rectangular hollow sections 
 
Rectangular hollow section joints of stainless steel, type 304 L, have been investigated at the 
University of Sydney [14]. In these investigations,  X and K-gap joints made of cold formed 
austenitic stainless steel hollow sections have been used. The ultimate strengths were compared 
with the IIW-CIDECT design equations and the joint deformation at service-ability (ultimate 
strength divided by 1.5) was compared with the 1% chord width criterion. It was concluded that if 
the 0.2% proof stress based on the cold formed finished product is used, the joint strength can be 
evaluated using the IIW-CIDECT design rules for hollow section joints made of carbon steel.  
 
The joints loaded in tension fractured mainly through the weld in the heat affected zones. Thus, 
using electrodes of a stronger metal could even enhance the strength, allowing the 0.5% proof 
stress to be used in the formulae. In the analysis it was already shown that using the 0.5% proof 
stress, the service-ability limit was satisfied. However, the strength did not meet that according to 
the current  IIW-CIDECT design equations for high chord loads. It is noted that the newly 
developed chord stress functions for rectangular hollow section joints (see before) are more 
conservative for high chord loads.   
 
Other investigated areas 
 
Other connections recently investigated more in detail and/or those still being investigated are e.g. 
plate-to-RHS connections at the University of Toronto by Kosteski & Packer [15], corner 
connections, by Karcher & Puthli [16], bird beak connections by Davies et al. [17] and bolted 
connections by Willibald et al. [18]. For detailed information, reference is given to the various 
proceedings of the International Symposia on Tubular Structures, for example, Jaurrietta et al. [19].  
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Table 1. Proposed design recommendations for RHS overlap joints 
 

Ov  = 25 to 100% 
Overlapping brace effective width criterion*) 
for 25% ≤ Ov < 50% overlap: 
N f t O h t b byi i v i i ei e ov1 50 2 4*
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for 50% ≤ Ov < 100% overlap: 
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for  Ov = 100% overlap: 
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Brace chord connection shear criterion**) 
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Compression brace : class 1                ****) 
Tension brace         : class 1 or 2 
Chord                      : class 1 or 2 

  *)  Efficiency capacity of the overlapped brace should not exceed that of the overlapping brace 
**) This shear failure criterion is generally not critical for overlap joints with Ov ≤ 50%. In this 

criterion with Ov < 100%, it is assumed that the hidden location at the overlapped brace with 
the chord is not welded. 

***) The moments M1,0 and M2,0 are the in-plane moments in the two planes, respectively and Mpl,0  
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Limit (b-ct)/t S 235 S 275 S 355 S 460 
Class 1 33 30 27 23 
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STATIC DESIGN OF CIRCULAR HOLLOW SECTION JOINTS 
 
Uniplanar and multiplanar joints 
 
The recommendations for circular hollow section joints in the offshore codes, e.g. the API [20] and 
the draft ISO, ISO TC67/SC7/WG3/P3 [21], differ from the IIW-XV-E and CIDECT 
recommendations. This is one of the reasons that the IIW-XV-E Sub-committee has decided to 
reanalyse the behaviour of circular hollow section joints as a basis to derive international consensus 
for the current revision of the IIW-XV-E recommendations. In the evaluation also other proposals, 
for example, Dexter & Lee [22], Dier & Lalani [23], Yamada et al. [24] and Choo & Qian [25] are 
considered. Another aspect to be reviewed is the different behaviour of gap and overlap K-joints 
which in the current IIW recommendations are covered by only a single strength formula. It is the 
opinion of the authors of this paper that these joints should be dealt with separately. Overlap joints 
may be approached in a similar way as done for rectangular hollow sections. 
 
Further, the influence of the chord stress on the joint strength of circular hollow sections is 
currently based on the so-called chord pre-load, i.e. the chord load minus the load, which reacts the 
brace load components. This is in contradiction with rectangular hollow section joints for which the 
chord load function is based on the maximum chord load. Therefore, in the framework of the 
CIDECT programme 5BK the existing formulae have been analysed and a numerical programme 
was carried out [26,27]. Based on this, new chord load functions were developed based on the 
maximum chord load. The new proposed functions have the general format of Eq. (2). 

 
Figure 5. Chord stress reduction for CHS-X joints (β = 0.48) 

 
Also here, for chords loaded in tension (n>0), a reduction factor has to be applied. Figure 5 shows a 
typical example for a X-joint with a diameter ratio β = 0.48. The results have also been compared 
with recent work carried out by Pecknold et al. [28-29]. 
 
In the revised recommendations for T joints the chord stress to be used also includes the bending 
stress which always occurs due to brace loading. In the previous IIW-XV E recommendations and 
all other recommendations due to the experimental evidence this was indirectly also included in the 
joint capacity equations. With the current numerical methods it is easier to separate the influence of 
brace and chord loading [30] and to incorporate this in an easy way in the recommendations. 
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Especially in the analyses of K gap joints the effect of the relatively large welds in small size 
experiments has to be excluded, that is why Yura [31] did not include in his analysis the test results 
of specimens with small chord members. In the past all recommendations have been based on 
experiments but the calculations with the current calibrated numerical models showed that the 
existing experimental data base has to be even more carefully screened. Furthermore, like for 
rectangular hollow section joints, a check may need to be carried out to ensure that the chord shear 
criterion in the gap is not critical. At present numerical calculations have been carried out for the 
whole parameter range and new strength equations have been developed. These new equations still 
need to be checked with the more refined experimental data base.  
 
Currently various strength functions exist for overlap joints; some based on shear between the 
braces and punching shear, others relating the strength to that of gap joints. It is the authors opinion 
that the strength can be approached in a similar way as done for overlap joints of rectangular 
hollow sections with the effective parts related to the d/t ratios of the relevant members, however, 
such a reanalysis has still to be done. 
 
In the current CIDECT design guide 1 [32] based on the work of the Kumamoto team, it is 
recommended to assess multiplanar joints in each plane with the uniplanar joint strength formulae 
but applying a reduction factor of 0.9. Additionally the chord has to be checked for shear in the 
gap. For rectangular hollow section joints it is shown above that the lower strength can be 
attributed to the larger chord force. By considering the maximum chord stress for the chord stress 
effect instead of the pre-stress due to additional chord loading, the reduction is in the same range 
but gives a consistent approach. This means that multiplanar K joints with gap of CHS (similar as 
RHS joints) can also be dealt with as uniplanar joints but taking account of the larger chord force 
and the additional shear check in the gap of the chord. 
 
Joints of thick-walled circular hollow sections  
 
In modern bridges and jack-up platform designs more and more use is made of very thick-walled 
hollow sections, sometimes in combination with cast steel nodes. As a consequence several 
investigations regarding the static behaviour of welded thick-walled joints have been carried out. 
The various investigations in this field are summarized by Choo & Qian [25] and Choo [33]. 
 
The strength of circular hollow section joints with chord diameter to thickness ratios 2γ ≥ 15 can 
generally be based on the simplified ring model and the punching shear model. However, for larger 
diameter ratios β the strength deviation is more significant. This can readily be explained as 
follows: In the simplified ring model, as shown in Figure 6, the brace axial load is simplified to two 
line loads over an effective chord length Be and the joint strength is based on the plastic capacity of 
the chord with length Be (the ring) while neglecting the effect of the axial and shear forces on the 
plastic moment capacity. 
 
This means that the joint strength is a function of t0

2. However, for larger diameter ratios β the load 
transfer is mainly by membrane action at the saddle location which means that the joint strength is 
a function of t0. For thick-walled chords this membrane load transfer becomes already more 
important for medium diameter ratios β. As a consequence the current design recommendations 
have to be modified to cover also joints with thick-walled chords and thus the different failure 
modes. 



118 Jaap Wardenier and Yoo Sang Choo  

 
 
 
 
 
 
 
 
 
 
 
 
 

a: thin-walled chord     b: thick-walled chord 
 

Figure 6. Ring model for thin- and thick-walled chords 
 
 
In the investigations as summarised by Choo & Qian [25], the joint strength is defined based on a 
plastic limit load definition which agrees with Lu’s 3% chord diameter limit for the joints with 
thinner chord sections. However, for joints with thick-walled chords the plastic limit load definition 
seems to give more consistent results. It was further observed that for X joints with a low inclined 
angle θ in combination with a larger brace to chord diameter ratio β, chord shear, as shown in 
Figure 7 can reduce the load capacity, which is not covered in the current design recommendations. 

 

 
 

Figure 7. Interaction between chord plastification and chord shear in an X joint  
(θ = 30°, β= 1.0 and 2γ= 18) 

 
Collar and doubler plate joints 
 
For the enhancement of the strength of joints with thin-walled chords, reinforcement by collar and 
doubler plates may be used, as highlighted by Choo et al. [34]. In case of collar plates, the brace is 
welded to the chord and the collar consisting of two or four parts is welded to the chord and the 
brace around the brace to chord connection, as shown in Figure 8. In case of doubler plates the 
doubler plate is welded to the chord and the brace is welded to the doubler plate. 
 
These reinforced joints have been extensively investigated at the National University of Singapore 
under axial brace loading and under bending-in-plane moments, for example, as presented in [34-
37]. In all the investigations it was shown that for collar and doubler plates with a thickness equal 
or larger than that of the chord, the strength could be enhanced by 30% upwards, depending on the 
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dimensions of the collar and doubler plates and geometrical parameters and the loading. As an 
example for joints with 2γ=31.8 and β=0.43, Figure 9 shows the ratio of the strength of the collar 
plate reinforced joint with respect to that of referenced un-reinforced joints, as a function of the 
relative plate-to-chord wall thickness ratio τc (=tc/t0) and the relative plate length to brace diameter 
ratio lc/d1. The strengthening effect is further depending on the loading, i.e. compression, tension, 
bending in-plane or bending out-of-plane.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 8. Collar and doubler plate stiffened joints 
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Figure 9. Normalised strengths of joints with collar plate reinforcement for  
(a) brace axial load, (b) in-plane bending, and (c) out-of-plane bending 

 
Ring-stiffened joints 
Although in the past several experimental and numerical investigations have been carried out, more 
evidence is becoming available for the design of these joints with the recent and improved 
numerical methods [38,39]. 
 
 
STATIC DESIGN OF JOINTS WITH HOLLOW SECTION BRACES AND AN I-SECTION 
CHORD 
 
The design equations for overlap joints with an I-section chord will be modified in a similar way as 
for rectangular hollow section joints, see Table 1. This has not been investigated in tests but the 
behaviour is rather similar. 
 
 

Doubler plate reinforced joint Collar plate reinforced joint 
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MISCELLANEOUS  
 
Static design of elliptical hollow section joints  
 
Nowadays elliptical hollow sections are used in various architectural projects because of their 
special appearance. However, limited evidence is available on the joint behaviour. 
 
Currently, research is underway at the University of Liege [40] and the National University of 
Singapore [41]. These initial investigations, show that the ring model can be used for explaining the 
numerically determined strengths. Further, research is being carried out at Toronto University to 
define the class limitations for the sections. 
 
Hollow section joints in high strength steel 
 
The revised IIW recommendations for hollow section joints will cover joints made of steels with 
design yield stresses up to 460 N/mm2. Previously the validity was limited to steels with design 
yield stresses up to 355 N/mm2. However, joints with higher yield stresses will have a lower 
ductility for redistribution (e.g. effective width and punching shear), a lower deformation capacity 
(e.g. thin-walled joints with a high β ratio) or in other cases a larger deformation under service load 
(thin walled joints with a low β ratio). Further, it was found by Kurobane [42], that the strength for 
circular hollow section K-joints is a function of the yield to ultimate stress ratio. The effect was 
found to be most pronounced for K-joints for which the following relation was given: 

0.757
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−⎛ ⎞
⎜ ⎟
⎝ ⎠

           (3) 

 
Figure 10 shows the relative effect related to the yield stress ratio for S235. It is shown that 
compared to K-joints of steel S 235 the non-dimensional strength of circular hollow section K-
joints of S 460 would drop by 17%. 
 

0.4 0.5 0.6 0.7 0.8 0.9
0.0

0.2

0.4

0.6

0.8

1.0

1.2 S 
46

0

S 
35

5

S 
23

5

fy / fu

yi
el

d 
str

es
s r

at
io

 e
ff

ec
t

 
Figure 10. Influence yield to ultimate stress ratio for steel grades S 235, S 355 and S 460 

 
Based on the ultimate strength only, without considering the ductility aspects and the larger 
deformation in Ref [43], it is proposed to limit the design yield stress to 0.8 times the ultimate 
stress, but even this does not fully compensate the lower non-dimensional strength.  
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Additional numerical calculations at Delft University of Technology [44] using the 3% of the chord 
width as ultimate deformation limit [45], showed that RHS K-joints made of S 460 had a 10 to 15% 
lower non-dimensional strength than comparable joints made from steel S 235, see Table 2. 
 

Table 2. Non dimensional joint capacity related to the capacity for S 235 
β 

0.4 0.6 0.8 2γ 

S 355 S 460 S 355 S 460 S 355 S 460 

15 0.95 0.90 0.92 0.84 0.96* ** 

25 0.95 0.89 0.95 0.90 0.96* 0.92 

30 0.95 0.90 --- --- --- --- 

35 --- --- 0.92 0.85 0.82* 0.77* 
*   : Maximum capacity; others based on the 3% chord face indention. 
** : Brace Buckling in compression. 

 
The evaluation of the influence for the different steel grades on the static capacity of the joints is 
based on a factor R, which can be calculated by: 

yultimate,S...

ultimate,S235 y

f (S235)N
R x

N f (S...)
=          (4) 

 
Considering the larger deformations in joints of S460 in case the failure modes corresponding to 
chord face failure (RHS) or chord plastification (CHS) are governing, and the lower ductility in 
case of punching shear failure and brace effective width failure, it is proposed to adopt a general 
reduction factor of 0.9 and to limit the yield stress fy to 0.8fu [44]. 
 
This avoids different corrections depending on the failure mode and this has been agreed by sub-
commission IIW-XV-E for joints in steels with design yield stresses exceeding 355 N/mm2 up to 
460 N/mm2. This will result in a total joint capacity reduction of about 15%. 
 
Furthermore, the b/t limitations given in the recommendations for the compression braces will be 
related to either class 1 or class 2  sections. 
 
In Mang [46], it was shown that the strength of some tested K-joints made of S690 was only about 
2/3 of the predicted joint strength using the joint strength equations developed for S235, thus care 
has to taken to extrapolate the recommendations directly to joints of higher strength steel. 
 
Quality requirements for cold formed sections 
 
Since the available cold finished hollow sections on the market have different corner radii and 
different qualities, several investigations have been carried out during the last few years regarding 
checks for delivery requirements for cold-finished hollow sections [47]. Based on European 
research, e.g. recently at the University of Karlsruhe [48], it can be concluded that if welding is 
performed in or close to the corners, the corner radii have to meet the requirements given in 
Eurocode 3 [3], and in the IIW recommendations and recorded in Table 3. Furthermore, it is 
recommended to use fine-grained Al-killed steels. The modern steels are clean and have a low 
Carbon content. Si-killed steels may result in cracking after galvanizing.  
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In Europe the cold finished sections are delivered according to EN 10219-Part 2 (1998) [49] and up 
to 12 mm the average corner radii agree with those of table 3. However, a certain tolerance is 
allowed, which means that according to EN 10219 sections can be delivered with actual inner 
corner radii smaller than those in Table 3. In the research programme sections were also tested with 
small corner radii which satisfy the tolerances of EN 10219 but with actual corner radii smaller 
than those in Table 3. These sections are only allowed to be welded in the corners if these satisfy 
EN 10219 with the following additional material requirements:  
- The maximum nominal wall- thickness is not exceeding 12.5 mm  
- Aluminium killed steels with the quality grades J2H, K2H, MH, MLH, NH or NLH are used and  
- the following maximum values are kept:  C ≤ 0.18%,  P ≤ 0.020% and S ≤ 0.012% 
 
In other cases welding is only permitted at a distance of 5t from the corner or additional tests have 
to be performed to show that welding in the corners is permitted for that particular application. The 
requirements for steel S 460 are currently under discussion. 
 

Table 3. Minimum inner corner radii for full aluminium (≥ 0.02%) killed cold finished hollow 
sections to allow welding in the corners 

Steel grade Wall thickness t (mm) Minimum r/t 
(r = inner corner radius)

Remarks 

    
S235, S275, S355 

(indicated by  
yield stresses in 

N/mm2) 

24 
12 
10 
6 

3.0 
2.0 
1.5 
1.0 

The steels are 
indicated by  
yield stresses 

 in N/mm2 
 
No recommendation exists at present internationally for the determination of the required quality in 
relation to the service temperature, the welding condition, the loading, the static system, the 
thickness, the cold forming and the consequence of failure. According to the Dutch 
recommendations, NEN 6774 (2000) [50], the required quality for cold formed sections is generally 
one or two qualities higher than that required for hot-formed hollow sections. For example, if for a 
structural application in hot-formed hollow sections a Charpy value of 27 J at 20° is required, then 
for equivalent cold finished hollow sections this Charpy value is required at a temperature of 0° or 
–20°. Further work on this topic is being carried out at the University of Lappeenranta [51], where 
RHS K joints are tested at various temperatures between +20°C and -60°C. Based on this work it 
might be that proper selection criteria can be established. 
 
 
FATIGUE DESIGN OF HOLLOW SECTION JOINTS 
 
General 
 
Based on the IIW-XV-E fatigue design recommendations for welded hollow section joints (IIW-
XV-E, 1999) [6], CIDECT has published a design guide [52]. Since the publication, additional 
research is going on for thin-walled hollow section joints at the Monash University of Melbourne, 
and at the University of Karlsruhe. Further, stress concentration factors for bird beak connections 
are determined at the Delft University of Technology [53]. The connections with cast-steel nodes 
are under investigation at the Universities of Lausanne and Karlsruhe. During the last years, 
progress is also made in the development of 3D fracture mechanics models, for example at 
Nanyang Technological University in Singapore, the National University of Singapore and Delft 
University of Technology [54-56]. Currently, the hot spot stress method is reviewed to derive at a 
common procedure for hollow section joints and plate connections [57,58].  
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GENERAL 
 
At present still many investigations are going on and not all areas could be covered within the 
scope of this article. For example, many investigations just started in China, especially at the Tongji 
University, and it is expected that the coming years further improvements of the design rules may 
be expected. 
 
In all areas the available information increases and many codes and recommendations become 
increasingly more voluminous and complicated with the probability of more errors. To the opinion 
of the authors, the information in codes should be limited to basic items and other relevant 
information should be given in background documents or design guides, for example, the CIDECT 
Design Guides and Packer & Henderson [59]. Furthermore, the recommendations should be 
consistent and as simple as possible.  In the education, emphasis should be given to understanding 
by using simple models [60,61]. 
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ABSTRACT:  The current design method of steel structures is based on the member reliability and cannot assure 
the structural system reliability.  To overcome the shortcoming of the current method, the integrated structural 
design approach, with consideration of system reliability for planar steel frames, is studied in this paper.  The 
reliability-based integrated design approach (RID) directly checks the structural system limit states, based on 
structural nonlinear analysis, and the corresponding system reliability.  In this paper, the reliability-based integrated 
design approach for planar steel frames is established on the basis of evaluating the ultimate load-carrying capacity 
and system reliability of planar steel frames.  In the process of constructing the design formula, the target reliability 
index and importance factor are determined according to the current specification and the two common load 
combinations are considered.  Design examples and comparisons demonstrate that RID provides a feasible way for 
structural engineers to improve the design quality of steel frame structures with certain and consistent system 
reliability levels. 

Keywords:  Reliability-based integrated design; Planar steel frames; Member reliability; System reliability; Target 
reliability index. 

 
 
1. INTRODUCTION 
 
As we all know, the system reliability of a structure is not only related to structural member 
reliability, but also influenced by the correlation between the members, the correlation between 
resistance and load, the configuration of the structure, the structural redundancy and ductility [1].  
Actually, a building structure fulfills its function as an integrity, and a designer should aim at 
ensuring the reliability level of the structural system rather than the individual members. Therefore 
a structural design should be implemented based on integral structural analysis and reliability 
assessment [2].  However, the current limit state design for steel frames, e.g. AISC LRFD [3], is 
based on individual member checks, comprising the elastic integrated structural analysis for 
determining internal forces in the structural members and the capacity check of individual members.  
This approach leads to an ambiguous system reliability of the structure designed with only 
implementing member safety checks.  The load and resistance factors design approach(LRFD), a 
probability-based limit state design approach, is just such a method.  As an improvement, a 
structural design approach called preliminary integrated design(PID) [4] is constructed based on the 
frame analysis-frame check instead of the frame analysis-member check.  Although it is a design 
approach oriented to system capacity limit states, PID cannot provide a check of the structural 
system reliability since the load and resistance factors in this approach are not obtained on the basis 
of the structural system reliability evaluation.  However, the reliability-based integrated design 
approach(RID) proposed in this paper makes up the insufficiency of PID, which can ensure the 
structures designed to have the reliability index as close as possible to the target values. 
 
 
2. APPROACH 
 
2.1. Target Reliability Index 
 
The target reliability index is the expected reliability index of structural design, it is an important 
factor in the reliability-based structural design.  Theoretically, the value of target reliability index 
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should be established through optimal method according to the importance of structures, failure 
consequences, causes and modes of structures, and economic ability.  Because of the deficiency of 
statistical information and considering the succession of the specifications, the target reliability 
index used in current codes is adopted by calibrating to the safety level implied by existing codes. 
Similar to AISC LRFD [3], GB50068-2001 [5] is also a probabilistic design code based on the limit 
states of structural components, and its target safety level, as shown in Table 1（β denotes reliability 
index，Pf denotes failure probability）, is taken to be the probabilities of structural failure implied by 
given codes which are judged to be acceptable in China.  For the sake of simplification and 
conservative consideration, it is reasonable that the target reliability index used in RID can has a 
increase of 0.5 compared to the target reliability index employed in the limit state design approach 
based on individual members with ductile failure mode, because although the integrated failure of 
steel frames is ductile, its importance level is comparative to that of component failure of structures 
with brittle mode, so the target reliability index of the former is the same as the latter.  
 

Table 1. Target reliability index employed in current specification and RID 
Importance class of structures 

Class 1 Class 2 Class 3 Design method Failure mode 
β Pf β Pf β Pf 

Brittle failure 4.2 1.3×10-5 3.7 1.1×10-4 3.2 6.9×10-4 Current 
specification Ductile failure 3.7 1.1×10-4 3.2 6.9×10-4 2.7 3.5×10-3 

RID Ductile failure 4.2 1.3×10-5 3.7 1.1×10-4 3.2 6.9×10-4 

 
 
2.2. Load and Load Combination 
 
Three types of loads need to be considered in the reliability-based integrated design of steel frames. 
They are dead load, live load and wind load. The statistic data of these loads are tabulated in Table 
2. Two loading cases are investigated.  One is vertical dead load with vertical live load and the 
other is vertical dead load with simultaneously vertical live load and horizontal wind load.  In 
assessment of system reliability, dead load and live load are treated as random load in loading case 
1 while only wind load is treated as random load in loading case 2. 
 

Table 2. Statistic data of various loads 
 Ratio of mean to 

normal value (K) Coefficient of variance(COV) Distribution type 

Dead load 1.06 0.07 Normal  
Live load 1.00 0.25 Gumbel 
Wind load 0.999 0.193 Gumbel 

 
 
2.3. Statistics of Structural Resistance 
 
The randomness of structural resistance of steel frames is mainly relevant to the randomness of the 
sectional geometry, the randomness of material yielding strength and the randomness of calculation 
mode for determining structural resistance, the statistics of which are listed in Table 3 [6].  
 
It is observed that the PDF curves of structural resistance of steel frames under the two loading 
cases fit lognormal distribution quite well [7].  Therefore, the structural integrated resistance of 
steel frames will be assumed to follow a lognormal distribution in the following calculation of load 
and resistance factors. 
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Table 3. Statistics of principal random variables influencing structural resistance  

  Ratio of mean 
to normal value Coefficient of variance  

Length or width 1.000 0.0135 Geometrical parameters thickness 1.000 0.0350 
t≤16mm 1.070 0.081 
16mm<t≤40mm 1.074 0.077 
40mm<t≤60mm 1.118 0.066 

Q235  

60mm<t≤100mm 1.087 0.066 
t≤16mm 1.040 0.066 
16mm<t≤35mm 1.025 0.076 
35mm<t≤50mm 1.125 0.057 

Yielding strength of 
steel 

Q345 

50mm<t≤100mm 1.184 0.083 
Vertical load 1.000 0.075 Calculation mode for 

determining structural 
resistance Horizontal and vertical load 1.000 0.075 

 
 
2.4. Practical Design Formula 
 
Reliability-based integrated design method for steel portal frames is first introduced in [4].  The 
practical design formula of this method can be written as 

∑ ⋅⋅≥ niin SR γγφ 0/  (1) 

where nR  is the nominal value of structural resistance determined by nonlinear structural analysis, 
niS is a load effect, φ and iγ  are the factors of structural resistance and load effect, which can be 

obtained by reliability analysis of structures, i stands for the number of load effects, and 0γ  is the 
importance factor of structures. Though Eq.(1) is similar to that of traditional LRFD, they factually 
differ from each other because the factors of resistance and load in RID are based on ensuring 
reliability of structural system, rather than reliability of individual members as in LRFD. 
 
2.4.1. Importance Factor 
 
The value of importance factor 0γ  used in conventional member-checked approach is taken as 

1. for structure components whose importance class is class one or serviceable life is more 
than 100 years, 0γ  should not be less than 1.1; 

2. for structure components whose importance class is class two or serviceable life is 50 
years, 0γ  should not be less than 1.0; 

3. for structure components whose importance class is class three or serviceable life is 5 
years, 0γ  should not be less than 0.9. 

Since 0γ  is only relevant to the importance of structures, the importance factor of structures 
employed in RID can take the same value as in LRFD, stated as above. 
 
2.4.2. Load and Resistance Factors 
 
The process of determining the load and resistance factors in the formula for RID is similar to that 
for traditional limit-state design, except that the factors of the former come from assessment of 
system reliability of structures whereas those of the latter from reliability calibration of individual 
members [2]. The flow chart for determining load and resistance factors for RID is given in 



 Reliability-Based Integrated Design Approach for Planar Steel Frames 131 

Figure 1 and the data used for this purpose are listed in Table 4, the values of resistance statistics in 
Table 4 are taken from the sampling of the structural resistance which is calculated by finite 
element program. 
 

Table 4. Data used in calculation of load and resistance factors 
(a) Q235 

Load case Resistance factor Load factor Load ratio Resistance statistics 
Dead load Live load Live load/ dead load COV KR

3) 1 1.20 
1.00-1.601) 1.40-3.001) 0.50-1.102) 0.110 1.035 
Dead load＋live load4) Wind load none COV KR

3) 2 1.20 
1.0 1.10-2.651) none 0.108 1.065 

 
(b) Q345 

Load case Resistance factor Load factor Load ratio Resistance statistics 
Dead load Live load Live load/ dead load COV KR

3) 1 1.20 
1.00-1.601) 1.40-3.001) 0.50-1.102) 0.110 1.046 
Dead load＋live load4) Wind load none COV KR

3) 2 1.20 
1.0 1.10-2.651) none 0.121 1.103 

1) Interval is equal to 0.05； 
2) Interval is equal to 0.15； 
3) KR is the ratio of mean to normal value of structure resistance； 
4) The summation of dead load and live load is treated as a constant load in load case 2. 

 
For the convenience of practical application, the resistance factor, φ , can be taken as a constant 
being equal to 1.2, and the optimal load factors can then be determined according to the target 
reliability with this strategy.  Following the process of calculation shown in Figure 1, the load and 
resistance factors with a certain system reliability for reliability-based integrated design of steel 
frames can be determined.  The relative errors between RKij and R*

Kj indicated in Figure 1 under 
different load factors and different target reliability index is shown in Figure 2.  The optimal load 
and resistance factors for RID aiming at definite target reliability levels are listed in Table 5. 
 
Since the final values of resistance factors are very close to the initial value 1.2, it is acceptable that 
uniform resistance factor for RID,φ =1.2, can be employed in the practical application.  
 

Table 5. Optimal load and resistance factors and their errors 
(a) Q235 

Load case 1 Load case 2 
βt 

γG γL γ/
R ε γW（γG＋γL＝1.0） ε 

2.7 1.10 1.60 1.1898 5.08398e-004 1.45 2.53647e-004 
3.2 1.10 1.90 1.1969 7.09022e-005 1.70 1.46003e-005 
3.7 1.10 2.25 1.2023 2.55264e-005 1.95 1.61455e-007 
4.2 1.10 2.70 1.1927 2.21763e-004 2.25 9.66120e-006 

 
(b) Q345 

Load case 1 Load case 2 
βt 

γG γL γ/
R ε γW（γG＋γL＝1.0） ε 

2.7 1.10 1.55 1.1972 2.80723e-004 1.45 1.07029e-005 
3.2 1.10 1.85 1.2025 1.02353e-004 1.65 8.15408e-005 
3.7 1.10 2.20 1.2061 1.40213e-004 1.90 1.22249e-004 
4.2 1.10 2.65 1.1948 1.13074e-004 2.20 5.76273e-005 
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note1. µ Rj is determined by First Order Second Moment(FOSM) method with the statistics listed in table 4; 

Figure 1. Flow chart for calculation of load and resistance factors. 

start 

Structural resistance by:RKij=γR (γGi GKj +γLi LKj) 

Desired load factors(γ*

G γ
*

L ) is that makes εi minimum 

Optimal resistance factor under (γ*

G γ
*

L ) is:
γ

/

R =∑R*
Kj SKj / ( SKj)2 (see note 2) 

Given resistance factorγR 

Structural resistance by: R*
Kj = µ Rj / KR (see note 1) 

Relative error between RKij and R*
Kj  

εi=∑(1.0 – RKij / R*
Kj)2  i=1,2,3,…,N 

 Given a series of combination of dead and 
live load factors (γG γL)i i=1,2,3,…,N 

Given a series of live-to-dead load 
ratio (GK LK)j j=1,2,3,…,M 

 Isγ
/

R close toγR ? 

end 

yes 

no 
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no 

no 

yes 

note2. RKj is obtained by RKj=γ
*

G GKj +γ
*

L LKj 



 Reliability-Based Integrated Design Approach for Planar Steel Frames 133 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Then the expressions for design of steel frames under loading cases 1 and 2 with the target system 
reliability index being equals 3.7 can be obtained as 
 
For Loading case 1, Q235 steel 

nnn LGR ⋅+⋅≥ 25.210.12.1/  (2a) 
Q345 steel 

nnn LGR ⋅+⋅≥ 20.210.12.1/  (2b) 
where nR is the normal value of structure resistance under loading case 1, determined by nonlinear 
structural analysis； nG  and nL  represent the normal values of dead and live load effects. 
 
For Loading case 2, Q235 steel 

nnnn WLGLGR ⋅≥+⋅=+ 95.1))(00.1)((2.1/  (3a) 
Q345 steel 

nnnn WLGLGR ⋅≥+⋅=+ 90.1))(00.1)((2.1/  (3b) 
where nR  is the normal value of structure resistance under loading case 2, determined by 
nonlinear structural analysis(in the process of calculation, the value of nR  is determined under 
constant dead load and live load)； nW  represents the normal value of wind load. 

（b）Q345 steel
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2.5. Design steps 
 
The design steps using RID are 

1. determine the structural size, material type, and the values of nominal loads of the steel 
frame design for; 

2. select a group of sectional dimensions for the frame and perform the integrated nonlinear 
frame analysis, by which the nominal resistances of the trial frame (Rn in the design 
formula) under two loading cases are obtained; 

3. check the design formula with the nominal frame resistances and the nominal loads; 

4. repeat steps 2 and 3 till the design equations are satisfactorily met. 

 
 
3. APPLICATION 
 
3.1. An Example 
 
An asymmetric two-storey two-bay steel frame is shown in Figure 3 [8]. Using this example, we 
can compare different design methods such as RID, PID and LRFD. The loads in Figure 3 is the 
summation of normal values of dead load and live load and the ratio of dead to live load is 1.0. The 
statistics used for reliability analysis is listed in Table 6. The normal value of yielding strength of 
steel is 248MPa and the elastic modulus is 206GPa. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Table 6. Statistics of loads and yielding strength of example frame [8] 

Statistics Ratio of mean to normal 
value 

Coefficient of 
variance  

distribution 

Dead load 1.00 0.08 Normal 
Live load 1.00 0.25 gumbel 
Yielding strength 1.05 0.10 gumbel 

 
The design steps of PID are similar with those of RID. However, the load and resistance factors 
employed in PID are taken from LRFD, as 
 
for loading case 1 
 

nnn LGR ⋅+⋅≥⋅ 60.120.190.0  (4) 

hinged 

Figure 3. Dimensions and loads of a two-storey two-bay steel frame 
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where Rn is the nominal value of the structural resistance against vertical loads determined by 
nonlinear integrated structural analysis, and Gn and Ln are respectively the nominal value of dead 
and live load effects, and 
 
for loading case 2 
 

nnnn WLGLGR ⋅≥+⋅=+⋅ 30.1))(20.1)((90.0  (5) 

 
where Rn is the nominal value of the structural resistance against horizontal loads determined by 
nonlinear integrated structural analysis when the summation of dead load and live load is equal to 
1.20 times of its nominal values, and Wn is the nominal value of wind load. 
 
 
3.2. Design Results  
 
The steel frame shown in Figure 3 is designed by various methods, including traditional LRFD, 
PID and RID. The sections of components and the steel consumption of the frame obtained by 
different design methods are given in Table 7. Since for this steel frame, the loading case 1 is the 
control loading case, then the reliability of loading case 2 is not considered. 
 
The results of system reliability for the frame designed by various methods are listed in Table 8, 
where β  and fp  are respectively the reliability index and failure probability.  
 
The design results show that the system reliability index of the frame designed by LRFD is larger 
than the target reliability index, which is 3.7, but the system reliability of PID is lower than that 
level. While the reliability index of frame designed by RID is close to the expected reliability level 
and meets the requirement of structural integrated design. The steel consumption of the frame 
designed by RID is also reasonable, which is between the values obtained respectively by LRFD 
and PID. 
 
 

Table 7. Comparison of component sections and steel consumption obtained by various methods 
 Design method LRFD PID RID 

C1 W12×19 W12×14 W12×16 
C2 W14×132 W14×99 W14×109 
C3 W14×109 W14×82 W14×99 
C4 W10×12 W10×12 W10×12 
C5 W14×109 W14×99 W14×109 
C6 W14×109 W14×99 W14×109 
B1 W27×84 W27×84 W27×84 
B2 W36×135 W30×108 W30×108 
B3 W18×40 W18×40 W18×40 
B4 W27×94 W27×84 W27×94 

Components 

Steel consumption 
(103kg) 

9.59 8.51 9.12 
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Table 8. System reliability of the frame designed by LRFD, PID and RID 

Design method β  fp  

LRFD 4.4591 4.1148e-006 
PID 3.2033 6.7923e-004 
RID 3.8427 6.0856e-005 

 
 
4. CONCLUSIONS 
 
The Reliability-based Integrated Design (RID) of planar steel frames is studied in this paper. The 
following conclusions can be drawn from above studies: 

1). The system reliability index of steel frames designed by RID is larger than that designed 
by PID and  lower than that designed by LRFD, while it is close to the expected 
reliability level and meets the requirement of structural integrated design. 

2). Although it is also an integrated design method, PID cannot provide a check of the system 
reliability level since the load and resistance factors in its design expressions are coming 
directly from LRFD without consideration of system reliability. So the system reliability of 
a structure designed by PID cannot be guaranteed. 

3). From the example concerning design of a steel frame, it can be seen that RID consumes 
less steel than LRFD. This novel design method can make up the insufficiency of 
conventional design method and facilitate the design procedure without requirement of 
member checks, while ensuring system reliability. 
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ABSTRACT:  A possible solution to strengthen end-plate bolted composite joints is to extend the end-plate below 
the beam and to add a haunch in the corner with the column.  This strengthening arrangement is studied in this paper 
from both theoretical and experimental approaches.  Experimental results are analysed and compared with theoretical 
ones issued from analytical models essentially based on Eurocodes 3, 4 and 8 [1-6].  Results are interpreted in terms 
of rotational stiffness, moment resistance and rotation capacity.  The contribution of haunches to strengthen a beam-
to-column joint and to dissipate energy under cyclic loadings is quantified. 

Keywords:  Composite construction; Beam-to-column joint; End-plate bolted joint; Haunch; Seismic action. 

 
 
1. INTRODUCTION 
 
End-plate bolted beam-to-column joints are currently used in Europe in steel and composite 
constructions.  In composite constructions, generally these joints appear semi-rigid and partial 
strength.  The use of such joints in anti-seismic moment resisting frames is allowed now by the 
seismic code Eurocode 8 - Part 1 [5].  Nevertheless, recent studies have shown that such design 
should be limited to areas of low and medium seismicity; but in zone of high seismicity, the joints 
should be strengthened to become rigid and full-strength. 
 
After Northridge earthquake, researches carried out on steel welded beam-to-column joints have 
shown that adding haunches provided a good solution to strengthen a joint and to obtain good 
seismic performances, SAC [7], Lee and Uang [8], NIST [9], Gross et al. [10], Yu et al. [11].  Main 
results of these researches were grouped in a State of the Art Report published by the Federal 
Emergency Management Agency, FEMA-355D [12], as well as recommendations, FEMA-351 
[13], including a design procedure for welded haunch connections.  More recently, a draft of 
Eurocode 8 - Part 3 [6] has proposed recommendations to strengthen beam-to-column steel and 
composite connections by adding haunches. 
 
In the case of end-plate bolted composite connections, haunches located at the bottom side of the 
beam flanges seem more convenient for fabrication.  Also it is suggested by Gross et al. [10] to 
adopt an haunch depth b ≈ 0.33 times the beam depth db, with an angle of the haunch θ ≈ 30° to 
limit the haunch web slenderness.  In the present study, we have opted for a simple predesign 
method adopting the haunch depth b equal to the steel beam depth db and the haunch length a equal 
to 2b.  These dimensions make easier the haunch fabrication cut out directly from the steel beam.  
In addition, such a predesign method allows to ensure a better balance between hogging and 
sagging moment resistances in a composite connection (Table 2). 
 
Adopting such a strengthening strategy, 5 tests dealing with steel and composite joints equipped 
with haunched bolted end-plates, with two arrangements (T and cruciform as shown in Figures 1 
and 2 respectively) has been fabricated and tested (group 1 in Table 1).  A companion series of 5 
similar tests, simply end-plate connected without haunch strengthening (Figures 3 and 4), has been 
fabricated simultaneously and then tested in order to clearly evaluate the haunch contribution 
(group 2 in Table 1). 
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An analytical approach mainly based on the works of Lee and Uang [8] and adopted recently in 
Eurocode 8 – Part 3 is firstly adapted to the static design of haunches in composite beam to steel 
column joints.  In a second step the main characteristics of rotational stiffness and moment 
resistance of haunched end-plate bolted connections have been determined from Eurocodes 4 and 3 
concepts (using measured material properties).  Analytical results are compared to experimental 
ones in order to evaluate the good performances of these analytical models.  The influence of the 
haunch on the joint design has been taken into account (with regard to shear connection, 
reinforcement, column web panel…).  In addition the plastic energy dissipation mainly located 
outside the joint in the case of full-strength beam-to-column joints is evaluated experimentally and 
compared to the energy dissipation obtained in the case of partial-strength beam-to-column joints.  
 
 
2. ANALYTICAL STATIC DESIGN MODELS 
 
2.1. Haunch Static Design  
 
2.1.1. Determination of the bending moment and the vertical shear at the haunch tip 
 
Previous studies, Yu et al. [11], have shown that the contribution of the haunch web to the stiffness 
in the haunch flange direction was minor (equal or less than 5%). So, a simplified model idealizing 
the haunch flange as an elastic strut has been developed. Considering the beam vertical shear , ±

EdV , 
at the haunch tip, a parameter β±  is introduced to define the vertical reaction force ±±

EdVβ  
transmitted to the steel beam at the haunch tip. This parameter β± quantifies the force distribution 
within the haunch region. 
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The model was developed only for steel joints; in this study it is adapted to composite solutions of 
haunched joints, introducing composite beam characteristics and distinguishing moment values and 
neutral axis positions in sagging and hogging bending. 
 
The static design of the haunch is based on the moment and vertical shear that develop at the tip of 
the haunch when a plastic hinge occurs in the beam. Following the step-by-step design procedure 
proposed by Yu et al. [11], a first step consists in the determination of maximum sagging and 
hogging bending moments ±

EdM  exerted by the composite beam, namely: 
 

±± = R,plEd MM α  (1) 
 
α is a moment overstrength factor for which the adopted value of 1.1 seems reasonable in 
comparison with current codes (see 6.5.5 (3) in Eurocode 8 – Part 1). 
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Figure 5. Simplified  Model  of Haunch Connection 

 
In the experimental context of the present paper ±

R,plM  is determined using the mean measured 
values of the yield strength of structural steel fy, of the concrete strength fc and of reinforcement 
strength  fs . It should be noted that in actual design where the properties of the materials are 
defined generally by the nominal or characteristics values fyk,  fck and fsk, the strengths used to 
determine the design moment resistance ±

Rd,plM  would be obtained introducing material 
overstrength factors, in particular for the structural steel: fye = γov.fy  with  γov ≈ 1.25. Also partial 
safety factors would be used for the materials taking into account the accidental nature of the 
seismic action (for instance: γa = 1.0 for the structural steel; γs = 1.0 for the reinforcing steel; and γc 
= 1.30 for the concrete). 
 
Considering the testing arrangement, the design vertical shear ±

EdV  is evaluated simply as follows: 
'LMV EdEd

±± =  (2) 
where : L’ = L – a (see Figures 1 to 5) 
 
In actual design, ±

EdV   would be given by: 

G,Ed''
Rd,plRd,pl

Ed V
L

MM
V +

+
=

−+
± α   

where 
L’’ would be the distance between the two plastic hinges occurring near the ends of the concerned 
beam span, and  
VEd,G would be the vertical shear at the plastic hinge location due to uniform and concentrated 
vertical loads acting within L’’. 
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From the idealized model presented in Figure 5 of an elastic composite beam bearing on an elastic 
support represented by the haunch flange, the non-dimensional parameter ±β  (in sagging (+) and 
hogging (-) bending respectively) may be evaluated considering the force equilibrium and the 
deformation compatibility at the haunch tip between the beam flange and the haunch flange.  
 
So, in both sagging (+) and hogging (-) bendings, β±  is given by: 

⎟
⎟
⎟
⎟
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where: 
I1 and +

bA  are respectively the second moment of area under sagging bending and the associated 
cross-sectional area of the composite beam; 
I2 and −

bA  are respectively the second moment of area and the cross-sectional area of the composite 
beam, neglecting the concrete in tension but including reinforcement; 
Ahf  is the area of the haunch flange; 
a, b and θ  are the length, the depth and the angle of the haunch, defined in Figure 5; 
d+ (d-)  is the distance from the plastic neutral axis under sagging bending (hogging bending) to the 
external face of the lower flange of the beam. 
 
2.1.2. Design checking 
 
Firstly, a global check should be satisfied which consists in having the sum of the moment 
resistances of the two columns above and below the joint greater than the sum of the moments 
transmitted by the two beams through the haunch that frame into the column. This condition has led 
to extend the supplementary web plates of the column sufficiently beyond the web panel (over 20 
cm). 
 
The strength and the stability of the haunch flange have to be checked using the following 
conditions: 

Strength: 
θ

β
sinf
V

A
hf,y

Ed
hf

±±

≥ ; (4) 

Stability: 
hf,yhf
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f
23510

t
c

≤ , according to class 2 of Eurocode 3 - Part 1.1 [1] (5) 

 
Likewise for the haunch web: 
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 (class 2 of Eurocode 3 for a web depth 2asinθ  in compression)  
 

hf,yf and hw,yf  are the mean yield strengths of the haunch flange and the haunch web respectively; 
 chf and hft  are the flange outstanding and the flange thickness of the haunch respectively; 

hwt  is the haunch web thickness. 
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Yielding and shear buckling of the web of the steel beam part above the haunch should be checked 
on the basis of the hereafter vertical shear: 

( ) ±±± −= Edb,Ed V1V β  (8) 

 
noting that ±

b,EdV  is, in general, significantly less than ±
EdV . It may be observed from (8) that the 

direction of the beam vertical shear ±
b,EdV  is opposite to that developed outside the haunch region 

when β± > 1.0 (which occurs most of the time) 
 

The local resistance due to the concentrated load θ
β

tan
±±

EdV  where the haunch flange intersects 

the column flange should be checked and the column web should be stiffened if necessary; 
likewise the steel beam web at the haunch tip should possess sufficient strength to resist the 
concentrated load ±±

EdVβ ; generally, it needs to be stiffened transversally. 
 
Yielding in tension of the top flange of the steel beam part above the haunch and of the slab 
reinforcement under hogging bending should be checked appropriately. For instance, the tension 
stress in the steel flange is given by: 
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⎦
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A similar expression of (9) may be obtained for Eds,σ  in the reinforcement. Conditions yEdbft f=,σ  
and ysEds f=,σ  lead to  a minimum value −

minβ of β-. If  β- is less than minimum value −
minβ  the area 

of the haunch flange or the haunch geometry should be modified. 
 
Also yielding of the lower flange of the steel beam and concrete strength in compression of the slab 
under sagging bending should be checked leading to satisfy other minimum value +

minβ .   
 
Recommendations are made to use full penetration butt welds to connect the end of the beam and 
the haunch to the end-plate, the haunch to the lower flange of the beam and transverse stiffeners to 
the flanges of the beam and the column. According to Eurocode 8, full penetration butt welds are 
deemed to satisfy the overstrength criterion with regard to the adjacent structural steel. 
 
Nevertheless if two-sides fillet welds were considered to connect webs of the beam and the haunch 
to the end-plate, also to connect the haunch web to the beam flange and the transverse stiffeners to 
the beam, the following requirement of Eurocode 8 should be met: 

yed RR α≥ ; 
where: 
Rd is the resistance of the two fillet welds; 
Rye is the plastic resistance of the connected dissipative member based on the mean measured value 
of yield stress of material (adopting a value fyov Rγ , where γov is the overstrength factor, in a design 
context). 
 
2.2. Joint Static Design 
 
The joint static design was based on the component method of Eurocode 3 – Part 1-8 [3] 
considering the joint as an assembly of simple components whose mechanical properties are clearly 
identified and  able to characterize the whole behaviour of the joint generally expressed in terms of 
moment-rotation curve. A refined model for the general case of haunched composite beam-to-
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column joint is shown in figure 6. All components are modelled physically by translational springs 
and are able to simulate the transmission of internal forces in the joint as tension, compression, 
bending or shear. 
 
The particular case of haunched steel joints is very partially covered in clause 6.1.1 (2) of 
Eurocode3 Part 1-8.  
 
It can be seen in Figure 6 that groups of springs may act in parallel or in series. The springs 
presented in this figure deal with the following components: 
 

 
Figure 6. Component model for a composite beam-to-column haunched joint 

 
 
Column web panel in shear (1); effect of concrete encasement on the stiffness and strength of the 
web panel (1’); 
Column web in transverse compression (2); effect of concrete encasement on the stiffness and 
strength of the column web (2’); 
Column web in tension (3); 
Column flange in bending (4); 
End-plate in bending (5); 
Bolts in tension (10); 
Longitudinal steel reinforcement in tension (14); 
Shear connection (15); 
Slab in compression facing the column (16). 
 
In hogging bending, taking into account the position of a transverse stiffener just in front of the 
haunch flange, the centre of compression is assumed to be located at mid-thickness of the haunch 
flange. According to Eurocode 3 – Part 1-8 [3], the resistance moment in hogging bending )th(

R,jM −  
may be determined from: 

∑ −−− +=
r

rR,trsrR,s,tr
)th(

R,j h.Fh.FM  (10) 
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where: 
R,trF   is the effective design tension resistance of bolt-row r; 

R,s,trF  is the design tension resistance of a row r of the reinforcing bars included within the effective 
width of the concrete flange (adopting an effective width )15.0/25.0()4/(b 0eff l=− where l0 is 
the cantilever span and where 0.25/0.15 is an amplification factor for hogging bending zone in 
accordance with clause 5.4.1.2 in Eurocode 4.1.1 [4]; 

−
srh  and −

rh  are the distances from row r of reinforcing bars or bolts to the centre of compression, 
r is the number of a particular row. 
 
The tension resistance Ftr R of bolt-row r as an individual bolt-row should be taken as the smallest 
value of the tension resistance for an individual bolt-row of the following basic components: the 
column web in tension Ft,wc,R, the column flange in bending Ft,fc,R, the end-plate in bending Ft,ep,R 
and the beam web or the haunch web in tension Ft,wb,R.  
Dealing with the bolt-rows closest to the centre of compression, a reduction of their tension 
resistances may be applied in such a way that: 

)
V

,F,Fmin(FF R,wp
R,fh,cR,wc,c

r
R,tR,s,tr β

≤+ ∑  (11) 

where: 
R,wc,cF  and R,fh,cF are the resistance of the column web in compression and the resistance of the 

haunch flange in compression (and partially the web), respectively. 
Rd,wpV  is the plastic shear resistance of the column web panel (of appropriate slenderness) and  

β  is a transformation parameter defined in clause 7.3.3 of Eurocode 3 Part 1-8: 
2MM1 Ed,1,jEd,2,j1 ≤−=β  

2MM1 Ed,2,jEd,1,j2 ≤−=β  (12) 
where: 

β1  is the value of the transformation parameter β  for the right-hand side joint ; 
β2  is the value of the transformation parameter β  for the left-hand side joint; 

Ed,1,jM  is the moment applied to the right joint at the load introduction cross section (figure 6); 

Ed,2,jM  is the moment applied to the left joint at the load introduction cross section (figure 6); 
In the present study, β = 1  for the T joint configuration and 1.5 ≤ β ≤ 2.0 for the cruciform one. 

 
Provided that the axial force NSd in the connected member does not exceed 10% of the axial cross-
sectional resistance Npl,Rd of its cross-section, the initial rotational stiffness Si,ini of a joint, for a 
moment Mj,Sd less than the moment resistance Mj,Sd of the joint, may be obtained from: 
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where: 
Ea is the modulus of elasticity of steel; 

−
eqz is the equivalent lever arm, 
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1k  is the stiffness coefficient for the column web panel in shear, 

2k  is the stiffness coefficient for the column web in compression, 
−
eqk  is the equivalent stiffness coefficient related to the group of bolt-rows and longitudinal 

reinforcement in tension (the latter modified by the reduction factor slipk  due to the slip effect of 
the shear connection as given by clause (A5) in Eurocode 4 Part 1-1 [4]; 

r,effk is the effective stiffness coefficient for layer r; and 

r,ik  is the stiffness coefficient representing component i relative to layer r; 
−
rh  is the distance between layer r and the centre of compression. 

 
In sagging bending, assuming a centre of compression located at the mid-thickness of the concrete 
slab ( only considering the thickness above the sheeting ribs), expressions similar to the above ones 
may be adopted, replacing R,wc,cF  and R,fb,cF by the bearing resistance R,cF  between the slab and the 
column and introducing a specific stiffness coefficient ck  for the slab in compression. More details 
may be found in Ciutina [14]. 

∑ ++ =
r

rR,tr
)th(

R,j h.FM  (15) 

1

eqc1

2
eq

)th(
ini,j k

1
k
1

k
1)Z(ES

−

+
++

⎥
⎥
⎦

⎤

⎢
⎢
⎣

⎡
++=  (16) 

 
Under reversal bending moment, the total force due to the compression of the slab on one side plus 
the tension of the reinforcement on the other side should be transferred to the column using the 
resistances of two mechanisms Eurocode 8 - Part 1 (Annex C) [5]: 
 

- a direct compression on the column flange: 
)f85.0(dbF ceffc1R =  (17) 

where: 
 bc is the column flange width, 
 deff  is the thickness of the slab above the ribs of the profiled sheeting for composite slabs 
(and overall depth of the slab in case of solid slab); 
 
 - a compressed concrete struds inclined to 45° on the column sides: 

)f85.0(dh7.0F ceffc2R =  (18) 
 
where hc is the depth of the column steel section. 
In addition the tension strud model requires a tension-tie cross-sectional area:  

sk

2R
T f

F
5.0A ≥  (19) 

over a width hc and fully anchored. This area AT is introduced on both sides of the column to 
account for reversal of bending moments 
 
The resistance offered by the two mechanisms is given by: 

2R1RR,c FFF +=  (20) 
 
It is to point out that the presence of haunch in a beam to column connection creates an enlarged 
panel zone. The distribution of internal forces in a such enlarged panel zone is different from that of 
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the single panel zone (without haunch). Lee and Uang [8] for welded beam-to-column joint and on 
the basis of results of finite element analysis and available full-scale test results have developed an 
analytical procedure to model the stiffness and strength of an enlarged panel zone. In the case of 
haunched end-plate bolted composite joints the problem is more complex and has not been 
investigated yet. In the next future one of the objectives of the authors of this paper is to develop a 
scientific background about this topic. For want of something better, a simplified checking may be 
used evaluating the panel shear as follows: 
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where  
VC1 and VC2 are the horizontal forces exerted by the column ends (Figure 6) and Avc is the shear 
area of the column.   

 
 
3. PRESENTATION OF THE EXPERIMENTAL INVESTIGATION 
 
3.1. Program of tests 
 
Completing Figures 1 to 4, Table 1 presents the main characteristics of ten full-scale beam-to-
column joints (major axis connections) tested at INSA of Rennes-France. All the specimens 
include bolted end plate connections, with upper and lower external rows of bolts in the case of 
steel joints and only lower external bolt row in the case of composite joints.  
In Table 1, two main Groups of tests may be distinguished: 

- Group 1  with full-strength joints  with haunches; 
- Group 2 with partial strength joints without haunches. 

 
Each group comprises steel and composite joints with T and cruciform arrangements, 
monotonically or cyclically loaded. 
 
For all the tests, as shown in Figures 1 to 4, transverse stiffeners have been welded to the 
column flanges in the web-panel. Except for test G13, all the bolts were tightened at their 
nominal preload. All the welds were made by the semi-automatic inert-gas arc method with full 
penetration butt welds, using E MAG 136 procedure and T46 4 MM2 H5 consumables, 
according to European norms (EN 287 and EN 288). 
 
For all the composite specimens (except G18), common characteristics are a full shear 
connection with welded headed studs Φ = 19 mm (h =  80 mm or 100 mm) and , a composite 
slab (cast on a steel sheeting COFRASTRA 40) whose cross-section of dimensions 120×1000 
mm is reinforced by 10 longitudinal rebars Φ10 mm and by transverse rebars Φ10 mm spaced 
each 10 cm, with 2 additional transverse rebars near the column flanges to ensure a strut-tie 
action according to (19). 
 
Although the main objective of the present research is the effect of joint strengthening on the 
joint seismic performances by introducing haunches, other parameters are considered as the 
performance of the composite solution in comparison with the steel one (for that, steel reference 
tests have been performed prior each series of composite tests; i.e. G13, G16 and G19 in 
comparison with G15, G18 and G20 respectively. The contribution of the column web panel to 
the global performance of the joint is also analysed. 
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(S235) 

(fy  = 242 N/mm2) 
HS10.9 Φ22mm 

G22 
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G23 

Cruciform 
(internal 

joint) 

HEB200 (S355) 
(fy  = 350 N/mm2) 

web stiffeners 

IPE 240 (S235) 
(fy  = 347 N/mm2) 

cyclic 
(ECCS) 

YES (2×12) 

510×160×20 
(S235) 

(fy  = 320 N/mm2) 
HS10.9 Φ20mm 

G13 
(steel) 

 

500×200×15 
 (S235) 

HS10.9 Φ22mm 

G15 

T 
(external 

joint) 
 

HEB300 (S355) 
(fy  = 454 N/mm2) 

web stiffeners 

IPE 360 (S235) 
(fy  = 278 N/mm2) 

NO 430×220×15 
(S235) 

(fy  = 280 N/mm2) 
HS10.9 Φ22mm 

G19 
(steel) NO 

390×160×15 
(S235) 

(fy  = 296 N/mm2) 
HS10.9 Φ20mm 

G20 YES (2×6) 
330×160×15 

(S235) 
(fy  = 296 N/mm2) 
HS10.9 Φ20mm 
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) 
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G21 

Cruciform 

(internal 
joint) 

 

 
HEB200 (S355) 

(fy  = 413 N/mm2) 
 

web stiffeners  
 

IPE 240 (S235) 
(fy  = 340 N/mm2) 

cyclic 
(ECCS) 

YES (2×10) 
330×160×20 

(S235) 
(fy  = 320 N/mm2) 
HS10.9 Φ20mm 

 
3.2. Test Setups 
 
As presented in Figure 7 in the case of joints with a T arrangement the vertical load was applied 
at the end cross-section of the beam by means of an hydraulic servo controlled actuator.  
 
In the case of joints with a cruciform arrangement two vertical loads were applied at each 
cantilever beam end on each side of the column (Figure 8) by two hydraulic servo controlled 
actuators acting  
out-of- phase for creating opposite directional loads. For all the tests the column was connected 
at its lower end to the platform by a fixed pinned support and at its upper end to a rigid braced 
frame by a moveable pinned support. 
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Figure 8.  Test setup (Cruciform arrangement ) 

 
 
3.3. Loading  Procedures 
 
In the case of monotonic tests, increases in joint rotation were applied continuously up to failure 
of the joint. For cyclic tests, the ECCS procedure was followed [15] in order to simulate the 
seismic action. The implementation of this procedure requires the first determination of two 
conventional elastic limit rotations −

yΦ  and +
yΦ associated with the corresponding elastic limit 

moments in hogging bending −
y,jM  and  sagging bending +

y,jM  respectively. 
 
As shown in Figure 9 the determination of such conventional elastic limit moments is obtained 
from the intersection between the initial tangent of slope Sj,ini to the monotonic curve and the 

particular tangent having a slope equal to 10
S ini,j . Due to the difficulty to determine practically 

the initial tangent to the monotonic curve, the authors propose to adopt a similar definition to the 
one given in Eurocode 3 [1-3]; then, the initial stiffness is defined as the slope of the secant line 
joining the origin and the point on the monotonic curve located at ordinate y,jM3

2 ; this 

construction requiring a short iterative procedure. Having no monotonic moment-rotation curves 
of reference for most of the tests presented in table 1, the skeleton curve enveloping the peaks of 
the first cyclic M-Φ curves have been used to determine the conventional characteristics −+

yΦ  
useful to apply the ECCS procedure to the cyclic tests. So, the following simplified values have 
been adopted: 

−
yΦ  = +

yΦ = yΦ = 2 mrad for external joints with a T configuration and; 
−
yΦ  = +

yΦ = yΦ = 4 mrad for internal joint with a cruciform configuration. 
Figure 10 shows the successive increases of  rotation corresponding to the ECCS cyclic loading 
procedure: 

4 cycles successively for the ranges 4
yΦ

±  , 2
yΦ

± , y4
3 Φ± , yΦ± ; 

followed up to failure by series of 3 cycles each with a range yn2 Φ±  where n = 1,2,3… 
Figures 11 to 14 show the experimental arrangements used for the tests.  
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Figure 9.  M-Φ characteristic definitions 
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Figure 10. Load History 
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Figure 11.  T with an haunch 
 

Figure 12.  haunched joint 
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Figure 13.  T without haunch 

 

 
Figure 14.  joint without haunch 

 
T  arrangement Cruciform arrangement 

(unsymmetrically loaded) 
 
3.4. Measuring Arrangement and Data Processing 
 
The measurement system is shown in Figure 15 (Test G18) for a T arrangement and in Figure 16 
(Test G23) for a cruciform arrangement. It comprises inclinometers for rotation measurements and 
transducers to measure deflection of the beams, slip between the composite slab and the steel flange 
in several locations along the beams, and displacements in significant zones of the joint: 
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Figure 16. Measurement system used for Cruciform arrangement  
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elongation of bolts, flexural bending of end-plates and column flanges, shear deformation of the 
column web panel. Strain measurements are made for some tests by means of electric gauges 
bonded on longitudinal and transversal rebars near the column, in several beam cross-sections near 
the joint or inside the haunch. 
 
To determine the moment-rotation curves presented later on the following definitions have been 
considered: 
 - the bending moment Mj applied to the joint is located at the column face, hence given by 
the product: 

Mj = FL  (kN.m) (21) 

where  L  is the appropriate lever arm defined in Figures 1 to 4.  

 
- the total joint rotation Φj, including the connection rotation and the column web panel 

distortion, is deduced from the difference between the two inclinometers I2 (distinguishing I2L on 
the left side and I2R on the right side in the case of a cruciform joint) and I1: 

Φj = I2 - I1     (mrad)     (22) 
 
For end-plate connections (without haunches) where the beam contribution to the joint rotation is 
low, inclinometer I2 has been located at a short distance from the column flange, equal to about the 
half depth of the steel beam. On the contrary, for end-plate connections with haunches, where the 
joint rotation is due essentially to the beam rotation with the formation of a plastic hinge near the 
end of the haunch, inclinometer I2 has been located at a distance from the end of the haunch, 
generally greater or at least equal to the depth of the steel beam. Inclinometer I1 gives the rotation 
due to the flexural bending of the column.  
For joints with haunches, a supplementary inclinometer I3 is placed on the beam at mid-length of 
the haunch; allowing to distinguish the rotation due to the connection Φconnection  = (I3 –I1) and the 
beam rotation Φbeam  = (I2 – I3). 

A global evaluation of the column web panel distortion can be deduced from the algebraic 
elongations ∆1 and ∆2 of the two diagonal transducers 1 and 2 as follows: 

)ab2()(ba 21
22 ∆∆γ −+=  (23) 

where a and b are the horizontal and vertical sizes of the web panel.  
 
Other rotations of the connection part have been deduced from elongation measurements of bolt 
rows, in the longitudinal direction, located on the width of end-plates. These values have been 
compared to the ones directly measured. 
 
 
4. EXPERIMENTAL RESULTS AND INTERPRETATION 
 
4.1. Global Results For Rotational Stiffness, Moment Resistance And Rotational Capacity 
 
All the experimental values collected in table 2 are defined at the load-introduction cross-section of 
the connection, i.e. the interface between end-plate and column flange. Elastic limit moments 

+(exp)
y,jM  in sagging bending and −(exp)

y,jM  in hogging bending, maximum bending moments −+ /(exp)
maxM , 

initial rotational stiffnesses −+ /(exp)
ini,jS  and global ultimate rotations −+Φ /(exp)

u  (adding the joint and 
beam contributions) have been deduced from monotonic (test G17) or skeleton curves enveloping 
the peaks of cyclic Φ−M curves; as a reminder the exact definitions adopted for these 
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characteristics were defined before (figure 9). Theoretical values of rotational stiffnesses −+ /)th(
ini,jS  

and moment resistances −+ /)th(
R,jM  have been calculated from the above-mentioned formulae, using 

mean values of the material properties and geometrical characteristics measured on each specimen 
(safety factors for materials being considered equal to one).   
 

Table 2. Theoretical (TH) and Experimental (EXP) Results 

TEST N° −

+

)th(
ini,j

)th(
ini,j

S
S

 
(kN.m/rad) 

−

+

(exp)
ini,j

(exp)
ini,j

S
S

(kN.m/rad) 

−

+

)th(
R,j

)th(
R,j

M
M

 

(kN.m) 

−

+

(exp)
y,j

(exp)
y,j

M
M

 

(kN.m) 

−

+

(exp)
max

(exp)
max

M
M

 

(kN.m) 

−

+

(exp)
u

(exp)
u

Φ
Φ

(mrad) 

failure mode 

GROUP (1) 
FULL – STRENGTH JOINTS WITH HAUNCHES  

(cyclic) 
G16 
(steel) 

177300
179200

 

93500
120000  608

598  484
483  560

620  51
60  yielding of the steel 

beam 

(monotonic) 

G17 
(composite) 

183700
−−   

 

126500
−−    728

−−  512
−−  640

−−  88
−−  yielding of the 

composite beam 

(cyclic) 

G18 
(composite) 

183700
207500

 

115900
132100  728

696  494
541  670

740  35
40  yielding of the beam 

(limited by stud 
rupture) 

(cyclic) 
G22 
(steel) 

53500
49900  22500

24900  
209

197  183
194  191

198  58
50  yielding of the steel 

beam 

(cyclic) 
G23 

(composite) 
65900

87300  
72300

150800  308
306  245

290  255
345  45

54  yielding of the steel 
beam 

GROUP (2) 
PARTIAL – STRENGTH JOINTS WITHOUT HAUNCHES 

(cyclic) 
G13 
(steel) 

53600
53600

 
32400

32400  224
224  260

260  326
300  33

30  beam flange to end-
plate weld rupture  

(cyclic) 
G15 

(composite) 
38800

74600
 

53600
41100  299

282  300
237  340

326  28
25  weld rupture under 

hogging bending 

(cyclic) 
G19 
(steel) 16000

16000  8500
8500  74

74  72
94  105

125  70
70  beam flange to end-

plate weld rupture 
(cyclic) 
G20 

(composite) 15830
35890  22837

50517  150
150  101

162  150
237  58

48  beam flange to end-
plate weld rupture 

(cyclic) 
G21 

(composite) 18940
44810  21983

55182  157
172  126

194  159
235  31

25  beam flange to end-
plate weld rupture 

 
In general, for joints equipped with haunches, it is observed that theoretical values of stiffness and 
moment resistance are greater than the experimental ones (except the stiffness for test G23). The 
overstrength ratio between the theoretical moment resistance and the elastic limit moment (exerted 
by the haunched beam) ranges from 1.1 in sagging bending to 1.3 in hogging bending. These values 
appear sufficient compared to factor α = 1.1 already mentioned in relationship (1) to satisfy the 
principle of capacity design (leading to a main dissipation outside the joint). Consequently for tests 
of Group 1, the flexural yielding occurs systematically in the beam at the end of the haunch 
providing a rotation capacity generally greater than 35 mrad. As a reminder, this rotation capacity is 
required by Eurocode 8-1 (clause 6.6.4 (3)) in dissipative zones to consider frames in high ductility 
class (DCH) for which the behaviour factor q is equal to 6 at least. 
 
A reduction in rotation capacity often appears for tests of group 2 (for T as well as cruciform joint 
arrangements) due to the premature rupture in low-cycle fatigue of welds connecting end-plate to 
the beams. It should be pointed out that some details of the joint may lead to a premature rupture of 
welds (for example, an increase of  the thickness of end-plate and supplementary web plates 
between test G20 and test G21 produced a premature rupture of the weld connecting beam flanges 
to the end-plate, possibly explained by some lack of flexibility of the end-plates. Contrary to the 
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haunched joints, only the medium ductility class (DCM) seems acceptable for the partial-strength 
composite joints since the rotation capacity may be limited to 25 mrad (particularly in sagging 
bending). 
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Figure 17. Yielding rupture in the beam at 

the haunch toe 

 
Figure 18. Yielding rupture in the beam at 

the haunch toe 
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Figure 19. End-plate deflection 

 

 
 

Figure 20. Rupture of welds and fracture of 
beam web in heat affected zone (HAZ) 

 
T  arrangement Cruciform arrangement 

(unsymmetrical loaded) 
 
Whereas all failures of group 2 occurred by rupture of welds connecting beams to end-plates 
(Figures 19 and 20), failures of group 1 resulted from excessive flexural yielding of the steel 
section at the haunch tip (Figures 17 and 18). It is to underline that the haunch stiffening effect 
leads to a strong reduction of the deformations in the joint, these latter ones being transferred in the 
beam, and consequently to a limitation of risks of low-cycle fatigue in such components as welds, 
bolts and end-plates. 
 
4.2. Comments on the Moment-Rotation curves 
 
For test G20 of group 2 (without haunch) moment-rotation curves in Figures 21-1, 21-2 and 21-3 
on the left side of the figure are related to the left side of the joint and show the respective 
contribution of the load introduction cross-section (connection) rotation Φli (Figure 21-1) and the 
column web panel rotation Φwp (Figure 21-2) to the global joint rotation Φj (Figure 21-3). A similar 
comparison is made in Figures 22-1, 22-2 and 22-3 on the rigth side of the same test G20. 
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Considering the rotation ranges, the contribution of the connection rotation Φli to the global joint 
rotation Φj increases from 20% at the beginning of the test to 50% at the end before rupture of 
welds connecting beams to end-plates. The unsymmetrical behaviour observed in Figures 21 and 22 
between left side and right sides of the joint  is not only a consequence of the composite behaviour 
of the beams but also the plastic state initiated during the first cycles according to the sense of 
rotation. 
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Figure 21-1. Mj,2,Ed - Φli (Test G20) 
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Figure 22-1. Mj,1,Ed - Φli (Test G20) 
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Figure 21-2. Mj,2,Ed - Φwp (Test G20) 
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Figure 22-2. Mj,1,Ed - Φwp (Test G20) 
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Figure 21-3. Mj,2,Ed - Φj (Test G20) 
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Figure 22-3. Mj,1,Ed - Φj (Test G20) 

 
For test G23 of group 1 (with haunch) moment-rotation curves of the connection, the column web 
panel, the joint and the beam (at the haunch tip) to the right side of the joint are presented in 
Figures 23-1, 23-2, 23-3 and 23-4 respectively. Considering the rotation ranges, the contribution of 
the connection rotation Φli to the global joint rotation Φj remains rather limited at the beginning of 
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the test in comparison to Φwp and greater at the end of the test before beam failure to reach 45 % of 
the global joint rotation Φj ; this latter remaining clearly lower (only 20%) than the beam rotation 
outside the haunch tip (as shown in Figure 23-4). 
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Figure 23-1. Mj,2,Ed - Φli ( Right Joint) 
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Figure 23-2. Mj,2,Ed - Φwp ( Right Joint) 
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Figure 23-3. Mj,2,Ed - Φj   ( Right Joint) 
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Figure 23-4. Mb,2,Ed - Φb ( Right Beam) 

 
In figures 24-1 to 24-4 a comparison is made between the moment-rotation curves of the 
connection (Figure 24-1), the column web panel (Figure 24-2), the joint (Figure 24-3) and the beam 
(Figure 24-4) obtained for the monotonic test G17 and the corresponding cyclic test G18. For these 
tests, with a T arrangement, the same observations than the previous ones for tests G20 and G23 
dealing with the relative contribution of the connection, the column web panel, the joint and the 
beam to the global rotation can be made. 
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Figure 24-1. Mj,Ed - Φli  
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Figure 24-2. M j,Ed - Φwp  
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Figure 24-3. M j,Ed - Φj  
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Figure 24-4. Mb,Ed - Φb 

 
In addition, except for the beam rotation, it can be observed that the monotonic curves in hogging 
bending of the test G17 are enveloped by the cyclic curves of the test G18. The decrease of the 
beam cross-section moment resistance in hogging bending is mainly due to the yielding and the 
flange-web buckling of the beam cross-section near the haunch tip (Figure 25-1) which appears 
more pronounced in cyclic loading with the low-cycle fatigue effect than in monotonic loading. In 
sagging bending risks of flange buckling are excluded by the stiffening effect of the composite slab. 
 
The stiffening effect of the composite slab is confirmed again in Figure 25-2 where skeleton curves 
enveloping the peaks of the cycles are compared between the two tests G23 and G22. In sagging 
bending the maximum moment of the composite test G23 appears 64% greater than the maximum 
moment of the steel companion test G22 ; in hogging bending the maximum moment of the 
composite test is only 32% greater than the corresponding steel one. 
 

 
Figure 25-1. Buckling of beam web and beam 

bottom flange: haunch specimens 
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Figure 25-2. Moment- rotation envelopes: 

haunch specimens (right beam ) 
 
4.3. Comparisons of Plastic Energy Dissipation Capacities 
 
These results may be also interpreted in terms of cumulative plastic energy dissipation for all the 
cycles. As example, energy dissipation of bolted end plate joints (G20 and G21) is compared in 
Figure 26 to the dissipation of haunched bolted end-plate joints (G23 and G18); which appears 2.8 
times greater for joints with haunches than for simple end-plate bolted joints.  
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Figure 26. Comparison of Energy dissipation capacities 

 
In Figure 27, for haunched joints, the joint contribution is only 20% to 30% of the plastic beam 
energy dissipation (contrary to joints without haunches where the joint contribution is close to 
100%). Contribution of the joint components to the plastic energy dissipation is illustrated in 
Figure 28 for test G20 (without haunch) where the contribution of the connection is about 20% for 
a web panel contribution of 80% to the total joint rotation.  
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Figure 27. Comparison of plastic energy 
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(haunch specimens) 
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Figure 28. Comparison of plastic energy 
dissipation in the components of joint test (G20)

 
4.4. Flexural Stress and Strain Distribution over the Depth of the Beams   
 
Figure 29-1 for the test G23 in hogging bending and Figure 29-2 for the same test in sagging 
bending show the flexural strain distribution within the steelwork part of the depth of two beam 
cross sections located near the haunch tip, one in the haunch region at 328 mm from the flange 
column face and the other outside the haunch region at 528 mm from the flange column face.  
 
In both cases, in hogging as well as in sagging bending a clear decrease of flexural strains appears 
in the lower part of the beam where the stiffening effect of the haunch acts. On the other end, in the 
upper part of the beam the strain reduction effect of the haunch remains negligible. For test G18 
with a T joint configuration similar observations are made in Figures 30-1 and 30-2 in both hogging 
and sagging bending.  
 
From tri-axial strain gauge measurements, load - shear strain curves from the mid-depth of the web 
of two beam cross sections located on each side of the stiffener above the haunch tip (Figure 31-1) 
may be compared in Figures 31-2 and 31-3. For a same load exerted by the actuator, it can be 
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observed that the shear strain in the haunch region is in opposite direction as compared with the 
corresponding shear strain outside the haunch region, the range of shear strain variation being more 
reduced in the haunch region than outside the haunch region. 
 
This experimental result is a direct consequence of the effect of the vertical shear reaction 
transmitted by the haunch flange to the beam at the haunch tip. It confirms the hypotheses adopted 
previously in the haunch static design. 
 
Flexural stress distributions within the depth of the steel beam in the haunch region at 328 mm from 
the flange column face are presented in Figures 32-1, 32-2, 32-3 and 32-4 for both tests G23 
(cruciform internal joint) and G18 (T external joint). Test results are compared with two theoretical 
ones issued from the above proposed haunch design model on the one hand and from the simple 
beam theory on the other hand assuming the haunch region as a length of beam of variable cross-
section. A better accordance appears between experimental results and the proposed model than the 
beam theory one, more particularly for test G18 where the depth beam (IPE360) is higher than for 
test G23 (IPE 240). 
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Figure 29-1. Hogging bending (Test G23) 
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Figure 29-2. Sagging bending (Test G23) 
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Figure 30-1. Hogging bending (Test G18) 
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Figure 30-2. Sagging bending (Test G18) 
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Figure 31-1. Location of rosette strain gauges
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Figure 31-2. Shear strains of the beam web 

outside the haunch region R1 
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Figure 31-3. Shear strains of the beam web in 

the haunch region R2 
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Figure 32-1. Hogging bending (Test G23) 
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Figure 32-2. Sagging bending (Test G23) 
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Figure 32-3. Hogging bending (Test G18) 
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Figure 32-4. Sagging bending (Test G18) 

 
 
5. CONCLUSIONS 
 
Though haunched joints may be an expensive solution and their use limited to constructions with 
heavy loads in zones of high seismicity, the following conclusions may be drawn: 
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 Above results confirm, as well as for joints with a T arrangement than joints with a cruciform 
arrangement, that the use of haunch with a triangular shape cut out directly from a steel beam 
appears as a good solution to strengthen beam-to-column joints. 

 
 Haunch solution improved significantly joint cyclic performances. Plastic energy dissipation 

may be twice greater at least and the rotation capacity can exceed 35mrad without risk of low-
cycle fatigue rupture in the welds connecting beam flanges on the end-plates. A significant 
increase of rotational stiffness, moment resistance and rotation capacity was observed in 
comparison with similar beam-to-column composite joints without haunches. 

 
 The stiffening effect of the composite slab prevents any risk of buckling in the upper beam 

flange leading under sagging cyclic bending to an increase of 60% of the maximum moment 
compared with a same steel joint. On the other hand, in hogging bending, the composite slab 
does not bring reinforcing effect on the lower beam flange and the increase of the maximal 
moment is only 30%. 

 
 Experimental results are rather in good agreement with the simplified model developed by the 

authors which appears well adapted for the haunch static design in composite beam-to-column 
joints. 

 
 It has been shown that Eurocodes 3 and 4 which do not give specific provisions about haunch 

strengthening, may offer a basic design guidance to suitably predict initial stiffnesses and 
moment resistances. 
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ABSTRACT:  A series of tests were performed to evaluate the cyclic behaviors of box-section steel beam-columns 
under cyclic bending.  The test was set up as a cantilever beam-column, loaded with cyclic transverse shear force at 
its free end, while the axial compression kept unchanged.  Three sets of tests with various axial compression ratios 
were tested to find out their influencing on cyclic behaviors, which were 0.0, 0.4 and 0.6, respectively.  In each set, 
there were five members with various width-to-thickness ratios of plates to consider their effects.  The hysteretic 
curves and failure mechanisms of each member were given according the test results, and the main influencing 
factors, such as axial compression ratio of the member, width-to-thickness ratio of its plates, were analyzed.  Then, 
the test results were compared with that of numerical analysis by the author.  In general, there was a good 
agreement between two results, it revealed that the numerical analysis was reasonable and could be used in practice. 

Keywords:  Beam-column; Cyclic bending; Experiment; Numerical analysis; Hysteretic behavior; Box-section. 

 
 
1. INTRODUCION 
 
High-rise building will not only undergo the gravity static loads, but also the dynamic horizontal 
actions, such as earthquake and wind action.  In general, the latter becomes more important with 
the increase of building’s height.  In this case, the columns are subjected to large unchanged axial 
compression and varied bending moment.  As the inflection point of columns generally lies near 
its mid-height, the problem can be simplified as a cantilever subjected to cyclic transverse shear at 
its free end, while the axial compression kept unchanged.  For the facility of analysis, most 
researchers simplified the various action as a qusa-static manner, i.e., cyclic loading. 
 
In the early 1969s, Kato [1] established the cyclic curve of beam-columns under cyclic bending.  
In his model, the relationship of moment-curvature was built based on monotonic loading, and the 
material was assumed to follow rigid plastic hardening, so the model was inaccurate and 
overestimated the bearing capacity of the member. 
 
Toma and Chen [2] and Han and Chen [3] discussed the response of beam-columns under cyclic 
bending.  Many simplifications were introduced in the analysis to get a closed-form solution, so 
only one or less cycle could be performed, the behavior of members could not be predict after 
several cycles. 
 
Billio and Calado [4] carried out an experiment on beams under cyclic bending.  The phenomenon 
of capacity deterioration of beams was found in case of local buckling occurred in their study.  
Furthermore, a simplified numerical model was established to consider the effect of local buckling 
and fracture on the capacity deterioration. 
 
Macrae [5] performed an experiment on beam-columns under cyclic bending with constant or 
various axial compressions.  The aim of the test was to investigate the influence of axial force on 
the behavior of beam-columns.  It noted that the results on few tests were not reliable, and the 
limitation of axial force would not be relaxed before thorough analysis. 
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Watanable [6] put forward a simplified model to study the cyclic behavior of beam-columns with 
square hollow section.  In that model, the section was divided into many fibers, each fiber was 
assumed to follow uniaxial stress state, perfect elastic-to-plastic material was assumed, and the 
residual stress and initial geometric imperfection were not considered. 
 
Hao [7] studied the cyclic behavior of beam-columns with H-shaped sections.  The simplified 
plastic zone model was adopted in his numerical analysis, and the plastic damage accumulation was 
considered.  But the critical factors in the model were based on experimental results and varied 
with each member, so it could not be used to predict the behavior of members untested. 
 
Yamazaki and Minami [8] performed experiment and numerical analysis on box-section 
beam-columns under various axial force and cyclic bending.  In their analysis, the plane section 
hypothesis was used, and the one-dimensional hysteretic model of Ohi et al. [9] was adopted.  As 
a result, they found the transverse resistance of the member decreased dramatically with large axial 
compression, and the strength was between that of cyclic bending with constant maximum axial 
compression and that with minimum axial compression. 
 
Miki and Nethercot [10] built up a multi-failure mechanism numerical model of beam-columns 
with varied cross-section.  It found that two failure mechanisms would appear alternatively in one 
cycle, and the member would then lose its stability. 
 
Gao et al. [11] performed a finite element analysis on the ultimate strength and ductility capacity 
correlation between centrally loaded and eccentrically loaded columns subjected to cyclic 
transverse load.  Both geometrical and material nonlinearity was considered in the analysis, and a 
modified two-surface plasticity model is employed to model material nonlinearity.  As a result, 
equations were proposed to evaluate the ultimate strength and ductility capacity of the eccentrically 
loaded columns from those of the centrally loaded columns. 
 
To analysis the behavior of steel beam-columns under cyclic bending, the author [12,13] suggested 
a numerical method based on degenerated shell element, together with the updated Lagrange 
formulation and the mixed hardening material.  As a result, the author gave suggestions about the 
limit of width-to-thickness ratio of plates and the bearing capacity of members. 
 
In order to evaluate the hysteretic behavior of box-section steel beam-columns under cyclic 
bending, a series of tests was carried by the author.  This paper contains a description of test 
specimens, set-up and instrumentation, procedure, and results.  A comparison of the experimental 
and analytical results is also provided. 
 
 
2. TEST SPECIMENS 
 
A series of three group tests was conducted, corresponding with various axial compression ratios, 
which were 0.0, 0.4 and 0.6, respectively.  Each of the three groups contained five members with 
various width-to-thickness ratios of their plates.  These specimens were welded by hand-arc welds 
with E43 electronic rod, and the material of their plates is Q235B.  The test was set up as a 
cantilever beam-column, loaded with cyclic transverse shear force at its free end, while the axial 
compression kept unchanged.  The test was controlled by the transverse displacement at the free 
end. The configuration of specimens and loading scheme were described in Figure 1 and Table 1. 
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Table 1. Configuration of Specimens 
Displacements (mm) 

Item h/tw b/tf 
h 

(mm) 

b 

(mm) 

tf, tw 

(mm)
N/Afy

δy 

(mm) δ1 δ2 Δ 

S-1-0 23.0 19.0 92 76 4 0.0 9.81 10 20 10 

S-2-0 33.3 23.5 133 94 4 0.0 6.79 7 10 10 

S-3-0 33.5 29.0 134 116 4 0.0 6.74 7 10 10 

S-4-0 43.3 29.0 173 116 4 0.0 5.22 5 10 10 

S-5-0 43.5 36.0 174 144 4 0.0 5.19 5 10 5 

S-1-4 23.8 19.0 95 76 4 0.4 5.70 6 10 10 

S-2-4 33.3 23.5 133 94 4 0.4 4.07 4 5 5 

S-3-4 33.5 29.0 134 116 4 0.4 4.04 4 5 5 

S-4-4 43.3 29.0 173 116 4 0.4 3.15 3 5 5 

S-5-4 43.5 36.0 174 144 4 0.4 3.14 3 5 5 

S-1-6 23.0 19.0 92 76 4 0.6 3.96 4 5 2.5 

S-2-6 33.5 23.5 134 94 4 0.6 2.72 3 5 2.5 

S-3-6 33.5 29.0 134 116 4 0.6 2.72 3 5 2.5 

S-4-6 44.0 29.0 176 116 4 0.6 2.08 2 5 2.5 

S-5-6 43.5 36.0 174 144 4 0.6 2.11 2 5 2.5 

Note: i. h and b are the height and the width of the cross-section, and tw and tf are the thickness of its web and flange, 
respectively. 

     ii. N/Afy is the axial compression ratio. 
     iii. δy is the transverse displacement when the extreme fiber at the fix end of the member yields. 
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Figure 1. Configuration of Specimens 
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3. TEST SET-UP AND TEST PROCRDURE 
 
Test set-up was shown in Figure 2.  The specimen (1) was fixed on the floor girder (2) through 4 
high-strength bolts (3), the diameter of which are 24mm, with the material grade of 10.9S (the 
tensile ultimate strength of the material is 1040N/mm2, and the yield strength is 940N/mm2).  The 
tested member was subjected to transverse cyclic load applied trough horizontal actuator (4), while 
a constant compressive load applied by vertical jack (5), which was free to move laterally in-plane 
on greased roller bearings (6).  The jacks were fastened in the test rig (7).  To prevent 
lateral-torsional buckling of the tested member, a lateral support (8) was provided. 
 

 

Figure 2. Test set-up 
 
 
The following procedure was used to obtain accurate and reliable results of each specimen: 

1. The specimen was set into position and connected to the floor girder. 
2. Jacks were mounted, connected, and aligned in order to prevent eccentricity. 
3. The axial compression was applied to the beam-column by vertical jack according to 

design. 
4. The cyclic transverse displacements were applied according ECCS loading scheme.  

The displacement of first step was about δ1/2 for one cycle as the member stayed in 
elastic state, and then displacement of δ1 and δ2 were applied for three cycles for some 
fibers of member yielded, after that an incremental displacement of ∆ was added to the 
former step for three cycles (δ1, δ2 and ∆ were shown in Table 1). 

5. Test stopped when the specimen fractured or its bearing capacity dropped below 80% of 
the maximum. 

 
 
4. TEST RESULTS AND DISCUSSION 
 
4.1. Results of Coupon Test 
The coupon was designed according to the demand of Chinese National Standard Metallic 
materials - Tensile testing at ambient temperature (GB228-2002).  Based on the testing results, the 
material Q235B used in the experiment had the following characteristic values: Yong’s modulus 
E=2.05×105MPa, yield stress fy=279MPa, hardening modulus Est=1.84%E, hardening strain 
εst=1.1%. 
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4.2. Test Results of Beam-Columns 
 
4.2.1. Members without Axial Force (N/Afy=0.0) 
For members without axial force, the hysteretic curves were quite smooth and plump, the ductility 
factor was over 7.5, which revealed that the energy dissipation was very excellent.  Figure 3 to 
Figure 7 gave the hysteretic curves of S-1-0 to S-5-0 respectively.  In these figures, the vertical 
axis denotes the transverse shear at the free end of the member, while the horizontal one denotes the 
corresponding transverse displacement at the same point and the ductility factor of the member.  
Except that members S-2-0 and S-3-0 failed with welds fractured at the fix end due to lack of 
enough weld throat, all the others failed with plastic cracks of flanges near half of the section width 
away from the fix end, owing to low cycle fatigue.  The cracks firstly developed in the intersect 
lines of flanges and webs, and then expanded with the increase of cyclic load, finally the section 
fractured.  Before failure, the slop of hysteretic curve increased with the increase of displacement 
due to cracks closed, obviously in the member with large width-to-thickness ratios of plates, as 
shown in Figures 6 and 7. Fracture of S-5-0 was shown in Figure 8.  The local buckling of all the 
five members just occurred before fracture and the buckling deformation was very small.  The 
hysteretic behaviors of members without axial compression were listed in Table 2. 
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 Figure 3. Hysteretic curve of S-1-0 Figure 4. Hysteretic curve of S-2-0 
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 Figure 5. Hysteretic curve of S-3-0 Figure 6. Hysteretic curve of S-4-0 
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 Figure 7. Hysteretic curve of S-5-0 Figure 8. Fracture of member S-5-0 
 

Table 2. The Hysteretic Behaviors of Members without Axial Force 
Item S-1-0 S-2-0 S-3-0 S-4-0 S-5-0 

Rotation angle (%)a 9.0 6.0 5.0 5.0 5.0 
Ductility factorb 9.5 9.0 7.5 8.0 8.3 

Location of plastic 
hinge 0.53b 0.53b 0.47b 0.52b 0.38b 

Failure mode Section 
fractured 

Section cracked, but failure due to 
welds fractured at the fix end 

Similar to 
S-2-0 

Similar to 
S-1-0 

Similar to 
S-1-0 

Note: a Rotation angle is defined as total transverse displacement (δ) over the length of the member (l). 
     b Ductility factor is termed as δ over δy. 

 
4.2.2. Members with axial compression ratio N/Afy=0.4 
The hysteretic curves of members S-1-4 to S-5-4 were shown in Figure 9 to Figure 13, respectively.  
It was shown in the figure that plates of members were susceptible to buckle locally as the 
existence of large axial compression, and the capacities of ductility and energy dissipation were 
serious deteriorated owing to the local buckling.  Even for the member S-1-4 with smallest plate 
width-to-thickness ratios, the ductility factor was only about 5.  Local buckling developed in the 
section near the fix end with the increase of transverse shear, members failed owing to the cyclic 
local buckling, and no cracks were found in the section or in the welds of fix end.  The members 
with small width-to-thickness ratios of plates failed due to dramatic decrease of bearing capacity, 
while ones with large with-to-thickness ratios failed due to severe local buckling.  Local buckling 
of S-4-4 was shown in Figure 14, and hysteretic behaviors of these five members were described in 
Table 3.  The failure mode in this Table referred to the dominant deformation of the member, 
Plastic referred to the failure mainly caused by plastic deformation; Local Buckling referred to the 
failure mainly caused by local buckling. 

 

Table 3. The Hysteretic Behaviors of Members with Axial Compression Ratio N/Afy = 0.4 

 

Item S-1-4 S-2-4 S-3-4 S-4-4 S-5-4 
Rotation angle (%) 3.0 2.0 2.0 1.3 1.0 

Ductility factor 5.0 4.8 4.5 4.0 3.0 
Location of  

local buckling 0.71b 0.85b 0.56b 0.93 b 0.79b 

Failure mode Plastic Plastic, local 
Buckling 

Plastic, local 
Buckling Local buckling Local buckling 
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 Figure 9. Hysteretic curve of S-1-4 Figure 10. Hysteretic curve of S-2-4 
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 Figure 11. Hysteretic curve of S-3-4 Figure 12. Hysteretic curve of S-4-4 
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 Figure 13. Hysteretic curve of S-5-4 Figure 14. Local buckling of S-4-4 
 
 
4.2.3. Members with Axial Compression Ratio N/Afy=0.6 
The ductility and bearing capacity of members with N/Afy=0.6 deteriorated more seriously than 
those with N/Afy =0.4.  This phenomenon is mainly caused by severe local buckling of their plates 
due to the large axial compression ratio.  These members failed mainly due to the local buckling.  
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As soon as the bearing capacity reached, the maximum load decreased quickly with the increase of 
transverse displacement, brittle failure might occur in the member with large plate 
width-to-thickness ratio, such as S-4-6 and S-5-6.  The hysteretic curves of members with axial 
compression ratio N/Afy =0.6 were shown in Figures 15 to 19.  Except that S-1-6 underwent large 
plastic deformation, the other 4 members failed mainly due to local buckling. Figure 20 showed the 
local buckling of S-4-6 when failure occurred, which was similar to Figure 14.  The hysteretic 
behaviors were listed in Table 4.  
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Table 4. The Hysteretic Behaviors of Specimens with Axial Compression Ratio N/Afy = 0.6 
Item S-1-6 S-2-6 S-3-6 S-4-6 S-5-6 

Rotation angle (%) 1.8 1.3 0.75 0.75 0.5 
Ductility factor 4.5 4.2 2.8 3.8 2.5 

Location of  
local buckling 0.98b 0.53b 0.56b 0.78b 1.30b 

Failure mode Plastic Plastic, local 
Buckling Local buckling Local buckling Local buckling 

 
 
5. THE COMPARISON OF EXPERIMENTAL AND NUMERICAL RESULTS 
 
5.1. Comparisons of Hysteretic curves 
A degenerated shell element with eight nodal points was used for implementing the formulation.  
Both material and geometric non-linearity were taken into account.  The program had the 
following characteristics:  1) Degenerated shell element assumption is adopted, i.e., the normal of 
the mid-surface of shell keeps straight after deflection, but no longer keeps normal.  2) The virtual 
work equation is expressed in terms of updated Lagrange formulation.  3) The plastic flow theory 
is applied considering the Mises’ yield function as a plastic potential.  4) The material is assumed 
to follow the mixed hardening law, which linearly combines isotropic and kinematic hardening.  
Details can be found in the reference [13]. 
 
Based on the numerical analysis, the calculated curves of S-3-4 and S-4-6 were shown in Figure 21 
and Figure 22 respectively.  By comparing of Figure 21 with Figure 11 and Figure 22 with 
Figure 18, it was shown that the bearing capacity, deterioration rate of maximum load and ductility 

factor of both curves were very close, so there was a good agreement between two results.  
However, there was an obvious deference in stiffness that the experimental one was lower than that 
of calculating, and the experimental curve was not as plumb as that of calculating.  This was 
mainly due to the following reasons: 
 

1. Only the welded residual stress along the longitudinal axial was considered in numerical 
analysis.  As the thick end-plate was welded to the member, the distribution of residual 
stress in the end was very complex, it might have large influencing on the stiffness of the 
member, but it was very difficult to simulate and was not considered in the numerical 
analysis. 
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2. As the member was anchored to the floor beam by four high-strength bolts, the rotation of 
fix end could not be avoid, the bolts would loosen when many cycles repeated, this would 
decrease the stiffness of the member, and it was not considered in calculation. 

3. Only initial deflection was considered in numerical analysis, the eccentricity of axial load 
was no to be taken into account, and this was unavoidable in experiment. 

 
 
5.2. Verification of Interrelation of Bending Moment and Axial Compression 
Eq. 1 gave the interrelation of non-dimensional bending moment and axial compression 
(M/MP-N/NP), which was put forward by the author through numerical analysis [12]. The parameter 
a in Eq.1 could be taken as 1.10 for box-section steel beam-columns. The comparison of test data 
with Eq. 1 was given in Figure 23. The test data fully lay above the curve, so it was safety to use 
this equation. Eq. 2 could be used in practice according to Chinese Code for Design of Steel 
Structures GB50017-2003, in which plastic adoption γx (only part of plastic deformation considered) 
equal to 1.05×a=1.16 might be adopted (1.05 is the original plastic adoption in this Code). 
 

( ) 1pP =+ MaMNN  (1) 

mx

x x x Ex(1 0.8 )
MN f

A W N N
β

ϕ γ
+ ≤

′−
 (2) 

 

0

0.4

0.8

1.2

1.6

0.0 0.2 0.4 0.6 0.8 1.0

M
/M

P 

N/NP  
Figure 23. Interrelation of M/MP-N/NP 

 
 
6. CONCLUSIONS 
 
This paper has described a series of tests of steel beam-columns with box-section under cyclic 
bending.  Three axial compression ratios were taken into account to investigate its influence, 
which was 0.0, 0.3, and 0.6 respectively, and five width-to-thickness ratios of plates were 
considered.  Then the test results were present and analyzed.  At the last part of this paper, the 
experimental results were compared with the numerical ones.  The following conclusions could be 
made from this paper: 
 

1. Beam-columns under cyclic bending might fail in fatigue fracture when no axial force 
presented, otherwise they might fail in cyclic plastic deformation and/or local buckling 
based on their width-to-thickness ratios of their plates and on the axial compression 
carried. 
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2. The largest deformations generally located in the height of b/2~b near the fix end 
according to test results. 

3. By comparing the experimental and numerical results, the design formula was verified, 
and proved to be reasonable and could be used in practice. 
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ABSTRACT:  The present paper provides the results of a comprehensive experimental research program carried out 
on partially encased composite steel-concrete columns connected to the foundation block through traditional (bolted 
steel end plate) and an innovative system employing a socket type system. Experimental tests under monotonic loads 
show that the structural behaviour of the traditional connection is significantly influenced by the response of the 
anchorage bolts. The latter cause large fixed end rotations and exhibit limited energy dissipation. Conversely, 
innovative composite base column connections with socket systems possess adequate inelastic deformations and 
energy absorption. Furthermore, the use of socket-type connections is beneficial for the spreading of inelasticity at 
the base of the composite columns without damage localization on concrete and interface components. It can thus be 
argued that the innovative connection assessed in this study is a viable solution for applications in framed structures 
fulfilling capacity design requirements, e.g. structural systems in earthquake prone regions. 

Keywords:  Composite columns; Partially encased columns; Base column joint; Socket-type connection. 

 
 
INTRODUCTION 
 
The composite lateral-resisting system has the desired characteristics of conventional structures, 
such as stiffness, strength and ductility, and fire resistance, and has been found to be very cost-
effective for buildings [1-3]. Steel-composite columns are used extensively in modern medium-to-
high rise buildings. Composite structural systems for buildings often include a steel moment 
resisting, consisting of steel beams (acting compositely with a metal deck reinforced slab) and 
encased composite columns, or braced frame with steel-concrete composite columns. 
Consequently, the lateral drifts under horizontal forces (wind and/or earthquakes) are lowered. 
Under severe earthquake loading concrete encasement cracks and reduces the flexural stiffness of 
composite beam-columns but the steel core acts as a back-up system in providing the shear strength 
and the ductility to prevent brittle collapse. Partial encased beam-columns with local buckling 
inhibitors have been found very efficient to prevent local buckling and enhance the global stability 
of the frame, thus reducing sensitivity to P-∆ effects [4]. Moreover, to achieve effective composite 
action, shear stresses should be transferred between the encased steel and reinforced concrete; 
hence, shear connectors may be placed along the column [5]. 
 
The assessment of structural response of composite steel and concrete columns is thus of 
paramount importance, especially in the earthquake design of framed systems [6,7]. The inelastic 
response of composite columns can be significantly affected by the beam-column, brace-to-beam, 
brace-to-column connections and column bases. A comprehensive review of the experimental tests 
carried on steel-concrete composite beam-columns (both encased and concrete-filled) can be found, 
for instance, in Cosenza and Pecce [8] and Shanmugam and Lakshmi [9]. It is noteworthy that, to 
date, analytical and experimental research focusing on the effects of the base connection layout on 
the performance of beam-columns, either partially or fully encased, is lacking [10]. Few results are 
available and were derived chiefly from steel structures; their applicability within the capacity-
design framework should be further investigated [11,12]. The composite action, may, however, 
affect the failure modes thus endangering the inelastic performance of the member. 
 
The present paper analyzes the inelastic response of composite joints at column-foundation joints. 
An innovative base column connection, employing a socket-type system, is discussed and its 
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response is compared to that of a traditional steel base plate connection. The latter was designed in 
compliance with the rules utilized for the composite frame tested at JRC Ispra laboratory [13,14]. 
Several tests under either monotonic or cyclic lateral loads and different levels of axial loads were 
performed. This work focuses on the response of composite columns under monotonic regime. In 
the following, the results of the tests on specimens with welded base steel plate (traditional) and 
socket-type joints are discussed. It is found that for the traditional connections, concentrations of 
inelastic demand occur in the anchorage bolts and relies chiefly on bond type mechanisms. 
Conversely, the socket-type system leads to large energy dissipation; plastic hinges form at column 
base and the strength capacity does not drop even at large lateral drifts (greater than 5-6%). As a 
consequence, socket-type foundations may be reliably utilized for steel and composite steel-
concrete framed structures, especially in regions with moderate-to-high seismicity. 
 
 
EXPERIMENTAL PROGRAM AND TEST SET-UP 
 
Recently, several research programs have prompted in Europe to investigate the inelastic response 
of steel and concrete composite buildings. The experimental projects were funded by the European 
Community, e.g. ECSC-7210-PR-250 (Applicability of composite structures to sway frames), 
ECOLEADER (Cyclic and PsD testing of a 3D steel-concrete composite frame) and/or National 
Ministry of Research, e.g. by MIUR in Italy, COFIN 2002 (Advanced design and control of global 
performance of composite steel and concrete frames for earthquake resistant building) and COFIN 
2004 (Composite steel and concrete earthquake-resistant frames: advanced dissipative joint 
systems, methods for damage assessment and seismic design guidelines). The latter have involved 
eight Italian Universities. In particular, the working group of University of Sannio is assessing the 
inelastic static and dynamic (seismic) response of base column connections. In so doing, a number 
of partial encased column specimens, with different base joints, were tested in the laboratory of the 
Department of Structural Analysis & Design (DAPS, University of Naples, Italy). The sample 
specimens included monotonic and cyclic tests; different levels of axial loads were considered 
during the tests. In addition, pull-out tests were carried out to define the force-slip relationships of 
the hooked anchorage bolts. In this work the results of the monotonic tests are discussed in details. 
The experiments were carried out on two types of partially encased composite columns: HEB260 
and HEB280. The specimens tested employed two types of layouts for the base column joints as 
per Figure 1: traditional (bolted steel base plate) and innovative (socket-type) joints. The former 
consist of tapered steel plates welded onto base plates and anchored to the foundation block through 
steel bolted bars (see also [14]). The latter is an alternative and innovative socket type joint in 
which the column is fixed to the foundation block utilizing a special concrete filler; such joint was 
developed and designed to benefit of composite action. 
 
The first set of specimens (traditional base column connections) replicate the columns and base 
joints designed in compliance with the guidelines of European standards [5] and used for the full-
scale composite frame tested in ISPRA [13]. Similarly, the socket-type foundation was designed in 
compliance with Eurocode 2 [15]. 
 
The lateral loads were applied at two different locations along the height of the column, namely 
1.6 m (traditional joint) and 1.7 m (socket type) above the foundation block to account for the 
different location of the restraint. Traditional base plates are generally placed at floor level, 
conversely socket type solution enables to use pavings that cover the foundation block. The 
horizontal load (T), simulating the earthquake loading, was applied via a 500 kN-hydraulic jack; 
the test was under displacement control. As a consequence, the maximum flexural moments (M), 
located at the base connection, was increased until failure. The displacement controlled loading 
regime allowed the softening branch of the response (capacity) curve to be investigated. The 
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connection of the jack to the column is ensured by two steel plates 30mm thick bolted on two 
opposite faces of the column. The reaction wall for the horizontal load is a stiff tapered cantilever 
element bolted to a steel system; its layout is shown in Figure 2 along with the test set-up. The 
cantilever system is connected to the laboratory floor slab (strong floor) by means of large steel 
rebars crossing the slab and the steel elements. These rebars are loaded in tension to prestress the 
connection. The vertical load (N) is applied by two hydraulic jacks connected with two bars at the 
hinges placed at the foundation level. The axial load N acts along the column centroid axis. The 
reaction system for N consists of a steel plate located under the foundation block and connected to 
the hinges. This layout ensures that the load remains along the member axis during the column 
deformation. The transversal beam, at the column top, employs large stiffeners where is connected 
to the jack. An adequate lateral restrain along four prestressing bars at the corners were used to 
prevent slip and rocking of the foundation block and to guarantee the transfer of the shear forces to 
the strong floor level. Further details of the reaction wall and the set-up of the tests can be found 
elsewhere [14]. 
 

Composite 
column

Foundation block
Anchor bolts

Steel 
plate

 

Precast Composite column

Socket foundation block

No-shrink filling grout

Figure 1. Layout of the sample base column connection: traditional (left) and socket-type (right). 
 
 
TEST SPECIMENS 
The experimental program carried out at the laboratory of DAPS, in Naples, focuses on two sample 
partially encased composite steel and concrete columns: HEB260 and HEB280. The sample 
specimens tested were cantilever systems summarised as below (Table 1): partially encased 
columns with a steel HEB 260 member and traditional connection to foundation (stiffening plates 
and anchoring devices) and innovative socket-type system; HEB280 with socket-type foundation. 
The specimens were heavily instrumented to characterize reliably the concentration of inelastic 
demand at the base column. Figure 3 provides a close-up of the electrical displacement transducers 
(LVDTs) located at the base of the partially encased columns with either traditional or innovative 
joints. 
 
The values of axial load (N) used in the tests were equal to 170 kN and 330 kN. These values 
correspond to the minimum and maximum axial loads relative to the design load combinations of 
the full-scale composite framed building tested in the ELSA laboratory of JRC in Ispra [13]. The 
grade of the structural steel of the specimens was S235; the reinforcing bars grade was B450-C and 
the concrete was class C25/30. Actual values of the mechanical properties of steel and concrete 
were estimated from tensile (steel) and compression (concrete) tests. The values computed for the 
steel members and components are summarised in Table 2. Further details on the results of such 
tests can be found elsewhere [13]. The values of material overstrength (fu/fy) relative to the 
element flange are on average higher than those in the webs. This result is in agreement with 
similar experimental data for steel members produced in Europe [16]. 
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Figure 2. Layout of the test set-up (top) and reaction wall (bottom). 
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Table 1. Sample column specimens 
Specimen Axial load (kN) Loading Type Connection 
HEB260 330 Monotonic Traditional 
HEB260 170 Monotonic Traditional 
HEB260 330 Monotonic Socket 

 
Table 2. Mechanical properties of the sample column specimens 

 Beams Columns 
 IPE240 IPE300 HEB260 HEB280 

Property Web Flange Web Flange Web Flange Web Flange 
fy (MPa) 347 315 370 314 406 341 341 300 
fu (MPa) 454 448 489 480 480 449 450 430 

fu/fy 1.31 1.42 1.32 1.53 1.18 1.32 1.32 1.43 
εu (%) 32.6 31.0 35.6 30.7 31.8 35.7 34.5 37.1 
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Figure 3. Close-up of the electrical displacement transducers (LVDTs): 
traditional (left) and innovative (right) joint. 

 
The details of the foundation system is displayed in Figure 1. The design of such foundation block 
was based on the ultimate limit state corresponding to the stress values and distribution at the 
column failure. The layout of the composite column specimen employing HEB 260 steel section 
and traditional base joint is displayed in Figure 4, while the specimen HEB260 with socket type 
connection is provided in Figure 5. The thicknesses of the base of the socket is equal to 300 mm, 
while the walls of the socket are 250 mm thick. The total height of the foundation is 1050 mm.  
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The values of the internal actions, i.e. axial load (NSd,j), flexural moment (MSd,j) and shear (VSd,j) 
used for the design are NSd,j=308kN, MSd,j=906 kNm and VSd,j=444 kN. These values were derived 
conservatively from the ultimate flexural capacity of the HEB 280. In fact, for such section, the 
ultimate bending moment, computed according to Eurocode 4 [17], is MRd,col=755kNm; note that 
the design value MSd,j accounts for the overstrength (fu/fy=1.20) at the base column connection.  
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Figure 4. Traditional base column joint. 
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The value of the overstrength was derived by the provisions in Eurocode 3 [18]. The steel 
reinforcement used for the RC block of the traditional and socket type connections are displayed in 
Figures 6 and 7, respectively. It is worth mentioning that a solid foundation block is used to prevent 
an inelastic mechanism of the concrete component. 
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Figure 5. Socket-type base column joint. 
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Figure 6. Steel reinforcement used for the traditional base column joint. 
 

 
Figure 7. Steel reinforcement used for the socket-type base column joint. 

 
 
The results of the experimental tests carried out on composite columns employing innovative 
(socket-type) joints are discussed hereafter. 
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TEST RESULTS 
 
The test results of the partially encased composite columns were computed in terms of both local 
(moment-curvature M-χ and moment-rotation M-θ) and global (lateral load-top displacement, F-∆) 
response parameters. The capacity curves of the specimens HEB260 with axial load N=330kN, 
both traditional and innovative base connections, are provided in Figure 8. Such curves are 
expressed in terms of lateral force (F)-drift (d/H), where H is the distance of the centreline of the 
hydraulic jack from the foundation and d the total horizontal displacement at the jack height. The 
forces corresponding to the onset of the plastic moment at the column base are also included in 
Figure 8. It is observed that the traditional connection layout exhibits higher lateral strength (600 
kNm vs. 510 kNm) due to the steel stiffeners used at the base of the column and to overstrength for 
seismic design (see also Fabbrocino et al., 2004). Conversely, the ultimate deformation capacity of 
the socket type connection is about 50% higher than the counterpart traditional (about 0,0583 rad 
vs. 0,0875 rad); in both cases the requirement of 35 mrad given by Eurocode 8 [5] is fulfilled. This 
requirement is more stringent than the 3% drift, which is assumed as the onset of the ultimate limit 
state in steel and composite frames in the US practice, FEMA 356 [19]. 
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Figure 8. Capacity curves for the traditional and socket-type connections. 

 
Furthermore the failure mode of the specimen with steel end plate is related to anchorage bolt 
fracture, while in the case of the socket type a very ductile mechanism is shown. At serviceability, 
the stiffness of the traditional connection is slightly higher than that of the socket connection. It can 
thus be argued that the experimental tests carried out both on traditional bolted steel end plate and 
innovative socket-type connections demonstrate that the former experience brittle failure modes. 
Rupture of anchorage bolts as per Figure 9 were observed under monotonic loads. The composite 
partially encased columns with traditional joint yield at about 310kN, which corresponds to a 
lateral drift of 26mm (d/h~1.65%). The maximum force is equal, respectively, to 375kN for 
HEB260 with axial loads N=330kN and 340 kN for N=170kN. The lower value found in the 
second specimen (340kN) is related to the premature rutpure of the base joint, probably caused by 
technological defects of the threaded bars [14]. In both specimens, i.e. with N=170kN and 
N=330kN, under monotonic regime, the column strength and energy dissipation do not exhibit 
significant loss for drift d/h~5-6%. The thick steel plate and the stiffeners used at the column base 
ensure that the end section of the column remains plane (rigid rotation). Under load reversal, the 
crushed concrete and the inelastic deformations in the steel components (anchorages), both at the 



 Structural Performance of Composite Base Column Connections 181 

column base, endanger the global lateral stiffness of the composite column. Bond-related 
phenomena give rise to degrading effects, especially at large drifts, thus reducing significantly the 
energy dissipation capacity of the member. These results point out that traditional connections are 
not fully satisfactory, especially when relevance of reinforced concrete component increases, i.e. 
due to cross section dimensions. Conversely, innovative socket-type connections possess adequate 
ductility. Under monotonic load conditions, the test results show strain hardening of the base 
column equal to 1.32. This is due chiefly to the material over-strength of structural steel (see values 
of fu/fy of the member flange in Table 2). The contribution of the hardening of the longitudinal 
reinforcement bars is in fact very small (1.13 vs. 1.32). The tests carried out on the specimens 
employing the socket joint do not exhibit strength deterioration even at large lateral drifts, e.g. d/h 
> 0.04-0.05 radians. The formation of the plastic hinge occurs at the base column, as observed 
during the tests. 
 

Figure 9. Close-up of the deformations of the specimen HEB260 with N=330kN. 
 
Figure 9 shows the occurrence of inelastic deformations at the base column during the test on the 
HEB 260 with N=330kN; the spreading of such inelasticity is also evident. At very large drifts, the 
flange plate of the column tends to bend outwards and the bond between the inner concrete and the 
exterior steel plate is broken as demonstrated by the close-up of the Figure 9, without any relevant 
effect on the global response. The tensile resistance of the concrete is exceeded and inclined 
(flexural) cracks initiate and propagate above the foundation block. 
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To shed light on the structural performance of the sample columns with either traditional or 
innovative socket-type member-to-foundation joint, the bending-axial load (M-N) interaction 
curves were computed for the specimens HEB 260 and HEB 280. These curves were estimated at 
two performance levels, namely yield and collapse, according to the provisions in Eurocode 4 [17]. 
The values of bending moments and axial loads at the ultimate stage of the monotonic tests are 
outlined in Tables 3 and 4 along with the values at yield and collapse. The computed values 
demonstrate that the failure mechanism is controlled in the case of traditional joint by the base 
column component. By contrast, for socket-type connections, the failure mode is controlled by the 
formation of the plastic hinges in the columns.  
 

Table 3. Values of interaction curves for the test with HEB260 (N=170kN and N=330kN) 
and traditional joint at different performance state. 

Yield Collapse Test  
M (kNm) N (kN) M (kNm) N (kN) M (kNm) N (kN) 

343 330 633 330 488 330 Section above  
stiffening plate 339 170 628 170 433 170 

440 330 550 330 596 330 Column base  
connection 395 170 510 170 530 170 

 
 

Table 4. Values of interaction curves for the test with HEB280 (N=330kN and N=520kN) 
and socket-type joint at different performance state (at column base connection). 

Yield Collapse Test 
M (kNm) N (kN) M (kNm) N (kN) M (kNm) N (kN) 

390 330 740 330 608 330 
420 520 750 520 762 520 

 
The inelastic response of the critical region of the specimens with socket-type joints was monitored 
carefully through six electrical displacement transducers (LVDTs) located at the column base as 
displayed in Figure 3. These LVDTs record the lateral displacement of several points of the column 
flanges in order to define reliably the various inelastic phenomena, e.g. yielding, local buckling, 
fracture initiation, occurring at those locations during the tests. It is found that the section closer to 
the foundation block (LVDT #6) exhibits the typical response of reinforced concrete members. 
Conversely, the measurements derived from LVDT #5 and #6 show a typical structural steel 
nonlinear behaviour. Comparison between total cord rotation and the base column one derived from  
LVDT #6 measures enable to recognise that the higher is the drift, the higher is the contribution to 
the total drift given by the deformation of the socket type connection. Furthermore, due to the 
location of LVDT #1, 45.0cm far from the foundation, the socket type shows a yielding spreading 
that is nearly twice the width of the section (45.0cm vs. 52.0cm). As far as seismic design is 
concerned, the longer the spreading of inelasticity the higher the energy dissipation. By contrast, 
traditional connection systems, employing bolted steel end-plates [14] generate high concentrated 
inelastic demand on the anchorage bolts.  
 
 
CONCLUSIONS 
 
Experimental tests carried out on composite steel and concrete columns were presented in this 
paper. Two layouts for the base column connections were assessed: the traditional system 
employing the bolted steel end plate and the innovative socket-type. The experimental results 
demonstrate that the socket system is beneficial for the spreading of inelasticity at the base of the 
composite columns. To assess the inelastic structural performance, the composite specimens were 
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subjected to monotonic loads at increasing lateral drifts (pushover experimental tests). It was found 
that the maximum drift of the socket type connection is nearly 50% higher than the traditional 
bolted steel end plate. Traditional base connections fail in a less ductile fashion because of the 
fracture of the anchorage bolts. Conversely, socket connections exhibit a ductile response due the 
formation of the plastic hinge at the base of the column, which extends over a length much higher 
than the cross section depth. As a result, socket-type joints can be reliably used for design of 
structures which may experience significant inelastic excursions. Further experimental tests and 
analytical simulations are being developed in order to assess the reliability and performance of the 
socket type connections under both monotonic, cyclic and earthquake loads. 
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ABSTRACT:  This paper considers recent research results on hollow section joints and the effect on the current 
design rules and is an extended version of the ICASS keynote lecture [1]. Main attention is paid to Rectangular 
Hollow Section  (RHS) overlap joints, Circular Hollow Section (CHS) joints with thick-walled chords and the 
influence of the chord stress on the joint strength. Further, the effect of reinforcement plates on the strength of thin-
walled joints is discussed. Also, some special aspects on elliptical hollow sections, stainless steel, high strength steel 
and delivery requirements for cold-formed hollow sections are considered. Finally, some developments regarding 
the fatigue design of hollow section joints are presented. 

Keywords:  Circular hollow section (CHS); Rectangular hollow section (RHS); Gap joints; Overlap joints; Static 
strength; Fatigue strength; High strength steel. 

NOMENCLATURE 

CHS Circular Hollow Section 
RHS Rectangular Hollow Section 
Ai  cross section area of the overlapping brace member i 
As effective shear area of the joint 
Fu,c ultimate load capacity of the collar reinforced joint 
Fu,u ultimate load capacity of the of the unreinforced joint 
M0 in plane bending moment in the chord (general) 
Mi,0 in plane bending moment in the chord in the plane i=1 or 2 
Mi,u,c ultimate in plane bending moment capacity of the collar reinforced joint 
Mi,u,u ultimate in plane bending moment capacity of the unreinforced joint 
Mo,u,c ultimate out of plane bending moment capacity of the collar reinforced joint 
Mo,u,u ultimate out of plane bending moment capacity of the unreinforced joint 
Mpl, 0 plastic moment capacity of the chord  
Ni  axial force in the overlapping brace member i 
Nj axial force in the overlapped brace member j 
N0p maximum prestressing force in the chord 
N0 maximum chord axial force 
N1,0 axial ultimate load capacity of the joint based on the load in member 1 for chord load nearly 

zero
Ni,u axial ultimate load capacity of the joint based on the load in member i  
Npl, 0 plastic design capacity of the chord 
Ni, effec width   ultimate load capacity of the overlapping brace based on the effective width criterion  
Ov  Overlap in % 
RN0-M0 interaction factor of bending moment and axial loading 
Vu ultimate shear capacity ratio 
bi external width of the overlapping brace i  
bj external width of the overlapped brace j  
b0 external width of a chord 
bei effective width of the overlapping brace i with the chord connection 
bej effective width of the overlapped brace j with the chord connection 
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be(ov) effective width of the overlapping brace i with the overlapped brace j connection 
c constant for external corner radius 
di external diameter of brace i  (i=1 or 2 in a K joint) 
d0 external diameter of a chord 
fyi design yield strength of the overlapping brace i  
fyj design yield strength of the overlapped brace j  
fy0 design yield strength of a chord 
fui ultimate stress of the overlapping brace i  
fuj ultimate stress of the overlapped brace j  
hi external depth of the overlapping brace i  
hj external depth of the overlapped brace j  
lc length of the collar plate reinforcement 
n maximum chord stress divided by the chord yield stress 
tc wall thickness of the collar plate reinforcement 
ti wall thickness of the overlapping brace i  
tj wall thickness of the overlapped brace j
t0 wall thickness of a chord 

 diameter or width ratio between braces and chord:  = di/d0 or = bi/b0

 half diameter or half width to thickness ratio of the chord, d0/2t0 or b0/2t0

i acute angle between the overlapping brace member i and the chord 
j acute angle between the overlapped brace member j and the chord 
c relative reinforcement plate-to-chord wall thickness ratio, tc/t0

 angle in between the two planes in a multiplanar joints (  = 90 )

INTRODUCTION

The design rules in the second edition of the “Design Recommendations for Hollow Section Joints 
- Predominantly Statically Loaded” by the Sub-commission XV-E of the International Institute of 
Welding, (IIW-XV-E, 1989) [2] are the basis for many national and international design 
recommendations or standards, e.g. the Eurocode 3, (CEN, 2003) [3]. Based on these IIW-XV-E 
recommendations the Comité International pour le Développement et l’Etude de la Construction 
Tubulaire (CIDECT) has published several design guides for designers and fabricators, see for 
example [4]. 

Since the publication of the 2nd edition of the IIW-XV-E recommendations, considerable research 
has been carried out in various areas, during the last years, including joints of very thin-walled and 
very thick-walled hollow sections. Further, research has been carried out to fill gaps in knowledge, 
e.g. multiplanar joints or for strength upgrading of joints in existing structures. Currently, the IIW-
XV-E recommendations are revised and extended for the third edition [5]. Some of the research on 
which these revised recommendations and extensions are based, will be dealt with in this paper, as 
well as some other work in which the authors are involved. 

For the fatigue design of hollow section joints the IIW-XV-E sub-committee has published in 1999 
the “Recommended fatigue design procedure for welded hollow section joints”, (IIW-XV-E, 1999)
[6]. These recommendations are now the basis for drafting of an ISO standard. In these 
recommendations the fatigue design is based on the “hot spot stress” approach or also called the 
“geometrical stress” approach. Nowadays, such an approach becomes also usual for plated 
structures like ships and FPSO’s. During the last few years, many investigations have been, or are 
still being carried out to compare and synchronize the various methods for the determination of the 
hot spot stress in relation to the fatigue classification and the thickness effect. 
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This paper gives a brief review of some of the research recently carried out on hollow section 
joints, in particular those topics in which the authors are involved. Further, some other research is 
briefly discussed and references are given for more detailed information. 

STATIC DESIGN OF RECTANGULAR HOLLOW SECTION JOINTS 

Uniplanar and multiplanar K-gap joints 

In the current CIDECT Design Guide for Rectangular Hollow Section Joints [7], it is recommended 
to assess multiplanar KK-gap joints with the uniplanar K-gap joint design formulae by applying a 
reduction factor of 0.9. In addition a chord shear check should be performed for the gap location of 
gap joints. 

Since the experimental evidence was limited, CIDECT initiated programme 5BJ in which all 
influencing parameters have been investigated [8]. In this research, it was found that in case of 
chord face failures, multiplanar KK-joints behaved nearly similar to uniplanar K-joints if the chords 
of the uniplanar joints were additionally loaded by a chord (pre)stressing force equal to Nop=
-2Ni*cos i which represents the difference in the chord reaction force (see Figure 1).  

N

N N

4NCOS

N
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Figure 1. Uniplanar and multiplanar joints with equivalent behaviour 

Consequently, it can be concluded that if for multiplanar KK-joints the larger chord load is taken 
into account in the chord stress function for chord face failure, the same formula can be used as for 
uniplanar K-joints and no further reduction factors have to be applied. However, due to the possible 
larger shear in the gap for particular loadings, the chord has always to be checked for the 
interaction of shear and axial load. The interaction is based on the well known Von Mises Huber-
Hencky criterion. For example for a symmetrically loaded RHS multiplanar KK-joint with an 
included angle =90° and no eccentricity, all sides of the RHS chord are loaded by axial load and 
shear and for each plane the following interaction Eq. (1) is valid: 

22

i i i i

0 y 0 y

N cos N sin+ 1.0
0.5A f 0.5A f / 3

       (1) 

For the multiplanar joint the chord axial load N0 is the sum of the horizontal components of the 
brace forces in both planes or two times the value in one plane. The resulting shear force V0 in the 
multiplanar joint is the vectorial resultant of the vertical components of the brace forces in both 
planes being 2 times the shear force in one plane. Thus the Eq. (1) can also be written as Eq. (1a): 
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22

0 j0

0 y 0 y

V cos /20.5N + 1.0
0.5A f 0.5A f / 3

       (1a) 

or with *
0,plN = A0 fy0 and **

0,plV = A0 fy0 / 3  and =90°:
2 2

0 0
* **
0,pl 0,pl

N 1.4V+ 1.0
N V

         (1b) 

In case of asymmetric loading or for 90° it is easier to consider the interaction for each plane. 

In the framework of a new CIDECT programme a numerical programme is being carried out to 
investigate the chord load functions for K-joints with gap. Based on the results, new chord load 
functions are being developed based on the maximum chord load [9]. The new proposed functions 
will have a format, which is similar for all types of circular and rectangular hollow section joints, as 
given below in Eq. (2): 

)( 43211)(
ccccnnf          (2) 

Some of the results are shown in Figure 2 in comparison to the current chord stress function [7,10].
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Figure 2. Chord stress reduction for RHS-K joints with gap (  = 0.4) 

In this study, as in other studies, it was shown that for n 0, with chords loaded in tension a 
reduction factor also has to be applied, although the reduction is much smaller than for compression 
loading.

Uniplanar and multiplanar K-overlap joints 

In the above-mentioned investigation it was also observed that, especially for multiplanar KK-
overlap joints with medium to slender chord width to thickness ratios, chord face failure could 
occur which is not covered by the current codes and recommendations. Therefore, a detailed 
numerical study was carried out to study 50% and 100% uniplanar K- and multiplanar KK-overlap 
joints in more detail. 



 Recent Developments in Welded Hollow Section Joint Recommendations 113 

Based on this study it was found that three failure modes have to be checked [11,12], i.e.: 
- overlapping brace failure (brace effective width criterion) 
- brace shear failure at the connection with the chord 
- local chord failure 

The brace effective width criterion, e.g. shown in Figure 3 for a 100% overlap joint, was already 
given in the current recommendations but the other two criteria are added, although the chord 
member has always to be checked for member failure. This investigation showed that at the joint 
location a linear interaction between axial load and bending moment is better than the member 
interaction formula. Besides these failure modes, it was found that the shear in the cross section of the 
braces just above the connection with the chord face has to be limited to avoid chord face failure. The 
first author indicated already in 1976 that brace shear failure at the connection with the chord face 
should be considered as a possible failure mode. However, brace shear failure was not observed in the 
experiments, which may be due to the small shear deformations. As a result this failure mode is not 
included in the current IIW and CIDECT recommendations and only a the brace effective width 
criterion was proposed to cover the strength of RHS overlap joints.  

As indicated in Figure 4, the brace walls parallel to the chord axis are fully effective for shear and the 
brace cross wall at the heel is theoretically not effective or only effective for a part be. The toe part of 
the overlapped brace of an overlap joints with an overlap Ov 100% is generally not fully welded to 
the chord (hidden location) and therefore not effective; it is only fully effective in case of 100% 
overlap joints. The results for 100% overlap joints showed that in those cases where the joint capacity 
is not limited by other criteria, the ultimate shear capacity can be reached, i.e. u

s
fA
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Figure 3. Brace effective width criterion for 100% overlap joints 
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Figure 4. Joint configuration and definition of the shear area for 100% and 50% overlap joints 
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Adopting this ultimate brace shear capacity limit to avoid chord face failures still gives an additional 
reserve in joint capacity of 1.1 to 1.15. 

Nowadays, higher strength steels are more frequently used, therefore, also the validity ranges for 
the width to thickness ratios have been reconsidered and are now related to the section class. In this 
case the section classes for the compression parts in hollow sections of Eurocode 3 are used. 

Based on these studies the design recommendations are formulated as given in Table 1. The 
formulae are presented in a general format even allowing different steel grades for the overlapping 
and overlapped brace.  

Joints of thin-walled rectangular hollow sections 

Research on X, T and Y-joints of thin-walled hollow sections [13], indicated that the validity range 
of the width to thickness ratios in the design recommendations could, in particular cases, be more 
liberal. However, in actual structures always secondary effects like secondary moments exist and in 
case of thin-walled members these may cause premature failure because of lack of deformation and 
rotation capacity. Thus, using thin-walled sections outside the validity ranges of the current 
recommendations requires a more detailed elastic analysis. Further, it should be noted that in case 
of tests on joints of thin-walled sections all moments should be carefully measured because these 
may influence the axial load capacity due to the lower rotation/deformation capacity. Neglecting 
these moments may give test rig dependent test results. 

Joints of stainless steel rectangular hollow sections 

Rectangular hollow section joints of stainless steel, type 304 L, have been investigated at the 
University of Sydney [14]. In these investigations,  X and K-gap joints made of cold formed 
austenitic stainless steel hollow sections have been used. The ultimate strengths were compared 
with the IIW-CIDECT design equations and the joint deformation at service-ability (ultimate 
strength divided by 1.5) was compared with the 1% chord width criterion. It was concluded that if 
the 0.2% proof stress based on the cold formed finished product is used, the joint strength can be 
evaluated using the IIW-CIDECT design rules for hollow section joints made of carbon steel.  

The joints loaded in tension fractured mainly through the weld in the heat affected zones. Thus, 
using electrodes of a stronger metal could even enhance the strength, allowing the 0.5% proof 
stress to be used in the formulae. In the analysis it was already shown that using the 0.5% proof 
stress, the service-ability limit was satisfied. However, the strength did not meet that according to 
the current  IIW-CIDECT design equations for high chord loads. It is noted that the newly 
developed chord stress functions for rectangular hollow section joints (see before) are more 
conservative for high chord loads.

Other investigated areas 

Other connections recently investigated more in detail and/or those still being investigated are e.g. 
plate-to-RHS connections at the University of Toronto by Kosteski & Packer [15], corner 
connections, by Karcher & Puthli [16], bird beak connections by Davies et al. [17] and bolted 
connections by Willibald et al. [18]. For detailed information, reference is given to the various 
proceedings of the International Symposia on Tubular Structures, for example, Jaurrietta et al. [19].
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Table 1. Proposed design recommendations for RHS overlap joints 

Ov  = 25 to 100% 
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Compression brace : class 1                ****) 
Tension brace         : class 1 or 2 
Chord                      : class 1 or 2 

  *)  Efficiency capacity of the overlapped brace should not exceed that of the overlapping brace 
**) This shear failure criterion is generally not critical for overlap joints with Ov  50%. In this 

criterion with Ov < 100%, it is assumed that the hidden location at the overlapped brace with 
the chord is not welded. 

***) The moments M1,0 and M2,0 are the in-plane moments in the two planes, respectively and Mpl,0 
and Mpl,0 refers to the belonging in-plane plastic moment capacity of the chord.

****)
Limit (b-ct)/t S 235 S 275 S 355 S 460 
Class 1 33 30 27 23 
Class 2 38 35 31 27 

Note: c=3 for hot formed hollow sections and c=5 for cold formed hollow sections (rounded off 
figures).
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STATIC DESIGN OF CIRCULAR HOLLOW SECTION JOINTS 

Uniplanar and multiplanar joints 

The recommendations for circular hollow section joints in the offshore codes, e.g. the API [20] and 
the draft ISO, ISO TC67/SC7/WG3/P3 [21], differ from the IIW-XV-E and CIDECT 
recommendations. This is one of the reasons that the IIW-XV-E Sub-committee has decided to 
reanalyse the behaviour of circular hollow section joints as a basis to derive international consensus 
for the current revision of the IIW-XV-E recommendations. In the evaluation also other proposals, 
for example, Dexter & Lee [22], Dier & Lalani [23], Yamada et al. [24] and Choo & Qian [25] are 
considered. Another aspect to be reviewed is the different behaviour of gap and overlap K-joints 
which in the current IIW recommendations are covered by only a single strength formula. It is the 
opinion of the authors of this paper that these joints should be dealt with separately. Overlap joints 
may be approached in a similar way as done for rectangular hollow sections. 

Further, the influence of the chord stress on the joint strength of circular hollow sections is 
currently based on the so-called chord pre-load, i.e. the chord load minus the load, which reacts the 
brace load components. This is in contradiction with rectangular hollow section joints for which the 
chord load function is based on the maximum chord load. Therefore, in the framework of the 
CIDECT programme 5BK the existing formulae have been analysed and a numerical programme 
was carried out [26,27]. Based on this, new chord load functions were developed based on the 
maximum chord load. The new proposed functions have the general format of Eq. (2). 

Figure 5. Chord stress reduction for CHS-X joints (  = 0.48) 

Also here, for chords loaded in tension (n 0), a reduction factor has to be applied. Figure 5 shows a 
typical example for a X-joint with a diameter ratio  = 0.48. The results have also been compared 
with recent work carried out by Pecknold et al. [28-29]. 

In the revised recommendations for T joints the chord stress to be used also includes the bending 
stress which always occurs due to brace loading. In the previous IIW-XV E recommendations and 
all other recommendations due to the experimental evidence this was indirectly also included in the 
joint capacity equations. With the current numerical methods it is easier to separate the influence of 
brace and chord loading [30] and to incorporate this in an easy way in the recommendations. 
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Especially in the analyses of K gap joints the effect of the relatively large welds in small size 
experiments has to be excluded, that is why Yura [31] did not include in his analysis the test results 
of specimens with small chord members. In the past all recommendations have been based on 
experiments but the calculations with the current calibrated numerical models showed that the 
existing experimental data base has to be even more carefully screened. Furthermore, like for 
rectangular hollow section joints, a check may need to be carried out to ensure that the chord shear 
criterion in the gap is not critical. At present numerical calculations have been carried out for the 
whole parameter range and new strength equations have been developed. These new equations still 
need to be checked with the more refined experimental data base.  

Currently various strength functions exist for overlap joints; some based on shear between the 
braces and punching shear, others relating the strength to that of gap joints. It is the authors opinion 
that the strength can be approached in a similar way as done for overlap joints of rectangular 
hollow sections with the effective parts related to the d/t ratios of the relevant members, however, 
such a reanalysis has still to be done. 

In the current CIDECT design guide 1 [32] based on the work of the Kumamoto team, it is 
recommended to assess multiplanar joints in each plane with the uniplanar joint strength formulae 
but applying a reduction factor of 0.9. Additionally the chord has to be checked for shear in the 
gap. For rectangular hollow section joints it is shown above that the lower strength can be 
attributed to the larger chord force. By considering the maximum chord stress for the chord stress 
effect instead of the pre-stress due to additional chord loading, the reduction is in the same range 
but gives a consistent approach. This means that multiplanar K joints with gap of CHS (similar as 
RHS joints) can also be dealt with as uniplanar joints but taking account of the larger chord force 
and the additional shear check in the gap of the chord. 

Joints of thick-walled circular hollow sections  

In modern bridges and jack-up platform designs more and more use is made of very thick-walled 
hollow sections, sometimes in combination with cast steel nodes. As a consequence several 
investigations regarding the static behaviour of welded thick-walled joints have been carried out. 
The various investigations in this field are summarized by Choo & Qian [25] and Choo [33]. 

The strength of circular hollow section joints with chord diameter to thickness ratios 2  15 can 
generally be based on the simplified ring model and the punching shear model. However, for larger 
diameter ratios  the strength deviation is more significant. This can readily be explained as 
follows: In the simplified ring model, as shown in Figure 6, the brace axial load is simplified to two 
line loads over an effective chord length Be and the joint strength is based on the plastic capacity of 
the chord with length Be (the ring) while neglecting the effect of the axial and shear forces on the 
plastic moment capacity. 

This means that the joint strength is a function of t0
2. However, for larger diameter ratios  the load 

transfer is mainly by membrane action at the saddle location which means that the joint strength is 
a function of t0. For thick-walled chords this membrane load transfer becomes already more 
important for medium diameter ratios . As a consequence the current design recommendations 
have to be modified to cover also joints with thick-walled chords and thus the different failure 
modes.
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a: thin-walled chord     b: thick-walled chord 

Figure 6. Ring model for thin- and thick-walled chords 

In the investigations as summarised by Choo & Qian [25], the joint strength is defined based on a 
plastic limit load definition which agrees with Lu’s 3% chord diameter limit for the joints with 
thinner chord sections. However, for joints with thick-walled chords the plastic limit load definition 
seems to give more consistent results. It was further observed that for X joints with a low inclined 
angle  in combination with a larger brace to chord diameter ratio , chord shear, as shown in 
Figure 7 can reduce the load capacity, which is not covered in the current design recommendations. 

Figure 7. Interaction between chord plastification and chord shear in an X joint  
(  = 30 , = 1.0 and 2 = 18) 

Collar and doubler plate joints 

For the enhancement of the strength of joints with thin-walled chords, reinforcement by collar and 
doubler plates may be used, as highlighted by Choo et al. [34]. In case of collar plates, the brace is 
welded to the chord and the collar consisting of two or four parts is welded to the chord and the 
brace around the brace to chord connection, as shown in Figure 8. In case of doubler plates the 
doubler plate is welded to the chord and the brace is welded to the doubler plate. 

These reinforced joints have been extensively investigated at the National University of Singapore 
under axial brace loading and under bending-in-plane moments, for example, as presented in [34-
37]. In all the investigations it was shown that for collar and doubler plates with a thickness equal 
or larger than that of the chord, the strength could be enhanced by 30% upwards, depending on the 
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dimensions of the collar and doubler plates and geometrical parameters and the loading. As an 
example for joints with 2 =31.8 and =0.43, Figure 9 shows the ratio of the strength of the collar 
plate reinforced joint with respect to that of referenced un-reinforced joints, as a function of the 
relative plate-to-chord wall thickness ratio c (=tc/t0) and the relative plate length to brace diameter 
ratio lc/d1. The strengthening effect is further depending on the loading, i.e. compression, tension, 
bending in-plane or bending out-of-plane.

Figure 8. Collar and doubler plate stiffened joints 
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Figure 9. Normalised strengths of joints with collar plate reinforcement for  
(a) brace axial load, (b) in-plane bending, and (c) out-of-plane bending 

Ring-stiffened joints 
Although in the past several experimental and numerical investigations have been carried out, more 
evidence is becoming available for the design of these joints with the recent and improved 
numerical methods [38,39]. 

STATIC DESIGN OF JOINTS WITH HOLLOW SECTION BRACES AND AN I-SECTION 
CHORD

The design equations for overlap joints with an I-section chord will be modified in a similar way as 
for rectangular hollow section joints, see Table 1. This has not been investigated in tests but the 
behaviour is rather similar. 

Doubler plate reinforced joint Collar plate reinforced joint 
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MISCELLANEOUS

Static design of elliptical hollow section joints  

Nowadays elliptical hollow sections are used in various architectural projects because of their 
special appearance. However, limited evidence is available on the joint behaviour. 

Currently, research is underway at the University of Liege [40] and the National University of 
Singapore [41]. These initial investigations, show that the ring model can be used for explaining the 
numerically determined strengths. Further, research is being carried out at Toronto University to 
define the class limitations for the sections. 

Hollow section joints in high strength steel 

The revised IIW recommendations for hollow section joints will cover joints made of steels with 
design yield stresses up to 460 N/mm2. Previously the validity was limited to steels with design 
yield stresses up to 355 N/mm2. However, joints with higher yield stresses will have a lower 
ductility for redistribution (e.g. effective width and punching shear), a lower deformation capacity 
(e.g. thin-walled joints with a high  ratio) or in other cases a larger deformation under service load 
(thin walled joints with a low  ratio). Further, it was found by Kurobane [42], that the strength for 
circular hollow section K-joints is a function of the yield to ultimate stress ratio. The effect was 
found to be most pronounced for K-joints for which the following relation was given: 

0.757
y

u

f
f

           (3) 

Figure 10 shows the relative effect related to the yield stress ratio for S235. It is shown that 
compared to K-joints of steel S 235 the non-dimensional strength of circular hollow section K-
joints of S 460 would drop by 17%. 
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Figure 10. Influence yield to ultimate stress ratio for steel grades S 235, S 355 and S 460 

Based on the ultimate strength only, without considering the ductility aspects and the larger 
deformation in Ref [43], it is proposed to limit the design yield stress to 0.8 times the ultimate 
stress, but even this does not fully compensate the lower non-dimensional strength.  
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Additional numerical calculations at Delft University of Technology [44] using the 3% of the chord 
width as ultimate deformation limit [45], showed that RHS K-joints made of S 460 had a 10 to 15% 
lower non-dimensional strength than comparable joints made from steel S 235, see Table 2. 

Table 2. Non dimensional joint capacity related to the capacity for S 235 

0.4 0.6 0.8 

S 355 S 460 S 355 S 460 S 355 S 460 

15 0.95 0.90 0.92 0.84 0.96* **
25 0.95 0.89 0.95 0.90 0.96* 0.92

30 0.95 0.90 --- --- --- --- 

35 --- --- 0.92 0.85 0.82* 0.77*
*   : Maximum capacity; others based on the 3% chord face indention. 
** : Brace Buckling in compression. 

The evaluation of the influence for the different steel grades on the static capacity of the joints is 
based on a factor R, which can be calculated by: 

yultimate,S...

ultimate,S235 y

f (S235)N
R x

N f (S...)
         (4) 

Considering the larger deformations in joints of S460 in case the failure modes corresponding to 
chord face failure (RHS) or chord plastification (CHS) are governing, and the lower ductility in 
case of punching shear failure and brace effective width failure, it is proposed to adopt a general 
reduction factor of 0.9 and to limit the yield stress fy to 0.8fu [44]. 

This avoids different corrections depending on the failure mode and this has been agreed by sub-
commission IIW-XV-E for joints in steels with design yield stresses exceeding 355 N/mm2 up to 
460 N/mm2. This will result in a total joint capacity reduction of about 15%. 

Furthermore, the b/t limitations given in the recommendations for the compression braces will be 
related to either class 1 or class 2  sections. 

In Mang [46], it was shown that the strength of some tested K-joints made of S690 was only about 
2/3 of the predicted joint strength using the joint strength equations developed for S235, thus care 
has to taken to extrapolate the recommendations directly to joints of higher strength steel. 

Quality requirements for cold formed sections 

Since the available cold finished hollow sections on the market have different corner radii and 
different qualities, several investigations have been carried out during the last few years regarding 
checks for delivery requirements for cold-finished hollow sections [47]. Based on European 
research, e.g. recently at the University of Karlsruhe [48], it can be concluded that if welding is 
performed in or close to the corners, the corner radii have to meet the requirements given in 
Eurocode 3 [3], and in the IIW recommendations and recorded in Table 3. Furthermore, it is 
recommended to use fine-grained Al-killed steels. The modern steels are clean and have a low 
Carbon content. Si-killed steels may result in cracking after galvanizing.  
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In Europe the cold finished sections are delivered according to EN 10219-Part 2 (1998) [49] and up 
to 12 mm the average corner radii agree with those of table 3. However, a certain tolerance is 
allowed, which means that according to EN 10219 sections can be delivered with actual inner 
corner radii smaller than those in Table 3. In the research programme sections were also tested with 
small corner radii which satisfy the tolerances of EN 10219 but with actual corner radii smaller 
than those in Table 3. These sections are only allowed to be welded in the corners if these satisfy 
EN 10219 with the following additional material requirements:  
- The maximum nominal wall- thickness is not exceeding 12.5 mm  
- Aluminium killed steels with the quality grades J2H, K2H, MH, MLH, NH or NLH are used and  
- the following maximum values are kept:  C  0.18%,  P  0.020% and S  0.012% 

In other cases welding is only permitted at a distance of 5t from the corner or additional tests have 
to be performed to show that welding in the corners is permitted for that particular application. The 
requirements for steel S 460 are currently under discussion. 

Table 3. Minimum inner corner radii for full aluminium (  0.02%) killed cold finished hollow 
sections to allow welding in the corners 

Steel grade Wall thickness t (mm) Minimum r/t 
(r = inner corner radius)

Remarks 

    
S235, S275, S355 

(indicated by
yield stresses in 

N/mm2)

24
12
10
6

3.0
2.0
1.5
1.0

The steels are 
indicated by
yield stresses 

 in N/mm2

No recommendation exists at present internationally for the determination of the required quality in 
relation to the service temperature, the welding condition, the loading, the static system, the 
thickness, the cold forming and the consequence of failure. According to the Dutch 
recommendations, NEN 6774 (2000) [50], the required quality for cold formed sections is generally 
one or two qualities higher than that required for hot-formed hollow sections. For example, if for a 
structural application in hot-formed hollow sections a Charpy value of 27 J at 20  is required, then 
for equivalent cold finished hollow sections this Charpy value is required at a temperature of 0  or 
–20 . Further work on this topic is being carried out at the University of Lappeenranta [51], where 
RHS K joints are tested at various temperatures between +20°C and -60°C. Based on this work it 
might be that proper selection criteria can be established. 

FATIGUE DESIGN OF HOLLOW SECTION JOINTS 

General

Based on the IIW-XV-E fatigue design recommendations for welded hollow section joints (IIW-
XV-E, 1999) [6], CIDECT has published a design guide [52]. Since the publication, additional 
research is going on for thin-walled hollow section joints at the Monash University of Melbourne, 
and at the University of Karlsruhe. Further, stress concentration factors for bird beak connections 
are determined at the Delft University of Technology [53]. The connections with cast-steel nodes 
are under investigation at the Universities of Lausanne and Karlsruhe. During the last years, 
progress is also made in the development of 3D fracture mechanics models, for example at 
Nanyang Technological University in Singapore, the National University of Singapore and Delft 
University of Technology [54-56]. Currently, the hot spot stress method is reviewed to derive at a 
common procedure for hollow section joints and plate connections [57,58].
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GENERAL

At present still many investigations are going on and not all areas could be covered within the 
scope of this article. For example, many investigations just started in China, especially at the Tongji 
University, and it is expected that the coming years further improvements of the design rules may 
be expected. 

In all areas the available information increases and many codes and recommendations become 
increasingly more voluminous and complicated with the probability of more errors. To the opinion 
of the authors, the information in codes should be limited to basic items and other relevant 
information should be given in background documents or design guides, for example, the CIDECT 
Design Guides and Packer & Henderson [59]. Furthermore, the recommendations should be 
consistent and as simple as possible.  In the education, emphasis should be given to understanding 
by using simple models [60,61]. 
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ABSTRACT:  The current design method of steel structures is based on the member reliability and cannot assure 
the structural system reliability.  To overcome the shortcoming of the current method, the integrated structural 
design approach, with consideration of system reliability for planar steel frames, is studied in this paper.  The 
reliability-based integrated design approach (RID) directly checks the structural system limit states, based on 
structural nonlinear analysis, and the corresponding system reliability.  In this paper, the reliability-based integrated 
design approach for planar steel frames is established on the basis of evaluating the ultimate load-carrying capacity 
and system reliability of planar steel frames.  In the process of constructing the design formula, the target reliability 
index and importance factor are determined according to the current specification and the two common load 
combinations are considered.  Design examples and comparisons demonstrate that RID provides a feasible way for 
structural engineers to improve the design quality of steel frame structures with certain and consistent system 
reliability levels. 

Keywords:  Reliability-based integrated design; Planar steel frames; Member reliability; System reliability; Target 
reliability index. 

1. INTRODUCTION

As we all know, the system reliability of a structure is not only related to structural member 
reliability, but also influenced by the correlation between the members, the correlation between 
resistance and load, the configuration of the structure, the structural redundancy and ductility [1].  
Actually, a building structure fulfills its function as an integrity, and a designer should aim at 
ensuring the reliability level of the structural system rather than the individual members. Therefore 
a structural design should be implemented based on integral structural analysis and reliability 
assessment [2].  However, the current limit state design for steel frames, e.g. AISC LRFD [3], is 
based on individual member checks, comprising the elastic integrated structural analysis for 
determining internal forces in the structural members and the capacity check of individual members.  
This approach leads to an ambiguous system reliability of the structure designed with only 
implementing member safety checks.  The load and resistance factors design approach(LRFD), a 
probability-based limit state design approach, is just such a method.  As an improvement, a 
structural design approach called preliminary integrated design(PID) [4] is constructed based on the 
frame analysis-frame check instead of the frame analysis-member check.  Although it is a design 
approach oriented to system capacity limit states, PID cannot provide a check of the structural 
system reliability since the load and resistance factors in this approach are not obtained on the basis 
of the structural system reliability evaluation.  However, the reliability-based integrated design 
approach(RID) proposed in this paper makes up the insufficiency of PID, which can ensure the 
structures designed to have the reliability index as close as possible to the target values. 

2. APPROACH

2.1. Target Reliability Index 

The target reliability index is the expected reliability index of structural design, it is an important 
factor in the reliability-based structural design.  Theoretically, the value of target reliability index 
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should be established through optimal method according to the importance of structures, failure 
consequences, causes and modes of structures, and economic ability.  Because of the deficiency of 
statistical information and considering the succession of the specifications, the target reliability 
index used in current codes is adopted by calibrating to the safety level implied by existing codes. 
Similar to AISC LRFD [3], GB50068-2001 [5] is also a probabilistic design code based on the limit 
states of structural components, and its target safety level, as shown in Table 1  denotes reliability 
index Pf denotes failure probability , is taken to be the probabilities of structural failure implied by 
given codes which are judged to be acceptable in China.  For the sake of simplification and 
conservative consideration, it is reasonable that the target reliability index used in RID can has a 
increase of 0.5 compared to the target reliability index employed in the limit state design approach 
based on individual members with ductile failure mode, because although the integrated failure of 
steel frames is ductile, its importance level is comparative to that of component failure of structures 
with brittle mode, so the target reliability index of the former is the same as the latter.  

Table 1. Target reliability index employed in current specification and RID 
Importance class of structures 

Class 1 Class 2 Class 3 Design method Failure mode 
Pf Pf Pf

Brittle failure 4.2 1.3 10-5 3.7 1.1 10-4 3.2 6.9 10-4Current
specification Ductile failure 3.7 1.1 10-4 3.2 6.9 10-4 2.7 3.5 10-3

RID Ductile failure 4.2 1.3 10-5 3.7 1.1 10-4 3.2 6.9 10-4

2.2. Load and Load Combination 

Three types of loads need to be considered in the reliability-based integrated design of steel frames. 
They are dead load, live load and wind load. The statistic data of these loads are tabulated in Table 
2. Two loading cases are investigated.  One is vertical dead load with vertical live load and the 
other is vertical dead load with simultaneously vertical live load and horizontal wind load.  In 
assessment of system reliability, dead load and live load are treated as random load in loading case 
1 while only wind load is treated as random load in loading case 2. 

Table 2. Statistic data of various loads 
 Ratio of mean to 

normal value (K) Coefficient of variance(COV) Distribution type 

Dead load 1.06 0.07 Normal  
Live load 1.00 0.25 Gumbel 
Wind load 0.999 0.193 Gumbel 

2.3. Statistics of Structural Resistance 

The randomness of structural resistance of steel frames is mainly relevant to the randomness of the 
sectional geometry, the randomness of material yielding strength and the randomness of calculation 
mode for determining structural resistance, the statistics of which are listed in Table 3 [6].  

It is observed that the PDF curves of structural resistance of steel frames under the two loading 
cases fit lognormal distribution quite well [7].  Therefore, the structural integrated resistance of 
steel frames will be assumed to follow a lognormal distribution in the following calculation of load 
and resistance factors. 
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Table 3. Statistics of principal random variables influencing structural resistance  
Ratio of mean 
to normal value Coefficient of variance  

Length or width 1.000 0.0135 Geometrical parameters thickness 1.000 0.0350 
t 1.070 0.081 
16mm<t 1.074 0.077 
40mm<t 1.118 0.066 

Q235  

60mm<t 1.087 0.066 
t 1.040 0.066 
16mm<t 1.025 0.076 
35mm<t 1.125 0.057 

Yielding strength of 
steel

Q345 

50mm<t 1.184 0.083 
Vertical load 1.000 0.075 Calculation mode for 

determining structural 
resistance Horizontal and vertical load 1.000 0.075 

2.4. Practical Design Formula 

Reliability-based integrated design method for steel portal frames is first introduced in [4].  The 
practical design formula of this method can be written as 

niin SR 0/  (1) 

where nR  is the nominal value of structural resistance determined by nonlinear structural analysis, 
niS is a load effect, and i  are the factors of structural resistance and load effect, which can be 

obtained by reliability analysis of structures, i stands for the number of load effects, and 0  is the 
importance factor of structures. Though Eq.(1) is similar to that of traditional LRFD, they factually 
differ from each other because the factors of resistance and load in RID are based on ensuring 
reliability of structural system, rather than reliability of individual members as in LRFD. 

2.4.1. Importance Factor 

The value of importance factor 0  used in conventional member-checked approach is taken as 

1. for structure components whose importance class is class one or serviceable life is more 
than 100 years, 0  should not be less than 1.1; 

2. for structure components whose importance class is class two or serviceable life is 50 
years, 0  should not be less than 1.0; 

3. for structure components whose importance class is class three or serviceable life is 5 
years, 0  should not be less than 0.9. 

Since 0  is only relevant to the importance of structures, the importance factor of structures 
employed in RID can take the same value as in LRFD, stated as above. 

2.4.2. Load and Resistance Factors 

The process of determining the load and resistance factors in the formula for RID is similar to that 
for traditional limit-state design, except that the factors of the former come from assessment of 
system reliability of structures whereas those of the latter from reliability calibration of individual 
members [2]. The flow chart for determining load and resistance factors for RID is given in 
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Figure 1 and the data used for this purpose are listed in Table 4, the values of resistance statistics in 
Table 4 are taken from the sampling of the structural resistance which is calculated by finite 
element program. 

Table 4. Data used in calculation of load and resistance factors 
(a) Q235

Load case Resistance factor Load factor Load ratio Resistance statistics 
Dead load Live load Live load/ dead load COV KR

3)1 1.20 
1.00-1.601) 1.40-3.001) 0.50-1.102) 0.110 1.035 
Dead load live load4) Wind load none COV KR

3)2 1.20 
1.0 1.10-2.651) none 0.108 1.065 

(b) Q345
Load case Resistance factor Load factor Load ratio Resistance statistics 

Dead load Live load Live load/ dead load COV KR
3)1 1.20 

1.00-1.601) 1.40-3.001) 0.50-1.102) 0.110 1.046 
Dead load live load4) Wind load none COV KR

3)2 1.20 
1.0 1.10-2.651) none 0.121 1.103 

1) Interval is equal to 0.05
2) Interval is equal to 0.15
3) KR is the ratio of mean to normal value of structure resistance
4) The summation of dead load and live load is treated as a constant load in load case 2. 

For the convenience of practical application, the resistance factor, , can be taken as a constant 
being equal to 1.2, and the optimal load factors can then be determined according to the target 
reliability with this strategy.  Following the process of calculation shown in Figure 1, the load and 
resistance factors with a certain system reliability for reliability-based integrated design of steel 
frames can be determined.  The relative errors between RKij and R*

Kj indicated in Figure 1 under 
different load factors and different target reliability index is shown in Figure 2.  The optimal load 
and resistance factors for RID aiming at definite target reliability levels are listed in Table 5. 

Since the final values of resistance factors are very close to the initial value 1.2, it is acceptable that 
uniform resistance factor for RID, =1.2, can be employed in the practical application.  

Table 5. Optimal load and resistance factors and their errors 
(a) Q235 

Load case 1 Load case 2 
t

G L
/
R W G L 1.0

2.7 1.10 1.60 1.1898 5.08398e-004 1.45 2.53647e-004 
3.2 1.10 1.90 1.1969 7.09022e-005 1.70 1.46003e-005 
3.7 1.10 2.25 1.2023 2.55264e-005 1.95 1.61455e-007 
4.2 1.10 2.70 1.1927 2.21763e-004 2.25 9.66120e-006 

(b) Q345 
Load case 1 Load case 2 

t
G L

/
R W G L 1.0

2.7 1.10 1.55 1.1972 2.80723e-004 1.45 1.07029e-005 
3.2 1.10 1.85 1.2025 1.02353e-004 1.65 8.15408e-005 
3.7 1.10 2.20 1.2061 1.40213e-004 1.90 1.22249e-004 
4.2 1.10 2.65 1.1948 1.13074e-004 2.20 5.76273e-005 
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note1. Rj is determined by First Order Second Moment(FOSM) method with the statistics listed in table 4; 

Figure 1. Flow chart for calculation of load and resistance factors. 

start 

Structural resistance by:RKij= R ( Gi GKj + Li LKj)

Desired load factors( G L ) is that makes  minimum 

Optimal resistance factor under ( G L ) is:
R = R*

Kj SKj / ( SKj)2 (see note 2)

Given resistance factor R

Structural resistance by: R*
Kj = Rj / KR (see note 1) 

Relative error between RKij and R*
Kj

= (1.0 – RKij / R*
Kj)2  i=1,2,3,…,N

 Given a series of combination of dead and 
live load factors ( G L)i i=1,2,3,…,N 

Given a series of live-to-dead load 
ratio (GK LK)j j=1,2,3,…,M 

R close to R ?

end

yes 

no

j =M ? 

i=N ? 
yes 

no

no

yes 

note2. RKj is obtained by RKj= G GKj + L LKj
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Then the expressions for design of steel frames under loading cases 1 and 2 with the target system 
reliability index being equals 3.7 can be obtained as 

For Loading case 1, Q235 steel 
nnn LGR 25.210.12.1/  (2a) 

Q345 steel 
nnn LGR 20.210.12.1/  (2b) 

where nR is the normal value of structure resistance under loading case 1, determined by nonlinear 
structural analysis nG  and nL  represent the normal values of dead and live load effects. 

For Loading case 2, Q235 steel 
nnnn WLGLGR 95.1))(00.1)((2.1/  (3a) 

Q345 steel 
nnnn WLGLGR 90.1))(00.1)((2.1/  (3b) 

where nR  is the normal value of structure resistance under loading case 2, determined by 
nonlinear structural analysis(in the process of calculation, the value of nR  is determined under 
constant dead load and live load) nW  represents the normal value of wind load. 

b Q345 steel
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Figure 2. Relative error comparisons when calculating load and resistance factors

a Q235 steel
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2.5. Design steps 

The design steps using RID are 

1. determine the structural size, material type, and the values of nominal loads of the steel 
frame design for; 

2. select a group of sectional dimensions for the frame and perform the integrated nonlinear 
frame analysis, by which the nominal resistances of the trial frame (Rn in the design 
formula) under two loading cases are obtained; 

3. check the design formula with the nominal frame resistances and the nominal loads; 

4. repeat steps 2 and 3 till the design equations are satisfactorily met. 

3. APPLICATION 

3.1. An Example 

An asymmetric two-storey two-bay steel frame is shown in Figure 3 [8]. Using this example, we 
can compare different design methods such as RID, PID and LRFD. The loads in Figure 3 is the 
summation of normal values of dead load and live load and the ratio of dead to live load is 1.0. The 
statistics used for reliability analysis is listed in Table 6. The normal value of yielding strength of 
steel is 248MPa and the elastic modulus is 206GPa. 

Table 6. Statistics of loads and yielding strength of example frame [8] 

Statistics Ratio of mean to normal 
value

Coefficient of 
variance  

distribution 

Dead load 1.00 0.08 Normal 
Live load 1.00 0.25 gumbel 
Yielding strength 1.05 0.10 gumbel 

The design steps of PID are similar with those of RID. However, the load and resistance factors 
employed in PID are taken from LRFD, as 

for loading case 1 

nnn LGR 60.120.190.0  (4)

hinged 

Figure 3. Dimensions and loads of a two-storey two-bay steel frame 
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where Rn is the nominal value of the structural resistance against vertical loads determined by 
nonlinear integrated structural analysis, and Gn and Ln are respectively the nominal value of dead 
and live load effects, and 

for loading case 2 

nnnn WLGLGR 30.1))(20.1)((90.0  (5) 

where Rn is the nominal value of the structural resistance against horizontal loads determined by 
nonlinear integrated structural analysis when the summation of dead load and live load is equal to 
1.20 times of its nominal values, and Wn is the nominal value of wind load. 

3.2. Design Results  

The steel frame shown in Figure 3 is designed by various methods, including traditional LRFD, 
PID and RID. The sections of components and the steel consumption of the frame obtained by 
different design methods are given in Table 7. Since for this steel frame, the loading case 1 is the 
control loading case, then the reliability of loading case 2 is not considered. 

The results of system reliability for the frame designed by various methods are listed in Table 8, 
where  and fp  are respectively the reliability index and failure probability.  

The design results show that the system reliability index of the frame designed by LRFD is larger 
than the target reliability index, which is 3.7, but the system reliability of PID is lower than that 
level. While the reliability index of frame designed by RID is close to the expected reliability level 
and meets the requirement of structural integrated design. The steel consumption of the frame 
designed by RID is also reasonable, which is between the values obtained respectively by LRFD 
and PID. 

Table 7. Comparison of component sections and steel consumption obtained by various methods 
 Design method LRFD PID RID 

C1 W12 19 W12 14 W12 16 
C2 W14 132 W14 99 W14 109 
C3 W14 109 W14 82 W14 99 
C4 W10 12 W10 12 W10 12 
C5 W14 109 W14 99 W14 109 
C6 W14 109 W14 99 W14 109 
B1 W27 84 W27 84 W27 84 
B2 W36 135 W30 108 W30 108 
B3 W18 40 W18 40 W18 40 
B4 W27 94 W27 84 W27 94 

Components 

Steel consumption 
(103kg)

9.59 8.51 9.12 
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Table 8. System reliability of the frame designed by LRFD, PID and RID 

Design method fp

LRFD 4.4591 4.1148e-006 
PID 3.2033 6.7923e-004 
RID 3.8427 6.0856e-005 

4. CONCLUSIONS 

The Reliability-based Integrated Design (RID) of planar steel frames is studied in this paper. The 
following conclusions can be drawn from above studies: 

1). The system reliability index of steel frames designed by RID is larger than that designed 
by PID and  lower than that designed by LRFD, while it is close to the expected 
reliability level and meets the requirement of structural integrated design. 

2). Although it is also an integrated design method, PID cannot provide a check of the system 
reliability level since the load and resistance factors in its design expressions are coming 
directly from LRFD without consideration of system reliability. So the system reliability of 
a structure designed by PID cannot be guaranteed. 

3). From the example concerning design of a steel frame, it can be seen that RID consumes 
less steel than LRFD. This novel design method can make up the insufficiency of 
conventional design method and facilitate the design procedure without requirement of 
member checks, while ensuring system reliability. 
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ABSTRACT:  A possible solution to strengthen end-plate bolted composite joints is to extend the end-plate below 
the beam and to add a haunch in the corner with the column.  This strengthening arrangement is studied in this paper 
from both theoretical and experimental approaches.  Experimental results are analysed and compared with theoretical 
ones issued from analytical models essentially based on Eurocodes 3, 4 and 8 [1-6].  Results are interpreted in terms 
of rotational stiffness, moment resistance and rotation capacity.  The contribution of haunches to strengthen a beam-
to-column joint and to dissipate energy under cyclic loadings is quantified. 

Keywords:  Composite construction; Beam-to-column joint; End-plate bolted joint; Haunch; Seismic action. 

1. INTRODUCTION

End-plate bolted beam-to-column joints are currently used in Europe in steel and composite 
constructions.  In composite constructions, generally these joints appear semi-rigid and partial 
strength.  The use of such joints in anti-seismic moment resisting frames is allowed now by the 
seismic code Eurocode 8 - Part 1 [5].  Nevertheless, recent studies have shown that such design 
should be limited to areas of low and medium seismicity; but in zone of high seismicity, the joints 
should be strengthened to become rigid and full-strength. 

After Northridge earthquake, researches carried out on steel welded beam-to-column joints have 
shown that adding haunches provided a good solution to strengthen a joint and to obtain good 
seismic performances, SAC [7], Lee and Uang [8], NIST [9], Gross et al. [10], Yu et al. [11].  Main 
results of these researches were grouped in a State of the Art Report published by the Federal 
Emergency Management Agency, FEMA-355D [12], as well as recommendations, FEMA-351 
[13], including a design procedure for welded haunch connections.  More recently, a draft of 
Eurocode 8 - Part 3 [6] has proposed recommendations to strengthen beam-to-column steel and 
composite connections by adding haunches. 

In the case of end-plate bolted composite connections, haunches located at the bottom side of the 
beam flanges seem more convenient for fabrication.  Also it is suggested by Gross et al. [10] to 
adopt an haunch depth b  0.33 times the beam depth db, with an angle of the haunch  30° to 
limit the haunch web slenderness.  In the present study, we have opted for a simple predesign 
method adopting the haunch depth b equal to the steel beam depth db and the haunch length a equal 
to 2b.  These dimensions make easier the haunch fabrication cut out directly from the steel beam.  
In addition, such a predesign method allows to ensure a better balance between hogging and 
sagging moment resistances in a composite connection (Table 2). 

Adopting such a strengthening strategy, 5 tests dealing with steel and composite joints equipped 
with haunched bolted end-plates, with two arrangements (T and cruciform as shown in Figures 1 
and 2 respectively) has been fabricated and tested (group 1 in Table 1).  A companion series of 5 
similar tests, simply end-plate connected without haunch strengthening (Figures 3 and 4), has been 
fabricated simultaneously and then tested in order to clearly evaluate the haunch contribution 
(group 2 in Table 1). 
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T  arrangement Cruciform arrangement
(unsymmetrically loaded)

An analytical approach mainly based on the works of Lee and Uang [8] and adopted recently in 
Eurocode 8 – Part 3 is firstly adapted to the static design of haunches in composite beam to steel 
column joints.  In a second step the main characteristics of rotational stiffness and moment 
resistance of haunched end-plate bolted connections have been determined from Eurocodes 4 and 3 
concepts (using measured material properties).  Analytical results are compared to experimental 
ones in order to evaluate the good performances of these analytical models.  The influence of the 
haunch on the joint design has been taken into account (with regard to shear connection, 
reinforcement, column web panel…).  In addition the plastic energy dissipation mainly located 
outside the joint in the case of full-strength beam-to-column joints is evaluated experimentally and 
compared to the energy dissipation obtained in the case of partial-strength beam-to-column joints.  

2. ANALYTICAL STATIC DESIGN MODELS 

2.1. Haunch Static Design  

2.1.1. Determination of the bending moment and the vertical shear at the haunch tip 

Previous studies, Yu et al. [11], have shown that the contribution of the haunch web to the stiffness 
in the haunch flange direction was minor (equal or less than 5%). So, a simplified model idealizing 
the haunch flange as an elastic strut has been developed. Considering the beam vertical shear , EdV ,
at the haunch tip, a parameter  is introduced to define the vertical reaction force EdV
transmitted to the steel beam at the haunch tip. This parameter quantifies the force distribution 
within the haunch region. 
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The model was developed only for steel joints; in this study it is adapted to composite solutions of 
haunched joints, introducing composite beam characteristics and distinguishing moment values and 
neutral axis positions in sagging and hogging bending. 

The static design of the haunch is based on the moment and vertical shear that develop at the tip of 
the haunch when a plastic hinge occurs in the beam. Following the step-by-step design procedure 
proposed by Yu et al. [11], a first step consists in the determination of maximum sagging and 
hogging bending moments EdM  exerted by the composite beam, namely: 

R,plEd MM  (1) 

 is a moment overstrength factor for which the adopted value of 1.1 seems reasonable in 
comparison with current codes (see 6.5.5 (3) in Eurocode 8 – Part 1). 

dhb

b
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Figure 5. Simplified  Model  of Haunch Connection 

In the experimental context of the present paper R,plM  is determined using the mean measured 
values of the yield strength of structural steel fy, of the concrete strength fc and of reinforcement 
strength  fs . It should be noted that in actual design where the properties of the materials are 
defined generally by the nominal or characteristics values fyk, fck and fsk, the strengths used to 
determine the design moment resistance Rd,plM  would be obtained introducing material 
overstrength factors, in particular for the structural steel: fye = ov.fy  with  ov  1.25. Also partial 
safety factors would be used for the materials taking into account the accidental nature of the 
seismic action (for instance: a = 1.0 for the structural steel; s = 1.0 for the reinforcing steel; and c
= 1.30 for the concrete). 

Considering the testing arrangement, the design vertical shear EdV  is evaluated simply as follows: 
'LMV EdEd  (2) 

where : L’ = L – a (see Figures 1 to 5) 

In actual design, EdV  would be given by: 

G,Ed''
Rd,plRd,pl

Ed V
L

MM
V

where
L’’ would be the distance between the two plastic hinges occurring near the ends of the concerned 
beam span, and  
VEd,G would be the vertical shear at the plastic hinge location due to uniform and concentrated 
vertical loads acting within L’’.
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From the idealized model presented in Figure 5 of an elastic composite beam bearing on an elastic 
support represented by the haunch flange, the non-dimensional parameter  (in sagging (+) and 
hogging (-) bending respectively) may be evaluated considering the force equilibrium and the 
deformation compatibility at the haunch tip between the beam flange and the haunch flange.

So, in both sagging (+) and hogging (-) bendings,  is given by: 

3
hf

2,1

b

2,122

cosA
I6

A
I6

b2bd6)d(6

ab2'bL3ad3d'L6
a
b (3)

where:
I1 and bA  are respectively the second moment of area under sagging bending and the associated 
cross-sectional area of the composite beam; 
I2 and bA  are respectively the second moment of area and the cross-sectional area of the composite 
beam, neglecting the concrete in tension but including reinforcement; 
Ahf  is the area of the haunch flange; 
a, b and   are the length, the depth and the angle of the haunch, defined in Figure 5; 
d+ (d-) is the distance from the plastic neutral axis under sagging bending (hogging bending) to the 
external face of the lower flange of the beam. 

2.1.2. Design checking 

Firstly, a global check should be satisfied which consists in having the sum of the moment 
resistances of the two columns above and below the joint greater than the sum of the moments 
transmitted by the two beams through the haunch that frame into the column. This condition has led 
to extend the supplementary web plates of the column sufficiently beyond the web panel (over 20 
cm). 

The strength and the stability of the haunch flange have to be checked using the following 
conditions:

Strength:
sinf
V

A
hf,y

Ed
hf ; (4)

Stability: 
hf,yhf

hf

f
23510

t
c

, according to class 2 of Eurocode 3 - Part 1.1 [1] (5) 

Likewise for the haunch web: 

Strength:
3

f
3

a1
2

d
tan2

'L
I12

aV hw,y

2,1

Ed
hw (6)

Stability:
hw,yhw f

23538
t
sina2   (7) 

 (class 2 of Eurocode 3 for a web depth 2asin   in compression)  

hf,yf and hw,yf  are the mean yield strengths of the haunch flange and the haunch web respectively; 
chf and hft  are the flange outstanding and the flange thickness of the haunch respectively; 
hwt  is the haunch web thickness. 



 Analytical and Experimental Investigations of Bolted Haunched Beam-to-Column Joints with a View of Seismic Design 141 

Yielding and shear buckling of the web of the steel beam part above the haunch should be checked 
on the basis of the hereafter vertical shear: 

Edb,Ed V1V (8)

noting that b,EdV  is, in general, significantly less than EdV . It may be observed from (8) that the 
direction of the beam vertical shear b,EdV  is opposite to that developed outside the haunch region 
when  1.0 (which occurs most of the time) 

The local resistance due to the concentrated load tan
EdV  where the haunch flange intersects 

the column flange should be checked and the column web should be stiffened if necessary; 
likewise the steel beam web at the haunch tip should possess sufficient strength to resist the 
concentrated load EdV ; generally, it needs to be stiffened transversally. 

Yielding in tension of the top flange of the steel beam part above the haunch and of the slab 
reinforcement under hogging bending should be checked appropriately. For instance, the tension 
stress in the steel flange is given by: 

b
b

Ed
b

EdEd
Edbft A

Iddh
I

V
dh

I
aVM 2

22
,

tan/1
(9)

A similar expression of (9) may be obtained for Eds, in the reinforcement. Conditions yEdbft f,
and ysEds f,  lead to  a minimum value min of -. If  - is less than minimum value min  the area 
of the haunch flange or the haunch geometry should be modified. 

Also yielding of the lower flange of the steel beam and concrete strength in compression of the slab 
under sagging bending should be checked leading to satisfy other minimum value min .

Recommendations are made to use full penetration butt welds to connect the end of the beam and 
the haunch to the end-plate, the haunch to the lower flange of the beam and transverse stiffeners to 
the flanges of the beam and the column. According to Eurocode 8, full penetration butt welds are 
deemed to satisfy the overstrength criterion with regard to the adjacent structural steel. 

Nevertheless if two-sides fillet welds were considered to connect webs of the beam and the haunch 
to the end-plate, also to connect the haunch web to the beam flange and the transverse stiffeners to 
the beam, the following requirement of Eurocode 8 should be met: 

yed RR ;
where:
Rd is the resistance of the two fillet welds; 
Rye is the plastic resistance of the connected dissipative member based on the mean measured value 
of yield stress of material (adopting a value fyov R , where ov is the overstrength factor, in a design 
context).

2.2. Joint Static Design 

The joint static design was based on the component method of Eurocode 3 – Part 1-8 [3] 
considering the joint as an assembly of simple components whose mechanical properties are clearly 
identified and  able to characterize the whole behaviour of the joint generally expressed in terms of 
moment-rotation curve. A refined model for the general case of haunched composite beam-to-
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column joint is shown in figure 6. All components are modelled physically by translational springs 
and are able to simulate the transmission of internal forces in the joint as tension, compression, 
bending or shear. 

The particular case of haunched steel joints is very partially covered in clause 6.1.1 (2) of 
Eurocode3 Part 1-8.

It can be seen in Figure 6 that groups of springs may act in parallel or in series. The springs 
presented in this figure deal with the following components: 

Figure 6. Component model for a composite beam-to-column haunched joint 

Column web panel in shear (1); effect of concrete encasement on the stiffness and strength of the 
web panel (1’); 
Column web in transverse compression (2); effect of concrete encasement on the stiffness and 
strength of the column web (2’); 
Column web in tension (3); 
Column flange in bending (4); 
End-plate in bending (5); 
Bolts in tension (10); 
Longitudinal steel reinforcement in tension (14); 
Shear connection (15); 
Slab in compression facing the column (16). 

In hogging bending, taking into account the position of a transverse stiffener just in front of the 
haunch flange, the centre of compression is assumed to be located at mid-thickness of the haunch 
flange. According to Eurocode 3 – Part 1-8 [3], the resistance moment in hogging bending )th(

R,jM
may be determined from: 

r
rR,trsrR,s,tr

)th(
R,j h.Fh.FM (10)
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where:
R,trF   is the effective design tension resistance of bolt-row r; 

R,s,trF  is the design tension resistance of a row r of the reinforcing bars included within the effective 
width of the concrete flange (adopting an effective width )15.0/25.0()4/(b 0eff where 0 is 
the cantilever span and where 0.25/0.15 is an amplification factor for hogging bending zone in 
accordance with clause 5.4.1.2 in Eurocode 4.1.1 [4]; 

srh  and rh  are the distances from row r of reinforcing bars or bolts to the centre of compression, 
r is the number of a particular row. 

The tension resistance Ftr R of bolt-row r as an individual bolt-row should be taken as the smallest 
value of the tension resistance for an individual bolt-row of the following basic components: the 
column web in tension Ft,wc,R, the column flange in bending Ft,fc,R, the end-plate in bending Ft,ep,R
and the beam web or the haunch web in tension Ft,wb,R.
Dealing with the bolt-rows closest to the centre of compression, a reduction of their tension 
resistances may be applied in such a way that: 

)
V

,F,Fmin(FF R,wp
R,fh,cR,wc,c

r
R,tR,s,tr  (11) 

where:
R,wc,cF  and R,fh,cF are the resistance of the column web in compression and the resistance of the 

haunch flange in compression (and partially the web), respectively. 
Rd,wpV  is the plastic shear resistance of the column web panel (of appropriate slenderness) and

 is a transformation parameter defined in clause 7.3.3 of Eurocode 3 Part 1-8: 
2MM1 Ed,1,jEd,2,j1

2MM1 Ed,2,jEd,1,j2  (12) 
where:

1  is the value of the transformation parameter   for the right-hand side joint ; 

2  is the value of the transformation parameter   for the left-hand side joint; 

Ed,1,jM  is the moment applied to the right joint at the load introduction cross section (figure 6); 

Ed,2,jM  is the moment applied to the left joint at the load introduction cross section (figure 6); 
In the present study,  = 1  for the T joint configuration and 1.5  2.0 for the cruciform one. 

Provided that the axial force NSd in the connected member does not exceed 10% of the axial cross-
sectional resistance Npl,Rd of its cross-section, the initial rotational stiffness Si,ini of a joint, for a 
moment Mj,Sd less than the moment resistance Mj,Sd of the joint, may be obtained from: 

1

eq21

2
eqa

)th(
ini,j k

1
k
1

k
1)z(ES  (13) 

eq

r
rr,eff

eq z

hk
k       ;

r
rr,eff

2
r

r
r,eff

eq hk

)h(k
z      ;

1

i r,i
r,eff k

1k  (14) 

where:
Ea is the modulus of elasticity of steel; 

eqz is the equivalent lever arm, 
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1k is the stiffness coefficient for the column web panel in shear, 

2k  is the stiffness coefficient for the column web in compression, 

eqk  is the equivalent stiffness coefficient related to the group of bolt-rows and longitudinal 
reinforcement in tension (the latter modified by the reduction factor slipk  due to the slip effect of 
the shear connection as given by clause (A5) in Eurocode 4 Part 1-1 [4]; 

r,effk is the effective stiffness coefficient for layer r; and 

r,ik  is the stiffness coefficient representing component i relative to layer r;

rh  is the distance between layer r and the centre of compression. 

In sagging bending, assuming a centre of compression located at the mid-thickness of the concrete 
slab ( only considering the thickness above the sheeting ribs), expressions similar to the above ones 
may be adopted, replacing R,wc,cF  and R,fb,cF by the bearing resistance R,cF  between the slab and the 
column and introducing a specific stiffness coefficient ck  for the slab in compression. More details 
may be found in Ciutina [14]. 
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)th(
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Under reversal bending moment, the total force due to the compression of the slab on one side plus 
the tension of the reinforcement on the other side should be transferred to the column using the 
resistances of two mechanisms Eurocode 8 - Part 1 (Annex C) [5]: 

- a direct compression on the column flange: 
)f85.0(dbF ceffc1R  (17) 

where:
bc is the column flange width, 
deff  is the thickness of the slab above the ribs of the profiled sheeting for composite slabs 

(and overall depth of the slab in case of solid slab); 

 - a compressed concrete struds inclined to 45° on the column sides: 
)f85.0(dh7.0F ceffc2R  (18) 

where hc is the depth of the column steel section. 
In addition the tension strud model requires a tension-tie cross-sectional area:  

sk

2R
T f

F5.0A  (19) 

over a width hc and fully anchored. This area AT is introduced on both sides of the column to 
account for reversal of bending moments 

The resistance offered by the two mechanisms is given by: 
2R1RR,c FFF  (20) 

It is to point out that the presence of haunch in a beam to column connection creates an enlarged 
panel zone. The distribution of internal forces in a such enlarged panel zone is different from that of 
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the single panel zone (without haunch). Lee and Uang [8] for welded beam-to-column joint and on 
the basis of results of finite element analysis and available full-scale test results have developed an 
analytical procedure to model the stiffness and strength of an enlarged panel zone. In the case of 
haunched end-plate bolted composite joints the problem is more complex and has not been 
investigated yet. In the next future one of the objectives of the authors of this paper is to develop a 
scientific background about this topic. For want of something better, a simplified checking may be 
used evaluating the panel shear as follows: 

3

f
A9.0

2
VV

Z
M

Z
M

V cw,y
vc

1C2C

eq

Ed,1j

eq

Ed,2j
Ed,wp  (21) 

where
VC1 and VC2 are the horizontal forces exerted by the column ends (Figure 6) and Avc is the shear 
area of the column.   

3. PRESENTATION OF THE EXPERIMENTAL INVESTIGATION 

3.1. Program of tests 

Completing Figures 1 to 4, Table 1 presents the main characteristics of ten full-scale beam-to-
column joints (major axis connections) tested at INSA of Rennes-France. All the specimens 
include bolted end plate connections, with upper and lower external rows of bolts in the case of 
steel joints and only lower external bolt row in the case of composite joints.  
In Table 1, two main Groups of tests may be distinguished: 

- Group 1  with full-strength joints  with haunches; 
- Group 2 with partial strength joints without haunches. 

Each group comprises steel and composite joints with T and cruciform arrangements, 
monotonically or cyclically loaded. 

For all the tests, as shown in Figures 1 to 4, transverse stiffeners have been welded to the 
column flanges in the web-panel. Except for test G13, all the bolts were tightened at their 
nominal preload. All the welds were made by the semi-automatic inert-gas arc method with full 
penetration butt welds, using E MAG 136 procedure and T46 4 MM2 H5 consumables, 
according to European norms (EN 287 and EN 288). 

For all the composite specimens (except G18), common characteristics are a full shear 
connection with welded headed studs  = 19 mm (h =  80 mm or 100 mm) and , a composite 
slab (cast on a steel sheeting COFRASTRA 40) whose cross-section of dimensions 120 1000
mm is reinforced by 10 longitudinal rebars 10 mm and by transverse rebars 10 mm spaced 
each 10 cm, with 2 additional transverse rebars near the column flanges to ensure a strut-tie 
action according to (19). 

Although the main objective of the present research is the effect of joint strengthening on the 
joint seismic performances by introducing haunches, other parameters are considered as the 
performance of the composite solution in comparison with the steel one (for that, steel reference 
tests have been performed prior each series of composite tests; i.e. G13, G16 and G19 in 
comparison with G15, G18 and G20 respectively. The contribution of the column web panel to 
the global performance of the joint is also analysed. 



146 A. Lachal et al.
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Cruciform
(internal

joint)

HEB200 (S355) 
(fy  = 350 N/mm2)

web stiffeners 

IPE 240 (S235) 
(fy  = 347 N/mm2)

cyclic
(ECCS) 

YES (2 12) 

510 160 20
(S235)

(fy  = 320 N/mm2)
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G13
(steel)
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G15

T
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joint)
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(fy  = 454 N/mm2)

web stiffeners 

IPE 360 (S235) 
(fy  = 278 N/mm2)
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(S235)

(fy  = 280 N/mm2)
HS10.9 22mm

G19
(steel) NO
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(S235)

(fy  = 296 N/mm2)
HS10.9 20mm

G20 YES (2 6)
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(S235)
(fy  = 296 N/mm2)
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(internal
joint)
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(fy  = 340 N/mm2)

cyclic
(ECCS) 

YES (2 10) 
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(S235)
(fy  = 320 N/mm2)
HS10.9 20mm

3.2. Test Setups 

As presented in Figure 7 in the case of joints with a T arrangement the vertical load was applied 
at the end cross-section of the beam by means of an hydraulic servo controlled actuator.  

In the case of joints with a cruciform arrangement two vertical loads were applied at each 
cantilever beam end on each side of the column (Figure 8) by two hydraulic servo controlled 
actuators acting
out-of- phase for creating opposite directional loads. For all the tests the column was connected 
at its lower end to the platform by a fixed pinned support and at its upper end to a rigid braced 
frame by a moveable pinned support. 
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Figure 7. Test setup  (T arrangement )
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Figure 8.  Test setup (Cruciform arrangement )

3.3. Loading  Procedures 

In the case of monotonic tests, increases in joint rotation were applied continuously up to failure 
of the joint. For cyclic tests, the ECCS procedure was followed [15] in order to simulate the 
seismic action. The implementation of this procedure requires the first determination of two 
conventional elastic limit rotations y  and y associated with the corresponding elastic limit 

moments in hogging bending y,jM  and  sagging bending y,jM  respectively. 

As shown in Figure 9 the determination of such conventional elastic limit moments is obtained 
from the intersection between the initial tangent of slope Sj,ini to the monotonic curve and the 

particular tangent having a slope equal to 10
S ini,j . Due to the difficulty to determine practically 

the initial tangent to the monotonic curve, the authors propose to adopt a similar definition to the 
one given in Eurocode 3 [1-3]; then, the initial stiffness is defined as the slope of the secant line 
joining the origin and the point on the monotonic curve located at ordinate y,jM3

2 ; this 

construction requiring a short iterative procedure. Having no monotonic moment-rotation curves 
of reference for most of the tests presented in table 1, the skeleton curve enveloping the peaks of 
the first cyclic M-  curves have been used to determine the conventional characteristics y

useful to apply the ECCS procedure to the cyclic tests. So, the following simplified values have 
been adopted: 

y  = y = y = 2 mrad for external joints with a T configuration and; 

y  = y = y = 4 mrad for internal joint with a cruciform configuration. 
Figure 10 shows the successive increases of  rotation corresponding to the ECCS cyclic loading 
procedure:

4 cycles successively for the ranges 4
y  , 2

y , y4
3 , y ;

followed up to failure by series of 3 cycles each with a range yn2  where n = 1,2,3… 
Figures 11 to 14 show the experimental arrangements used for the tests.  
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elongation of bolts, flexural bending of end-plates and column flanges, shear deformation of the 
column web panel. Strain measurements are made for some tests by means of electric gauges 
bonded on longitudinal and transversal rebars near the column, in several beam cross-sections near 
the joint or inside the haunch. 

To determine the moment-rotation curves presented later on the following definitions have been 
considered:
 - the bending moment Mj applied to the joint is located at the column face, hence given by 
the product: 

Mj = FL  (kN.m) (21) 

where  L  is the appropriate lever arm defined in Figures 1 to 4.

- the total joint rotation j, including the connection rotation and the column web panel 
distortion, is deduced from the difference between the two inclinometers I2 (distinguishing I2L on 
the left side and I2R on the right side in the case of a cruciform joint) and I1:

j = I2 - I1     (mrad)     (22)

For end-plate connections (without haunches) where the beam contribution to the joint rotation is 
low, inclinometer I2 has been located at a short distance from the column flange, equal to about the 
half depth of the steel beam. On the contrary, for end-plate connections with haunches, where the 
joint rotation is due essentially to the beam rotation with the formation of a plastic hinge near the 
end of the haunch, inclinometer I2 has been located at a distance from the end of the haunch, 
generally greater or at least equal to the depth of the steel beam. Inclinometer I1 gives the rotation 
due to the flexural bending of the column.  
For joints with haunches, a supplementary inclinometer I3 is placed on the beam at mid-length of 
the haunch; allowing to distinguish the rotation due to the connection connection  = (I3 –I1) and the 
beam rotation beam  = (I2 – I3).

A global evaluation of the column web panel distortion can be deduced from the algebraic 
elongations 1 and 2 of the two diagonal transducers 1 and 2 as follows: 

)ab2()(ba 21
22  (23) 

where a and b are the horizontal and vertical sizes of the web panel.

Other rotations of the connection part have been deduced from elongation measurements of bolt 
rows, in the longitudinal direction, located on the width of end-plates. These values have been 
compared to the ones directly measured. 

4. EXPERIMENTAL RESULTS AND INTERPRETATION 

4.1. Global Results For Rotational Stiffness, Moment Resistance And Rotational Capacity 

All the experimental values collected in table 2 are defined at the load-introduction cross-section of 
the connection, i.e. the interface between end-plate and column flange. Elastic limit moments 

(exp)
y,jM  in sagging bending and (exp)

y,jM  in hogging bending, maximum bending moments /(exp)
maxM ,

initial rotational stiffnesses /(exp)
ini,jS  and global ultimate rotations /(exp)

u  (adding the joint and 
beam contributions) have been deduced from monotonic (test G17) or skeleton curves enveloping 
the peaks of cyclic M curves; as a reminder the exact definitions adopted for these 
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characteristics were defined before (figure 9). Theoretical values of rotational stiffnesses /)th(
ini,jS

and moment resistances /)th(
R,jM  have been calculated from the above-mentioned formulae, using 

mean values of the material properties and geometrical characteristics measured on each specimen 
(safety factors for materials being considered equal to one).   

Table 2. Theoretical (TH) and Experimental (EXP) Results 

TEST N° )th(
ini,j

)th(
ini,j

S
S

(kN.m/rad)

(exp)
ini,j

(exp)
ini,j

S
S

(kN.m/rad) 

)th(
R,j

)th(
R,j

M
M

(kN.m)

(exp)
y,j

(exp)
y,j

M
M

(kN.m) 

(exp)
max

(exp)
max

M
M

(kN.m) 

(exp)
u

(exp)
u

(mrad) 

failure mode 

GROUP (1) 
FULL – STRENGTH JOINTS WITH HAUNCHES

(cyclic)

G16
(steel)

177300
179200

93500
120000

608
598

484
483

560
620

51
60 yielding of the steel 

beam

(monotonic)

G17
(composite)

183700 126500 728 512 640 88
yielding of the 
composite beam 

(cyclic) 

G18
(composite)

183700
207500

115900
132100

728
696

494
541

670
740

35
40 yielding of the beam 

(limited by stud 
rupture) 

(cyclic)

G22
(steel)

53500
49900

22500
24900

209
197

183
194

191
198

58
50 yielding of the steel 

beam

(cyclic)

G23
(composite)

65900
87300

72300
150800

308
306

245
290

255
345

45
54 yielding of the steel 

beam

GROUP (2) 
PARTIAL – STRENGTH JOINTS WITHOUT HAUNCHES

(cyclic)

G13
(steel) 

53600
53600

32400
32400

224
224

260
260

326
300

33
30 beam flange to end-

plate weld rupture  

(cyclic)

G15
(composite)

38800
74600

53600
41100

299
282

300
237

340
326

28
25 weld rupture under 

hogging bending 

(cyclic)

G19
(steel) 16000

16000
8500

8500
74

74
72

94
105

125
70

70 beam flange to end-
plate weld rupture 

(cyclic)

G20
(composite) 15830

35890
22837

50517
150

150
101

162
150

237
58

48 beam flange to end-
plate weld rupture

(cyclic)

G21
(composite) 18940

44810
21983

55182
157

172
126

194
159

235
31

25 beam flange to end-
plate weld rupture

In general, for joints equipped with haunches, it is observed that theoretical values of stiffness and 
moment resistance are greater than the experimental ones (except the stiffness for test G23). The 
overstrength ratio between the theoretical moment resistance and the elastic limit moment (exerted 
by the haunched beam) ranges from 1.1 in sagging bending to 1.3 in hogging bending. These values 
appear sufficient compared to factor  = 1.1 already mentioned in relationship (1) to satisfy the 
principle of capacity design (leading to a main dissipation outside the joint). Consequently for tests 
of Group 1, the flexural yielding occurs systematically in the beam at the end of the haunch 
providing a rotation capacity generally greater than 35 mrad. As a reminder, this rotation capacity is 
required by Eurocode 8-1 (clause 6.6.4 (3)) in dissipative zones to consider frames in high ductility 
class (DCH) for which the behaviour factor q is equal to 6 at least. 

A reduction in rotation capacity often appears for tests of group 2 (for T as well as cruciform joint 
arrangements) due to the premature rupture in low-cycle fatigue of welds connecting end-plate to 
the beams. It should be pointed out that some details of the joint may lead to a premature rupture of 
welds (for example, an increase of  the thickness of end-plate and supplementary web plates 
between test G20 and test G21 produced a premature rupture of the weld connecting beam flanges 
to the end-plate, possibly explained by some lack of flexibility of the end-plates. Contrary to the 
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Considering the rotation ranges, the contribution of the connection rotation li to the global joint 
rotation j increases from 20% at the beginning of the test to 50% at the end before rupture of 
welds connecting beams to end-plates. The unsymmetrical behaviour observed in Figures 21 and 22 
between left side and right sides of the joint  is not only a consequence of the composite behaviour 
of the beams but also the plastic state initiated during the first cycles according to the sense of 
rotation.
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Figure 21-1. Mj,2,Ed - li (Test G20) 

-200

-100

0

100

200

300

-30 -10 10 30

Rotation(mRad)

Moment
(kNm)Load-

introduction 
(Connection)
Right Joint

Figure 22-1. Mj,1,Ed - li (Test G20)
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Figure 21-2. Mj,2,Ed - wp (Test G20) 
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Figure 22-2. Mj,1,Ed - wp (Test G20)
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Figure 21-3. Mj,2,Ed - j (Test G20) 
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Figure 22-3. Mj,1,Ed - j (Test G20)

For test G23 of group 1 (with haunch) moment-rotation curves of the connection, the column web 
panel, the joint and the beam (at the haunch tip) to the right side of the joint are presented in 
Figures 23-1, 23-2, 23-3 and 23-4 respectively. Considering the rotation ranges, the contribution of 
the connection rotation li to the global joint rotation j remains rather limited at the beginning of 
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the test in comparison to wp and greater at the end of the test before beam failure to reach 45 % of 
the global joint rotation j ; this latter remaining clearly lower (only 20%) than the beam rotation 
outside the haunch tip (as shown in Figure 23-4). 
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Figure 23-1. Mj,2,Ed - li ( Right Joint) 
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Figure 23-2. Mj,2,Ed - wp ( Right Joint)
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Figure 23-3. Mj,2,Ed - j ( Right Joint) 
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In figures 24-1 to 24-4 a comparison is made between the moment-rotation curves of the 
connection (Figure 24-1), the column web panel (Figure 24-2), the joint (Figure 24-3) and the beam 
(Figure 24-4) obtained for the monotonic test G17 and the corresponding cyclic test G18. For these 
tests, with a T arrangement, the same observations than the previous ones for tests G20 and G23 
dealing with the relative contribution of the connection, the column web panel, the joint and the 
beam to the global rotation can be made. 
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Figure 26. Comparison of Energy dissipation capacities 

In Figure 27, for haunched joints, the joint contribution is only 20% to 30% of the plastic beam 
energy dissipation (contrary to joints without haunches where the joint contribution is close to 
100%). Contribution of the joint components to the plastic energy dissipation is illustrated in 
Figure 28 for test G20 (without haunch) where the contribution of the connection is about 20% for 
a web panel contribution of 80% to the total joint rotation.  
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Figure 28. Comparison of plastic energy 
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4.4. Flexural Stress and Strain Distribution over the Depth of the Beams   

Figure 29-1 for the test G23 in hogging bending and Figure 29-2 for the same test in sagging 
bending show the flexural strain distribution within the steelwork part of the depth of two beam 
cross sections located near the haunch tip, one in the haunch region at 328 mm from the flange 
column face and the other outside the haunch region at 528 mm from the flange column face.  

In both cases, in hogging as well as in sagging bending a clear decrease of flexural strains appears 
in the lower part of the beam where the stiffening effect of the haunch acts. On the other end, in the 
upper part of the beam the strain reduction effect of the haunch remains negligible. For test G18 
with a T joint configuration similar observations are made in Figures 30-1 and 30-2 in both hogging 
and sagging bending.

From tri-axial strain gauge measurements, load - shear strain curves from the mid-depth of the web 
of two beam cross sections located on each side of the stiffener above the haunch tip (Figure 31-1) 
may be compared in Figures 31-2 and 31-3. For a same load exerted by the actuator, it can be 
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observed that the shear strain in the haunch region is in opposite direction as compared with the 
corresponding shear strain outside the haunch region, the range of shear strain variation being more 
reduced in the haunch region than outside the haunch region. 

This experimental result is a direct consequence of the effect of the vertical shear reaction 
transmitted by the haunch flange to the beam at the haunch tip. It confirms the hypotheses adopted 
previously in the haunch static design. 

Flexural stress distributions within the depth of the steel beam in the haunch region at 328 mm from 
the flange column face are presented in Figures 32-1, 32-2, 32-3 and 32-4 for both tests G23 
(cruciform internal joint) and G18 (T external joint). Test results are compared with two theoretical 
ones issued from the above proposed haunch design model on the one hand and from the simple 
beam theory on the other hand assuming the haunch region as a length of beam of variable cross-
section. A better accordance appears between experimental results and the proposed model than the 
beam theory one, more particularly for test G18 where the depth beam (IPE360) is higher than for 
test G23 (IPE 240). 
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Figure 29-1. Hogging bending (Test G23) 
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Figure 29-2. Sagging bending (Test G23) 
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Figure 30-1. Hogging bending (Test G18) 
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Figure 30-2. Sagging bending (Test G18) 
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Figure 32-1. Hogging bending (Test G23)
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Figure 32-2. Sagging bending (Test G23)
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Figure 32-3. Hogging bending (Test G18)
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Figure 32-4. Sagging bending (Test G18)

5. CONCLUSIONS 

Though haunched joints may be an expensive solution and their use limited to constructions with 
heavy loads in zones of high seismicity, the following conclusions may be drawn: 



 Analytical and Experimental Investigations of Bolted Haunched Beam-to-Column Joints with a View of Seismic Design 159 

Above results confirm, as well as for joints with a T arrangement than joints with a cruciform 
arrangement, that the use of haunch with a triangular shape cut out directly from a steel beam 
appears as a good solution to strengthen beam-to-column joints. 

Haunch solution improved significantly joint cyclic performances. Plastic energy dissipation 
may be twice greater at least and the rotation capacity can exceed 35mrad without risk of low-
cycle fatigue rupture in the welds connecting beam flanges on the end-plates. A significant 
increase of rotational stiffness, moment resistance and rotation capacity was observed in 
comparison with similar beam-to-column composite joints without haunches. 

The stiffening effect of the composite slab prevents any risk of buckling in the upper beam 
flange leading under sagging cyclic bending to an increase of 60% of the maximum moment 
compared with a same steel joint. On the other hand, in hogging bending, the composite slab 
does not bring reinforcing effect on the lower beam flange and the increase of the maximal 
moment is only 30%. 

Experimental results are rather in good agreement with the simplified model developed by the 
authors which appears well adapted for the haunch static design in composite beam-to-column 
joints.

It has been shown that Eurocodes 3 and 4 which do not give specific provisions about haunch 
strengthening, may offer a basic design guidance to suitably predict initial stiffnesses and 
moment resistances. 
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ABSTRACT:  A series of tests were performed to evaluate the cyclic behaviors of box-section steel beam-columns 
under cyclic bending.  The test was set up as a cantilever beam-column, loaded with cyclic transverse shear force at 
its free end, while the axial compression kept unchanged.  Three sets of tests with various axial compression ratios 
were tested to find out their influencing on cyclic behaviors, which were 0.0, 0.4 and 0.6, respectively.  In each set, 
there were five members with various width-to-thickness ratios of plates to consider their effects.  The hysteretic 
curves and failure mechanisms of each member were given according the test results, and the main influencing 
factors, such as axial compression ratio of the member, width-to-thickness ratio of its plates, were analyzed.  Then, 
the test results were compared with that of numerical analysis by the author.  In general, there was a good 
agreement between two results, it revealed that the numerical analysis was reasonable and could be used in practice. 

Keywords:  Beam-column; Cyclic bending; Experiment; Numerical analysis; Hysteretic behavior; Box-section. 

1. INTRODUCION

High-rise building will not only undergo the gravity static loads, but also the dynamic horizontal 
actions, such as earthquake and wind action.  In general, the latter becomes more important with 
the increase of building’s height.  In this case, the columns are subjected to large unchanged axial 
compression and varied bending moment.  As the inflection point of columns generally lies near 
its mid-height, the problem can be simplified as a cantilever subjected to cyclic transverse shear at 
its free end, while the axial compression kept unchanged.  For the facility of analysis, most 
researchers simplified the various action as a qusa-static manner, i.e., cyclic loading. 

In the early 1969s, Kato [1] established the cyclic curve of beam-columns under cyclic bending.  
In his model, the relationship of moment-curvature was built based on monotonic loading, and the 
material was assumed to follow rigid plastic hardening, so the model was inaccurate and 
overestimated the bearing capacity of the member. 

Toma and Chen [2] and Han and Chen [3] discussed the response of beam-columns under cyclic 
bending.  Many simplifications were introduced in the analysis to get a closed-form solution, so 
only one or less cycle could be performed, the behavior of members could not be predict after 
several cycles. 

Billio and Calado [4] carried out an experiment on beams under cyclic bending.  The phenomenon 
of capacity deterioration of beams was found in case of local buckling occurred in their study.  
Furthermore, a simplified numerical model was established to consider the effect of local buckling 
and fracture on the capacity deterioration. 

Macrae [5] performed an experiment on beam-columns under cyclic bending with constant or 
various axial compressions.  The aim of the test was to investigate the influence of axial force on 
the behavior of beam-columns.  It noted that the results on few tests were not reliable, and the 
limitation of axial force would not be relaxed before thorough analysis. 
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Watanable [6] put forward a simplified model to study the cyclic behavior of beam-columns with 
square hollow section.  In that model, the section was divided into many fibers, each fiber was 
assumed to follow uniaxial stress state, perfect elastic-to-plastic material was assumed, and the 
residual stress and initial geometric imperfection were not considered. 

Hao [7] studied the cyclic behavior of beam-columns with H-shaped sections.  The simplified 
plastic zone model was adopted in his numerical analysis, and the plastic damage accumulation was 
considered.  But the critical factors in the model were based on experimental results and varied 
with each member, so it could not be used to predict the behavior of members untested. 

Yamazaki and Minami [8] performed experiment and numerical analysis on box-section 
beam-columns under various axial force and cyclic bending.  In their analysis, the plane section 
hypothesis was used, and the one-dimensional hysteretic model of Ohi et al. [9] was adopted.  As 
a result, they found the transverse resistance of the member decreased dramatically with large axial 
compression, and the strength was between that of cyclic bending with constant maximum axial 
compression and that with minimum axial compression. 

Miki and Nethercot [10] built up a multi-failure mechanism numerical model of beam-columns 
with varied cross-section.  It found that two failure mechanisms would appear alternatively in one 
cycle, and the member would then lose its stability. 

Gao et al. [11] performed a finite element analysis on the ultimate strength and ductility capacity 
correlation between centrally loaded and eccentrically loaded columns subjected to cyclic 
transverse load.  Both geometrical and material nonlinearity was considered in the analysis, and a 
modified two-surface plasticity model is employed to model material nonlinearity.  As a result, 
equations were proposed to evaluate the ultimate strength and ductility capacity of the eccentrically 
loaded columns from those of the centrally loaded columns. 

To analysis the behavior of steel beam-columns under cyclic bending, the author [12,13] suggested 
a numerical method based on degenerated shell element, together with the updated Lagrange 
formulation and the mixed hardening material.  As a result, the author gave suggestions about the 
limit of width-to-thickness ratio of plates and the bearing capacity of members. 

In order to evaluate the hysteretic behavior of box-section steel beam-columns under cyclic 
bending, a series of tests was carried by the author.  This paper contains a description of test 
specimens, set-up and instrumentation, procedure, and results.  A comparison of the experimental 
and analytical results is also provided. 

2. TEST SPECIMENS 

A series of three group tests was conducted, corresponding with various axial compression ratios, 
which were 0.0, 0.4 and 0.6, respectively.  Each of the three groups contained five members with 
various width-to-thickness ratios of their plates.  These specimens were welded by hand-arc welds 
with E43 electronic rod, and the material of their plates is Q235B.  The test was set up as a 
cantilever beam-column, loaded with cyclic transverse shear force at its free end, while the axial 
compression kept unchanged.  The test was controlled by the transverse displacement at the free 
end. The configuration of specimens and loading scheme were described in Figure 1 and Table 1. 
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Table 1. Configuration of Specimens 
Displacements (mm) 

Item h/tw b/tf
h

(mm) 

b

(mm) 

tf, tw

(mm)
N/Afy

y

(mm) 1 2

S-1-0 23.0 19.0 92 76 4 0.0 9.81 10 20 10 

S-2-0 33.3 23.5 133 94 4 0.0 6.79 7 10 10 

S-3-0 33.5 29.0 134 116 4 0.0 6.74 7 10 10 

S-4-0 43.3 29.0 173 116 4 0.0 5.22 5 10 10 

S-5-0 43.5 36.0 174 144 4 0.0 5.19 5 10 5 

S-1-4 23.8 19.0 95 76 4 0.4 5.70 6 10 10 

S-2-4 33.3 23.5 133 94 4 0.4 4.07 4 5 5 

S-3-4 33.5 29.0 134 116 4 0.4 4.04 4 5 5 

S-4-4 43.3 29.0 173 116 4 0.4 3.15 3 5 5 

S-5-4 43.5 36.0 174 144 4 0.4 3.14 3 5 5 

S-1-6 23.0 19.0 92 76 4 0.6 3.96 4 5 2.5 

S-2-6 33.5 23.5 134 94 4 0.6 2.72 3 5 2.5 

S-3-6 33.5 29.0 134 116 4 0.6 2.72 3 5 2.5 

S-4-6 44.0 29.0 176 116 4 0.6 2.08 2 5 2.5 

S-5-6 43.5 36.0 174 144 4 0.6 2.11 2 5 2.5 

Note: i. h and b are the height and the width of the cross-section, and tw and tf are the thickness of its web and flange, 
respectively. 

     ii. N/Afy is the axial compression ratio. 
     iii. y is the transverse displacement when the extreme fiber at the fix end of the member yields. 
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3. TEST SET-UP AND TEST PROCRDURE 

Test set-up was shown in Figure 2.  The specimen (1) was fixed on the floor girder (2) through 4 
high-strength bolts (3), the diameter of which are 24mm, with the material grade of 10.9S (the 
tensile ultimate strength of the material is 1040N/mm2, and the yield strength is 940N/mm2).  The 
tested member was subjected to transverse cyclic load applied trough horizontal actuator (4), while 
a constant compressive load applied by vertical jack (5), which was free to move laterally in-plane 
on greased roller bearings (6).  The jacks were fastened in the test rig (7).  To prevent 
lateral-torsional buckling of the tested member, a lateral support (8) was provided. 

Figure 2. Test set-up 

The following procedure was used to obtain accurate and reliable results of each specimen: 
1. The specimen was set into position and connected to the floor girder. 
2. Jacks were mounted, connected, and aligned in order to prevent eccentricity. 
3. The axial compression was applied to the beam-column by vertical jack according to 

design.
4. The cyclic transverse displacements were applied according ECCS loading scheme.  

The displacement of first step was about 1/2 for one cycle as the member stayed in 
elastic state, and then displacement of 1 and 2 were applied for three cycles for some 
fibers of member yielded, after that an incremental displacement of  was added to the 
former step for three cycles ( 1, 2 and  were shown in Table 1). 

5. Test stopped when the specimen fractured or its bearing capacity dropped below 80% of 
the maximum. 

4. TEST RESULTS AND DISCUSSION 

4.1. Results of Coupon Test 
The coupon was designed according to the demand of Chinese National Standard Metallic 
materials - Tensile testing at ambient temperature (GB228-2002).  Based on the testing results, the 
material Q235B used in the experiment had the following characteristic values: Yong’s modulus 
E=2.05 105MPa, yield stress fy=279MPa, hardening modulus Est=1.84%E, hardening strain 

st=1.1%.
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4.2. Test Results of Beam-Columns 

4.2.1. Members without Axial Force (N/Afy=0.0)
For members without axial force, the hysteretic curves were quite smooth and plump, the ductility 
factor was over 7.5, which revealed that the energy dissipation was very excellent.  Figure 3 to 
Figure 7 gave the hysteretic curves of S-1-0 to S-5-0 respectively.  In these figures, the vertical 
axis denotes the transverse shear at the free end of the member, while the horizontal one denotes the 
corresponding transverse displacement at the same point and the ductility factor of the member.  
Except that members S-2-0 and S-3-0 failed with welds fractured at the fix end due to lack of 
enough weld throat, all the others failed with plastic cracks of flanges near half of the section width 
away from the fix end, owing to low cycle fatigue.  The cracks firstly developed in the intersect 
lines of flanges and webs, and then expanded with the increase of cyclic load, finally the section 
fractured.  Before failure, the slop of hysteretic curve increased with the increase of displacement 
due to cracks closed, obviously in the member with large width-to-thickness ratios of plates, as 
shown in Figures 6 and 7. Fracture of S-5-0 was shown in Figure 8.  The local buckling of all the 
five members just occurred before fracture and the buckling deformation was very small.  The 
hysteretic behaviors of members without axial compression were listed in Table 2. 
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 Figure 7. Hysteretic curve of S-5-0 Figure 8. Fracture of member S-5-0 

Table 2. The Hysteretic Behaviors of Members without Axial Force 
Item S-1-0 S-2-0 S-3-0 S-4-0 S-5-0 

Rotation angle (%)a 9.0 6.0 5.0 5.0 5.0 
Ductility factorb 9.5 9.0 7.5 8.0 8.3 

Location of plastic 
hinge 0.53b 0.53b 0.47b 0.52b 0.38b

Failure mode Section 
fractured 

Section cracked, but failure due to 
welds fractured at the fix end 

Similar to 
S-2-0

Similar to 
S-1-0

Similar to 
S-1-0

Note: a Rotation angle is defined as total transverse displacement ( ) over the length of the member (l).
     b Ductility factor is termed as  over y.

4.2.2. Members with axial compression ratio N/Afy=0.4
The hysteretic curves of members S-1-4 to S-5-4 were shown in Figure 9 to Figure 13, respectively.  
It was shown in the figure that plates of members were susceptible to buckle locally as the 
existence of large axial compression, and the capacities of ductility and energy dissipation were 
serious deteriorated owing to the local buckling.  Even for the member S-1-4 with smallest plate 
width-to-thickness ratios, the ductility factor was only about 5.  Local buckling developed in the 
section near the fix end with the increase of transverse shear, members failed owing to the cyclic 
local buckling, and no cracks were found in the section or in the welds of fix end.  The members 
with small width-to-thickness ratios of plates failed due to dramatic decrease of bearing capacity, 
while ones with large with-to-thickness ratios failed due to severe local buckling.  Local buckling 
of S-4-4 was shown in Figure 14, and hysteretic behaviors of these five members were described in 
Table 3.  The failure mode in this Table referred to the dominant deformation of the member, 
Plastic referred to the failure mainly caused by plastic deformation; Local Buckling referred to the 
failure mainly caused by local buckling. 

Table 3. The Hysteretic Behaviors of Members with Axial Compression Ratio N/Afy = 0.4 
Item S-1-4 S-2-4 S-3-4 S-4-4 S-5-4 

Rotation angle (%) 3.0 2.0 2.0 1.3 1.0 
Ductility factor 5.0 4.8 4.5 4.0 3.0 

Location of  
local buckling 0.71b 0.85b 0.56b 0.93 b 0.79b

Failure mode Plastic Plastic, local 
Buckling 

Plastic, local 
Buckling Local buckling Local buckling 
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4.2.3. Members with Axial Compression Ratio N/Afy=0.6
The ductility and bearing capacity of members with N/Afy=0.6 deteriorated more seriously than 
those with N/Afy =0.4.  This phenomenon is mainly caused by severe local buckling of their plates 
due to the large axial compression ratio.  These members failed mainly due to the local buckling.  
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As soon as the bearing capacity reached, the maximum load decreased quickly with the increase of 
transverse displacement, brittle failure might occur in the member with large plate 
width-to-thickness ratio, such as S-4-6 and S-5-6.  The hysteretic curves of members with axial 
compression ratio N/Afy =0.6 were shown in Figures 15 to 19.  Except that S-1-6 underwent large 
plastic deformation, the other 4 members failed mainly due to local buckling. Figure 20 showed the 
local buckling of S-4-6 when failure occurred, which was similar to Figure 14.  The hysteretic 
behaviors were listed in Table 4.  
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Table 4. The Hysteretic Behaviors of Specimens with Axial Compression Ratio N/Afy = 0.6 
Item S-1-6 S-2-6 S-3-6 S-4-6 S-5-6 

Rotation angle (%) 1.8 1.3 0.75 0.75 0.5 
Ductility factor 4.5 4.2 2.8 3.8 2.5 

Location of  
local buckling 0.98b 0.53b 0.56b 0.78b 1.30b

Failure mode Plastic Plastic, local 
Buckling Local buckling Local buckling Local buckling 

5. THE COMPARISON OF EXPERIMENTAL AND NUMERICAL RESULTS 

5.1. Comparisons of Hysteretic curves 
A degenerated shell element with eight nodal points was used for implementing the formulation.  
Both material and geometric non-linearity were taken into account.  The program had the 
following characteristics:  1) Degenerated shell element assumption is adopted, i.e., the normal of 
the mid-surface of shell keeps straight after deflection, but no longer keeps normal.  2) The virtual 
work equation is expressed in terms of updated Lagrange formulation.  3) The plastic flow theory 
is applied considering the Mises’ yield function as a plastic potential.  4) The material is assumed 
to follow the mixed hardening law, which linearly combines isotropic and kinematic hardening.  
Details can be found in the reference [13]. 

Based on the numerical analysis, the calculated curves of S-3-4 and S-4-6 were shown in Figure 21 
and Figure 22 respectively.  By comparing of Figure 21 with Figure 11 and Figure 22 with 
Figure 18, it was shown that the bearing capacity, deterioration rate of maximum load and ductility 

factor of both curves were very close, so there was a good agreement between two results.  
However, there was an obvious deference in stiffness that the experimental one was lower than that 
of calculating, and the experimental curve was not as plumb as that of calculating.  This was 
mainly due to the following reasons: 

1. Only the welded residual stress along the longitudinal axial was considered in numerical 
analysis.  As the thick end-plate was welded to the member, the distribution of residual 
stress in the end was very complex, it might have large influencing on the stiffness of the 
member, but it was very difficult to simulate and was not considered in the numerical 
analysis. 
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2. As the member was anchored to the floor beam by four high-strength bolts, the rotation of 
fix end could not be avoid, the bolts would loosen when many cycles repeated, this would 
decrease the stiffness of the member, and it was not considered in calculation. 

3. Only initial deflection was considered in numerical analysis, the eccentricity of axial load 
was no to be taken into account, and this was unavoidable in experiment. 

5.2. Verification of Interrelation of Bending Moment and Axial Compression 
Eq. 1 gave the interrelation of non-dimensional bending moment and axial compression 
(M/MP-N/NP), which was put forward by the author through numerical analysis [12]. The parameter 
a in Eq.1 could be taken as 1.10 for box-section steel beam-columns. The comparison of test data 
with Eq. 1 was given in Figure 23. The test data fully lay above the curve, so it was safety to use 
this equation. Eq. 2 could be used in practice according to Chinese Code for Design of Steel 
Structures GB50017-2003, in which plastic adoption x (only part of plastic deformation considered) 
equal to 1.05 a=1.16 might be adopted (1.05 is the original plastic adoption in this Code). 
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Figure 23. Interrelation of M/MP-N/NP

6. CONCLUSIONS 

This paper has described a series of tests of steel beam-columns with box-section under cyclic 
bending.  Three axial compression ratios were taken into account to investigate its influence, 
which was 0.0, 0.3, and 0.6 respectively, and five width-to-thickness ratios of plates were 
considered.  Then the test results were present and analyzed.  At the last part of this paper, the 
experimental results were compared with the numerical ones.  The following conclusions could be 
made from this paper: 

1. Beam-columns under cyclic bending might fail in fatigue fracture when no axial force 
presented, otherwise they might fail in cyclic plastic deformation and/or local buckling 
based on their width-to-thickness ratios of their plates and on the axial compression 
carried.
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2. The largest deformations generally located in the height of b/2~b near the fix end 
according to test results. 

3. By comparing the experimental and numerical results, the design formula was verified, 
and proved to be reasonable and could be used in practice. 
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ABSTRACT:  The present paper provides the results of a comprehensive experimental research program carried out 
on partially encased composite steel-concrete columns connected to the foundation block through traditional (bolted 
steel end plate) and an innovative system employing a socket type system. Experimental tests under monotonic loads 
show that the structural behaviour of the traditional connection is significantly influenced by the response of the 
anchorage bolts. The latter cause large fixed end rotations and exhibit limited energy dissipation. Conversely, 
innovative composite base column connections with socket systems possess adequate inelastic deformations and 
energy absorption. Furthermore, the use of socket-type connections is beneficial for the spreading of inelasticity at 
the base of the composite columns without damage localization on concrete and interface components. It can thus be 
argued that the innovative connection assessed in this study is a viable solution for applications in framed structures 
fulfilling capacity design requirements, e.g. structural systems in earthquake prone regions. 

Keywords:  Composite columns; Partially encased columns; Base column joint; Socket-type connection. 

INTRODUCTION

The composite lateral-resisting system has the desired characteristics of conventional structures, 
such as stiffness, strength and ductility, and fire resistance, and has been found to be very cost-
effective for buildings [1-3]. Steel-composite columns are used extensively in modern medium-to-
high rise buildings. Composite structural systems for buildings often include a steel moment 
resisting, consisting of steel beams (acting compositely with a metal deck reinforced slab) and 
encased composite columns, or braced frame with steel-concrete composite columns. 
Consequently, the lateral drifts under horizontal forces (wind and/or earthquakes) are lowered. 
Under severe earthquake loading concrete encasement cracks and reduces the flexural stiffness of 
composite beam-columns but the steel core acts as a back-up system in providing the shear strength 
and the ductility to prevent brittle collapse. Partial encased beam-columns with local buckling 
inhibitors have been found very efficient to prevent local buckling and enhance the global stability 
of the frame, thus reducing sensitivity to P-  effects [4]. Moreover, to achieve effective composite 
action, shear stresses should be transferred between the encased steel and reinforced concrete; 
hence, shear connectors may be placed along the column [5]. 

The assessment of structural response of composite steel and concrete columns is thus of 
paramount importance, especially in the earthquake design of framed systems [6,7]. The inelastic 
response of composite columns can be significantly affected by the beam-column, brace-to-beam, 
brace-to-column connections and column bases. A comprehensive review of the experimental tests 
carried on steel-concrete composite beam-columns (both encased and concrete-filled) can be found, 
for instance, in Cosenza and Pecce [8] and Shanmugam and Lakshmi [9]. It is noteworthy that, to 
date, analytical and experimental research focusing on the effects of the base connection layout on 
the performance of beam-columns, either partially or fully encased, is lacking [10]. Few results are 
available and were derived chiefly from steel structures; their applicability within the capacity-
design framework should be further investigated [11,12]. The composite action, may, however, 
affect the failure modes thus endangering the inelastic performance of the member. 

The present paper analyzes the inelastic response of composite joints at column-foundation joints. 
An innovative base column connection, employing a socket-type system, is discussed and its 
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response is compared to that of a traditional steel base plate connection. The latter was designed in 
compliance with the rules utilized for the composite frame tested at JRC Ispra laboratory [13,14]. 
Several tests under either monotonic or cyclic lateral loads and different levels of axial loads were 
performed. This work focuses on the response of composite columns under monotonic regime. In 
the following, the results of the tests on specimens with welded base steel plate (traditional) and 
socket-type joints are discussed. It is found that for the traditional connections, concentrations of 
inelastic demand occur in the anchorage bolts and relies chiefly on bond type mechanisms. 
Conversely, the socket-type system leads to large energy dissipation; plastic hinges form at column 
base and the strength capacity does not drop even at large lateral drifts (greater than 5-6%). As a 
consequence, socket-type foundations may be reliably utilized for steel and composite steel-
concrete framed structures, especially in regions with moderate-to-high seismicity. 

EXPERIMENTAL PROGRAM AND TEST SET-UP 

Recently, several research programs have prompted in Europe to investigate the inelastic response 
of steel and concrete composite buildings. The experimental projects were funded by the European 
Community, e.g. ECSC-7210-PR-250 (Applicability of composite structures to sway frames),
ECOLEADER (Cyclic and PsD testing of a 3D steel-concrete composite frame) and/or National 
Ministry of Research, e.g. by MIUR in Italy, COFIN 2002 (Advanced design and control of global 
performance of composite steel and concrete frames for earthquake resistant building) and COFIN 
2004 (Composite steel and concrete earthquake-resistant frames: advanced dissipative joint 
systems, methods for damage assessment and seismic design guidelines). The latter have involved 
eight Italian Universities. In particular, the working group of University of Sannio is assessing the 
inelastic static and dynamic (seismic) response of base column connections. In so doing, a number 
of partial encased column specimens, with different base joints, were tested in the laboratory of the 
Department of Structural Analysis & Design (DAPS, University of Naples, Italy). The sample 
specimens included monotonic and cyclic tests; different levels of axial loads were considered 
during the tests. In addition, pull-out tests were carried out to define the force-slip relationships of 
the hooked anchorage bolts. In this work the results of the monotonic tests are discussed in details. 
The experiments were carried out on two types of partially encased composite columns: HEB260 
and HEB280. The specimens tested employed two types of layouts for the base column joints as 
per Figure 1: traditional (bolted steel base plate) and innovative (socket-type) joints. The former 
consist of tapered steel plates welded onto base plates and anchored to the foundation block through 
steel bolted bars (see also [14]). The latter is an alternative and innovative socket type joint in 
which the column is fixed to the foundation block utilizing a special concrete filler; such joint was 
developed and designed to benefit of composite action. 

The first set of specimens (traditional base column connections) replicate the columns and base 
joints designed in compliance with the guidelines of European standards [5] and used for the full-
scale composite frame tested in ISPRA [13]. Similarly, the socket-type foundation was designed in 
compliance with Eurocode 2 [15]. 

The lateral loads were applied at two different locations along the height of the column, namely 
1.6 m (traditional joint) and 1.7 m (socket type) above the foundation block to account for the 
different location of the restraint. Traditional base plates are generally placed at floor level, 
conversely socket type solution enables to use pavings that cover the foundation block. The 
horizontal load (T), simulating the earthquake loading, was applied via a 500 kN-hydraulic jack; 
the test was under displacement control. As a consequence, the maximum flexural moments (M), 
located at the base connection, was increased until failure. The displacement controlled loading 
regime allowed the softening branch of the response (capacity) curve to be investigated. The 
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connection of the jack to the column is ensured by two steel plates 30mm thick bolted on two 
opposite faces of the column. The reaction wall for the horizontal load is a stiff tapered cantilever 
element bolted to a steel system; its layout is shown in Figure 2 along with the test set-up. The 
cantilever system is connected to the laboratory floor slab (strong floor) by means of large steel 
rebars crossing the slab and the steel elements. These rebars are loaded in tension to prestress the 
connection. The vertical load (N) is applied by two hydraulic jacks connected with two bars at the 
hinges placed at the foundation level. The axial load N acts along the column centroid axis. The 
reaction system for N consists of a steel plate located under the foundation block and connected to 
the hinges. This layout ensures that the load remains along the member axis during the column 
deformation. The transversal beam, at the column top, employs large stiffeners where is connected 
to the jack. An adequate lateral restrain along four prestressing bars at the corners were used to 
prevent slip and rocking of the foundation block and to guarantee the transfer of the shear forces to 
the strong floor level. Further details of the reaction wall and the set-up of the tests can be found 
elsewhere [14]. 

Composite 
column

Foundation block
Anchor bolts

Steel 
plate

Precast Composite column

Socket foundation block

No-shrink filling grout

Figure 1. Layout of the sample base column connection: traditional (left) and socket-type (right).

TEST SPECIMENS 
The experimental program carried out at the laboratory of DAPS, in Naples, focuses on two sample 
partially encased composite steel and concrete columns: HEB260 and HEB280. The sample 
specimens tested were cantilever systems summarised as below (Table 1): partially encased 
columns with a steel HEB 260 member and traditional connection to foundation (stiffening plates 
and anchoring devices) and innovative socket-type system; HEB280 with socket-type foundation. 
The specimens were heavily instrumented to characterize reliably the concentration of inelastic 
demand at the base column. Figure 3 provides a close-up of the electrical displacement transducers 
(LVDTs) located at the base of the partially encased columns with either traditional or innovative 
joints.

The values of axial load (N) used in the tests were equal to 170 kN and 330 kN. These values 
correspond to the minimum and maximum axial loads relative to the design load combinations of 
the full-scale composite framed building tested in the ELSA laboratory of JRC in Ispra [13]. The 
grade of the structural steel of the specimens was S235; the reinforcing bars grade was B450-C and 
the concrete was class C25/30. Actual values of the mechanical properties of steel and concrete 
were estimated from tensile (steel) and compression (concrete) tests. The values computed for the 
steel members and components are summarised in Table 2. Further details on the results of such 
tests can be found elsewhere [13]. The values of material overstrength (fu/fy) relative to the 
element flange are on average higher than those in the webs. This result is in agreement with 
similar experimental data for steel members produced in Europe [16]. 
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Figure 2. Layout of the test set-up (top) and reaction wall (bottom).
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Table 1. Sample column specimens 
Specimen Axial load (kN) Loading Type Connection 
HEB260 330 Monotonic Traditional 
HEB260 170 Monotonic Traditional 
HEB260 330 Monotonic Socket 

Table 2. Mechanical properties of the sample column specimens 
 Beams Columns 
 IPE240 IPE300 HEB260 HEB280 

Property Web Flange Web Flange Web Flange Web Flange 
fy (MPa) 347 315 370 314 406 341 341 300 
fu (MPa) 454 448 489 480 480 449 450 430 

fu/fy 1.31 1.42 1.32 1.53 1.18 1.32 1.32 1.43 
u (%) 32.6 31.0 35.6 30.7 31.8 35.7 34.5 37.1 
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Composite
column

block
Foundation

Figure 3. Close-up of the electrical displacement transducers (LVDTs): 
traditional (left) and innovative (right) joint. 

The details of the foundation system is displayed in Figure 1. The design of such foundation block 
was based on the ultimate limit state corresponding to the stress values and distribution at the 
column failure. The layout of the composite column specimen employing HEB 260 steel section 
and traditional base joint is displayed in Figure 4, while the specimen HEB260 with socket type 
connection is provided in Figure 5. The thicknesses of the base of the socket is equal to 300 mm, 
while the walls of the socket are 250 mm thick. The total height of the foundation is 1050 mm.  
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The values of the internal actions, i.e. axial load (NSd,j), flexural moment (MSd,j) and shear (VSd,j)
used for the design are NSd,j=308kN, MSd,j=906 kNm and VSd,j=444 kN. These values were derived 
conservatively from the ultimate flexural capacity of the HEB 280. In fact, for such section, the 
ultimate bending moment, computed according to Eurocode 4 [17], is MRd,col=755kNm; note that 
the design value MSd,j accounts for the overstrength (fu/fy=1.20) at the base column connection.  
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The value of the overstrength was derived by the provisions in Eurocode 3 [18]. The steel 
reinforcement used for the RC block of the traditional and socket type connections are displayed in 
Figures 6 and 7, respectively. It is worth mentioning that a solid foundation block is used to prevent 
an inelastic mechanism of the concrete component. 
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Figure 6. Steel reinforcement used for the traditional base column joint. 

Figure 7. Steel reinforcement used for the socket-type base column joint. 

The results of the experimental tests carried out on composite columns employing innovative 
(socket-type) joints are discussed hereafter. 



180 L. Di Sarno et al.

TEST RESULTS 

The test results of the partially encased composite columns were computed in terms of both local 
(moment-curvature M-  and moment-rotation M- ) and global (lateral load-top displacement, F- )
response parameters. The capacity curves of the specimens HEB260 with axial load N=330kN, 
both traditional and innovative base connections, are provided in Figure 8. Such curves are 
expressed in terms of lateral force (F)-drift (d/H), where H is the distance of the centreline of the 
hydraulic jack from the foundation and d the total horizontal displacement at the jack height. The 
forces corresponding to the onset of the plastic moment at the column base are also included in 
Figure 8. It is observed that the traditional connection layout exhibits higher lateral strength (600 
kNm vs. 510 kNm) due to the steel stiffeners used at the base of the column and to overstrength for 
seismic design (see also Fabbrocino et al., 2004). Conversely, the ultimate deformation capacity of 
the socket type connection is about 50% higher than the counterpart traditional (about 0,0583 rad 
vs. 0,0875 rad); in both cases the requirement of 35 mrad given by Eurocode 8 [5] is fulfilled. This 
requirement is more stringent than the 3% drift, which is assumed as the onset of the ultimate limit 
state in steel and composite frames in the US practice, FEMA 356 [19]. 
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Figure 8. Capacity curves for the traditional and socket-type connections. 

Furthermore the failure mode of the specimen with steel end plate is related to anchorage bolt 
fracture, while in the case of the socket type a very ductile mechanism is shown. At serviceability, 
the stiffness of the traditional connection is slightly higher than that of the socket connection. It can 
thus be argued that the experimental tests carried out both on traditional bolted steel end plate and 
innovative socket-type connections demonstrate that the former experience brittle failure modes. 
Rupture of anchorage bolts as per Figure 9 were observed under monotonic loads. The composite 
partially encased columns with traditional joint yield at about 310kN, which corresponds to a 
lateral drift of 26mm (d/h~1.65%). The maximum force is equal, respectively, to 375kN for 
HEB260 with axial loads N=330kN and 340 kN for N=170kN. The lower value found in the 
second specimen (340kN) is related to the premature rutpure of the base joint, probably caused by 
technological defects of the threaded bars [14]. In both specimens, i.e. with N=170kN and 
N=330kN, under monotonic regime, the column strength and energy dissipation do not exhibit 
significant loss for drift d/h~5-6%. The thick steel plate and the stiffeners used at the column base 
ensure that the end section of the column remains plane (rigid rotation). Under load reversal, the 
crushed concrete and the inelastic deformations in the steel components (anchorages), both at the 
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column base, endanger the global lateral stiffness of the composite column. Bond-related 
phenomena give rise to degrading effects, especially at large drifts, thus reducing significantly the 
energy dissipation capacity of the member. These results point out that traditional connections are 
not fully satisfactory, especially when relevance of reinforced concrete component increases, i.e. 
due to cross section dimensions. Conversely, innovative socket-type connections possess adequate 
ductility. Under monotonic load conditions, the test results show strain hardening of the base 
column equal to 1.32. This is due chiefly to the material over-strength of structural steel (see values 
of fu/fy of the member flange in Table 2). The contribution of the hardening of the longitudinal 
reinforcement bars is in fact very small (1.13 vs. 1.32). The tests carried out on the specimens 
employing the socket joint do not exhibit strength deterioration even at large lateral drifts, e.g. d/h 
> 0.04-0.05 radians. The formation of the plastic hinge occurs at the base column, as observed 
during the tests. 

Figure 9. Close-up of the deformations of the specimen HEB260 with N=330kN. 

Figure 9 shows the occurrence of inelastic deformations at the base column during the test on the 
HEB 260 with N=330kN; the spreading of such inelasticity is also evident. At very large drifts, the 
flange plate of the column tends to bend outwards and the bond between the inner concrete and the 
exterior steel plate is broken as demonstrated by the close-up of the Figure 9, without any relevant 
effect on the global response. The tensile resistance of the concrete is exceeded and inclined 
(flexural) cracks initiate and propagate above the foundation block. 
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To shed light on the structural performance of the sample columns with either traditional or 
innovative socket-type member-to-foundation joint, the bending-axial load (M-N) interaction 
curves were computed for the specimens HEB 260 and HEB 280. These curves were estimated at 
two performance levels, namely yield and collapse, according to the provisions in Eurocode 4 [17]. 
The values of bending moments and axial loads at the ultimate stage of the monotonic tests are 
outlined in Tables 3 and 4 along with the values at yield and collapse. The computed values 
demonstrate that the failure mechanism is controlled in the case of traditional joint by the base 
column component. By contrast, for socket-type connections, the failure mode is controlled by the 
formation of the plastic hinges in the columns.  

Table 3. Values of interaction curves for the test with HEB260 (N=170kN and N=330kN) 
and traditional joint at different performance state. 

Yield Collapse Test 
M (kNm) N (kN) M (kNm) N (kN) M (kNm) N (kN) 

343 330 633 330 488 330 Section above  
stiffening plate 339 170 628 170 433 170 

440 330 550 330 596 330 Column base  
connection 395 170 510 170 530 170 

Table 4. Values of interaction curves for the test with HEB280 (N=330kN and N=520kN) 
and socket-type joint at different performance state (at column base connection). 

Yield Collapse Test 
M (kNm) N (kN) M (kNm) N (kN) M (kNm) N (kN) 

390 330 740 330 608 330 
420 520 750 520 762 520 

The inelastic response of the critical region of the specimens with socket-type joints was monitored 
carefully through six electrical displacement transducers (LVDTs) located at the column base as 
displayed in Figure 3. These LVDTs record the lateral displacement of several points of the column 
flanges in order to define reliably the various inelastic phenomena, e.g. yielding, local buckling, 
fracture initiation, occurring at those locations during the tests. It is found that the section closer to 
the foundation block (LVDT #6) exhibits the typical response of reinforced concrete members. 
Conversely, the measurements derived from LVDT #5 and #6 show a typical structural steel 
nonlinear behaviour. Comparison between total cord rotation and the base column one derived from  
LVDT #6 measures enable to recognise that the higher is the drift, the higher is the contribution to 
the total drift given by the deformation of the socket type connection. Furthermore, due to the 
location of LVDT #1, 45.0cm far from the foundation, the socket type shows a yielding spreading 
that is nearly twice the width of the section (45.0cm vs. 52.0cm). As far as seismic design is 
concerned, the longer the spreading of inelasticity the higher the energy dissipation. By contrast, 
traditional connection systems, employing bolted steel end-plates [14] generate high concentrated 
inelastic demand on the anchorage bolts.  

CONCLUSIONS 

Experimental tests carried out on composite steel and concrete columns were presented in this 
paper. Two layouts for the base column connections were assessed: the traditional system 
employing the bolted steel end plate and the innovative socket-type. The experimental results 
demonstrate that the socket system is beneficial for the spreading of inelasticity at the base of the 
composite columns. To assess the inelastic structural performance, the composite specimens were 
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subjected to monotonic loads at increasing lateral drifts (pushover experimental tests). It was found 
that the maximum drift of the socket type connection is nearly 50% higher than the traditional 
bolted steel end plate. Traditional base connections fail in a less ductile fashion because of the 
fracture of the anchorage bolts. Conversely, socket connections exhibit a ductile response due the 
formation of the plastic hinge at the base of the column, which extends over a length much higher 
than the cross section depth. As a result, socket-type joints can be reliably used for design of 
structures which may experience significant inelastic excursions. Further experimental tests and 
analytical simulations are being developed in order to assess the reliability and performance of the 
socket type connections under both monotonic, cyclic and earthquake loads. 
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