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ABSTRACT: The flexible rockfall barrier system exhibits large deflection and complex contact behaviors such that 
sophisticated finite element method and full-scale test are widely used to design this kind of structures, which causes 
inconvenient for most engineers. In this paper, a simple analytical method is proposed for fast evaluation of the 
performance of the flexible rockfall barrier system on the basis of system deflection characteristics observed in the 
full-scale impact tests and, the component deflection characteristics from component tests such as the puncturing 
deflection of steel wire-ring net, elongation of energy dissipating device, sliding movement of supporting rope and 
rotation of support structure. The equation for prediction of large deflection of flexible rockfall barrier system was 
established. The overall deflection is contributed by its components and therefore the analytical solutions for 
calculation of component deflections were derived based on the space geometry analysis and verified by component 
tests. The analytical solution for steel wire-ring nets were validated by 17 puncturing tests and the maximum difference 
was less than 7.4%. Using the discrete ring net model, an explicit dynamic method was employed to simulate the 
nonlinear behaviors of flexible rockfall barriers with different design energies, i.e. 2000 kJ, 3500 kJ and 5000 kJ. The 
deflection of each component and the overall deflections from analytical solutions were compared with the numerical 
simulations with the maximum difference less than 7.9%. Thus, the proposed analysis solution for evaluation of large 
deflection of flexible rockfall barrier system is valid and ready for engineering design. A companion paper is presented 
in part two separately with full-scale test for further verification of the proposed method. 

Keywords：flexible rockfall barrier, impact, buffer performance, large deflection, analytical solution, full-scale test 
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1. INTRODUCTION 
 
Flexible rockfall barrier is extensively used as geological disaster protection measure, which is 
composed of steel wire-ring nets, support structures and energy dissipating devices, using large 
deformation to achieve buffering and energy dissipation [1]. As shown in Figure 1, when rockfalls 
impact the flexible rockfall barrier, the impact force will be induced on the steel wire-ring net and 
then transmit to the support ropes with which the energy dissipating devices are attached. The 
devices undergo inelastic deformation such that energy dissipation and interception protection are 
realized. The whole process is accompanied by highly nonlinear mechanical behaviors such as 
large deformation, significant sliding, material yielding, contact and separation. This process is 
essentially a conversion between the work and the energy as expressed in Eq. 1.  
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Figure 1. Work Process of Flexible Rockfall Barrier System  
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in which, F is the impact force on the system; s is the impact deformation of system; m is the mass 
of rockfall; v is the velocity of rockfall; Eg is the gravity work after the impact between rockfall and 
system, depending on the buffer distance; Etotal is the total energy of rockfall; Fmax is the maximum 
impact force; smax is the maximum deformation; α is an empirical coefficient obtained from the tests, 
ranging from 0.3 to 0.35. 

The maximum impact force Fmax and the maximum deformation smax are two important variables 
for assessment of system performance. The design of Fmax and smax within a limit means not only 
the demand of the bearing capacity of the system, but also the demand of protection limit. For a 
given demand of protection requirement, the cooperative control of Fmax and smax determines the 
configuration of the flexible rockfall barrier system. 

According to Eq. 1b, the development of deflection directly affects the buffering performance of 
the system. The larger of smax within the design limit, the smaller of Fmax will be obtained and as a 
result, the better system performance is produced. If smax can be calculated efficiently, Fmax can be 
calculated from Eq. 1b, and accordingly, the internal force of each component can be computed 
based on classical mechanics. Compared with the commonly used numerical simulation methods, 
the above analytical method provides a new direction for the design of flexible rockfall barrier. It is 
clear that if the deflection of each component could be obtained accurately at different stages, the 
system deflection would be well-controlled and therefore the system with optimal suitability 
between impact deflection and resistance would be designed. However, due to the complex 
behaviors of flexible rockfall barrier undergoing large deflection, the effective and simple 
calculation method for the impact deflection of the system is not available in the literature. 
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Previous researches [2-5] show that the impact process of flexible rockfall barrier generally has 
three-stage deflection characteristic, as indicated in Figure 2. The first stage is that the steel-wire 
ring net starts from loose state to tighten state while the internal force of system is low and the 
energy absorbed is small. The second stage often shows significant sliding movement of support 
ropes, and clear tensile deformation and energy dissipation of energy dissipating devices. Many 
full-scale tests show that the percentage of energy consumption in the second stage is 60-80% of 
the whole impact energy [6, 7]. The third stage is mainly the puncturing deflection of the ring net in 
the contact area with rockfall, namely bending-straight deformation of the ring net. Due to the 
different constraints between the rings, the ring deflection generally has two typical modes, i.e. 
diagonal stretching and diametrical stretching [2, 3]. The elastoplastic deformation of several 
steel-wire rings, the friction and sliding between the rings are significant and contribute to a portion 
of energy dissipation. Once the above-mentioned three-stage deflections are completed, the flexible 
rockfall barrier will eventually show a funnel-shaped deflection, as shown in Figure 3a. 

 
 

Figure 2. Three-stage Defection and Buffering Mechanism 

    
 

(a) Desired deformed shape             (b) Undesired deformed shape  
 

Figure 3. Typical Deformed Shapes 

However, due to different level and accuracy of design methods used, different products show very 
different three-stage deformed shapes, especially in the second stage in which a significant inelastic 
sliding movement and energy dissipation are occurred due to the mobilization of energy dissipating 
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device. It can be seen from Figure 2 that the deflection in the second stage is the most prominent 
one during the overall system deflection. The preferred working characteristics of the energy 
dissipating device in practical application are tensile deformation, which is depended on the 
traction-sliding ability of the rope. Thus, the energy dissipating device and the rope have 
appropriate adaptation relationship so that the system buffering mechanism can be well-developed 
and leads to a better system performance. The experimental tests showed that the system 
performance is significantly different for different design of energy dissipating devices of two 
systems with same configurations of other components, as shown in Figure 3. 
 
In recent years, the researches on study of buffering performance of flexible rockfall barrier system 
mainly adopted full-scale impact tests and numerical simulations [2-20]. Peila D et al. [5] 
conducted the full-scale impact tests of the flexible rockfall barrier system with various energy 
levels. For the system with energy level of 400 kJ, the sliding behavior of the support rope is as 
follows. When the system was impacted by a rockfall, the net ring would slide along the support 
ropes. However, the motion interference between the nets and the post may easily happen, resulting 
in a sudden stop of sliding and insufficient development of large deformation. The impact test result 
also showed that the maximum deformation of the system was only 2.80 m. Based on a field 
investigation in Jordan Valley, Hong Kong and combined with inverse analysis, Kwan et al. [9] 
found that although the flexible rockfall barrier system with a nominal energy level of 1000 kJ 
attempted to intercept a rockfall with actual impact energy of 463 kJ, the steel post was seriously 
damaged, losing the ability of protection. The reason was that the energy dissipating device did not 
mobilize effectively, leading to inadequate buffering deformation of the system, which is not a 
desirable performance of the system. The measured and calculated results also showed that the 
impact deformation was only about 2.5 m. Escallón et al. [10] improved the system by releasing 
several rings on the support rope near the post ends, and formed the bypassing length to defer the 
motion interference. The improved system enhances the sliding ability of support ropes and 
increases the buffering performance of the system. The full-scale test result showed that the 
maximum impact deformation was increased up to 9 m. Unfortunately, due to limited bypassing 
length, the sliding deformation of support rope is still insufficient and as a result, the motion 
interference was commonly observed. Therefore, the system cannot be applied to intercept rockfall 
with high impact energy requiring high demand of large deformation. Gottardi et al. [4] carried out 
5 full-scale impact tests of flexible rockfall barrier with impact energies of 500 kJ, 1000 kJ, 2000 kJ, 
3000 kJ and 5000 kJ respectively. For the 500 kJ and 1000 kJ systems, the control method for 
support rope sliding is the same as paper [5]; for the systems with design energy greater than 2000 
kJ, the transitional ropes are added to the system along the bypassing length, whose principle of 
sliding control was similar to that in the paper [10]. The difference is that the transitional rope can 
provide support for the ring net along the bypassing length, but motion interference may still occur. 
Obviously, the support ropes sliding on the post end smoothly restricts the impact deflection of the 
system and further affects the buffering performance of the system. 

In reality, the causes for the development of large deflection of flexible rockfall barrier system are 
complicated. The limited number of full-scale tests under idealized conditions can only partially 
reflect the large deflection behavior of the system, further researches are still needed. Morton et al. 
[11] pointed out that the three-dimensional nonlinear analysis was the most effective 
complementary means. The technical difficulty of the three-dimensional nonlinear analysis of 
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flexible rockfall barrier system mainly lies in the establishment of the mechanics model of the steel 
wire-ring net. At present, there are two representative methods. The first one is the continuous 
medium model, in which, the discrete ring net elements are modeled by continuous beam elements 
with a similar restoring force model [12, 13]. However, this method commonly overestimates the 
stiffness of system and leads to a result with poor accuracy. The second method is a discrete beam 
element model, which uses the contact boundary to simulate the sliding contact between the rings 
[4, 15]. This method produces more accurate results, but the modeling is complex with high 
computational cost. The simple and effective method for quick design of the system is urgently 
required. Besides, initial stress and initial shape also have great influence on the accurate prediction 
of the impact deflection, but force-finding and form-finding analysis of such cable-supported 
structures are major difficulties [21-23]. 

In this paper, based on the phenomena of impact deformation observed in full-scale impact tests, 
the working mechanism the flexible barrier system is analyzed. The major factors affecting the 
large deflection of the system are well considered, for example, the puncturing deformation of net, 
the stretching of the energy dissipator, the sliding of support rope and the rotation of support 
structure. Further, an analytical equation for prediction of the large deflection of flexible rockfall 
barrier system is proposed. The analytical solution accounts for deformation of each component 
such as the rotation of support structure, the sliding of the support rope and the puncturing 
deformation of net. Finally, the analytical solution method is verified by 17 puncturing tests with 
different specifications of ring nets and 3 groups of numerical simulations of whole system. 
 
 
2. LARGE DEFLECTION MECHANISM AND INFLUENCE FACTORS 

The deflection development of a flexible barrier system under 5000 kJ full-scale impact test was 
recorded by 1000 fps (frames per second) high-speed camera and shown in Figure 4. From the 
observation of high-speed photos, the process of the deflection development of the system can be 
described as follows:  

In stage I, the ring net slid along the support ropes and gathered in the mid-span of the support 
ropes near impact area, as shown in Figure 4b. Due to the small deflection characteristics, like 
bending and straightening, it was easy to find that the internal forces of the rings were small at this 
stage. From the statistical point of view, although the deflection in stage I accounted for about 30% 
of the total deflection, the energy dissipated was almost zero since all components were basically in 
elastic state and at the same time, the energy dissipators remained in the inactive stage. 

In stage II, with the increasing of impact force, the internal forces of the support ropes increase 
dramatically. If the load transferred to the support rope reached a certain value, the energy 
dissipation device connected to the rope would be triggered and then maintained a steady tensile 
force, resulting in inelastic tensile deformation and dissipation of impact energy. When the tension 
of the support rope increased to a certain level fitting with the energy dissipation device, the ring 
net slid along ropes together forming a funnel-shaped deformation, as shown in Figures 4c and 4d. 
Along with the sliding of support rope, the funnel-shaped deformation of the system was more 
distinct, as shown in Figure 4e. Correspondingly, the vertical force of the steel post was rapidly 
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increased due to the vertical force component in the support rope, and the energy dissipating device 
connected to anchor rope was activated with rotational behavior of steel post. The impact energy 
was largely dissipated and the deflection in this stage was up to 60-70% of the total deflection.  

In stage III, the deflection of the steel-wire ring net in the contact area was continuously increased. 
The impact force on the system reached the maximum Fmax. Finally, the steel-wire rings in the 
impact zone experienced clear diametrical and diagonal stretching behaviors. The rockfall 
gradually stopped moving, with a small amplitude of rebounding phenomenon.  

        

(a) Overall deflection of 
the system at 0.12s 

(b) Sliding of the 
ring net at 0.12s 

        

(c) Overall deflection of 
the system at 0.26s 

(d) Elongation of energy dissipating devices 
 of support ropes at 0.26s 

        

(e) Overall deflection of 
the system at 0.40s 

(f) Elongation of energy dissipating devices 
of upslope anchor ropes at 0.40s 

Figure 4. Deflection Process of a Typical Flexible Barrier System 

The studies [2-4, 8, 10] showed that the impact time associated with the impact deflection Smax 
were extremely short, ranging from 0.2 to 0.5 second. The impact deflection of a typical flexible 
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rockfall barrier was shown in Figure 5. The total deflection includes the deformation Δ1 of 
supporting structure, deflection Δ2 of support ropes, deflection Δ3 of ring net, installation sag fr and 
fn of rope and ring net respectively, and the deflection due to other components. The total deflection 
may be up to 10 meters [2-7, 15-20, 24-27] and therefore, the behavior of flexible rockfall barrier is 
a typical large deflection problem. In fact, many factors might affect the buffering behavior of the 
system, such as the large deflection of the mesh, the deformation of the energy dissipation device 
connected to ropes, the movement of the post end, the interference of the mesh and support 
structure. The clear understanding the large defection mechanism and the factors influencing 
system behavior forms a solid foundation to propose an analytical solution to predict the overall 
behavior of the flexible rockfall barriers.  

 

Figure 5. Impact Behavior of Flexible Rockfall Barrier 
 
2.1  Deflection of Ring Net in Impact Zone 
 
Steel wire-ring nets, as the most important component in flexible rockfall barrier system, are 
subjected to impact load directly. According to European standard [1], ring nets are recommended 
to use when the protection energy level is from 2000 kJ to 8000 kJ. A steel ring is made of 
high-strength steel wire woven in parallel or winding way. As shown in Figure 6a, a typical mesh 
element is composed of five steel rings, the inner one is loosely connected to four outer rings. 
When the net is loaded, this loose configuration allows the rings to change their positions, 
achieving an optimal configuration to resist the load. Thus, the deflection of rings is self-adapting. 
Actually, this self-adapting deflection is also applied to rings and support ropes due to similar loose 
connection. Morton et al. [11] studied the influence of the boundary effect between ring nets on the 
load transfer and deflection development. They pointed out that the loose connection is favorable to 
self-adapting deflection and can increase almost 3 times the nominal resistance of the meshes. 
Based on the field investigations and full-scale impact tests [2], it was found that the deflection 
characteristics in different regions of the flexible barrier are different due to the sliding between 
rings. Specifically, the rings in the impact region along the nominal height direction are 
diametrically stretched with significant elastoplastic deformation. Along the direction of the column 
spacing, the rings are generally in loose state with sliding-gather phenomenon. In the direct contact 
region, the rings are diagonally stretched, as shown in Figure 6b. Meanwhile, the remained rings in 
the non-impact region stay loosely due to lower stress level. The rings in different regions exhibit 
different behaviors due to various constraint conditions. This provides a basis for describing the 
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deflection of the mesh in different regions. 

        

(a) Nesting forms of ring net               (b) Deflection of ring net in impact area 

Figure 6. Ring Net of Flexible Rockfall Barrier  

For simplicity, a ring chain unit as shown in Figure 7 is studied here. The unit is connected to two 
ropes vertically and several spring elements horizontally, representing the boundary conditions of 
support ropes and adjacent rings respectively. Under the tensile force T, the ring chain unit shows 
two typical behaviors, i.e. diametrical stretching and diagonal stretching, depending on the stiffness 
k of the springs. Assuming that the initial length of the ring chain unit is l0, and the final length is l1 
on diametrical stretching state or l2 on diagonal stretching state after the deformation. It was 
reported from the reference [24] that, if the rings contact each other closely, l1 will be significantly 
longer than l0 while l2 will be slightly smaller than l0. However, the full-scale tests [2, 3] show that 
the ultimate tensile length of the mesh will increase, regardless of the stiffness k of the springs, 
which is mainly due to the initial gaps between steel-wire rings. In order to simplify the calculation 
procedure, the authors introduce a coefficient φ associated with tensile deformation as expressed in 
Eq. 2, which represents the combined effect of diagonal stretching, diametrical stretching and 
sliding of rings. Based on statistical regularities, φ approximately equals to 0.55 when the 
surrounding rings are fixed or the rings are impacted by the block directly; φ approximately equals 
to 0.9 when the surrounding rings are supported by steel ropes with sliding and gathering.  

total0.5 πD
i i

ni

l l

l n
    (i=1, 2)                                                            (2) 

where D is the nominal diameter of the mesh, n is the number of rings connected end to end, and li 
is the actual stretch length, and lni is the ideally-stretching length. 

          

(a) Initial state     (b) Diametrical stretching  (c) Diagonal stretching  (d) Deflection mode 
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Figure 7. Deflection of Meshes in Partition. 
 

2.2  Deflection of Energy Dissipating Device 
 
When the system is attacked by the rockfall, the impact force is transferred to the ring nets and then 
to the support ropes. Due to limited energy dissipation capacities provided by elastoplastic 
deformation of the ring net and steel ropes, the energy dissipating devices connected with steel 
ropes, as shown in Figure 8a, are necessary to absorb impact energy and protect the ropes and ring 
nets. Once the tension force in the rope reaches a certain value, the energy dissipating device will 
start to work, as shown in Figure 8b, leading to the sliding of the connected ropes. The energy 
dissipating devices attached to steel ropes can consume 60-80% of total impact energy on the 
system [6, 7]. The research [25] shows that no matter frictional, yielding and hybrid energy 
dissipating devices, the restoring force characteristics of them are similar, as shown in Figure 8b. 
The effect of energy dissipating device on the impact deformation of the system is directly related 
to the mechanical behavior of the connected rope. The key parameters of energy dissipating device 
include the ultimate elongation δmax, mobilizing force Pa and working force Ps. The elongation δmax 
determines the sliding distance while Pa and Ps determine the tensile force of connected rope. It 
should be emphasized that as the energy dissipating devices are directly connected to the ropes, the 
buffer performance of the system can be ensured only if they are adaptive each other. The energy 
absorbed by an energy dissipator can be expressed as 

max

0

( )dE P d


                                                                          (3) 

where Ed, P(δ), δ are the energy dissipated, the working force and the elongation of the energy 
dissipating device respectively. 

   

(a) Typical energy 
dissipating device 

(b) Working principle and P-D 
characteristic of energy dissipating device

Figure 8. Energy Dissipating Device in Flexible Rockfall Barrier System 
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energy dissipating device can be determined by the energy dissipating demand of the connected 
ropes in different locations, as shown in Eq.4. 

a a
min

a s0.5( )

E

P P
 


                                                                       (4a) 

s s
min

a s0.5( )

E

P P
 


                                                                      (4b) 

a
actual

a a
min




                                                                              (4c) 

s
actual

s s
min




                                                                              (4d) 

where Ea and Es, δa 
actual and δs 

actual, μa and μs are the energy dissipating demand, the actual elongation 
and the efficiency factor of energy dissipating device connected to upslope anchor ropes and 
support ropes respectively. 

Previous researches [6,7] show that, energy dissipation ratios of energy dissipating devices 
connected to different ropes over whole system present a specific statistical characteristic, as shown 
in Table 1. When designing a flexible rockfall barrier, the number and configuration of energy 
dissipating devices connected to different types of ropes can be determined, provided that the 
performance parameters of a single energy dissipating device are known.  

Table 1. Energy Dissipation Ratio 

Composition Upslope anchor ropes Support ropes Others 

Energy dissipation ratio 0.2 0.6 0.2 
 
 
2.3  Sliding of Support Rope 

The support ropes usually are passed through the ends of steel posts with initial state of suspension, 
as shown in Figure 9a, and hang the ring nets as shown in Figure 9b. When the ring nets transfer the 
impact force to the support ropes, the energy dissipating devices connected to these ropes will be 
mobilized and then dissipate energy via plastic deformation. The mobilization of the energy 
dissipating device depends on the tension of the associated rope, while the total tensile deformation 
depends on the available sliding distance of the associated rope. To ensure smooth sliding of 
support ropes upon the steel posts, movement interferences between different components must be 
avoided via proper configuration of the whole system. Generally, the dissipating devices usually are 
set at the anchorages of the ropes, as shown in Figure 9c. Meanwhile, it should be pointed out that 
the ropes should not wrap with rings to ensure sufficient sliding distance. 



Z.X. Yu, Y.K. Qiao, L. Zhao, H. Xu*, S.C. Zhao, and Y.P. Liu                            125 

 

   

 
(a) Connection between 

support rope and 
steel post 

(b) Connection between 
support rope and 

ring net 

(c) Location of energy 
dissipating devices in the 

support rope

Figure 9. Setting of Support Rope 

At the end of steel post, the support rope will slide upward through the base connection. The mesh 
or transitional rope will move reversely during the impact of rockfalls, which will alleviate the 
movement interference problem between the components nearby the post, as shown in Figure 10a. 
If the support rope or mesh has sufficient sliding distance at the end of the post, the sliding 
movement can be regarded as a gradual process and therefore, will be beneficial for the 
improvement of the structural buffering performance. In the mid-span of the support rope, the ring 
net and the rope are connected by shackles and thereby, the axial direction of the rope is free to 
slide, as shown in Figure 10b. In the normal direction, the ring net and the rope work together such 
that the internal force of the rope is self-adaptive and tend to be uniform along the length in the 
impact zone. When the impact load is longitudinally transferred to the non-impact zones, the 
internal force of the rope will be rapidly reduced with the increasing distance to the rockfall impact 
zone. As the actual rockfall impact area is unknown, the end ring nets are often connected to the 
lateral support ropes with energy dissipating devices to minimize the potential damage, in case the 
rockfalls hit the end spans, as shown in Figure 10c. The energy dissipating device on the lateral 
rope will be functioned when the force transferred to the lateral support rope is large to activate it, 
protecting the lateral post and adjacent structural components. 

       

 
(a) Sliding of support 

rope at post end  
(b) Sliding of support 
rope at mid-span             

(c) Sliding of support 
rope at end span

Figure 10. Sliding of Support Rope 
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2.4  Deflection of Support Structure  

The support structure is the key component to maintain the integrity of the flexible rockfall barrier. 
In practice, the form of the support structure should be determined by the actual terrain condition. 
Under the impact of falling rock, the support structure may undergo elastoplastic deformation, 
which is undesirable because the support structure has limited energy dissipating capacity 
compared to the whole system. Also, the main duty of the support structure is to support the steel 
ropes and ring nets. To reduce the direct impact load on the support structure, the structural forms 
as shown in Figure 11 are widely used. Generally, the support structure is composed of a rotatable 
steel post and upslope anchor ropes with energy dissipating devices. The rotation of steel post 
caused by the elongation of energy dissipating device is significant, leading to the rigid body 
movement of ring net. The structural form in Figure 11c is most welcomed due to simple 
configuration and clear deflection. This form is mainly governed by the elongation of the energy 
dissipating devices connected to upslope anchor ropes, which can be accurately calculated by the 
geometric method. It should be pointed out that the deflection contribution of the support structure 
to the total deflection of the system is negligible if it is well designed with careful consideration of 
structural stability. 

   

(a) Type 1               (b) Type 2                   (c) Type 3 

Figure 11. Typical Configurations of Support Structure 

 
3. ANALYTICAL SOLUTION OF LARGE DEFLECTION 
 
At present, the prediction of impact response of flexible rockfall barrier is mainly relied on 
numerical simulation method [2, 4, 6, 8, 10]. However, according to the observation from full-scale 
tests [3, 4, 5], the deflections of flexible rockfall barriers show typical characteristics and statistical 
trend. For this reason, an analytical method based on space geometry is proposed in this paper to 
approximately predict the deflection of a flexible barrier subjected a rockfall impact, as shown in 
Eq. 5.  

1a 2s 3n maxs                                                                (5) 

in which, Δ1a is the deflection of the support structure, Δ2s is the sliding movement of support ropes, 
and Δ3n is the deflection of ring net. The detailed calculation of each component will be presented in 
the followings. The deflection from Eq. 5 can provide a simple and quick method for the selection 
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and design of flexible rockfall barrier according to the work-energy principle. 
 
3.1  Deflection of Support Structure  
 
As mentioned above, if the stiffness of support structure is large enough, the natural deflection 

associated with elastoplasticity deformation could be neglected while the rigid body movement 
associated with rotation of steel post caused by elongation of energy dissipating device connected 
to upslope anchor ropes should be considered in the prediction of total deflection of a flexible 
barrier system, as shown in Figure 11c. The spatial positions of a steel post before and after impact 
are shown in Figure 12. The deflection Δ1 of the steel post head is the projective height difference 
in XZ plane before and after the impact, which can be calculated from Eq. 6. The required 
parameters are obtained on the basis of experimental tests and the assumptions as follows: (1) the 
configuration of the system is symmetrical; (2) the axial compression deformation of steel post and 
the sag of upslope anchor rope are ignored; (3) the minimum elongation of energy dissipating 
device δi  

min is determined by Eq. 4a; (4) the stretching efficiency of energy dissipating device is 
defined in Eq. 4b, in which μ1 is taken as 1.0 while μ2 is related to the design energy level E. If E is 
not greater than 2000 kJ, μ2 is taken as 0.2; if E is not less than 3000 kJ, μ2 is taken as 0.75. As there 
is no product with design energy between 2000 kJ and 3000 kJ in market, μ2 should be further 
studied if a new system is developed in this range. After the impact, the post was deformed 
rotationally in both the vertical and horizontal directions at the same time. Because of the different 
forces on the energy dissipating devices at two sides of the steel post, the elongations of the 
connected upslope anchor ropes are unequal. The length of upslope anchor rope 1 and 2 change 
from L0 to L1, while the length of upslope anchor rope 3 and 4 change from L0 to L2. According to 
the triangular similarity relation, the deflection in the middle of the steel post Δ1a equals to 0.5Δ1 as 
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where Hd is the distance from the anchorage of the upslope anchor rope to the foundation of the 
steel post in Z direction, Hp is the length of the steel post, Uh is the distance between the anchorages 
of the adjacent upslope anchor ropes, β is the initial angle between post and XY plane. These 
parameters can be determined in the stage of preliminary design, the projective angle α is the angle 
between the auxiliary line LAB′ and the XZ plane, which can be determined according to the 
trigonometric relationship. 
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(a) Spatial relations 

    

(b)XY plane

 

(c)YZ plane

Figure 12. Deflection Δ1a of Support Structure  

3.2  Sliding Movement of Support Rope  

Owing to the elongation of the energy dissipating device, the support rope on the impact span will 
deform in a tilted V-shape, as shown in Figure 13a. The projective height of the V-shaped 
deflection in XZ plane is the component Δ2 of support rope. The value of Δ2 is the elevation 
difference between the end of the steel post and the bottom of the support rope in Z direction. After 
deducting the initial sag of the support rope fr, the vertical deflection Δ2s due to the sliding of 
support rope can be obtained from Eq. 7 as 
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where Ld is the steel post spacing, μ3L and μ3R, δ3L and δ3R represent the stretching efficiency and the 
designed elongation of energy dissipating devices connected to support ropes at the left and right 
respectively. The statistics analysis based on full-scale tests and numerical simulations show that 
both μ3L and μ3R are close to 1.0.  

The experimental tests are also shown that fr is around 4% of the spacing between steel posts; the 
bottom of V-shaped deflection can be simplified to a straight segment; and the width of straight 
segment is around 0.5 times of the diameter of rockfall ws, as shown in Figure 13b. Considering the 
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European standard with experimental statistics, the remaining width of the support rope in XY 
plane hR is 0.5Hp [1-5], which means that the total deflection of support ropes 1 and 2 in Y 
direction is 0.25Hp, as shown in Figure 13(b, c). 

 

(a) Spatial relations   

 
(b) XZ plane 

 

 
(c) XY plane

Figure 13. Sliding Movement Δ2s of Support Rope 

The sliding of support rope is restricted by the limited stretching length of steel-wire rings along the 
bypassing length Δtrans, as shown in Figure 13. The length Δtrans can be computed from the 
geometric relationship, which is the product of the maximum diameter stretching deflection of a 
single ring and the number of diametrical stretching rings on transitional rope nt. However, the 
insufficient development of the diametrical stretching deformation of the steel-wire rings cannot be 
ignored, and therefore a reduction factor φ defined in Eq. 2 should be adopted. In summary, Δtrans 
can be calculated as 

trans t

π
( )

2

D
n D                                                               (8) 

where D is the diameter of the ring, nt is the number of diametrical stretching rings on transitional 
rope. According to the statistics of full-scale tests and numerical simulations, φ is close to 0.8.  

From the above, the actual allowable elongation [δes] of energy dissipating device on support rope 
can be estimated from Eq. 9. 

   3 trans 3min( , ) / 2es                                                                  (9) 

where δ3 is the designed elongation of energy dissipating devices connected to support ropes. 
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3.3  Puncturing Deflection of Ring Net 
 
As shown in Figure 14, after subjected to the impact of rockfall, the ring net will present an clear 
funnel-shape. The total deflection of ring net due to sliding, diametrical stretching and diagonal 
stretching, can be calculated by the elevation difference between the bottom of the funnel-shaped 
ring net and the bottom of the V-shaped support rope Δ3. After deducting the initial sag fn, the 
puncturing deflection Δ3n of ring net can be obtained. Because the nominal height of the flexible 
rockfall barrier is less than the longitudinal length, the internal forces as well as deflection are 
mainly depended on the nominal height direction, which is similar to the one-way slab. The 
experimental tests show that in the nominal height direction, the steel-wire rings deform as 
diametrical and diagonal stretching in noncontact and impact areas respectively, as shown in Figure 
14a. The relaxation of longitudinal steel-wire rings is worse than that of transverse steel-wire rings, 
as shown in Figure 14b. For this reason, the internal forces of longitudinal steel-wire rings are also 
smaller.  
From the above, an analytic model, as shown in Figure 14b, can be established according to the 
deformed shape of ring net to estimate the puncturing deflection Δ3n

 as  
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where, li0 is the initial nominal height of the ring net, which approximately equals to Hp; li is the 
total stretching deformation in nominal height direction in non-contact area; hR is the residual 
interception height; ncontact is the number of steel-wire rings impacted by the rockfall; hc is the local 
puncturing depth in the contact area. These parameters can be determined in the preliminary design 
stage. 

It is noted that the puncturing deflection of the ring net mainly occurs in the impacting span. Thus, 
the deflection relies on the gaps between rings in nominal height direction, the number ntotal of 
steel-wire rings continuously connected in nominal height direction, the deflection development 
coefficient φ in the contact and non-contact areas as defined by Eq. 2. The mentioned parameters 
should be determined by experimental tests.  

Assuming that Δ3n mainly depends on the sliding movement between steel-wire rings in nominal 
height direction and the diametrical stretching deflection of the ring net in non-contact area. 
According to the statistics of tests, the parameter φ is 0.55 and 0.9 for contact area and non-contact 
area respectively. The initial gap fn of the ring net is approximately equal to 15% of Hp. 
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(a) XZ plane                                 (b) YZ plane 

Figure 14. Puncturing Deflection3n of Ring Net 
 

4. VERIFICATION EXAMPLES  
 
From the mentioned above, the calculation of Δ1a is based on a relatively accurate spatial 
geometrical relationship, which mainly relies on the elongation of the energy dissipating device 
connected to the upslope anchor rope. The calculation of Δ2s is based on several assumptions and 
therefore the analytical solution is approximate. The deflection Δ3n is mainly affected by the 
stretching behaviors of the steel rings. Particularly, the sliding and gathering movement of the 
steel-wire ring net in the impact zone along the longitudinal direction of the support rope has a 
significant influence on the development of the diametrical stretching behavior of the ring net. The 
gathering behavior observed from full-scale tests is the dominant one [2, 3]. In addition, Δ3n is the 
relative deflection of the steel-wire ring net controlled by limiting factors. The accuracy of Δ3n can 
be improved clearly by increasing the accuracy of coefficient φ. The proposed analytical solution 
will be validated in this section and the accuracy will be discussed. 

4.1  Puncturing Test of Ring Net 

Totally 17 ring nets made of different sizes of steel rings were tested in this paper. The specimens 
in puncturing test were 2800mm×2800mm with the steel rings of R5/3/300, R7/3/300, R9/3/300, 
R12/3/300, R16/3/300 and R19/3/300. The steel rings are denoted as Ra/b/c, where a is the number 
of the windings of steel wire, b is the diameter of steel wire and c is the diameter of single 
steel-wire ring. For each kind of steel ring, there were three ring nets except R19/3/300, which only 
has two specimens. For each specimen, its edges were connected to a reaction frame by shackles. 
Each ring net was punctured vertically by the displacement loading with a speed of 2 mm/s till the 
fracture of the net, seen in Figure 15.  

The force-displacement curves of the ring nets with different specifications of rings obtained from 
test were plotted in Figure 16. The test results showed that with the increase of the winding 
numbers, the puncturing deflection of the net will be decreased with small variation. The total 
deflection of each specimen was around 1000 mm. 
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(a) Initial state  

  

(b) Broken state                         (c) Deformation of ring net 

Figure 15. Puncturing Test of Ring Net  

       

(a) R5/3/300                              (b) R7/3/300 

       

(c) R9/3/300                              (d) R12/3/300 
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(e) R16/3/300                            (f) R19/3/300 

Figure 16. Force-Displacement Curves of Ring Nets 

The average puncturing deflections of these nets with different specifications of rings are shown in 
Table 2. The actual stretching deflection li is shown in Figure 15b while ln is the ideally-stretching 
length, as defined in Eq. 2. The coefficient φ is also defined in Eq. 2. The initial nominal height li0 
of the ring net is 2.8 m. The diameter ws of the press is 1 m, and hc is 0.11 m. The initial sags fn of 
these nets were approximately zero. The parameters ntotal and ncontact are taken as 13 and 5 
respectively. As the edge of the net was connected to a reaction frame by shackles, hR is taken as 
2.80 m in the calculation of Δ3n.  

Accordingly, the puncturing deflection of the net was 1.02 m calculated from Eq. 10 with φ taken 
as 0.55. The maximum difference compared with the test results was 7.4%. The value of φ from 
tests was ranged from 0.56 and 0.57, and therefore the maximum difference between the statistic 
value of 0.55 was 3.5%.  

Table 2 Puncturing Deflection and Coefficients from Test  

Deflection R5/3/300 R7/3/300 R9/3/300 R12/3/300 R16/3/300 R19/3/300 

n3 (m) 1.07 1.04 1.03 0.98 0.96 0.95 

li(m) 3.48 3.43 3.43 3.46 3.47 3.49 
ln(m) 6.13 6.13 6.13 6.13 6.13 6.13 

φ 0.57 0.56 0.56 0.56 0.57 0.57 

4.2  Numerical Simulation of Flexible Barrier Systems 

4.2.1 Introduction of Three Flexible Barriers  

Three flexible barrier systems with design energy capacities of 2000 kJ, 3500 kJ and 5000 kJ are 
studied here. The layouts of the models are same and shown in Figure 17. For each system, it is 
mainly composed of steel posts, steel-wire ring nets, upper support ropes, lower support ropes, 
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lateral support ropes, upslope anchor ropes, lateral anchor ropes, energy dissipating devices and 
connected components. The energy dissipating devices are located at the outside of end spans when 
connecting to support ropes and placed at the anchorage points when connecting to upslope anchor 
ropes. The configuration and the combination of the energy dissipating devices were determined 
according to the design impact energy, as given in Table 3. All models have three typical spans. The 
parameters such as Ld, Hp, Hu, Hd, β and nt defined in previous sections are listed in Table 4. The 
steel ropes were made of 6x19S+IWR with tensile strength of 1770 MPa. The ring nets were woven 
by the high-strength steel-wire, whose diameter was 3 mm and the tensile strength was 1770 MPa 
[31]. The specifications of the components were detailed in Table 5. 

Table 3. Configuration of Energy Dissipation Devices 

 Energy dissipating device 

Model 

Upper support rope Lower support rope Anchor rope Lateral support rope* 

Pa/Ps 

(kN) 
δ3L/δ3R 

(m) 
Pa/Ps 

(kN) 
δ3L/δ3R 

(m) 
Pa/Ps 

(kN) 
δ1 /δ2 
(m) 

Pa/Ps 

(kN) 
δ4  

(m) 

2000 kJ 120/150 2.1/2.1 120/150 2.1/2.1 80/100 1.1/1.1 40/50 1.1 

3500 kJ 240/270 2.1/2.1 240/270 2.1/2.1 160/180 1.1/1.1 80/90 1.1 

5000 kJ 300/420 2.1/2.1 300/420 2.1/2.1 200/280 1.1/1.1 50/70 1.1 

*Note：The energy dissipating devices on lateral support ropes are for conservative design. 

Table 4. Geometrical Information of Three Models 

Model Ld(m) Hp(m) Uh(m) Hd(m) β（°） nt 

2000 kJ 9.00 5.50 7.50 6.25 10 24 

3500 kJ 9.00 6.10 7.50 6.25 10 24 

5000 kJ 10.00 5.16 10.00 5.00 0 25

Table 5. Component Specifications 

Component 2000 kJ 3500 kJ 5000 kJ
Ring net R16/3/300 R19/3/300 R19/3/300 

Steel wire 
rope 

Upper support  3φ22 5φ22 8φ22 

Lower support  3φ22 5φ22 8φ22 

Lateral support  1φ22 1φ22 1φ22 

Lateral anchor  1φ22 2φ22 2φ22 

Upslope anchor  1φ22 2φ22 4φ22 

Steel post HW200×200×8×12 HW250×250×9×14 □HW250×250×20 
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Figure 17. Layout of Three Models 

4.2.2 Numerical Models  

The computer program LS-DYNA [32] has been employed for the numerical simulation of flexible 
barrier system. The detailed finite element model can be found in the literature [2, 3]. The 
Hughes-Liu beam element combined with material type 24, which has the characteristics of 
piecewise linear plastic, were adopted to model steel-wire rings and energy dissipating devices. The 
steel posts were modeled by the user-defined integration beam element using I-shape section and 
the material type 3 with elastic-perfectly-plastic behavior. The steel posts were able to rotate freely 
in the vertical plane and rotate finitely in the horizontal plane [2, 3, 8]. A special element called 
seatbelt was adopted to model the support ropes sliding through the post end. The automatic contact 
of beam to surface was adopted to simulate the actual contact between the rockfall and the 
steel-wire ring net. The automatic general contact was adopted to simulate the contact between 
steel-wire rings, support ropes and shackles. Mass-scaling technique was adopted to enhance 
computational efficiency. In the explicit dynamic analysis, the time step was set to 0.00001s so that 
the additional mass was less than 5% [32]. Meanwhile, the dynamic relaxation technique has been 
used to consider the initial stress and the initial deflection due to gravity loads on the systems. The 
rockfall and steel-wire ring nets were set to be closely at the initial state, and the impact energy of 
rockfall was considered by modifying its initial velocity. In order to reduce the computational cost 
and balance the stability of energy state, the termination time was set to 1.0 s uniformly. The 
material parameters adopted in the numerical model were listed in Table 6. 

Table 6. Material Parameters of Component 

Component Density  
Poisson’s 

ratio 
Elastic modulus Yield stress 

Steel wire ring net 7900 kg.m-3 0.3 1.5×105 MPa 1770 MPa 

Steel wire rope 7900 kg.m-3 0.3 1.2×105 MPa 1770 MPa 

Steel post 7900 kg.m-3 0.3 2.0×105 MPa 235 MPa 

Energy dissipating device 7900 kg.m-3 0.3 1.5×105 MPa - 

Rockfall 2500 kg.m-3 0.2 2.0×104 MPa -

Lateral support 
rope

LdHp

Ring net

Upslope anchor rope

Uh

Steel post
Upper support rope

Energy dissipating device Lower support rope

Lateral anchor rope

Ld

Ld

Uh

Uh
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Hd

Hd
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β



136    A Simple Analytical Method for Evaluation of Flexible Rockfall Barrier Part 1: Working Mechanism and Analytical Solution 

4.2.3 Result Comparison and Discussion  

The numerical simulations show that the three systems can stop the falling rocks successfully 
without structural damage. During the impact process, the support ropes slid on the post end 
smoothly, without interference and buckling of steel posts. The final deformed shapes of the models 
were shown in Figure 18. The parameters s, Δ1a, Δ2s and Δ3n of each model under the impact of 
rockfall are plotted in Figure 19. Although each model subjected to different impact energy, the 
maximum elongation smax were very close to each other, because the deflection of each component 
was designed with same criterion. From Figure 19b, although the deflection Δ1a due to support 
structure of each model was largely different, its contribution on the total deflection s was very low. 
The deflection Δ2s duo to support ropes of each model was close to each other, as shown in Figure 
19c, because the working force on the energy dissipating devices connected to the support ropes 
were well controlled at the same level. Although the performance of these energy dissipating 
devices were different, the design tensile deformations were consistent, as shown in Table 3. The 
deflection Δ3n due to ring net of each model also agreed with each other, seen in Figure 19d. The 
behaviors of the ring nets in the three models show in same trend as reported in the puncturing tests 
of 17 groups of steel-wire ring nets. It is indicated that Δ3n is less relevant to the configurations of 
the flexible rockfall barrier. 

         

(a) 2000 kJ System             (b) 3500 kJ System            (c) 5000 kJ System 

Figure 18. Final Deformed Shapes of Three Models 

       

(a) Total Deflection s of System                    (b) Deflection Δ1a of Support Structure 
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(c) Sliding Movement Δ2s of Support Rope       (d) Puncturing Deflection Δ3n of Ring Net 

Figure 19. System Elongations and Deflections of Components 

When using the proposed analytical solution, the ultimate elongations of the steel-wire rings in 
‘bypassing length’ are 3.28 m, 3.28 m and 3.42 m respectively according to Eq. 8. The elongation 

δ3 of the energy dissipating device of support rope all are 2.1 m according to Eq. 4. As δ3<Δtrans, Δ2s 
could be calculated by Eq. 7 and Eq. 9. The deflections Δ1a and Δ3n are calculated by Eq. 6 and Eq. 
10 and verified by the numerical simulation results. The parameters involved in the analytic method 
are listed in Table 7.  

Table 7. Parameters used in Analytical Solution 

Model L0(m) μ1  μ2 ws(m) hc(m) μ3L μ3R ntoal ndiagnoal

2000 kJ 8.45 1.0 0.20 1.49 0.37 1.0 1.0 27 7 

3500 kJ 8.78 1.0 0.75 1.78 0.44 1.0 1.0 28 8 

5000 kJ 8.67 1.0 0.75 1.90 0.47 1.0 1.0 26 9 

As shown in Table 8, φc1 and φc2 of each model are in the range of 0.54 to 0.60 and 0.89 to 0.92 
respectively. Compared with the above statistical values, the maximum difference was 9.1% and 
2.2% respectively. Thus, the values of φc1 and φc2 are reasonable and acceptable. 

Table 8. Tensile Deformation Coefficient 

Model ln1(m) l1 (m) φc1 ln2(m) l2(m) φc2 

2000 kJ 1.79 3.30 0.54 8.57 9.42 0.92 

3500 kJ 2.15 3.77 0.57 8.48 9.42 0.90 

5000 kJ 2.28 3.77 0.60 7.55 8.48 0.89 
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Accordingly, the analytical deflection Δ1a, Δ 2s and Δ3n of each model can be calculated from Eqs. (6, 
7, 10). The result indicated as ‘Analytical 1’ in Table 9 is the analytical deflection when the 
parameters of μ1δ1, μ2δ2, μ3Lδ3 and μ3Rδ3 obtained from numerical simulations are adopted; while 
the result ‘Analytical 2’ in Table 9 is the analytical deflection when the statistical value of μ1, μ2, 
μ3L, μ3R shown in Table 7 are adopted. The deflection of each component obtained from numerical 
simulations directly is also given in Table 9.   

Compared with the results from numerical simulation, the analytic solution reproduces the spatial 
relationship of the system after impact with acceptable accuracy. The difference of system 
elongation s in ‘Analytical 2’ is slightly higher than that in ‘Analytical 1’, because μ is a statistic 
value in the calculation of ‘Analytical 2’. Generally speaking, the accuracy of ‘Analytical 2’ is 
acceptable for practical applications. When calculating ‘Analytical 1’, the data of the elongation of 
energy dissipating devices are derived from the numerical results directly and therefore, this set 
results are more accurate. The differences mainly come from the approximation coefficients of 
deflection in the analytic method, such as the coefficient of ring deflection and the development 
factor φ, the sag fr of support ropes, the initial sag fn of the mesh, the neglection of the initial sag of 
the upslope anchor ropes and the approximation of the calculating diagrams. The results of large 
deflection analysis also show that Δ2s accounts for more than 50% of the total deflection of the 
system, which means that the sliding movement of support ropes has a significant influence on the 
buffering performance of the system. 

Table 9. Result Comparison 

Results 
 1a  2s  3n smax 

2000 3500  5000 2000 3500 5000 2000 3500 5000  2000  3500 5000 

Simulation (m) 0.49 0.69 0.83 4.45 3.94 4.30 3.15 3.09 2.80 8.09 7.71 7.93 

Analytical 1 (m) 0.48 0.68 0.81 4.18 4.05 4.45 3.06 3.17 2.61 7.72 7.90 7.87 

Analytical 2 (m) 0.47 0.72 0.81 4.10 4.01 4.26 3.06 3.17 2.61 7.63 7.90 7.68 

Error 1 (%) 2.0 1.4 2.4 6.0 2.8 3.5 2.9 2.6 6.8 4.5 0.6 0.8 

Error 2 (%) 4.1 4.3 2.4 7.9 1.8 0.9 2.9 2.6 6.8 5.7 2.5 3.2 

 
 

5. CONCLUSIONS 

The flexible rockfall barrier system exhibits large deflection and complex contact behaviors such 
that sophisticated finite element method and full-scale test are widely used to design this kind of 
structures, which causes inconvenient for most engineers. In this paper, a simple analytical method 
is proposed for fast evaluation of the performance of the flexible rockfall barrier system on the 
basis of system deformation characteristics observed in the full-scale impact tests and, the 
component deformation characteristics from component tests. The proposed analytical solution is 
verified by the experimental tests and numerical simulation. The examples show that the proposed 
method has reasonable accuracy and therefore it is acceptable for practical use.  
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In summary, the following conclusions could be made from this paper: 

(1) The large deflection of flexible rockfall barrier is caused by several factors such as the 
puncturing deflection of steel-wire ring net, the elongation of energy dissipating device, the 
sliding movement of support rope and the deflection of support structure. The puncturing 
deflection of steel-wire ring net is affected by its own configuration and therefore its deformed 
shape is relatively consistent and predictable. The second main part of total deflection of 
flexible barrier system is due to the elongation of energy dissipating device, relating to the work 
efficiency of energy dissipating device. 

(2) An analytical method for prediction of the large deflection of flexible rockfall barrier is 
established based on the linear superposition of the deflection Δ1 of support structure, the 
sliding movement Δ2s of support rope, the puncturing deflection Δ3n of steel-wire ring net and 
the sags of ropes and mesh. The analytical solution of each component has been established 
based on the spatial geometry relationship. The validity of the analytic solution has been 
verified by the results of 17 groups of puncturing tests on steel-wire ring net and numerical 
simulation of three flexible barrier systems. It should be pointed out that the sliding movement 
of support ropes has a significant influence on the large deflection of the system.  

For the typical flexible rockfall barrier system shown in this paper, the proposed analytic method 
can be used to predict the maximum system deflection effectively. Thus, this method can be used to 
quickly design the system configuration on the basis of the acceptable maximum deflection and the 
protection energy requirement. It should be pointed out that if the structural system form is 
different from that studied in this paper, the proposed equations should be revised with similar 
procedure. The relevant parameters need to be updated with test results accordingly. The part two 
of this paper will further verify the proposed method by full-scale test of a flexible barrier system. 
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ABSTRACT: The companion paper proposed an analytical solution for design of flexible rockfall barrier 
undergoing large deflection. The part one also reported that the elongation of energy dissipating device plays an 
important role in buffer mechanism of the system. This paper further studies the governing factors on large deflection 
of flexible barrier system and then establishes a deflection-control-based mechanical model with improved buffer 
performance. The factors include the matching property between the energy dissipating device and the support rope, 
the motion interference during sliding along support ropes, overload protection from lateral support ropes. A 
prototype model with a nominal energy level of 2000 kJ was designed using the analytical method introduced in part 
one of the paper. Both full-scale test and numerical simulation were carried out to investigate the response of the 
prototype model under impact load. The results show that the motion interference and the braking effect during 
impact test are effectively controlled by the proposed deflection-control-based mechanical model, leading to an 
optimized design in terms of system buffer performance. Thus, this paper demonstrates the application of the 
analytical method presented in part one. The full-scale test and numerical simulation prove the validity and accuracy 
of the proposed method. 

Keywords: flexible barrier, buffer performance, rockfall, full-scale test, mechanical behavior, deflection control 
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1.  INTRODUCTION 
 
As discussed in the companion paper, the buffer performance of flexible rockfall barrier system is 
characterized by significantly large deflection, as shown in Figure 1. The researches [1-8] show that 
the large deflection of flexible rockfall barrier systems generally includes three parts: elastic 
deformation, inelastic deformation, and sliding movements between the components. The energy 
absorbed due to inelastic deformation is mainly caused by the plastic deformation of energy 
dissipating devices, accounting for 60-80% of the total impact energy on the system [7, 8]. The 
buffer mechanism mainly provided by energy dissipators and ring net is essentially the working 
mechanism of flexible rockfall barrier system. The rational design by controlling the inelastic 
deformation is the key aspect to ensure the performance objectives of the flexible rockfall barrier 
system. 
 
The full-scale tests [3, 4, 8] show that the system buffer performance is mainly depended on two 
aspects: the first is the mechanical properties such as working force and potential elongation of the 
energy dissipating device, and the second is the sliding movements between the ropes with energy 
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dissipating devices and the support structure, as shown in Figure 1. The poor design on one of them 
will lead to an invalid buffer mechanism and further cause failure of the system [3, 4]. Qi [8] 
reported a failure full-scale test due to the broken of support ropes, as the energy dissipating device 
was failed to trigger due to large activation force required.
 

 
(a) Large deflection of the system 

  

  
 (b) Elongation of energy dissipators 

    

  (c) Sliding of support ropes 
 

Figure 1. Full-scale Test of 5000 kJ Flexible Barrier System (Sichuan, China) 
 

Figure 2 shows the unexpected failure modes of the system caused by the motion interference 
between ropes and other components. As illustrated in Figure 2a, a brake ring on the support rope 
was stuck by the post head as the rope slid, resulting in a sudden increase of internal force called 
brake effect in dynamic response of the system. Once the peak force produced by this brake effect 
grows excessively, the unpredictable damage occurs such as buckling of the steel posts, rupture of 
the ropes, or puncture of the net as shown in Figure 2b. To the authors’ best knowledge, there is few 
research on the optimized design by improving the buffer mechanism of the flexible barrier system. 
 

          

(a) Comparison of P-D curve                      (b) Failure modes 
 

        Figure 2. Structural Failure Caused by Brake Effect 

Recently, many researchers studied the mechanical performance of flexible barrier system by 
means of full-scale tests and numerical simulations [1-18]. The advantages and disadvantages of 
three commonly used structural forms to overcome the motion interference problem in the vicinity 
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of steel posts are discussed below. 
 
Peila D et al. [1] conducted full-scale impact tests of flexible rockfall barrier systems under various 
impact energy levels. Regarding the system with nominal energy level of 400 kJ, the configuration 
of the steel post, support ropes, and steel wire-ring net is illustrated in Figure 3a. The support ropes 
will slide through the end of the post when the system is subjected to impact load; while the 
wire-ring net woven into the ropes will easily jammed by the post, leading to limited development 
of the system deflection. Their test result showed that the maximum elongation of the system under 
impact load is only 2.80 m, which indicates that the system is not good enough with poor buffer 
performance.  
 
Escallon et al. [2] designed a flexible barrier system with nominal energy level of 2000 kJ. In this 
system, no shackles were used to connect the steel rings (called free ring hereafter) and the support 
ropes in the region near the steel post to avoid motion interference and stress concentration. They 
reported that the support ropes are not threaded through wire-rings (or meshes) of the net at the 
locations close to steel posts. However, several ‘‘free’’ rings located on the top and bottom of the 
net are attached to the support ropes via connectors, which were seven round clips made of 
galvanized steel wire with the maximum breaking force of 13.7 kN [2]. All the connectors allow 
failing in the maximum energy level (MEL) impact test so that a bypassing length can be created as 
shown in Figure 3b. Through this treatment, the support ropes slid more smoothly under the impact 
load and the maximum system deflection was increased up to around 9 m. Nevertheless, this 
method cannot eliminate the interference problem if larger deflection is required since the net will 
slide along with the ropes simultaneously. Also, the number of ‘‘free’’ rings is limited. 
 
Gottardi et al. [5] carried out a series of full-scale impact tests of flexible barrier systems with 
nominal energy levels of 500 kJ, 1000 kJ, 2000 kJ, 3000 kJ and 5000 kJ. For the 500 kJ and 1000 
kJ systems, the arrangement in the vicinity of the post is the same as that illustrated in Figure 3a. 
For the systems with higher nominal energy levels (2000-5000 kJ), the bypassing length is created 
by adding a transitional rope as shown in Figure 3c, performing the similar mechanism to that 
implemented by Escallon et al. [2]. However, a sudden brake of sliding motion of support ropes 
possibly occurs when the connecting joint between the support rope and the transitional rope (point 
A) moves to the position of the post (point B). Thus, sufficient length for the transitional rope 
should be reserved when the system is expected a large deflection. The more length for transitional 
rope means less length for connecting the ring net, resulting in stress concentration in both the 
support ropes and the net and consequently weakening the protection ability of the system. 
 

       

 (a) Method 1                 (b) Method 2               (c) Method 3 
 

Figure 3. Three Typical Configurations Solving Motion Interference Problem 

The above typical configurations from the literature cannot completely solve the motion 
interference problem in the system involving the large deflection, especially under the extreme 
loading conditions. Hence, the improvement on buffer performance of flexible barrier system is 
limited.  
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This paper aims to improve the system by controlling the large deflection based on the key 
influence factors. The ratio of the activation force of energy dissipating devices energy to the 
breaking force of support rope should be designed in a range to ensure their functionality. An 
improved configuration form for smooth sliding of support ropes was also presented, and the 
corresponding mechanical model was established. A prototype model of flexible rockfall barrier 
system with nominal energy level of 2000 kJ was designed based on the analytical solution 
proposed in the companion paper. Both full-scale impact test and numerical simulation were carried 
out to investigate the system response under impact load. Furthermore, eight numerical models 
with different force-displacement relationships of the energy dissipating devices on support ropes 
were built to investigate their influence on the controlling of large deflection of the system, which 
provides a case study for system design. 
 
 
2.  BUFFER MECHANISM AND DEFLECTION CONTROL 
 
The layout of support ropes in a typical flexible rockfall barrier system is shown in Figure 4, 
including the upper and lower support ropes, as well as the lateral support ropes. As mentioned 
above, a good buffer mechanism is determined by full traveling distance of the energy dissipating 
devices and the sliding without any stuck of the support rope at the ends of the steel post. It is 
affected by many factors, such as the ratio of tensile force in the rope to activation force of the 
energy dissipating device, the configuration of the post end, and the motion interference between 
components, etc. Thus, the matching design of mechanical properties between components and the 
optimization design on structural arrangement is of importance for improving the buffer 
performance of the system. 
 

 

Figure 4. Layout of Support Ropes in Typical Flexible Rockfall Barrier System 

2.1  Matching Design of Energy Dissipating Device and Support Rope 
 
The performance of the energy dissipating device is depended on the working tension forces (Pa 
and Pb) and the elongation (δ). The traction force of the support rope determines whether the energy 
dissipating device can be activated and work properly. In a typical flexible rockfall barrier system, 
in order to avoid that the energy dissipating device is interfered by other components during 
working, it is often connected to the anchorage points of support rope, as shown in Figure 4. Under 
the impact of rockfall, the support rope in the impact area firstly generates the tension, which will 
be transferred to two ends of the rope longitudinally. Due to the friction effect of the post-end 
bearing and the restraining effect of the ring net on the support rope, when the tension is 
transmitted to the anchorage point on both sides, the internal force of the rope will be certainly 
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reduced. The relationship between the internal force Fi 
e of the rope at anchorage and the internal 

force Fi 
m of the rope at the impact zone is shown in Eq. 1a, in which the transfer coefficient ηi is 

affected by the traveling distance of the tension and the friction effect along the transmission path. 
If the tension is largely reduced, the force Fi 

e may be less than the activation force Pa of the energy 
dissipator. In such case, energy dissipator will stop working, and as a result the system buffer 
performance will be significantly weakened. Being aware of this, it is necessary to properly design 
the relationship between Pa and Fi 

e. In reality, Fi 
e is unknown and therefore the ratio (λi) of the Pa to 

the breaking force of support rope (Fi 
u ) is proposed in Eq. 1b to establish the relationship for 

practical application.  
 

 1, 2i i
e i mF i  F                                                               (1a)

 
 

 1/ , 2i i
i a uP i  F                                                             (1b) 

 
 
Noted that i equals to 1 and 2 for the upper and lower support ropes, respectively. 

In this paper, the numerical simulation of flexible rockfall barrier model with the energy level of 
500-5000 kJ under MEL state was carried out to study the attenuation relationship between the 
forces Fi 

e and Fi 
m. The configuration parameters of the model are referred to GEOBRUGG [19]. 

The program LS-DYNA [20] was adopted for numerical simulation and the detailed modeling 
method was referred to the literature [3, 4, 21]. All the numerical simulation models with three 
functional modules are impacted vertically at the central point of the middle module. The friction 
coefficient between the support rope and the end of steel post is taken as 0.15 [2]. Table 1 shows 
the tension forces on the ropes. LH is the distance between the impact point and the location of 
energy dissipating device, which is the traveling distance of the tension, as shown in Figure 4. 
 
As shown in Table 1, ηi varied considerably in different models. With the increase of traveling 
distance and energy level, ηi tended to attenuate. For the energy level is 5000 kJ, the ηi is reduced to 
0.57. It means that when the tension transferred from the impact area to the anchorages of support 
ropes, the reduction is more than 40%, indicating inefficient usage of steel rope. At the same time, 
excessive reduction of tensile force would make the energy dissipating device out of work and 
consequently induce large impact force on the system. For safety design of steel rope and 
anchorage, Pa should be lower than Fi 

e. In a word, the energy dissipating device should be properly 
designed with compatibility of steel rope considering friction effect. For example, Castanon-Jano L 
[22] suggests that Pa should be less than 50% of Fi 

u. 

Table 1. Tension Forces on Support Ropes 

Energy 

levels 

(kJ) 

Upper support rope Lower support rope  
1

mF

(kN) 

1
eF  

(kN) 

1
uF  

(kN) 

1
aP  

(kN) 
η1 λ1 

2
mF

(kN) 

2
eF

(kN) 

2
uF

(kN) 

2
aP

(kN) 
η2 λ2 

LH 

(m) 

500 149 126 304 50 0.85 0.16 158 139 304 50 0.88 0.16 18.25 

1000 159  117  504 50 0.74 0.10 157 104 504 50 0.71 0.10 18.25 

2000 161 132 608 100 0.82 0.16 335 274 608 100 0.82 0.16 18.25 

3000 231 146 912 100 0.63 0.11 318 175 912 100 0.55 0.11 22.50 
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5000 496 285 1216 200 0.57 0.16 493 292 1216 200 0.59 0.16 22.50 

2.2  An Improved Configuration for Support Ropes 
 
2.2.1 Longitudinal Support Ropes 
 
As discussed in previous section, the improper connection details and structural arrangement may 
cause the motion interference and further the unexpected damage. In this paper, an improved 
configuration is proposed for both upper and lower support. The proposed details are presented as 
follows. 
 
The longitudinal support rope is replaced by a primary support rope and a secondary support rope 
which are parallel to each other. The wire-ring net is woven through the secondary support rope, 
which is connected with the primary support rope by shackles. The primary support rope is 
supported by the ends of posts. The secondary support rope bypasses the ends of posts at the middle 
functional modules and is only supported by the ends of the edge posts, as shown in Figure 5a. 
Apparently, the tensile force in the primary support rope increases along with the secondary support 
rope owing to the connection of the shackles, such that the energy dissipating device mounted on 
both of them can be activated. It should be pointed out that the angle between the primary and 
secondary support ropes increases due to the constraints from steel post. This restricts the shackles 
and wire-ring net to slide towards the post ends. This effect becomes more significant with the 
increase of the angle θ, as illustrated in Figure 5b. When the system reaches the maximum 
deflection, the angle θ also reaches the maximum value, approaching to 180° in some cases. The 
motion interference between support ropes, wire-ring net and post ends can be effectively avoided 
by using primary and secondary support ropes, seen in Figure 5c.  
 
In the proposed approach, the increment of the angle θ is in a gradual way instead of a sudden 
change. Besides, the impact force is shared by the primary and secondary support ropes 
simultaneously and as a result, the risk of overloading on a single support rope as used in the 
previous systems can be reduced. Moreover, the secondary support rope can mount an additional 
energy dissipating device to absorb more impact energy. Thus, under the same energy level, the 
proposed method will lead to a more efficient system regarding better buffer mechanism and 
consequently the larger deflection. Nowadays, the high strength steel ropes have been extensively 
used in many kinds of structures, lowering down the cost of this material. One more ropes used in 
the proposed system only slightly influence the total cost.    
 

 
(a) Initial state               (b) Intermediate state                (c) Limit state 
 

Figure 5. Working States of the Proposed Structural Form 
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At the mid-span, the primary support rope and the secondary support rope are connected by 
shackles. They can relatively slide in longitudinal direction as the friction force is small. In the 
normal direction, the ropes cannot separate freely due to the shackles. This relative sliding 
movement is extremely beneficial to the restricted effect as mentioned above. The independent 
movement is essentially a good self-adaptive ability of the system, causing the efficient use of the 
material as the internal force in the rope tends to be more uniform. 
 
2.2.2 Lateral Support Ropes 
 
As the impact location of the system is unknown in the actual case, the wire-ring net is not directly 
connected to the edge post so that no additional bending moment will be induced on it if the end 
span is hit by rockfalls. In previous studies [2, 5], the lateral support ropes were set as a loop to 
wrap around the top and bottom ends of the edge post, providing longitudinal restraint for the 
wire-ring net. The edge posts directly resist the lateral loads from the lateral support ropes. To 
reduce this unfavorable effect, this paper introduces an improved arrangement form for the lateral 
support rope, seen in Figure 6. The lateral support rope goes through two ends of the edge post, and 
then extends to the lateral anchorages in the ground rather than ends as a loop. Since tensile force in 
the lateral rope is directly transferred to the foundation, the extra force on the edge post will be 
significantly reduced. Besides, more energy dissipating devices can be added to the lateral support 
rope to archive larger system deflection and at the same time, provide overload protection for the 
lateral support rope and the edge post. 
 

               

(a) Initial state               (b) Intermediate state              (c) Limit state 
 

Figure 6. Sliding Control of Lateral Support Rope 

2.3  Mechanical Model and Prototype Model of the System 
 
In this paper, a mechanical model of the flexible barrier based on the improved arrangement of the 
support ropes is established, as shown in Figure 7. The model is composed of spring-damper 
elements, cable elements, pulley elements and sliding-spring elements. The stiffness kd and 
damping C of the spring-damper element can be determined by the properties of the energy 
dissipating device. The cable element is for modeling of the steel wire rope in the flexible rockfall 
barrier system, and its characteristic is determined by the actual properties of steel wire rope. The 
pulley element represents the sliding constraint of the support rope at the post ends, and its sliding 
ability depends on the friction coefficient μ. The sliding-spring element represents the ring of 
wire-ring net, whose spring stiffness kn and the displacement of sliding d can be determined by the 
puncturing test of the net. For the net complied with given specification, the parameters kn and d are 
constant. 
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Figure 7. Mechanical Model of the Flexible Barrier System 

 
Accordingly, the prototype model of the proposed flexible rockfall barrier system as shown in 
Figure 8 is designed to demonstrate the efficiency of the proposed arrangement and analytical 
method. The system includes steel posts, ring nets, upper and lower primary support ropes, upper 
and lower secondary support ropes, lateral support ropes, upslope anchor ropes and lateral anchor 
ropes. The energy dissipating devices are mounted on the extended sections of the primary support 
ropes, the secondary support ropes and the lateral support ropes. The type, number and arrangement 
of energy dissipating devices can be determined according to the requirement of protective 
performance, such as the nominal energy level and the maximum deflection. This system realizes 
smooth sliding of the support rope and controls the buffer performance by adjusting type, number 
and arrangement of the energy dissipating devices. Additionally, in order to further increase the 
buffer performance of system, middle secondary ropes, which are woven through the wire-ring net 
and anchored to the ground out of the edge posts, can be added between the upper and lower 
support ropes. The middle secondary ropes are also supported on the steel edge posts, so that they 
could slide along the steel edge posts. The energy dissipating devices can also be mounted on the 
middle secondary ropes like other longitudinal support ropes. 
 

 
 

Figure 8. Prototype Model of the Proposed System  

 

 
3.  FULL-SCALE TEST AND NUMERICAL SIMULATION 
 
3.1  Full-scale Test Model 
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In order to verify the reliability of the proposed system and to further reveal its mechanical 
behavior under impact load, an experimental prototype model of the flexible barrier system with 
nominal energy level of 2000 kJ was preliminarily designed according to the analytical solution 
presented in the companion paper. Figure 9 shows the flowchart of the design procedure, in which 
the final criterion is depended on whether the maximum deflection is within the design limit or not. 
 

 
 

Figure 9. Design Procedure of Flexible Barrier System 

In the full-scale test, the height of steel posts Hp is 5.5m, and the post is inclined upwards by 10ºin 
the vertical plane. The strength grade of steel posts is Q235. The specification of the steel wire 
ropes is 6x19s+IWR (steel core) with tensile strength of 1770 MPa. The wire-ring net is 
manufactured by winding high strength steel wires with the diameter of 3 mm and the tensile 
strength of 1770 MPa [23]. The energy dissipating devices used in the model are brake rings. The 
maximum elongation (δ) of a single brake ring is 1.1 m, while the working forces Pa and Ps are 40 
kN and 50 kN respectively. The universal steel posts with wide-flange are fixed to the reaction wall 
by pin hinges, which enables the posts to rotate freely in the vertical plane and to rotate finitely in 
the horizontal plane. The arc-shaped steel plates are constructed on the post caps to reduce the 
friction effect and to increase the bending radius, also a specific construction is applied for the post 
foot to ensure smooth sliding of support ropes, as illustrated in Figure 10. The layout of energy 
dissipating devices and the load cells are shown in Figure 8.  
 
Table 2 shows the details of all main components, the mechanical properties of the energy 
dissipating devices and deformation of each component based on the analytical solution presented 
in the companion paper. Energy dissipating ratio in Table 2 refers the ratio between the capacity of 
the energy dissipating device and the nominal energy level of the system. In particular, the energy 
dissipating ratio of the upslope anchor rope only involves the ropes connected to the inner post, 
rather than all the brake rings on the upslope anchor ropes. 
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Table 2. The Parameters of Main Components 

        

(a) Cap of edge post                     (b) Foot of edge post 

       

(c) Cap of inner post                    (d) Foot of inner post 
 

Figure 10. Construction Details of Steel Post  

Component Specification 

Energy dissipating device 

Deflection  Energy  

dissipating ratio 
Pa~Ps δ 

Ring net  R16/3/300  -   1a=3.06m 

Steel wire 

rope 

Upper primary 

support 
2φ22 18.9% 80~100kN 2.1m 

 2s=4.18m 

Lower primary 

support 
2φ22 18.9% 80~100kN 2.1m 

Upper secondary 

support 
1φ22 9.5% 40~50kN 2.1m 

Lower secondary 

support 
1φ22 9.5% 40~50kN 2.1m 

Lateral support 1φ22 4.5% 40~50kN 1.1m 

Upslope anchor 1φ22 19.8% 80~100kN 1.1m  3n=0.48m 

Lateral anchor 1φ22  -   

Steel post  HW200×200  -   
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The model for the full-scale test has three functional modules. The photos in Figure 11 show the 
full-scale test model before impact test. 
 

          

(a) Axonometric view                           (b) Side view 
 

Figure 11. Full-scale Test Model before Impact Test 
 
3.2  Test Setup 
 
The Full-scale impact test was conducted in the National Engineering Laboratory for Prevention 
and Control of Geological Disasters in Land Transportation of Southwest Jiaotong University 
(Sichuan, China). The experimental test system mainly consists of reaction wall, impact pool, 
traveling portal crane, impactor, high-speed camera, load cells, and data acquisition instrument, as 
shown in Figure 12. The impact test was conducted according to the European and U.S. standards 
[21, 24-26]. The impactor is a polyhedral reinforced concrete block and weighs 6 tons. During the 
test, the traveling portal crane was used to lift the impactor to a target height of 34 meters, aiming at 
the central point of the middle functional module and then releasing the impactor freely, which can 
generate a velocity of 26 m/s to impact the barrier structure. The high-speed camera was used to 
record the whole process of impacting, monitoring the deformation of system and the elongation of 
energy dissipating devices. The acceleration versus time curve of impactor can be obtained by 
differential of the velocity-time curve, and then the time-history curves of impact force of impactor 
can be also obtained. In addition, the tensile force versus time curves of the support ropes and the 
anchor ropes can be obtained by the load cells which were pre-arranged on the ropes. The sampling 
frequency of the test is 1 kHz. 
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Figure 12. Artificial Test Site and Experimental Equipment 

3.3  Performance of the Proposed System 
 
The numerical modeling approach used in the previous companion paper is adopted to build a 
numerical model with energy level of 2000 kJ [3, 4, 21]. Form-finding analysis [27-29] of the 
model has been done before the impact process. The mechanical behavior of the 
deflection-control-based system under the impact load is investigated by the full-scale test and 
numerical simulation. At the same time, the accuracy of the numerical simulation used in this paper 
can be verified by the full-scale test results, so that the following parametric analysis can be further 
conducted based on the numerical model. 
 
The curves of displacement versus time and impact force versus time from full-scale test are plotted 
in Figure 13 against the numerical simulation results. It can be seen that the deflection-control- 
based flexible barrier system has no clear peak internal force under the impact of rockfall. Figure 
14 compares the results of the full-scale test (first column) and the numerical simulation (second 
column) at the four typical moments during the whole impact: (1) impactor began to contact with 
the ring net; (2) the energy dissipating devices on support ropes was activated; (3) the maximum 
displacement of impactor was reached and; (4) the impactor rebounded and finally stopped. The 
third column depicts the z-location of the impactor measured by the full-scale test. Both the 
full-scale test and numerical simulation show that the deflection-control-based flexible barrier 
system has a three-stage deflection characteristic under the impact of rockfall [3, 4].  
 

        
(a) Displacement time-history of the block     (b) Impact force time-history of the block 

 
Figure 13. Deflection and Force Responses 
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Figure 14. Deformed Shapes at Typical Moments (Test vs. Simulation) 

After the impact test, all energy dissipating devices were activated. The energy dissipating devices 
mounted on support ropes show good utilization. Especially the energy dissipating devices mounted 
on the lower support ropes almost reaches the ultimate elongation, as shown in Figure 15(a, b). The 
energy dissipating devices mounted on upslope anchor ropes (L5, L6) in the impact zone also 
reaches the ultimate elongation, as shown in Figure 15(c, d). The maximum elongation of the 
energy dissipating devices mounted on the adjacent upslope anchor ropes (L4, L7) was small and 
around 0.2 m. Because the edge functional modules are not directly subjected to impact load, the 
elongation of energy dissipating devices mounted on the upslope anchor ropes was also small. In 
general, the system still has safety reserves. The performance of system is checked according to 
European standards [21], and the key parameters are shown in Table 3.  
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(a) Left support rope                          (b) Right support rope 

  

(c) Upslope anchor ropes 4,5                   (d) Upslope anchor ropes 6,7 
 

    Figure 15. Elongations of Energy Dissipating Devices 

Table 3. Comparison of Key Parameters between Test and Simulation 

 

Impact 
Nominal height 

hN (m) 

Residual height 

hR (m) 
hR/hN 

Maximum impact 

deflection (m) 

Test 5.245 2.905 55.39% 8.426 

Simulation 5.186 2.718 52.41% 8.084 

Difference  1.12%  6.44% 5.38%  4.06% 

Note: hN is the nominal height and hR is the residual height. 

It can be seen from Table 3 that the difference between full-scale test and numerical simulation is 
small. Both the results of test and simulation show that hR/hN > 50%, reaching the class A for the 
standard [17]. The results show that the deflection-control-based flexible rockfall barrier system has 
the good performance under the impact load. In addition, the impact deflection of the system is 
7.720 m and 8.426 m obtained from analytical solution and full-scale test respectively. The 
difference between them is 9.1% and therefore the proposed method in the companion paper is 
good for engineering practice. The error may be from the approximate behavior of energy 
dissipating devices assumed in the analytical solution.  
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After the test, the inner posts swing laterally, while the edge posts were slightly upturned. No 
buckling and damage were found in all steel posts, seen in Figure 15. Figure 16 shows the 
time-history curves of internal force of rope obtained in full-scale test and numerical simulation, as 
well as the nominal breaking force of the steel wire rope [23]. Figure 16(a-c) shows the curves of 
force versus time of support ropes. It can be seen that, from 0 second to 0.1 second, the system was 
rapidly changed from loose state to tighten state. The internal force of the support ropes increased 
very fast and approaching to the activation force of the energy dissipating devices. After 0.1 second, 
the energy dissipating devices mounted on the support ropes are activated and the plastic tensile 
deformation was developed. The support ropes began to slide along the ends of the post and the 
internal force increased steadily. The funnel-shaped deflection was finally developed.  
 
Figure 16(d-g) shows the curves of force versus time of anchor ropes. It can be seen that, after 0.3 
second, the energy dissipating devices mounted on the upslope anchor ropes were activated and the 
plastic tensile deformation was generated, making the steel post swing downward. At the same time, 
the internal forces of support ropes increased steadily, and the system continued to dissipate energy. 
At 0.4 second, the energy dissipating devices mounted on the upslope anchor rope L5, L6 stopped 
working after reaching the ultimate elongation and as a result, the corresponding internal force on 
the upslope anchor ropes increased sharply to a peak force, seen in Figure 16(e, f). However, the 
internal forces of upslope anchor ropes L4 and L7 in the non-impact zone were small, as seen in 
Figure 16(d, g). After 0.4 second, the internal force of support ropes kept increasing steadily, and 
the maximum value of the internal force appeared at about 0.45 second. After that, all the ropes 
were unloaded and the rockfall rebounded. During the first impact process, the working time of the 
energy dissipating devices were about 0.35 second. Under the impact load, the dynamic response of 
the ropes was small and the peak internal force was low. Thus, no breaking of the components was 
found and the system shows good performance with safety reserve.  
 
For the support ropes, as mentioned above, since the load cells were mounted near the anchorages 
of support ropes, the results obtained by the load cells were the internal forces of ropes at the 
anchorages. However, due to the friction effect, the internal force of the support rope is attenuated 
from the impact zone to both sides. It means that the internal force at the anchorages was less than 
the internal force in the impact zone. Thus, the support ropes in the impact zone have larger safety 
reserve larger than other ropes.  
 
The curves of force versus time of ropes obtained by the numerical simulation agree well with 
results of the full-scale test. The numerical simulation reproduces the entire impact process well. It 
should be noted that the lateral anchor ropes are used to prevent large lateral swing of the steel post 
and maintain the stability of the posts and therefore, the energy dissipating devices are not required. 
In Figure 16h, the difference between the curves of the internal force of lateral anchor rope may 
essentially be caused by the slack of the rope due to the blemish of the model installation. 
 

        

          (a) Upper primary support rope L1           (b) Upper secondary support rope L2               
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      (c) Lateral support rope L3                      (d) Upslope anchor rope L4      

            

(e) Upslope anchor rope L5                         (f) Upslope anchor rope L6 

            

    (g) Upslope anchor rope L7                        (h) Lateral anchor rope L8 

 

Figure 16. Comparison of Force Responses between Test and Simulation 

 
4.  PARAMETRIC STUDY FOR BUFFER PERFORMANCE CONTROL 
 
As mentioned above, the plastic deformation of the energy dissipating devices is vital to realize the 
buffer mechanics and achieve the structural performance of the system. In order to further 
investigate the influence of plastic deformation of energy dissipating devices on the system 
response, eight different numerical models for parametric study are built with different 
force-displacement relationships of the energy dissipating devices on support ropes. As the 
difference between Pa and Ps is small, the working force of the energy dissipating device will be 
simplified as Pa = Ps. Taking the energy dissipating devices on primary support ropes as an example, 
the P-δ curve is shown in Figure 17. Due to the same capacity of energy dissipation of the eight 
groups of energy dissipating devices, the envelope areas all curves are equal. The parameters of the 
energy dissipating devices in Table 4 are summarized for practical engineering. The parameters 
associated with the energy dissipating devices on the lateral support ropes and the upslope anchor 
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ropes are same as shown in Table 2. According to the results of the numerical simulation, the eight 
groups of models successfully intercepted the rockfall, and the processes of impact deflection are 
similar to that in Figure 14. The difference is only the system deflection, the response of internal 
force and the efficiency of the energy dissipating devices, which will be discussed in detail later. 
 

 

Figure 17. Performance Parameters of Energy Dissipating Devices 

Table 4. The Parameters of Energy Dissipating Devices 
 

Model 

Upper primary  

support rope 

Lower primary 

support rope 

Upper secondary  

support rope 

Lower secondary  

support rope 

Pa~Ps(kN) δ (m) Pa~Ps(kN) δ (m) Pa~Ps(kN) δ (m) Pa~Ps(kN) δ (m) 

1 32~32 6.20 32~32 6.20 16~16 6.20 16~16 6.20 

2 42~42 4.80 42~42 4.80 21~21 4.80 21~21 4.80 

3 70~70 2.80 70~70 2.80 35~35 2.80 35~35 2.80 

4 100~100 2.10 100~100 2.10 50~50 2.10 50~50 2.10 

5 140~140 1.40 140~140 1.40 70~70 1.40 70~70 1.40 

6 170~170 1.20 170~170 1.20 85~85 1.20 85~85 1.20 

7 200~200 1.00 200~200 1.00 100~100 1.00 100~100 1.00 

8 220~220 0.90 220~220 0.9 110~110 0.90 105~105 0.90 
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4.1  Discussion on Deflection 
 
In order to investigate the influence of the performance parameters of the energy dissipating 
devices on the system response, the deflection of support structure (Δ1a), sliding movement of 
support rope (Δ2s), puncturing deflection of ring net (Δ3n) and the overall system deflection (s) are 
extracted from numerical simulation, compared with the analytical solutions as shown in Table 5. In 
general, with the increase of working force of the energy dissipating devices, s decreased 
significantly. For example, s in model 8 is about 50% of that in model 1, and the deflection 
decreased is more than 5 meters. Therefore, in practical application, the performance parameters of 
the energy dissipating devices can be adjusted to control the buffer deformation of the system to 
meet the design limit. It can be seen from Table 5 that the analytical solution of s is in good 
agreement with the numerical solution. However, the difference between the analytical solution Δ1a 
and the numerical solution Δ1a of the model 1 is up to 20.5%. It is because the working force of the 
energy dissipating devices on support ropes in model 1 is small and the elongation of energy 
dissipating devices and the sliding of support ropes are large, which leads to the buffer deformation 
of the system is very large and the corresponding impact force is small. The overload protection 
provided by the energy dissipating devices causes the vertical component of the impact load is not 
enough to make the energy dissipating devices on the upslope anchor rope fully work. In other 
words, when using the analytical method to calculate Δ1a, the empirical coefficient of the stretching 
efficiency used in the energy dissipating devices is greater than that in the numerical model. Thus, 
the analytical solution Δ1a is larger than that in numerical simulation. It should be noted that, in the 
models 1 and 2, as the elongation of the energy dissipating devices on secondary support ropes is 
restricted by the ultimate stretching length (Δtrans) of the ring net along the bypassed length, the 
development of Δ2s is limited. However, the primary support ropes and secondary support ropes are 
forced together and mutually restrain in the deflection-control-based system. For this reason, it is 
recommended to take the average elongation of energy dissipating devices mounted on primary 
support ropes and secondary support ropes when using the analytical method to calculate Δ2s. The 
detailed calculation can be referred to Eq. 9 of the companion paper. 
 

Table 5.  Comparison of Deflections  

Results 1a (m) 2s (m) 3n (m) s (m) Relative error (%) 

Model 1/ Analytical 0.39/0.47 7.55/7.39 3.17/3.06 11.11/10.92 20.5 2.1 3.5 1.7 

Model 2/ Analytical 0.44/0.47 6.82/6.54 3.18/3.06 10.44/10.07 6.8 4.1 3.5 3.5 

Model 3/ Analytical 0.52/0.47 5.22/5.03 3.01/3.06 8.79/8.56 9.6 3.6 1.7 2.6 

Model 4/ Analytical 0.49/0.47 4.45/4.10 3.15/3.06 8.09/7.63 4.1 7.9 2.9 5.7 

Model 5/ Analytical 0.45/0.47 3.55/3.05 3.02/3.06 7.02/6.58 4.4 14.1 1.3 6.3 

Model 6/ Analytical 0.46/0.47 3.16/2.72 3.01/3.06 6.63/6.25 2.2 13.9 1.7 5.7 

Model 7/ Analytical 0.48/0.47 2.58/2.35 2.91/3.06 5.97/5.88 2.1 8.9 5.2 1.5 

Model 8/ Analytical 0.52/0.47 2.38/2.16 2.88/3.06 5.78/5.69 9.6 9.26 6.3 1.6 

 
 
4.2  Discussion on Rope Force 



        A Simple Analytical Method for Evaluation of Flexible Rockfall Barrier Part 2: Application and Full-scale Test        160 

 
To investigate the influence of the performance parameters of the energy dissipating devices on the 
internal force of ropes, the time-history curves of internal force of the ropes are extracted from the 
numerical simulation, as shown in Figure 18. As the models are symmetrically arranged, only the 
results of the upper primary support rope L1, the upper secondary support rope L2, the upslope 
anchor rope L4 and the upslope anchor rope L5 are extracted from the numerical simulation, and 
the number of ropes is shown in Figure 8. As the ropes are affected by the overload protection 
provided by the energy dissipating devices, the development of internal force on the ropes and the 
working force of the energy dissipating devices is similar. The internal force of ropes has clear 
yield stage which is positive correlation with the working force of the energy dissipating devices, as 
shown in Figure 18(a, b). Meantime, with the increase of elongation of energy dissipating devices, 
the duration of the yield stage also increases significantly, leading to effectively reduce the impact 
force on the system. 
 
For the support ropes, the peak internal force of the primary support ropes in the model 3 and 
model 4 appears after 0.4 second. The reason is that the designed elongation of energy dissipating 
devices is slightly short which can be improved by increasing the potential elongation of the energy 
dissipating devices. In model 3, there are similar characteristics in internal force of secondary 
support ropes with the same reason. In the other models, the internal forces of support ropes are 
stable, indicating that the corresponding parameters of energy dissipating devices in these models 
are more favorable for the overload protection of the system. 
 
For the upslope anchor ropes, the rope L4 in the non-impact zone and the rope L5 in the impact 
zone show a significantly different dynamic response. The internal force of the upslope anchor rope 
L4 is generally small because it is not directly subjected to impact load, and the maximum value of 
force is the same, as shown in Figure 18c. The change regulation of force response of anchor rope 
L5 in the impact zone can be analyzed in combination with Table 5. With the reduction of the 
working force of the energy dissipating devices on support ropes, the buffer deformation of system 
increase while the impact force will be reduced. Thus, the internal force of the anchor rope and the 
elongation of the energy dissipating devices on anchor ropes will also be reduced. When the actual 
elongation of the energy dissipating devices is less than the designed elongation, the rope will be in 
the state of overload protection.  
 
In models 1 to 4, the yielding stage of upslope anchor rope L5 remains stable, seen in Figure 18d. 
In contrast, the internal force of the anchor rope L5 in model 5-8 shows significant peak value. It is 
because the increase of impact force on the system causes more significant elongation of energy 
dissipating devices, and therefore the designed elongation should be increased. In practical design, 
the increase of the working force of energy dissipating devices will improve the overload protection 
capacity for both the components and the system, by appropriately increasing the design elongation. 
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(a) Upper primary support rope L1              (b) Upper secondary support rope L2 

       

(c) Upslope anchor rope L4                      (d) Upslope anchor rope L5 
 

Figure 18. Time-History Curves of Ropes 
 

4.3  Energy Dissipation and Control 
 
To investigate the influence of the performance parameters of the energy dissipating devices on the 
energy dissipation of system, the analysis results of energy dissipation of the energy dissipating 
devices on the support ropes and the upslope anchor ropes are extracted from the numerical 
simulation, as shown in Table 6. In the table, the contribution ratio is obtained from the actual 
energy dissipation of the energy dissipating devices over the nominal energy of the system. The 
utilization ratio is calculated from the actual energy dissipation of the energy dissipating devices 
over the designed energy dissipation. Taking model 3 as an example, with the decreasing of the 
working force of the energy dissipating devices, the contribution ratio and the utilization ratio of 
the energy dissipating devices are reduced. Meanwhile, with the increasing of the working force of 
the energy dissipating devices, the contribution ratio and the utilization ratio are also reduced. The 
parameters of energy dissipating devices in model 3 show relatively superior characteristics. As 
mentioned above, the energy dissipation ratio of the energy dissipating devices keeps as 80% in the 
design stage. Hence, if the working force decreases, the allowable elongation of the energy 
dissipating devices should be increased. Taking model 1 and model 4 as examples, the designed 
elongation of energy dissipating device in model 1 is 6.2 meters, an increase of about 200% 
compared to model 4, which directly leads to the increase of Δ2s. However, as mentioned in the 
companion paper, the actual elongation of energy dissipating devices on the support ropes is also 
restricted by Δtrans, which inhibits the internal force from transmitting to the anchorages of support 
ropes. Thus, it is impossible for the energy dissipating devices on the support ropes to be fully 
stretched, resulting in the decrease in contribution ratio and utilization ratio. At the same time, the 
development of Δ2s is also restricted. Taking models 4 to 8 as the examples, as the nominal energy 
levels of the systems are identical, the increase of the designed elongation of the energy dissipating 
devices is difficult due to increase of the working force simultaneously. As a result, the energy 
dissipating devices cannot be fully stretched and the contribution ratio and utilization of energy 
dissipating device are also decreased. The results of the parametric analysis show that the optimal 
elongation and corresponding working force can be determined in energy dissipating devices to 
obtain the best buffering performance of the system. Combined with the designed parameters in 
Table 4 and analysis results in Table 6 for the models 3 and 4, the optimal elongation of the energy 
dissipating devices can be determined by trial-and-error calculation. The upper limit of elongation 
is Δtrans as mentioned in the companion paper. 
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Table 6. Results of Numerical Simulation of Energy Dissipating Device 

Model 
Nominal 

energy levels 

Energy dissipating device 

Design energy 

dissipating 

Actual energy 

dissipating 
Contribution ratio Utilization ratio 

1 2000 kJ 1685 kJ 1285 kJ 64.3% 76.3% 

2 2000 kJ 1705 kJ 1400 kJ 70.0% 82.1% 

3 2000 kJ 1671 kJ 1520 kJ 76.0% 91.0% 

4 2000 kJ 1755 kJ 1442 kJ 72.1% 82.2% 

5 2000 kJ 1671 kJ 1377 kJ 68.9% 82.4% 

6 2000 kJ 1719 kJ 1354 kJ 67.7% 78.8% 

7 2000 kJ 1695 kJ 1309 kJ 65.5% 77.3% 

8 2000 kJ 1683 kJ 1288 kJ 64.4% 76.5% 

 
In addition, the correlation between the impact force (F) and buffer deflection (s) is further studied. 
As the energy dissipating capacity of the barrier system is identical, with the increase of the 
working force of energy dissipating devices on the support ropes, s gradually decreases while F 
increases. Thus, the slope of F-s curves also increases gradually, which indicates that the stiffness 
of system increases gradually, as shown in Figure 19a. However, when the working force of energy 
dissipating device on support ropes increases to a certain limit, e.g. models 7 and 8, F tends to be 
stable and the change of s is small. According to the companion paper, Δ2s accounts for more than 
half of the s and plays a controlling role in the buffer deformation of the system when the buffer 
mechanism is functioned properly. However, with the increase of working force of the energy 
dissipating devices, the elongation of the energy dissipating devices decreases significantly, which 
makes Δ2s decrease significantly. Therefore, s will depend on Δ1a and Δ3n. However, Δ1a is smaller 
than other deflection components, while Δ3n is almost constant. As a result, the total deflection s 
tends to be stable when the working tension of the energy dissipating devices on support ropes 
increases to a certain value. This rule can be used to determine the upper limit threshold of the 
working force of energy dissipating devices in the actual design. 
 
Figure 19b shows the correlation between the working force of the energy dissipating devices on 
the support ropes and the elongation of the system, and the numbers in parentheses indicate the 
design elongation of the energy dissipating devices. According to the previous analysis, it is not 
beneficial to enhance the buffer performance of the system when working force of energy 
dissipating devices is too large or too small. Hence, the parameters of energy dissipating devices on 
the support ropes in models 3 to 6 can be used as the control interval. Taking the point A in Figure 
19b as an example, when the working force of energy dissipating devices on the support ropes is 
the same as that in model 5, the designed elongation may range from 1.4 m to 2.8 m. In other words, 
when s does not allow to exceed 8.0 m due to the protection requirement within a limit, the working 
force of energy dissipating devices on the support ropes can be 150 to 255 kN. Apparently, this 
provides a practical approach for selection or design of flexible barrier product. 
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(a)F-s curves of System         (b) Performance Control and Parameters Interval 
 

Figure 19. Results of Parametric Analysis  
 
 
5.  CONCLUSIONS 
 
This paper establishes a deflection-control-based mechanical model with improved buffer 
performance. A prototype model with a nominal energy level of 2000 kJ was designed using the 
analytical method introduced in part one of the paper. Both full-scale test and numerical simulation 
were carried out to investigate the response of the prototype model under impact load. The results 
show that the motion interference and the braking effect during impact test are effectively 
controlled by the proposed deflection-control-based mechanical model, leading to an optimized 
design regarding system buffer performance. In summary, the following conclusions can be made: 
The motion interference in the flexible barrier system can be effectively avoided by using the 
proposed structural form, with improvement of sliding movement and buffer mechanism.  

(1) The deflection-control-based flexible rockfall barrier system has no clear “braking effect” 
when it is impacted by the rockfall, which reduces the possibility of damage and improves the 
buffer performance of the system.  

(2) The working force of the energy dissipating devices is a negative correlation with the 
elongation of the system. However, when the working force is too large, the system deflection 
does not relate to it. The parametric study on the energy dissipating devices provides a practical 
solution for the optimal design of buffer performance of flexible barrier system. 

Based on the proposed F-s correlation curve, a hierarchical design standard related to the 
requirements of performance object can be established by controlling the energy dissipating devices 
on the support ropes. However, the hierarchical design of performance requires a statistical analysis 
with large amount of full-scale tests and numerical simulation, which needs more research work in 
the future. 
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ABSTRACT: This study aims to carry out the effect of beam-to-column connections on the minimum weight design 
of steel plane frames. In the practical analysis of steel frames, end connections are assumed to be either fully 
restrained or pin-connected. However, experiments reveal that the real behavior is between these extremes and 
should be taken into account for the realistic design of structures. Hunting search algorithm is used for the 
automation of optimum design process. It is a numerical optimization method inspired by group hunting of animals 
such as wolves and lions. It is proven that it is a reliable and efficient technique for obtaining the solution of discrete 
structural optimization problems. Present design algorithm developed on the basis of hunting search algorithm selects 
w- sections for the members of semi rigid steel frame from the complete list of w- sections given in LRFD- AISC 
(Load and Resistance Factor Design, American Institute of Steel Construction). The design constraints are 
implemented from the specifications of the same code which covers serviceability and strength limitations. The 
selection of w-sections is carried out such that the design limitations are satisfied and the weight of semi- rigid frame 
is the minimum. In order to demonstrate its efficiency, three different steel frames are designed by the optimum 
design algorithm presented. The designs obtained by use of this algorithm are also compared with the ones produced 
by particle swarm optimization method. 

Keywords: Stochastic Search techniques; hunting search algorithm; optimization problems; semi-rigid steel frames, 
end plate connections 
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1.  INTRODUCTION 
 
In the analysis and design of steel frames, the realistic modeling of beam-to-column connections 
provides an accurate response of the frame under the external loads. In practice, these connections 
are assumed to be either fully rigid or perfectly pinned. In the former assumption, it is implied that 
there is no relative rotation of connection and the column takes the whole end moment of the beam. 
On the other hand, the pinned connection assumes that the moment of connection is always zero 
and there is no existing restraint for the rotation of connection. However, experiments have 
revealed that the real behavior of beam-to-column connections is between these extremes. Namely, 
all these practically used connections possess some stiffness falling between two cases mentioned 
above. Moreover, it is found that there exists a nonlinear relation of relative beam-to-column 
rotation when a moment is applied to a flexible connection [11]. These partially restrained 
connections influence the drift (P-∆ effect) of whole structure as well as the moment distribution in 
beams and columns. Use of a direct nonlinear inelastic analysis is one way to account for all these 
effects in frame design [1]. To be able to implement such analysis, beam-to-column connections 
should be assumed and modeled as semi-rigid connections. The semi-rigid connection flexibility 
depends on the geometric parameters of the elements used in beam-to-column connection, such as 
dimensions of end plates and bolt size.  
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This study presents a hunting search method based optimum design algorithm for unbraced steel 
frames with semi rigid end connections. Hunting search algorithm is one of the recent additions to 
meta-heuristic search methods, which is inspired by group hunting of animals such as lions, wolves, 
and dolphins. Hunters involved in the hunting group encircle and catch their prey abiding by the 
certain strategies. For instance, wolves can hunt animals bigger or faster than themselves by relying 
on this kind of hunt. One prey is selected and the hunting group gradually moves toward it. The 
hunters avoid standing in the wind such that the prey senses their smell. This concept is used in the 
constrained problem to avoid prohibited regions. In the optimization process, each of the hunters 
indicates one solution for a particular problem. Similar to animals cooperate to find and catch the 
prey, the optimum design process seeks to find the optimum solution. Originally, hunting search 
algorithm produces continuous numbers. As made in some previously developed optimum design 
algorithms, this assumption can be used for the solution of many structural optimization problems 
[2]. However, such an assumption cannot be used in the optimum design problem of steel frames 
where the steel sections for its beams and columns are to be selected from a steel profile list, which 
consists of discrete values. Hence, discrete variables should be used in the hunting search algorithm. 
In literature, two approaches exist to obtain integer numbers from continuous ones. The first was 
suggested by Kennedy and Eberhart where binary numbers are used in the optimization algorithm 
to achieve a discrete set [16]. The second method is to round off the real numbers to the nearest 
integer numbers, which is suggested by Liu et al. [17]. In this study, discrete solution is 
accomplished by using rounding off technique due to its ease in the implementation of computer 
code. 
 
Optimum design problem is formulated according to the specifications of LRFD-AISC [21]. The 
design constraints; displacement limitations, inter-storey drift restrictions of multi-storey frames, 
strength requirements for beam-columns are included in the formulation of the design problem. 
Furthermore, additional constraints namely geometric constraints are also considered to satisfy the 
practical requirements. The design problem formulated turns out to be a discrete nonlinear 
programming problem. The design algorithm developed selects W sections for beams and columns 
of an unbraced frame from discrete steel section list such that the design constraints imposed by 
LRFD-AISC are satisfied and the frame has the minimum weight. 
 
 
2.   ANALYSIS OF UNBRACED STEEL FRAMES WITH SEMI-RIGID CONNECTIONS 
 
Various semi-rigid connection modeling and their moment-rotation relationships exist in the 
literature. The most well-known ones are linear, polynomial, cubic B spline, power and exponential 
models [12].  In the analysis and design of semi-rigid steel frames connections can be represented 
by discrete, inelastic rotational springs. The effect of connection flexibility is modeled by attaching 
rotational springs with stiffness moduli KA and KB to the first and second ends of a member as 
shown in Figure 1.  
 
 
 
 
 
 
 
 

Figure 1. Semi-rigid Plane Beam Member with Rotational Springs 
(a) End forces and end displacements          (b) end rotations 
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A beam member with semi-rigid end connections has the nonlinear stiffness matrix form shown in 
the following. (Eq. 1) 
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in which E represents the modulus of elasticity, L, I, A are the length, moment of inertia and area of 
beam, respectively. Above stiffness matrix includes the effect of the flexible connections. To be 
able to modify the stiffness matrix of a rigid beam, modification coefficients are used. These 
coefficients are calculated by use of the following equations.  
 
In Eq. 2, KA and KB symbolize the stiffness moduli of the flexible connections at first and second 
end of the member. In addition, stability functions are included in the stiffness matrix to consider 
the effect of axial forces on the deformed shape. To calculate the values of stability functions, 
power series approximation is used. However, this method needs the trigonometric functions and 
one of which is αcotα gives singular values at some α values. For this reason, Livesely’s 
approximation which is the sum of a power series in Euler critical load factor ρ and a rotational 
function Eq. 3 is implemented [10]. These stability functions are given as follows; 
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in which, the constants take the values as;  
  a1 = 1.57973627,   a2 = 0.15858587,   a3 = 0.02748899,    a4 = 0.00547540, 
  a5 = 0.00115281,   a6 = 0.00024908,   a7 = 0.00005452 
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Where; P is the axial force in beam member, Pcr is the Euler critical load of beam member. 

 

































GECFEC

DBEDB

ACBA

FEC

DB

A

ST

22222

1

1

111

 5.0

46

352

361

2322

2221

4

2

4

6

6











x

x

x

x

x

f
L

EI
G

f
L

EI
F

f
L

EI
F

f
L

EI
E

f
L

EI
E













169                           Erkan Doğan, Soner Şeker, M. Polat Saka and Celalettin Kozanoğlu                             
 

unloading

loading

Ki

Kt

1

1

Ki  : Initial stiffness
Kt : Tangent stiffness

M
om

en
t (

 M
 )

Rotation (  r)

 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 2. Moment Rotation Behavior of Semi–rigid Connection 
 
In practice, curve-fitting the experimental data with simple expressions is the most commonly used 
approach to describe the M-θr curve of flexible connection. There are several analytical models to 
represent connection flexibility using available experimental test data. A polynomial model where 
M-θr behavior is represented by an odd power polynomial, proposed by Frye and Morris is adopted 
in present study due to its easy implementation [11]. The Frye and Morris model uses the method of 
least square to determine the constants of the polynomial and has the following form. (Eq. 5)  
 

5
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3
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1
1 )()()( KMCKMCKMCr                (5) 

 
in which C1, C2, C3 are the curve-fitting constants and K symbolizes the standardization constant 
dependent on the connection type and geometry. The values of these constants vary for each 
connection type and are given in the literature [13]. KA and KB, called as the rotational stiffness of 
the springs at each end of the flexible frame member, are calculated as a tangent stiffness using 
above given nonlinear standardized function. (Eq. 5) To achieve this, first flexibility of connection 
is determined as dθ/dM.  Then, the stiffness of the connection, which is to be used in the 
modification of general stiffness matrix, is obtained as a reciprocal of the connection flexibility 
calculated for a certain value of a moment, when connection is loaded.  If the state is unloading, 
the stiffness of the connection is assumed as its initial stiffness. These two states are shown in 
Figure 2. The size parameters of the end plate without column stiffeners connection, modeled in 
this study, are shown schematically in Figure 3. For the end plate without column stiffeners 
connection model, curve-fitting and standardization constants are given as in the following. (Eq. 6) 

Figure 3. End Plate without Column Stiffeners Connection 
 
C1=1.83x10-3    C2=1.04x10-4   C3=6.38x10-6   and K = dg
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where dg, tp, db are; the distance between two bolts at the top and bottom of  plate, the thickness of 
plate, and the diameter of bolts, respectively. 
 
An increase in lateral displacements occurs in the analysis of steel frames with semi-rigid 
connections. Hence, consideration of the effect of axial forces in the response of semi-rigid frame 
becomes a necessity. The following steps give details about the algorithm, which accounts for P-∆ 
effect in the analysis of frame. 
 
1. In the beginning of the procedure, axial forces in the frame members are assumed to be zero. 
2. Overall stiffness matrix is constructed. Then the frame is analyzed under the external loads. 

Joint displacements and member forces are calculated. 
3. Corresponding stability functions are determined using the axial forces obtained for the 

members. 
 
The steps from 2 are repeated until the difference between two successive sets of axial forces is 
smaller than a specific tolerance.  
 
The determinant of overall stiffness matrix is calculated and the loss of stability is checked during 
these iterations. If no loss of stability occurs and the convergence in the axial forces is obtained, the 
joint displacements and member forces determined in this nonlinear response are used in the 
computation of fitness values for this particle. During the analysis, the design load is applied 
immediately and the iterations are carried out at this load. It should be pointed out that the fixed 
end moments change in each iteration due to the rotational springs. The modified fixed end 
moments are determined by considering the flexible end connection. 
 
 
3.   HUNTING SEARCH OPTIMIZATION FOR DISCRETE DESIGN VARIABLES  
 
The optimum design problem with discrete variables can be expressed as follows: 
 

. ( ) 1,.......,Min f x i n
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Subject to;  
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where ix  represents the discrete design variable i, which is to be selected from the set X that 
contains q number of discrete values for these variables. n is the total number of design 
variables. )( ixf defines the objective function and )( ij xg  shows the design constraint  j. m is the 

total number of these constraints in the design problem. 
 
Hunting search algorithm is one of the recent additions to the meta-heuristic search techniques of 
combinatorial optimization problems, introduced by Oftadeh et al [7]. This approach is based on 
the group hunting of animals such as lions, wolves and dolphins. The common part in the way of 
hunting of these animals is that, they all hunt in a group. They encircle the prey and gradually 
tighten the ring of siege until they catch the prey. Each member of the group corrects its position 
based on its own position and the position of other members during this action. If a prey escapes 
from the ring, hunters reorganize the group to siege the prey again. The hunting search algorithm is 
based on the way as wolves hunt. The procedure involves a number of hunters, which represents 
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the hunting group are initialized randomly in the search space of an objective function. Each hunter 
represents a candidate solution of the optimum design problem. Originally hunting search 
algorithm produces continuous design variables. To be able to use the method for discrete design 
variables, some adjustments are required to be carried out. Firstly, the discrete values, among which 
the values of design variables xi are to be selected in set {X}, are arranged in ascending sequence. 
The sequence number of these values is then treated as design variable instead of xi itself. For 
example in a design set, which consists of 272 values, the sequence numbers from 1 to 272 are the 
main design variables. At any stage of design cycle, once a sequence number is generated by the 
algorithm, then the real value of the design variable, which corresponds to this sequence number, is 
easily taken from the discrete set. The steps of the algorithm are given in the following: 
 
1. Initialize the parameters: These are hunting group size (number of solution vectors in hunting 
group, HGS), maximum  movement toward the leader (MML) and hunting group consideration 
rate (HGCR), which varies between 0 and 1. The parameters MML and HGCR are used to 
improvise the hunter position (solution vector). 
2. Initialize the hunting group: Based on the number of hunters (HGS), the hunting group matrix 
is filled with feasible randomly generated solution vectors. The values of objective function are 
computed for each solution vector and the leader is defined depending on these values. 

3. Generate new hunters’ positions: New solution vectors  1 2, ,......., nx x x x     are generated by 

moving toward the leader (the hunter that has the best position in the group) as follows;          
                (9) 

where rand is a uniform random number [0,1] and ix  is the position value of the leader for the ith 

variable. 
 
For each hunter, if the movement toward the leader is successful, the hunter stays in its new 
position. However, if the movement is not successful (its previous position is better than its new 
position) it comes back to the previous position. This provides two advantages. First, the hunter is 
not compared with the worst hunter in the group to allow the weak members to search for other 
solutions. They may find better solutions. Secondly, for prevention from rapid convergence of the 
group, the hunter compares its current position with its previous position; therefore, good positions 
will not be eliminated. The value of MML varies depending on the problem under consideration.  
4. Position correction- cooperation between members: The cooperation among the hunters is 
required to be modeled in order to conduct the hunt more efficiently. After moving toward the 
leader, hunters (based on other hunter positions and some random factors) choose another position 
to find better solutions.  Hunters correct their position either following “real value correction” or 
“digital value correction”. In real value correction, the new hunter’s position  1 2, , ......., nx x x x     

is generated from HG, based on hunting group considerations or position corrections. For instance, 
the value of the first design variable for the jth hunter x1

j’for the new vector, can be selected as a real 
number from the specified 1 2( , ,......, )HGS

i i iHG x x x or corrected using HGCR parameter (chosen 

between 0 and 1). The variable is updated as follows: 
 

    i:1,…,n ,   j:1,…,HGS      (10) 

 
The parameter HGCR is the probability of choosing one value from the hunting group stored in the 
HG. It is reported that selecting values between 0.1 and 0.4 produces better results. Ra is an 
arbitrary distance radius for the continuous design variable. It can be fixed or reduced during the 
optimization process. Several functions can be selected for reducing Ra. Eq. 11.   
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Where; it is the iteration number. max
ix and min

ix are the maximum and minimum possible values 

for ix . Ramax and Ramin are the maximum and minimum of relative search radius of the hunter, 

respectively, and itm is the maximum number of iterations in the optimization process. 
 
In digital value correction, instead of using real values of each variable, hunters communicate with 
each other by the digits of each solution variable. For example, the solution variable with the value 
of 23.4356 has six meaningful digits. For this solution variable, the hunter chooses a value for the 
first digit (i.e.2) based on hunting group considerations or position correction. After the quality of 
the new hunter position is determined by evaluating the objective function, the hunter moves to this 
new position; otherwise it keeps its previous position. 
 
5. Reorganizing the hunting group: In order to prevent being trapped in a local optimum, they 
must reorganize themselves to get another opportunity to find the optimum point. The algorithm 
does this in two independent conditions. If the difference between the values of the objective 
function for the leader and the worst hunter in the group becomes smaller than a preset constant ε1 
and the termination criterion is not satisfied, then the algorithm reorganizes the hunting group for 
each hunter. Alternatively, after a certain number of searches, the hunters reorganize themselves. 
The reorganization is carried out as follows: the leader keeps its position and the other hunters 
randomly choose their position in the design space  
 

              (12) 
 

where ixl  is the position value of the leader for the ith variable. rand is a uniform random number 

between [0,1].  max
ix and  min

ix  are the maximum and minimum possible values of variable xi, 

respectively. EN counts the number of times that the group has been trapped until this step. As the 
algorithm goes on, the solution gradually converges to the optimum point. Parameters α and β are 
positive real values. 
 
6. Termination: Steps 3-5 are repeated until maximum number of iterations is satisfied. 
 
Constraint handling: In this study fly-back mechanism is used for handling the design constraints, 
which is proven to be effective in the literature [2]. Once all hunter positions xi are generated, the 
objective functions are evaluated for each of these and the constraints in the problem are then 
computed with these values to find out whether they violate the design constraints. If one or a 
number of the hunter gives infeasible solutions, these are discarded and new ones are re-generated. 
If some hunters are slightly infeasible, then such hunters are kept in the solution. These hunters, 
having one or more constraints slightly infeasible, are utilized in the design process that might 
provide a new hunter that may be feasible. This is achieved by using larger error values initially for 
the acceptability of the new design vectors and then reduce this value gradually during the design 
cycles and uses finally an error value of 0.001 or whatever necessary value that is required to be 
selected for the permissible error term towards the end of iterations. This adaptive error strategy is 
found quite effective in handling the design constraints in large design problems. 
 
The pseudo code of the algorithm is given in Figure 4. 



173                           Erkan Doğan, Soner Şeker, M. Polat Saka and Celalettin Kozanoğlu                             
 








ng

k

nk

i iLkmW
1 1

begin; 
Initialize optimization problem and parameters: 

HGS: number of hunters- hunting group size 
MML: maximum movement toward leader 
HGCR: hunting group consideration rate 
EN: number of epochs 
Ra: distance radius 
α and β : reorganization parameters 

Initialize the hunting group- generate random population of HGS 
solutions (hunters); 
Calculate the fitness values of initial members: fitness(i)= f (xi); 
Set leader as the best fitness of all hunters 
while (the termination conditions are not met) 

for each hunter i ; 
        Change the position- move toward leader in view of 

MML 
        Calculate fitness(i) 
       if fitness(i) is better than leader; leader = fitness(i) 
end for; 

            for each hunter i ; 
      Correct position on the basis of group consideration 

(HGCR) and local    search 
        Calculate fitness(i) 
        if fitness(i) is better than leader; leader = fitness(i) 
end for;   

  for each hunter i ; 
      Update the position- reorganize the hunting group  

        Calculate fitness(i) 
        if fitness(i) is better than leader; leader = fitness(i) 
end for;   

end while 
end procedure; 

Figure 4. Pseudo Code for Hunting Search Algorithm 
 
 
4. DISCRETE OPTIMUM DESIGN OF UNBRACED STEEL FRAMES WITH 

SEMI-RIGID CONNECTIONS TO LRFD-AISC 
 
In the design of unbraced steel frames, the main concept is to select the readymade steel sections 
for its columns and beams from standard steel section tables. This design can be valid only if the 
serviceability and strength requirements specified by the code of practice are satisfied. In order to 
obtain an accurate response of the frame under the external loading, beam-to-column connections 
are assumed to be partially restrained. Hence, the stability analysis is included in the formulation of 
the design problem.  
 
When the constraints are implemented from LRFD–AISC in the formulation of the design problem, 
the discrete optimum design problem of unbraced steel frames with semi-rigid beam-to-column 
connections, where the objective is the minimum weight can be expressed as follows: 
Minimize;  
 

   (13) 
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Subject to 
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where Eq. 13 defines the weight of the frame, ng is total numbers of groups in the structural system, 
mk is the unit weight of the steel section selected from the standard steel sections table that is to be 
adopted for group k, Li is the length of member i that belongs to group k, nk is total number of 
members in group k. Eq. 14 represents the inter-storey drift of the multi-storey frame. δj and δj-1 are 
lateral deflections of two adjacent storey levels and hj is the storey height. ns is the total number of 
storeys in the frame. Eq. 15 defines the displacement restrictions that may be required to include 
other than drift constraints such as deflections in beams. nd is the total number of restricted 
displacements in the frame. δju is the allowable lateral displacement. The horizontal deflection of 
columns is limited due to unfactored imposed load and wind loads to height of column / 300 in 
each storey of a building with more than one storey. δiu is the upper bound on the deflection of 
beams which is given as span/300 if they carry plaster or other brittle finish. Eq. 16 represents the 
shear capacity check for beam-columns. ф is resistance factor in shear, Vu required shear strength, 
Vn is nominal shear strength. Eq. 17 defines the local capacity check for beam-columns. nm is 
number of members, nl is number of load cases, Mnx is nominal flexural strength, Mux is applied 
moment, Pn is nominal axial strength, Pu is applied axial load, Øc is resistance factor for columns if  
the axial force is in compression, Øb is resistance factor in bending. It is apparent that computation 
of compressive strength фcPn of a compression member requires its effective length. The 
computation of the effective length of a compression member in a frame can be automated by using 
Jackson and Moreland monograph [9].  Eq. 18 is included in the design problem to ensure that the 
flange width of the beam section at each beam-column connection of storey s  should be less than 
or equal to the flange width of column section.  Eqs. 19-20 are required to be included to make 
sure that the depth and the mass per meter of column section at storey s  at each beam-column 
connection are less than or equal to width and mass of the column section at the lower storey s-1. 
nu is the total number of these constraints Figure 5. 
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Figure 5. Geometry of Beam-column Connection 
 
4.1  Optimum Design Algorithm 
 
Solution of the discrete design problem given in Eqs. 13-20 is obtained using hunting search 
algorithm. 
 
Hunting search method based optimum design algorithm treats the sequence number of the steel 
sections in the standard W-section list as a design variable. Once a sequence number is selected, 
then the sectional designation and properties of that section becomes available for the algorithm. 
Therefore, the design vector consists of integer numbers that corresponds to the sequence numbers 
of W-sections in the discrete set given in LRFD–AISC, which are selected for each group in the 
steel frame. The design algorithm consists of the following steps. 

1. Select the values of parameters namely, hunting group size HGS, maximum movement 
towards leader MML, hunting group consideration rate HGCR, maximum and minimum of 
relative search radius of the hunter Ramax and Ramin, maximum iteration number itm, 
reorganization parameters α and β, number of epochs EN.  

2. Generate hunter’s positions. Select randomly sequence number of steel sections from the 
discrete list for each group in the frame. 

3. Carry out the analysis of the steel frame with these sections, under the consideration of the 
stiffness matrix modified in such a way that the corresponding terms represent the flexibility 
of the beam-to-column connections.  Check whether the design limitations are satisfied or 
not. If the hunter violates the design constraints severely, discard this hunter and repeat the 
selection of a new one. If it is slightly infeasible consider it for the hunting group. 

4. Check whether the newly selected hunter is acceptable. If not, go to step 3. 
5. After the selection of acceptable hunters, calculate the objective function value for each 

hunter. Determine the one which has the best objective function value. 
 
 
5.   DESIGN EXAMPLES 

 
Three unbraced semi-rigid steel frames are designed using hunting search method based optimum 
design algorithm presented in the previous section. Effect of connection modeling on the minimum 
weight of frames is investigated. In addition, to demonstrate the efficiency of hunting search 
algorithm, the same examples are also solved with particle swarm optimizer which is proven to be 
robust and efficient in the solution of structural optimization problems. The discrete set, from 
which the design algorithm selects the sectional designations for frame members, is considered to 
be the complete set of 272 W-sections starting from W100x19.3 to W1100x499mm as given in 
LRFD-AISC. For this study, hunting search algorithm parameters; MML, HGCR, Ramax, Ramin, α, β, 
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EN are chosen to be 0.005, 0.3, 0.01, 0.001, 1.2, 0.02, 25, respectively. These values are decided 
after carrying out several trials in the design examples. Each example is solved with each method 
ten times with different seed values in order to inquire the effect of random numbers to optimum 
solutions. Algorithms perform this by producing different random number in each iteration by using 
call random_seed(i), where i is the iteration number. Then the best one amongst them, which has 
the minimum frame weight, is accepted as the optimum design.  
 
5.1  Eight Storey- Six Bay Steel Frame 
 

 
The eight storey six bay steel frame shown in Figure 6 is considered as first design example. The 
frame consists of fifty six members that are collected in six groups as shown in Figure6. The 
allowable inter-storey drift is 1/300 cm of storey height while the lateral displacement of the top 
storey is limited to 1/300 cm of total height of the frame, which corresponds to 1.33cm and 11cm, 
respectively. The modulus of elasticity is 200kN/mm2.  
 
At first, frame is designed ten times assuming the beam-to-column connections to be end plate 
without column stiffeners. Then, ten different designs are produced assuming the end connections 
to be fully restrained. Best, worst and average runs obtained by each method are given in Table 1. 
The optimum W-sections designations obtained by the hunting search and particle swarm method 
are given in Table 2. Results obtained by the consideration of both end connection assumptions are 
tabulated. 
 

Table 1. Minimum Weights (kg) obtained for Eight Storey Six Bay Frame 
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Figure 6. Eight-storey, Six-bay Steel Frame 

PSO HuS 
Rigid Semi Rigid Rigid Semi Rigid 

Best Design (kg) 13186,81 16313,780 13186,81 15423,360 
Average Design 
(kg) 

15687,68 18220,35 14574,45 16281,440 

Worst Design (kg) 20293,76 29514,25 17561,62 17732,93 
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Table 2. Optimum Designs for Eight-storey, Six-bay Steel Frame 
 

Convergence rate graphs of the optimum designs are shown Figure 7. The lightest design where the 
former assumption is made, weighs 13186.81kg. Hunting search algorithm and particle swarm 
optimizer produce the same design. However, it can be clearly seen from the figure that particle 
swarm optimizer shows better convergence in finding the optimum solution. On the other hand, it is 
noticed that the weight of the optimum design becomes 15423.36 kg in the case of latter 
assumption, which is obtained by hunting search algorithm. The one attained with particle swarm 
optimizer is 16313.78 kg, which is 6% heavier than this design. This implies that the frames with 
semi-rigid end connections (end plate without column stiffeners) are heavier than the ones with 
rigid end connections.  
 

 

  PSO HuS 
Group 
No 

Member 
Type 

Rigid Semi Rigid Rigid Semi Rigid 

1 Beam W410X46,1 W410X38,8 W410X46,1 W410X38,8 
2 Beam W460X52 W530X74 W460X52 W530X74 
3 Beam W460X52 W530X66 W460X52 W460X52 
4 Column W250X32,7 W310X38,7 W250X32,7 W410X38,8 
5 Column W310X52 W410X67 W310X52 W410X67 
6 Column W460X52 W410X67 W460X52 W410X67 
Maximum inter storey 
drift ratio  

0,98 1,00 0,98 0,99 

Maximum Strength 
Ratio 

0,99 0,96 0,99 0,98 

Top storey drift (cm) 8,79 9,37 8,79 9,77 
Minimum Weight  (kg) 13186,810 16313,780 13186,810 15423,360 

 
Figure 7.  Design history graph for eight-storey, six -bay steel frame 
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5.2  Ten Storey Four Bay Steel Frame  
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Figure 8. Ten-storey, Four-bay Steel Frame 
 
Ten-storey, four-bay frame shown in Figure 8 is considered as second design example. The frame 
configuration dimensions, loading, joint numbering and member grouping are shown in the same 
figure. The frame consists of seventy members that are collected in eight groups as shown in the 
figure. Top storey drift is limited to 13.67cm, which is again 1/300 cm of total height of frame and 
inter-storey drift is restricted to 1.33cm i.e. 1/300 cm of storey height of frame. The modulus of 
elasticity is 200kN/mm2. Roof beams are loaded by uniform gravity loads of 15kN/m while the 
others are loaded by those of 25kN/m. There are also lateral point loads acting on the joints at each 
story level. Material properties of steel profiles remain the same with the previous example. 

 
This frame is also designed by use of both algorithms. Best, worst and average runs obtained by 
each method are given in Table 3. Optimum section designations for each design are given in Table 
4. It is observed that maximum strength ratio of the optimum designs, obtained with hunting search 
and particle swarm methods, are 1.00 for rigid frames. 

 
Table 3. Minimum Weights (kg) obtained for Ten-storey, Four-bay Steel Frame 

 
 
 
 
 
 
 
 
 

PSO HuS 
Rigid Semi Rigid Rigid Semi Rigid 

Best Design (kg) 18121,55 22469,73 17663,79 21700,77 
Average Design 
(kg) 

22282,53 28752,45 18311,73 23499,09 

Worst Design (kg) 35100,40 41649,03 23749,28 25472,10 
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Table 4. Optimum Designs for Ten-storey, Four-bay Steel Frame 
 

Besides, it is noticed that maximum inter-storey drift ratios are 0.99 and 0.96 for the same frames, 
respectively. This clearly indicates that the designs attained with fully restrained connection 
assumption are dominated by strength constraints. Hunting search produces rigid frame with the 
weight of 17663.79 kg and semi-rigid frame with the weight of 21700772 kg, while the optimum 
designs of rigid and semi-rigid frames obtained with particle swarm weigh 18121.55kg and 
22469.73 kg, respectively. This means that similar to first example, semi-rigid connection modeling 
gives heavier design for this frame configuration. Convergence rate graphs are shown in Figure 9.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
5.3   Twelve Storey Four Bay Steel Frame  
 
Twelve-storey, four-bay frame shown in Figure 10 is considered to be the third design example. 
The same figure shows the frame configuration dimensions, loading, joint numbering and member 
grouping. Frame is composed of 108 members, 60 of which is column and 48 of which is beam. 
These frame members are collected in ten groups. Roof beams are loaded by uniform gravity loads 
of 15kN/m while the others are loaded by those of 25kN/m. There are also lateral point loads acting 
on the joints at each story level.  

  PSO HuS 
Group 
No 

Member 
Type 

Rigid Semi Rigid Rigid Semi Rigid 

1 Beam W410X46,1 W410X38,8 W410X46,1 W360X44 
2 Beam W460X52 W410X38,8 W410X46,1 W410X46,1 
3 Beam W460X52 W460X60 W460X52 W530X66 
4 Beam W460X52 W610X82 W460X52 W610X82 
5 Column W250X38,5 W310X38,7 W360X44 W360X44 
6 Column W460X60 W530X66 W360X51 W360X51 
7 Column W460X60 W530X74 W460X52 W530X74 
8 Column W460X68 W530X123 W460X74 W530X101 
Maximum inter storey 
drift ratio  

0,96 0,99 0,99 0,98 

Maximum Strength 
Ratio 

1,00 0,89 1,00 0,99 

Top storey drift (cm) 10,39 10,65 10,81 10,36 
Minimum Weight  (kg) 18121,550 22469,730 17663,790 21700,770 

 
Figure 9. Design History Graph for Ten-storey, Four-bay Steel Frame 
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Frame is separately designed ten times using both methods. Best, worst and average runs are given 
in Table 5. Results reveal that hunting search technique attains lighter frame for both end 
connection assumptions. Optimum designs for rigidly connected frames achieved by HuS and PSO 
methods weight 39478,25kg and 42220,05kg, respectively. On the other hand, semi rigid frames 
produced by the same methods weigh 61124,64kg and 71699,77kg, respectively. These four 
designs are tabulated in Table 6 with section designations attained for each member group. This 
table also includes the maximum values of design constraints, reached in each design. According to 
these results, while the strength constraints dominate the rigid frames, inter-story drift constraints 
are effective in the solution of semi-rigid frames. Convergence rate graphs are given in Figure 11. 
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Figure 10. Twelve-storey, Four-bay Steel Frame 
 

Table 5. Minimum Weights (kg) obtained for Twelve-storey, Four-bay Steel Frame 
 
 
 
 
 
 

PSO HuS 
Rigid Semi Rigid Rigid Semi Rigid 

Best Design (kg) 42220,05 55089,580 39478,25 46451,310 
Average Design 
(kg) 

53221,63 59680,44 47029,48 50605,04 

Worst Design (kg) 75877,34 79454,82 57512,21 59764,62 
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Table 6. Optimum Designs for Twelve-storey, Four-bay Steel Frame 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
6.   CONCLUSIONS 

 
In this study, a hunting search optimization based optimum design algorithm is presented for 
unbraced steel frames with semi-rigid connections. Developed computer program analyzes the 
nonlinear steel frame with flexible connections, taking into account the LRFD-AISC specifications 
and selects W sections from ready section lists available in the literature. Experimental studies in 
the literature declare that the connection flexibility affects the distribution of forces in the frame 
and leads to an increase in the drift of whole structure. This makes it necessary to consider P-∆ 
effect in the frame analysis. There are several connection models in the literature. Among them end 
plate without column stiffeners connection model is carried out in the present study. Analysis and 
design routine is modified in such a way that it includes the flexibility and geometry of end-plate 
connection. For the determination of the effect of joint flexibility on the behavior of whole structure, 

  PSO HuS 
Group 
No 

Member 
Type 

Rigid Semi Rigid Rigid Semi Rigid 

1 Beam W410X46,1 W360X60 W410X46,1 W410X38,8 
2 Beam W460X60 W530X66 W410X67 W460X52 
3 Beam W460X52 W460X60 W410X60 W460X74 
4 Beam W460X60 W530X74 W460X68 W460X52 
5 Beam W460X74 W610X82 W410X53 W690X170 
6 Column W250X38,5 W360X79 W310X38,7 W410X53 
7 Column W360X134 W460X89 W410X75 W460X60 
8 Column W360X134 W610X113 W410X85 W530X92 
9 Column W760X134 W760X196 W610X101 W610X153 
10 Column W760X134 W840X329 W610X217 W610X241 
Maximum inter storey 
drift ratio  

0,96 0,95 0,97 0,93 

Maximum Strength 
Ratio 

0,99 0,82 0,99 0,88 

Top storey drift (cm) 11,97 11,24 12,60 11,23 
Minimum Weight  (kg) 42220,050 55089,580 39478,250 46451,310 

Figure 11. Design History Graph for Twelve-storey, Four-bay Steel Frame 
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example problems are also designed as rigid frames. This way, a comparison between both 
assumptions is carried out and it is noticed that semi-rigid connection assumption results in heavier 
frames. According to the observations, since great amount of horizontal displacement exist in the 
flexible connections, displacement constraints become dominant in the design. Therefore, algorithm 
selects stronger sections to satisfy these constraints. As a result, the weight of the whole structure 
designed with partially restrained connection assumption becomes greater than the one designed 
with fully restrained connection assumption. The second part of the study is devoted to the 
demonstration of the efficiency of presented hunting search-based design algorithm. To do this, the 
same analysis and design routine is automated with particle swarm optimizer. The same numerical 
problems are solved by this algorithm, once again. Results show that hunting search produces better 
designs compared to particle swarm optimizer. 
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ABSTRACT: This paper presents a numerical investigation on the flexural buckling design of fabricated austenitic 
and duplex stainless steel columns. Complementary experimental investigation was conducted and the numerical 
modelling methodology was validated against the complementary experimental database. The target parametric study 
was carried out to assess the influence of initial geometric imperfections, residual stress patterns, mechanical 
properties, local cross-section slenderness and global slenderness on the structural behaviour. A total of 968 FEA 
results were developed which included 301 welded box-section and 667 welded I-section columns. The resulting 
structural performance data were collated to assess the reliability of the current design provisions - EN 1993-1-4 and 
ASCE 8-02. Results indicate the conservatism on current practices. Improved design provisions were proposed based 
on the Direct Strength Method, ASCE 8-02 and Perry formulae. 
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1.  INTRODUCTION 
 
In recent years, stainless steel has been widely used for construction because of their favorable 
material properties and the corrosion resistance [1]. Corresponding stainless steel design 
specifications have also been developed and adopted in Europe [2], the United States [3] and China 
[4] which promotes the further acceptance by the engineers. These days, research on stainless steel 
focuses on material characterization, residual stress patterns, local and global stability behaviours. 
Over the research on the material characterization, Mirambell and Real [5] proposed a two-stage 
Ramberg-Osgood model which was subsequently modified by Quach [6] to a three-stage model. 
Research on residual stress measurements were conducted by Gardner [7], Quach [8] and Yuan [9]. 
Wang [10] and Yang [11], on the other hand, developed an overall stability calculation method for 
welded I-section stainless steel beams through experimental and theoretical investigations. Yuan 
[12] studied the local-overall interaction buckling of welded stainless steel columns experimentally 
and proposed a new design method. Research on stability loading capacity of cold-formed stainless 
steel columns was also carried out by Shu [13, 14]. Two modified design methods for lean duplex 
stainless steel beam-columns was also proposed in Huang and Young [15]. A new design method – 
Continuous strength method, which can further exploit the strain-hardening benefits of the stainless 
steel materials, has been developed in the last two decades by Gardner and Nethercot [16-18].   
 
Current design specifications for stainless steel include EN 1993-1-4 (for cold-formed and welded 
members), SEI/ASCE 8-02 and AS/NZS 4673-2001 (for cold-formed members) [19]. The design 
methodologies in EN 1993-1-4 and AS/NZS 4673-2001 are fundamentally the same as their carbon 
steel design counterparts.  
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To expand the current stainless steel research to welded/fabricated sections, the objective of this 
paper is to develop an efficient method for flexural buckling design on fabricated austenitic and 
duplex stainless steel columns. Experimental programme, followed by the numerical investigation, 
was discussed in two companion papers [20, 21]. Experimental investigation on twenty-two 
austenitic and duplex stainless steel welded I-section compression members were conducted by 
Yang et al. [20] while twelve austenitic and duplex welded stainless steel box-section columns were 
tested by Yang et al. [21]. A corresponding numerical model was developed to replicate the 
experimental procedure. The load-displacement curves and buckling strength of experiments and 
finite element simulations were compared, indicating that the finite element methodology is 
applicable for parametric studies.  
 
Considering the conservatism of existing codified approaches during the stage prior to the yield 
stress, the focus of the present paper was the development of new efficient methods, i.e. a 
three-segment model, for the design of welded stainless steel cross-sections under compressive 
loading, based on the experimental results from the companion papers and parametric studies 
conducted herein. The reliability of the proposed design method will be assessed by comparing the 
design proposal with generated structural performance data.  
 
 
2.  NUMERICAL MODELING 
 
2.1  Introduction  
 
In conjunction with the previously conducted experimental studies [20, 21], a numerical modeling 
programme was performed using the general-purpose finite element analysis package ANSYS. The 
aims of the numerical investigations were initially to replicate the full experimental 
load–deformation curves and to assess the sensitivity of the FE models to extensive input 
parameters, and subsequently to conduct parametric studies to generate further structural 
performance data to supplement the experimental results. The accuracy of the FE models was 
assessed in the companion paper [20, 21] by comparing the key results, full load–deformation 
histories and failure modes obtained from tests with those derived from the numerical simulations. 
 
2.2  Parametric Analysis 
 
Having verified the general ability of the FE models to replicate the column test behaviour, a series 
of parametric studies were conducted. The basic FE model took 0.001L as initial geometric 
imperfection factor, where L is the length of the member. Residual stress distribution model 
proposed by Yuan Huanxin [9], the measured material properties and geometric dimensions were 
used as based modelling parameters. The primary aim of the parametric studies was to investigate 
the influence of initial global geometric imperfection, residual stress, material properties, local 
width-to-thickness ratio and non-dimensional global slenderness on the column load carrying 
capacity. The obtained results were also used to assess column buckling design curves. 
 
2.3  Global Geometric Imperfection 
 
Three different amplitudes of the global geometric imperfection, including 0.0005L, 0.001L, and 
0.002L, in the shape of a half-sine wave, were used. Table 1 and Table 2 show the FE results of 
column loading capacity with different geometric imperfections. The comparison of buckling 
resistance by using different amplitudes is also presented in Figure 1. It illustrates that: 
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Table 1. FE Results with Different Geometric Imperfections (Box-section) 
Austenitic stainless steel Duplex stainless steel 

 
F0.001 

(kN) 
F0.002 

(kN) 
F0.0005 

(kN) 
F0.002/ 
F0.001 

F0.0005/ 
F0.001  

F0.001 

(kN) 
F0.002 

(kN) 
F0.0005 

(kN) 
F0.002/ 
F0.001 

F0.0005/ 
F0.001 

0.49 771 739 795 0.96 1.03 0.74 1362 1287 1402 0.94 1.03 

0.74 627 589 653 0.94 1.04 0.94 1132 1054 1176 0.93 1.04 

0.99 491 457 515 0.93 1.04 1.15 907 842 946 0.93 1.04 

1.24 378 348 398 0.92 1.05 1.35 722 670 748 0.93 1.04 

1.48 290 266 308 0.92 1.06 1.55 576 537 597 0.93 1.04 

1.73 225 207 239 0.92 1.06 1.75 466 436 482 0.93 1.03 

1.98 178 164 188 0.92 1.06 1.96 382 359 395 0.94 1.03 

2.23 143 132 151 0.92 1.06 2.16 318 300 329 0.94 1.03 

2.47 117 109 124 0.93 1.05 2.36 269 254 278 0.94 1.03 

 
Table 2. FE Results with Different Geometric Imperfections (I-section) 

 Austenitic stainless steel Duplex stainless steel 

  
F0.001 

(kN) 
F0.0005 

(kN) 
F0.002 

(kN) 
F0.0005/ 
F0.001 

F0.002/
F0.001  

F0.001 

(kN) 
F0.0005 

(kN) 
F0.002 

(kN) 
F0.0005/ 
F0.001 

F0.002/ 
F0.001 

Major 
axis 

0.39 905 937 855 1.04 0.94 0.50 1763 1830 1672 1.04 0.95 

0.59 764 788 713 1.03 0.93 0.71 1471 1530 1380 1.04 0.94 

0.79 640 663 586 1.04 0.92 0.92 1182 1240 1103 1.05 0.93 

0.99 523 550 478 1.05 0.92 1.13 938 980 874 1.04 0.93 

1.18 429 451 390 1.05 0.91 1.34 746 778 697 1.04 0.93 

1.38 353 370 321 1.05 0.91 1.56 601 623 564 1.04 0.94 

1.58 292 305 266 1.04 0.91 1.77 491 506 463 1.03 0.94 

1.77 244 253 223 1.04 0.92 1.98 408 418 386 1.03 0.94 

1.97 203 213 189 1.05 0.93 2.19 343 351 326 1.02 0.95 

Minor 
axis 

0.53 923 942 884 1.02 0.96 0.66 1795 1866 1707 1.04 0.95 

0.73 759 780 711 1.03 0.94 0.84 1539 1604 1443 1.04 0.94 

0.92 611 636 566 1.04 0.93 1.01 1292 1359 1199 1.05 0.93 

1.12 487 511 450 1.05 0.92 1.19 1064 1120 986 1.05 0.93 

1.32 394 416 362 1.06 0.92 1.37 874 918 811 1.05 0.93 

1.52 323 342 297 1.06 0.92 1.54 722 760 672 1.054 0.93 

1.72 269 285 247 1.06 0.92 1.72 605 635 563 1.05 0.93 

1.91 228 240 208 1.05 0.91 1.90 511 534 476 1.04 0.93 

2.11 194 204 178 1.05 0.92 2.07 436 455 408 1.04 0.93 

2.31 168 175 154 1.05 0.92 2.25 376 391 352 1.04 0.94 

 



187                                   Yang-Lu, Zhao-Menghan, Chan-Takming and Shang-Fan                               
 

0.0 0.5 1.0 1.5 2.0 2.5 3.0
0.90

0.92

0.94

0.96

0.98

1.00

1.02

1.04

1.06

1.08

1.10

Non-dimensional slendernessλ

 

 

 F
0.002

/F
0.001

 F
0.0005

/F
0.001

F
0.

00
2/

F
0.

00
1 

or
 F

0.
00

5/
F

0.
00

1

0.5 1.0 1.5 2.0 2.5
0.90

0.92

0.94

0.96

0.98

1.00

1.02

1.04

1.06

1.08

1.10

Non-dimensional slendernessλ

F
0.

00
2/

F
0.

00
1 

or
 F

0.
00

5/
F

0.
00

1

 F
0.002

/F
0.001

 F
0.0005

/F
0.001

 

 

 
(a) Austenitic box-section (b) Duplex box-section 
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(c) Austenitic I-section (d) Duplex I-section 

Figure 1. The Influence of Initial Imperfection 
o The influence of column geometric imperfections on the loading capacity is related to 

column slenderness. Columns with medium lengths, as anticipated, are more sensitive to 
different geometric imperfections; 

o F0.0005 is generally 5% higher than F0.001, while F0.001 is generally 7% higher than F0.002. 
And the ultimate load is slightly fluctuated with the change of non-dimensional slenderness 
ratio; 

o For columns buckling about minor axis, the influence of geometric imperfections on 
loading capacity is slightly more obvious.  

 
2.4  Residual Stress 
 
The residual stress measurements were conducted in [20, 21] and the corresponding models were 
proposed as shown in Figure 2. This section compares the FE results with and without the 
consideration of residual stress and the results are summarized in Table 3 and Table 4 respectively. 
All data are also compared in Figure 3. In Figure 3, the horizontal axis is the non-dimensional 
slenderness ratio and the vertical axis is the ratio of ultimate load Fw to Fy. Fw and Fy represent the 
loading capacity with and without considering the residual stress respectively. It shows that  
o The influence of residual stress upon the loading capacity is related to column slenderness. 

Box-section columns with larger slenderness are more sensitive to residual stress. For columns 
buckling about major axis, residual stress affects slender columns more than stub counterparts. 
While for columns buckling about minor axis, residual stress affects medium-length columns 
the most.  

o Columns buckling about minor axis are more sensitive to residual stress.  
 
Therefore, residual stress was considered in all models in the subsequent parametric analysis. 
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(a) Austenitic box-sections (b) Duplex box-sections 
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Figure 2. Residual Stress Distribution in [9] 

 
Table 3. FE Results with (Fy) and without (Fw) Residual Stress (Box-section) 

Austenitic stainless steel Duplex stainless steel 

 Fy (kN) Fw (kN) Fw/ Fy Fy (kN) Fw (kN) Fw/ Fy 

0.49 771 759 0.98 0.74 1564 1561 1.00 

0.74 627 618 0.98 0.94 1362 1362 1.00 

0.99 491 494 1.01 1.15 1132 1139 1.01 

1.24 378 390 1.03 1.35 907 922 1.02 

1.48 289 307 1.06 1.55 722 738 1.02 

1.73 225 242 1.07 1.75 575 594 1.03 

1.98 177 193 1.09 1.96 466 484 1.04 

2.22 143 157 1.10 2.14 382 399 1.04 

2.47 117 130 1.11 2.36 318 333 1.05 
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Table 4. FE Results with (Fy) and without (Fw) Residual Stress (I-section) 
 Austenitic stainless steel Duplex stainless steel 

  Fw (kN) Fy (kN) Fw/Fy Fw (kN) Fy (kN) Fw/Fy 

Major 
axis 

 

0.39 1045 1044 1.00 0.50 0 2280 0.00 

0.59 899 905 0.99 0.71 1779 1763 1.01 

0.79 760 764 0.99 0.92 1482 1471 1.01 

0.99 642 640 1.00 1.13 1193 1181 1.01 

1.18 537 523 1.03 1.34 946 938 1.01 

1.38 445 429 1.04 1.56 758 746 1.01 

1.58 367 352 1.04 1.77 612 601 1.02 

1.77 305 292 1.04 1.98 500 491 1.02 

1.97 256 243 1.05 2.19 414 408 1.01 

2.17 217 203 1.07 2.40 348 343 1.01 

Minor 
axis 

0.53 962 923 1.04 0.66 1843 1795 1.03 

0.73 820 759 1.08 0.84 1582 1539 1.03 

0.92 679 611 1.11 1.01 1328 1292 1.03 

1.12 559 487 1.15 1.19 1093 1064 1.03 

1.32 460 393 1.17 1.37 897 874 1.02 

1.52 379 323 1.17 1.54 740 722 1.02 

1.72 314 269 1.16 1.72 617 605 1.02 

1.91 262 228 1.15 1.90 520 511 1.02 

2.11 221 194 1.14 2.07 443 436 1.02 

2.31 189 168 1.12 2.25 381 376 1.01 
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Figure 3. The Influence of Residual Stress 

 
2.5  Material Properties 
 
Material curves of 6 mm and 10 mm stainless steel plates are used for numerical analysis to assess 
the influence of material properties. The two based material curves are shown in Figure 4. The 
parametric results are shown in Table 5-6 and Figure 5. In Figure 5, the horizontal axis is the 
non-dimensional slenderness ratio, the vertical axis is the ratio of ultimate load of two different 
materials F1 (for 6 mm), F2 (for 10 mm). It can be observed that: 
o The influence of material properties on the loading capacity is related to column slenderness, 

i.e. columns with smaller slenderness are more sensitive to material properties; 
o Columns buckling about minor axis are more sensitive to material properties;  
o The influence of material properties on duplex stainless steel columns is more obvious than 

that of austenitic stainless steel. 
 

(a) 6 mm plates
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(b) 10 mm plates 
Figure 4. Material Curves of 6 mm and 10 mm Plates 

 
Table 5. FE Results with Different Material Properties 

– F1 for 6 mm and F2 for 10 mm (Box-section) 
Austenitic stainless steel Duplex stainless steel 

 F1 (kN) F2 (kN) F2/ F1 F1 (kN) F2 (kN) F2/ F1 

0.49 775 813 1.05 0.54 1564 1500 1.04 

0.74 638 675 1.06 0.74 1362 1298 1.05 

0.99 502 528 1.05 0.94 1132 1079 1.05 

1.24 387 401 1.03 1.15 907 878 1.03 

1.48 295 303 1.02 1.35 722 701 1.03 

1.73 229 232 1.01 1.55 575 565 1.02 

1.98 180 182 1.01 1.75 466 458 1.02 

2.22 145 146 1.01 1.96 382 378 1.01 

2.47 119 120 1.01 2.16 318 315 1.01 

2.72 99 100 1.01 2.36 269 266 1.01 

 
Table 6. FE Results with Different Material Properties –  

F1 for 6 mm and F2 for 10 mm (I-section) 

Buckling 
axis 

Austenitic stainless steel Duplex stainless steel 

 F1 (kN) F2 (kN) F1/ F2 F1 (kN) F2 (kN) F1/ F2 

Major 
axis 

0.39 1044 1088 1.04 0.39 2257 2059 1.10 

0.49 976 1022 1.05 0.66 1835 1735 1.06 

0.59 905 954 1.05 0.92 1471 1372 1.07 

0.69 832 885 1.06 1.18 1115 1037 1.07 

0.79 764 815 1.07 1.45 833 786 1.06 

0.89 701 744 1.06 1.71 631 601 1.05 

0.99 640 676 1.06 1.97 491 468 1.05 

1.18 523 548 1.05 2.24 388 374 1.04 

1.30 474 494 1.04 2.50 316 304 1.04 
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1.43 429 444 1.03 2.76 259 252 1.03 

Minor 
axis 

0.85 682 700 1.03 0.57 1926 1747 1.10 

1.22 467 486 1.04 0.84 1539 1322 1.16 

1.65 332 346 1.04 1.11 1173 988 1.19 

1.88 285 296 1.04 1.37 874 749 1.17 

2.12 247 256 1.03 1.64 661 579 1.14 

2.37 214 223 1.04 1.90 511 458 1.11 

2.62 188 195 1.04 2.17 405 368 1.10 

2.89 168 172 1.03 2.57 296 275 1.08 
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Figure 5. The Influence of Material Properties 

 
2.6   Local width-to-thickness Ratio 
 
The width-to-thickness ratios ranged from 9 to 40 were adopted for the parametric analysis and the 
results are shown in Table 7-8. The ultimate load was obtained by numerical analysis, based on 
which the stability coefficient was calculated. Afterwards the calculated coefficients based on 
simulation and EN 1993-1-4 are compared and graphically shown in Figure 6, where the stability 
coefficient φ is defined as the ratio of simulated force to normal force (Afy). It can be seen from the 
diagrams that the width-to-thickness ratio barely affects the stability coefficient for both box and 
I-section members. 

Table 7. FE Results with Different Width-to-thickness Ratio (Box-section) 
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Austenitic stainless steel Duplex stainless steel 

B/t F (kN) φ B/t F (kN) φ 

10 168 0.46 10 220 0.31 

13 230 0.46 13 302 0.31 

17 292 0.46 17 384 0.31 

20 355 0.46 20 465 0.31 

23 417 0.46 23 547 0.31 

27 479 0.46 27 629 0.31 

30 542 0.46 30 710 0.31 

33 604 0.46 33 792 0.31 

37 666 0.46 37 874 0.31 

40 728 0.46 40 955 0.31 

 
Table 8. FE Results with Different Width-to-thickness Ratio (I-section) 

Buckling form 
 Austenitic stainless 

l
Duplex stainless 

lSection 
position 

B/t F(kN) φ B/t F(kN) φ 

Major axis Web 

15 697 0.79 15 1198 0.70 

20 736 0.80 20 1265 0.70 

25 775 0.80 25 1330 0.70 

Major axis Flange 

15 775 0.80 15 1330 0.70 

18 896 0.80 18 1540 0.70 

21 1017 0.80 21 1749 0.70 

Minor axis Web 

15 372 0.42 15 559 0.32 

20 391 0.42 20 587 0.32 

25 411 0.42 25 615 0.32 

30 430 0.42 30 642 0.32 

35 450 0.42 35 670 0.32 

Minor axis Flange 

9 280 0.42 9 416 0.32 

12 345 0.42 12 516 0.32 

15 411 0.42 15 615 0.32 

18 476 0.42 18 714 0.32 

21 542 0.42 21 812 0.32 
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(a) Austenitic box-section (b) Duplex box-section 
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Figure 6. The Influence of width-to-thickness ratio 
 
2.7  Global Slenderness Ratio 
 
Columns with a wide range of global non-dimensional slenderness ratio have been analyzed using 
ANSYS and the results are summarized in Table 9-10. The stability coefficients of varying 
slenderness are depicted in Figure 7. It is obviously illustrated that the coefficient decreases with 
the increase of non-dimensional slenderness ratio. 
 

Table 9. FE Results with Different Global Non-dimensional Slenderness (Box-section) 
Austenitic stainless steel Duplex stainless steel 

 F(kN) φ  F(kN) φ 

0.37 829 0.99 0.54 1564 0.95 

0.49 775 0.92 0.64 1467 0.89 

0.62 707 0.84 0.74 1362 0.83 

0.74 638 0.76 0.84 1249 0.76 

0.86 571 0.68 0.94 1132 0.69 

0.99 502 0.60 1.05 1017 0.62 

1.11 441 0.53 1.15 907 0.55 

1.24 387 0.46 1.25 808 0.49 

1.36 338 0.40 1.35 722 0.44 

1.48 295 0.35 1.45 645 0.39 

1.61 259 0.31 1.55 575 0.35 

1.73 229 0.27 1.65 518 0.31 

1.85 202 0.24 1.75 466 0.28 

1.98 180 0.21 1.85 421 0.25 

2.10 161 0.19 1.96 382 0.23 

2.22 146 0.17 2.06 348 0.21 

2.35 131 0.16 2.16 318 0.19 

2.47 119 0.14 2.26 292 0.18 

2.59 108 0.13 2.36 269 0.16 

 
Table 10. FE Results with Different Global Non-dimensional Slenderness (I-section) 
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Buckling 
form 

Austenitic stainless 
steel 

Duplex stainless 
steel Buckling 

form 

Austenitic stainless 
steel

Duplex stainless 
steel

 
F 

(kN) 
φ  

F 
(kN) 

φ  
F 

(kN) 
φ  

F 
(kN) 

φ 

Major 
axis 

0.28 1102 1.03 0.40 2257 1.01 

Minor 
axis 

0.40 1013 1.05 0.57 1013 0.95 

0.37 1044 0.98 0.51 1896 1.02 0.49 923 0.86 0.66 923 0.86 

0.46 976 0.92 0.61 1763 0.85 0.59 839 0.78 0.75 839 0.78 

0.55 905 0.85 0.72 1620 0.79 0.68 759 0.71 0.84 759 0.71 

0.65 832 0.78 0.83 1471 0.73 0.77 682 0.64 0.93 682 0.64 

0.74 764 0.71 0.93 1324 0.66 0.87 611 0.57 1.01 611 0.57 

0.83 701 0.65 1.04 1181 0.59 0.96 544 0.51 1.10 544 0.51 

0.92 640 0.59 1.15 1054 0.53 1.05 488 0.45 1.19 487 0.45 

1.01 580 0.54 1.25 938 0.47 1.14 437 0.41 1.28 437 0.41 

1.11 523 0.49 1.36 833 0.42 1.24 393 0.37 1.37 393 0.37 

1.20 474 0.44 1.47 746 0.37 1.33 356 0.33 1.46 356 0.33 

1.29 429 0.40 1.58 668 0.33 1.42 323 0.30 1.54 323 0.30 

1.38 388 0.36 1.68 601 0.30 1.52 295 0.28 1.63 295 0.28 

1.48 352 0.33 1.79 542 0.27 1.61 269 0.25 1.72 269 0.25 

1.57 320 0.30 1.90 491 0.24 1.70 247 0.23 1.81 247 0.23 

1.66 292 0.27 2.00 446 0.22 1.79 228 0.21 1.90 228 0.21 

1.75 266 0.25 2.11 408 0.20 1.89 210 0.20 1.99 210 0.20 

1.84 243 0.23 2.22 373 0.18 1.98 194 0.18 2.07 194 0.18 

1.94 223 0.21 2.32 343 0.17 2.07 180 0.17 2.16 180 0.17 

2.12 189 0.18 2.43 314 0.15 2.17 168 0.16 2.25 168 0.16 
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Figure 7. The Influence of Non-dimensional Slenderness Ratio 

 
2.8  Discussion  
 
It can be concluded that the global non-dimensional slenderness ratio is the most sensitive 
parameter for the loading capacity of welded stainless steel columns while the effect of the local 
width-to-thickness ratio can be neglected. The influence of residual stress, initial geometric 
imperfections and material characteristics is moderate. The results from the parametric analysis 
identify an appropriate global imperfection level and the necessity of taking residual stress into 
consideration. These vital parameters would be considered in the new method for flexural design of 
stainless steel column in the following sections.  
 
 
3.  DESIGN PROPOSAL OF STAINLESS STEEL WELDED-SECTION COLUMNS 
 
3.1  Data from Parametric Analysis 
 
This section focuses on the investigation on the influence of slenderness on loading capacity of 
stainless steel columns.  
 
Austenitic and duplex stainless steel columns with 6 mm and 10 mm plates are studied. Material 
properties of the samples are shown in Table 11. Geometric dimensions of stainless steel 
box-section samples and I-section samples are shown in Table 12 and Table 13 respectively.  



197                                   Yang-Lu, Zhao-Menghan, Chan-Takming and Shang-Fan                               
 

Table 11. Material Properties along the Rolling Direction 

Grade t (mm) E0 (MPa) fy (MPa) fu (MPa) 
Elongation at 
fracture (%) 

n 

Austenitic 
6.00 182300 282 696 

58.1 
6.5 

10.00 198700 321 660 6.0 

Duplex 
6.00 191900 553 798 

35.0 
7.0 

10.20 190400 547 775 6.4 

 
Table 12. Geometric Dimensions of Stainless Steel Box-section Samples 

Designation B t B/t A 

B1 130 6 21.7 2976 

B2 180 10 18 6800 

B3 200 12 16.7 9024 

B4 240 16 15 14336 

B5 270 12 22.5 12348 

B6 360 16 24.6 22016 

 
Table 13. Geometric Dimensions of Stainless Steel I-section Samples 

Designation H B tw tf H/tw B/tf A 

H1 150 150 6 10 21.7 15 3780 

H2 180 150 8 10 20 15 4280 

H3 200 180 10 12 17.6 15 6080 

H4 200 200 8 12 22 17 6208 

H5 180 160 12 14 12.7 11.4 6304 

H6 200 200 14 18 11.7 11.1 9496 

H7 180 220 16 18 9 12.2 10224 

 
In total, 968 columns, including 153 austenitic stainless steel box-section columns, 148 duplex 
stainless steel box-section columns, 161 austenitic stainless steel I-section columns buckling about 
minor axis, 176 austenitic stainless steel I-section columns buckling about major axis, 161 duplex 
stainless steel I-section columns buckling about minor axis and 169 duplex stainless steel I-section 
columns buckling about major axis were analyzed. 
 
Comparisons between sample data and specification column curves are in Figure 8. It can be 
observed that section types have no influence on column curves. Besides, when slenderness is 
greater, calculated curves and EN 1993-1-4 curves fit well while calculated curves and ASCE 8-02 
curves fit well for medium-length columns.  
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Figure 8. Comparisons between Sample Data and Specification Column Curves 
 
3.2  Proposed Three-segment Model 
 
EN 1993-1-4 and ASCE 8-02 are commonly used for stainless steel structural design. Considering 
the limitations of the two design specifications, including conservatism and iteration, a 
three-segment column curve is proposed based on the test and numerical results. For the 1-segment 
of the curve, continuous strength method (DSM) proposed by Gardner [18] could be used to 
capture the beneficial effect of strain-hardening for stocky sections. For the 2-segment, the 
American cold-formed stainless steel specification could be used considering the nonlinear 
properties of materials and plastic buckling occurred for intermediate slenderness. For the 
3-segment (final segment), Perry formula, based on the edge yield criterion, could be used for large 
slenderness and the occurred elastic buckling. 
 

Overall stability coefficient formula of welded stainless steel columns can now be expressed as: 

         (1)	
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Schematic diagram of this formula is illustrated in Figure 9. 
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Figure 9. Proposed buckling curves 
 
The first graphical critical point, a, can be determined by buckling stress  obtained according to 
ASCE: 

            (2)	
Section buckling stress is regarded as the critical stress. 
 
The slenderness ratio when  is: 

                 (3)	
 
The first critical point was evaluated as 0.25 and 0.4 for austenite and duplex stainless steel 
respectively. The second critical limit, b, was determined by curve-fitting, for stainless steel. Values 
of the second critical limit b and the parameters of a1-a6 in Eq. 1 are summarized in Table 14. 
 

Table 14. Second Critical Limit for Proposed 3-segement Design Curve 

Material Section 
Value 
type 

Second 
critical 
limit 

      

Austenitic 

Box-section 

Fitted 
value 

1.1 1.245 -2.936 1.058 0.5428 0.8845 0.4438

Suggested 
value 

1.1 1.2 -2.94 1.06 0.54 0.88 0.44 

I-section 
major axis 

Fitted 
value 

1.3 1.111 -0.9412 1.011 0.6044 0.8983 0.3405

Suggested 
value 

1.3 1.1 -0.94 1.01 0.6 0.9 0.34 

I-section 
minor axis 

Fitted 
value 

1 1.222 -2.932 1.033 0.5113 0.8494 0.5288

Suggested 
value 

1 1.2 -2.93 1.03 0.51 0.85 0.53 

Duplex Box-section 
Fitted 
value 

1.0 1.203 -1.85 1.052 0.432 0.836 0.7279

Suggested 1.0 1.2 -1.85 1.05 0.43 0.84 0.73 
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value 

I-section 
major axis 

Fitted 
value 

1.1 1.106 0.7688 1.062 0.5657 1.029 0.2247

Suggested 
value 

1.1 1.1 -0.77 1.06 0.57 1.03 0.23 

I-section 
minor axis 

Fitted 
value 

1.2 1.088 -1.044 0.9964 0.5426 1.039 0.3772

Suggested 
value 

1.2 1.1 -1.04 1 0.54 1.04 0.38 

 
3.3  Reliability Analysis  
 
Each parameter of the proposed equation has been fitted using MATLAB. In order to verify the 
accuracy of the design method, the ratio of FE stability coefficient φ1 to calculated stability 
coefficient φ2 is illustrated in Figure 10. In Figure 9, φ1/φ2 fluctuates between 0.95 and 1.05, which 
shows the reliability of the design proposal.  
 
The proposed design curve and the design curves from EN1993-1-4 and ASCE8-02 are compared 
in Figure 11. It can be observed that the proposed column curve is in-between the EN 1993-1-4 and 
the ASCE 8-02 curves. It also indicates that the discrepancies between the calculated overall 
stability coefficient and the EN 1993-1-4 curve for austenitic stainless steel member are smaller 
than that of duplex stainless steel. It indicates that different material grades significantly impact the 
overall stability loading capacity and therefore separated design curves are needed. Also the 
discrepancies of the major-axis buckling are less than that of the minor-axis buckling in terms of 
I-section members and thus separated design curves are needed. It can also be seen that the EN 
1993-1-4 produced an evidently conservative design for welded stainless steel columns. The design 
loading capacity to test and simulated data ratio are approximately 1 for both box-section and 
I-section members, verifying the rationality of the proposed formula. The mean value, COV and 
reliability index of tests and FEA to the design predictions ratio are shown in Tables 15-17. The 
mean value of the experimental and numerical axial strengths over the modified design strengths is 
nearer to 1.0, while the COV of which is much lower. And the reliability index of the proposed 
method is generally higher than other provisions. In general, the test and numerical results on 
welded stainless steel columns can be accurately predicted by the proposed column curves. It 
should also be noted that the modified design proposal does not require iterative process in 
calculating the column strength as shown in ASCE’s provisions. 
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Figure 10. Comparison of FE and Calculated Stability Coefficient 
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Table 15. Comparison of Test and FEA Results with Design Predictions (Box-section) 

Parameters 

Austenitic stainless steel Duplex stainless steel 

Current design rules 
Modified 

design rules 
Current design rules 

Modified 
design rules 

  
Number of 

data 
159 12 159 152 12 152 

AVG 0.9911 1.3574 0.9962 0.9816 1.3402 1.0012 

COV 0.0039 0.0402 0.0026 0.0045 0.0414 0.0025 
Reliability 

index 
15.89 6.48 19.30 7.87 6.31 20.53 

 
 

Table 16. Comparison of Test and FEA Results with Design Predictions 
(I-section buckling around major axis) 

Parameters 

Austenitic stainless steel Duplex stainless steel 

Current design rules 
Modified 

design rules 
Current design rules 

Modified 
design rules 

  
Number of 

data 
167 22 167 172 21 172 

AVG 1.1051 1.2815 0.9987 1.0520 1.0933 0.9998 

COV 0.1057 0.0864 0.2189 0.0032 0.0028 0.0009 
Reliability 

index 
3.24 12.28 12.06 18.57 19.45 33.38 
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Table 17. Comparison of Test and FEA Results with Design Predictions 
(I-section buckling around minor axis) 

Parameters 

Austenitic stainless steel Duplex stainless steel 

Current design rules 
Modified 

design rules 
Current design rules 

Modified 
design rules 

  
Number of 

data 
167 22 167 172 21 172 

AVG 1.0527 1.1841 0.9905 1.2227 1.0896 1.0824 

COV 0.0046 0.0312 0.0019 0.0037 0.0115 0.0022 
Reliability 

index 
14.59 6.42 12.85 20.02 9.73 23.00 

 
 
4.  CONCLUSIONS 
 
This paper has presented an extensive parametric investigation with an aim to proposing a new 
design method for flexural design of fabricated austenitic and duplex stainless steel columns. 
Complementary experimental programme were conducted and the corresponding finite element 
modelling methodologies were validated in early investigations [20, 21]. The key parameters, 
including initial global geometric imperfections, residual stress, local width-to-thickness ratio, 
material properties and non-dimensional slenderness ratio were assessed. A total of 301 welded 
box-section and 667 welded I-section columns were simulated, which were used to evaluate the 
current design provisions and the calculation method proposed in this paper. The design curves 
provided in EN 1993-1-4 were confirmed to give conservative predictions while ASCE 8-02 give 
slightly overestimated predictions. 
 
Based on the complementary tests and simulated results, a three-segment design curve was 
proposed for the flexural design of fabricated austenitic and duplex stainless steel columns and 
demonstrated reliable predictions. 
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NOTATION 
 
The following symbols are used in this paper: 
 

A= the section area; 
B = the width of the member section; 
E0= the initial elasticity modulus; 
Fy= bearing capacity; 
Fw= bearing capacity with residual stress considered; 
F0.001= the ultimate load of the members with 0.001L geometric imperfection;  
F0.002= the ultimate load of the members with 0.002L geometric imperfection; 
F0.0005= the ultimate load of the members with 0.005L geometric imperfection;  
fy = the 0.2% proof stress; 
H = the height of the member section; 
PEC3 = the ultimate buckling load calculated according to EN1993-1-4; 
PASCE = the ultimate buckling load calculated according to ASCE-8-02; 
Pexp = the tested ultimate buckling load; 
PFE= the simulated ultimate load with the residual stress considered; 
n = the strain-hardening exponent; 
t = the thickness of the member section; 
tf = the thickness of the flange; 
tw = the thickness of the web; 
δ0 = the initial geometric imperfection; 
 = the non-dimensional slenderness ratio; 
σ = buckling stress; 
φ = overall stability coefficient. 
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ABSTRACT: Pre-tensioned steel cables are often used in hybrid string structures, suspended roofs and cable 
suspended bridges. When subjected to localised fire, the tensile force in the steel cables reduces due to thermal 
expansion, and thus, the geometry of the structure and the internal force distribution in the cable-tensioned structure 
will be affected. The mechanical behavior of pre-tensioned steel cables is sensitive to the elevated temperature history. 
In this paper, a set of analytical formulation has been proposed to determine the transient tension force in a cable 
subjected to localised heating considering the mechanical properties at elevated temperature and the effects of loading 
configuration, pre-tensioned force level, and thermal expansion at elevated temperature. The fire resistance of a 
pre-tensioned steel cable can be determined when the cable tension force is equal to its effective yield strength at 
elevated temperature. Meanwhile, the proposed method is able to capture the relationship between the transient tension 
forces with each influence parameter in order to study the behavior of steel cables subjected to localised fire. The 
mechanical responses predicted by the proposed analytical method of pre-tensioned cables exposed to localised fires 
are validated against the numerical results obtained from nonlinear finite element software. Finally, a design flow chart 
is proposed for fire resistant design of pre-tensioned steel cables and the calculations can be implemented using a 
spreadsheet program. 
 
Keywords: Cable-tensioned structure, fire resistance, localised fire, pre-tensioned structure, steel cable 
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1.  INTRODUCTION 
 
Pre-tensioned structures, such as beam string structures and suspension domes, are applicable for 
large space buildings or long span bridges. Typical pre-tensioned members are steel cables, steel 
rods or chains and they are generally named as ‘string’ in hybrid string structures. The steel cable is 
the most commonly used as a pre-tensioned member in hybrid string structures because of its high 
strength and the ease of applying tension force [1]. Fire induced high temperature can cause 
damage to pre-tensioned structures. For example, an aircraft warehouse with pre-tensioned truss in 
Brussels International airport collapsed in fire, shown in Figure 1, just as the roof of Ji’nan 
Olympic Stadium in China with cable suspension dome damaged in fire, as shown in Figure 2. 
 
There is an abundance of research on behaviour of tensioned structures at ambient temperature 
[1]~[3]. As shown in Figure 3 and 4, a large number of cases has been located in China. Zhou [4] 
studied the fire resistance of cable suspended structures exposed to standard ISO fire, and 
determined that a cable suspended structure under ISO fire hold similar displacement as a 
pre-tensioned cable. Sheng [5] and Fan [6] studied the mechanical behaviours of beam string 
structures and suspension domes exposed to localised fire respectively. In the work by Wang et al. 
[7] and the manual for post-tensioned concrete[8], the Young’s Modulus and yield strength of steel 
wires at elevated temperature have been reported based on experimental investigation. It should be 
noted that analysis of fire resistance of tension structures is mainly done by numerical method, and 
there are limited data for pre-tensioned steel cable or tensioned structure tested at elevated 
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temperature. Although the final aim of the study is to determine the fire resistance capability of 
tension structures, the first step is to determine the mechanical response of pre-tensioned cables 
exposed to localised fire. The fire resistance of a pre-tensioned cable can be established by 
comparing the transient horizontal tension force in cables throughout the whole fire history with the 
effective yield strength of the cable. The analytical method proposed in this paper would be useful 
for analysing the structural response of cable suspended buildings, beam string structures or 
suspension bridges exposed to localized fires. 
 

      

 
 
There is an abundance of research on behaviour of tensioned structures at ambient temperature 
[1]~[3]. As shown in Figure 3 and 4, a large number of cases has been located in China. Zhou [4] 
studied the fire resistance of cable suspended structures exposed to standard ISO fire, and 
determined that a cable suspended structure under ISO fire hold similar displacement as a 
pre-tensioned cable. Sheng [5] and Fan [6] studied the mechanical behaviours of beam string 
structures and suspension domes exposed to localised fire respectively. In the work by Wang et al. 
[7] and the manual for post-tensioned concrete [8], the Young’s Modulus and yield strength of steel 
wires at elevated temperature have been reported based on experimental investigation. It should be 
noted that analysis of fire resistance of tension structures is mainly done by numerical method, and 
there are limited data for pre-tensioned steel cable or tensioned structure tested at elevated 
temperature. Although the final aim of the study is to determine the fire resistance capability of 
tension structures, the first step is to determine the mechanical response of pre-tensioned cables 
exposed to localised fire. The fire resistance of a pre-tensioned cable can be established by 
comparing the transient horizontal tension force in cables throughout the whole fire history with the 
effective yield strength of the cable. The analytical method proposed in this paper would be useful 
for analysing the structural response of cable suspended buildings, beam string structures or 
suspension bridges exposed to localized fires. 

Figure 3. Pudong International Airport 
in Shanghai, China 

Figure 2. Ji’nan Olympic Stadium in 
China Damaged in Fire 

Figure 1. Collapse of the Aircraft Warehouse 
of Brussels International Airport after Fire 

Figure 4. Train Station Platform,  
in Yan-an City, China 
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2.   MODELLING OF PRE-TENSIONED CABLES IN FIRES 
 
2.1  Modelling of Localised Fires 
 
Figure 5 shows a steel cable, simply supported at both ends, is exposed to a localized fire. The 
temperature distribution in the cable is non-uniform in nature with hot smoke tends to accumulate 
at the ceiling level and the temperature distribution varies in accordance with the flame radiation 
which is related to the distance of the cable with respect to the fire source, as shown in Figure 5. 
From the vertical axis of plume centre, the temperature reduces symmetrically following the 
distance ‘x’ from the fire source, as shown in Figure 6, which is generated from a CFD fire 
simulation[13]. 

 
Figure 5. Effects of Hot Smoke and Flame on the Steel Cable  

 

      
Figure 6. Typical Transient Temperature Distribution in Localized Fire 

 
There are many models to predict the temperature distribution in localised fires, e.g. localised fires 
in EN 1991-1-2 [9], ASTM Standard E119-05 [10] and large space fires in NFPA 92B [11]. 
CECS200:2006[12] and Du et al.[13] describe the temperature distribution based on the field model 
given as: 

   max max 1 exp
7

b x
T T f x T            

       (1) 

where  b  is the effective radius of fire source, taken as q /b A  ; Aq   is the area of the fire 

source; maxT  is the maximum temperature above the fire source, as shown in Figure 7; x   is the 

distance from the vertical axis of plume centerline as shown in Figure 6;  f x   is the regressing 
function of temperature shown in Figure 7 with a range of factor η which is the reduction factor of 
temperature depending on the floor area, Asp, and ceiling height, H, given in Table 1 [13]. 
 
There are three cases that the area of the fire source cannot be ignored. One is short spanning cable 
in which the size of the fire source “b” is relatively important as it affects the temperature 
distribution in the cable. The second is the area of the fire source becomes much larger from 9m2 up 
to 50m2. The third is the cable is far away from the fire source. If the area of the fire source cannot 
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be ignored, the length of the cable right above the fire source of size “b” will be subjected to the 
maximum temperature during the fire history. In most cases, the length of the cable is much longer 
than the size of the fire resource as the cables are usually employed by long span buildings. 
 

Table 1. Reduction Factor η with Volumes of Large Space Buildings 

spA (m2) H (m) 

 6 9 12 15 20 
500 0.60 0.65 0.70 0.80 0.85 
1000 0.50 0.55 0.60 0.70 0.75 
3000 0.40 0.45 0.50 0.55 0.60 
6000 0.25 0.30 0.40 0.45 0.50 

 

 
Figure 7. Regression Function Versus the Distance from  

the Vertical Axis of Plume Centerline with Varying η  
 
Function f(x) is a complex equation in which integration cannot be performed. A simplified 
bi-linear model k(x) is proposed to replace f(x) as follow: 

 
1            23

                   23    

x x
k x

x

 
 

 
  

                                                (2) 

in which  1 23     

 
The temperature reduction factor T/Tmax predicted by Eq. 1 and Eq. 2 are plotted in Figure 5 with 
respect to the distance x from the fire source. It is worth noting that Eq. 1 can just predict the hot 
smoke temperature distribution under localised fire. As the flame radiation is taken into account the 
maximum temperature, Tmax, will be improved significantly under lower  value [14]. Thus, the 
simplified model tends to predict more non-uniform temperature distribution with more sharply 
gradient of  value. But it provides an overall good fit for higher  value as the flame radiation 
influences on the maximum temperature slightly under less non-uniform temperature distribution. 
 
2.2 Young’s Modulus of Cable at Elevated Temperature 
 
Wang et al. [7] experimentally proposed the value of the Young’s Modulus of steel cables at 
elevated temperature and can be fitted by the following equation. Eq. 3 is compared with test data 
and a good fit is observed as shown in Figure 9. 

 T 0.975 0.007exp 90

E
E

T


       （20� ≤ T ≤ 60�）                                    (3) 

 

x (m)

Reduction factor
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where ET is the Young’s Modulus of steel cable at elevated temperature; E is the Young’s Modulus 
of steel cable at ambient temperature (20oC), taken as 1.89×105N/mm2.   
 
2.3 Stress-strain Relationship of Steel Cable at Elevated Temperature 
 
Wang et al. [7] conducted tests on high tensile steel wires to obtain the mechanical properties at 
elevated temperature. In this paper, the nonlinear stress strain curves from tests [7] may be 
approximated using a bi-linear model as shown in Figure 10. The Young’s Modulus, ET, is defined 
as the slope of linear elastic range. The cable proof stress ,0 .02

T
yf  is defined as the effective yield 

strength with proof strain of 0.02, in accordance with EC3 [9]. The yield strength of cables, fy, is 
taken as 1690MPa at ambient temperature, and the reduction factor of yield strength for cables at 
elevated temperature, T, is obtained [7] as: 

3 6 2 8 3 11 4
,0.02 =1.013 1.3 10 6.179 10 2.468 10 2.279 10T

y yf f T T T T                                     (4) 
 

  

 
Figure 8. Young’s Modulus of Cables at Elevated Temperature - Tests Versus Predicted Formula 

 

 
Figure 9. Bi-linear Model to Predict the Stress-strain Relationship of Cable at Elevated Temperature 
 
 
3.  CACULATION OF CABLE TENSILE FORCE UNDER LOCALISED FIRE  
 
When a cable is subjected to a horizontal pre-tensioned force, 0H , its initially curved configuration 
will change to a straight configuration as shown in Figure 10(a). When the cable is subjected to 
uniformly distributed load, q0, along its length, the cable is deformed to a new configuration and 
cable horizontal tension force changes to H0, as shown in Figure 10(b). Under a fire situation, the 
cable will deform further due to the reduction of Young’s modulus at elevated temperature. The 
horizontal tension force in the cable changes to H1T as shown in Figure 10(c).  
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Figure 10. Response of a Pre-tensioned Cable before and during Fire 

 

 

Figure 11. Force Equilibrium of a 
Differential Element at Ambient 

Temperature 

Figure 12. Force Equilibrium of a 
Differential Element at Elevated 

Temperature 
  

In order to capture the transient tension force, which is temperature dependent, the force 
equilibrium equation of a differential cable element can be established at ambient temperature and 
at elevated temperature as shown in Figure 11 and 12, respectively. The temperature increases from 
T0 to Tn given as ∆T= Tn-T0. If the differential cable element is small enough, the material properties 
which are temperature dependent will be kept at the same within acable element even though the 
non-uniform temperature along the length of a cable. 
 
The transient tension force of a cable under uniform distributed load and subject to fire has been 
derived based on an analytical method proposed in the following sections. 
 
3.1 Cables Subject to Uniform Distributed Loads 
 
A pre-tensioned cable with span, l, and hinged at ends A and B at the same level, is subject to the 
uniform distributed load, q0 as shown in Figure 10(b). The cable deflects under a uniformly 
distributed load, q0, and the maximum deflection, f, occurs at the mid-span of the cable. The 
horizontal tension force, H0, in the cable at ambient temperature can be obtained as reference [2]. 
At an elevated temperature, the horizontal tensile force changes from H0 to H= H0+ΔH and the 
following equation can be obtained based on force equilibrium of a differential element as shown in 
Figure 13. 



                                    Pre-Tensioned Steel Cables Exposed to Localised Fires                                 212 

2

02

d
0

d

z
H q

x
              (6) 

integrating Eq. 6, the following equation can be obtained as: 
 0 2d

d 2

q l xz

x H


                                                                  (7) 

 
as shown in Figure 13, the length of the differential element of a cable can be described as: 

2
2 2 d

d d d 1 d
d

z
s x z x

x
     
 

          (8) 

 
similar to Eq. 7, the vertical displacement of the differential element of a cable at ambient 
temperature as shown in Figure 12 can be written as: 

 00

0

2d

d 2

q l xz

x H


                                                         (9) 

thus, the thermal elongation of the differential element for a pre-tensioned cable can be derived as: 
22

0
0

dd
d d 1 d 1 d

d d

zz
s s x x

x x
            

                                             (10) 

expanding the square root term in Eq. 10 by Taylor series and neglecting the second term, Eq. 10 
can be approximated as: 

22

0
0

d1 d
d d d

2 d d

zz
s s x

x x

         
     

                                                  (11) 

 
The total thermal elongation of a pre-tensioned cable can then be obtained by integrating Eq. 11 
along the length of the cable as 

 
22

0
0

d1 d
d d d d

2 d dl l

zz
s s s x x

x x

                
                                              (12) 

 
The total strain of a pre-tensioned cable at elevated temperature is the sum of the strain of a cable 
due to thermal elongation, ∆εth, and that due to the increment of internal tensile force, ∆εN, as: 

th N
T

N
T

E A
    

                   (13) 

where ∆N is the variation of internal tension force given as 
d

d

s
N H

x
   , α is the coefficient of 

thermal expansion, and A is the cross section size of a cable. 
 
Integrating Eq. 13 along the cable length, the change of cable length can be obtained as 

2 2
d d

  = [1 ] d 1 d      
d dTl l

H z z
s x T x

E A x x

                       

                                          (14) 

Neglecting the higher order term,
2

d

d

z

x
 
 
 

, the above equation can be rewritten as 

d d
Tl l

H
s x T x

E A


                                                               (15) 

 
Substituting s from Eq. 12 into Eq. 15, and expressing H as 

22

0

T

d1 d
d d d

2 d dl l l

zH z
x T x x

E A x x


                
                                                 (16) 
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In the following sections, two fire scenarios will be adopted to analyze the cable: (1) the fire 
engulfs the entire cable and thus the cable is uniformly heated along its length, and (2) the cable is 
subject to localized fire and thus the cable is only partially heated at certain portion of the cable 
length. 
  Cables subject to Uniform Heating and under uniformly Distributed Load 
 
Substituting Eq. 7 and Eq. 9 into Eq. 16, and integrating the transient horizontal tension force H  
by assuming uniform heating along the cable length in which the factor of η equals to 1.0 and the 
cable Young’s Modulus remains the same along the length, the cable tensile force can be obtained 
as: 

2 2 2
2 0 0 T

2 3 2 2 2
0 0 0 T 0 T24 24 24

q l H E A
H

H H H H E A T q l E A


   
                                     (17) 

 
The transient horizontal force H in Eq. 17 can be solved by assuming a value of H on the right-hand 
term and search for the final solution by an iterative process till the right-hand term equal to the 
left-hand term. 
 
3.2.1  Cables subject to partial heating under uniformly distributed load 
 
When the cable is partially heated under localized fire, the Young’s Modulus is varied along the 
length of cables, depending on it location with respect to fire source. If the area of the fire source is 
small relative to the length of the cable, the effective radius of fire source, b, in Eq. 1 can be 
ignored. Substituting Eq. 2 and Eq. 3 into the left side of Eq. 16, we can obtain 

 

 

max
2 2

0
3

975 7 exp
90 1 d d

d d d
10 2 d d

                                  

l l l

T k x
H

z z
x Tk x x x

EA x x


  
                        
                     (18) 

The integration zone is shown in Figure 12, while the fire source is right below the cable mid-span, 
which is dependent on the temperature distribution given by Eq. 2. Since the temperature 
distribution function is dependent on the length of a cable, the integration zone under centre fire 
will be classified into two models, that is whether the distance from the vertical axis of plume 
centre to the end of the cable is over the value of 23  or not. Then, The integration zone of Eq. 18 

can be defined as, 0 23
2

l
x    , 23

2 2

l l
x   , 23

2 2

l l
x     and 23

2

l
x l   , as the half length 

of a cable is not smaller than the value of 23 , shown in Figure 14(a). Otherwise, Eq. 18 will be 

integrated within the zone, 0
2

l
x   and 

2

l
x l  , as the half length of a cable is smaller than 

23 , as shown in Figure 13(b). 

   
Figure 13. Integration Models along a Cable Dependent of  

Temperature distribution under Centre Fire 
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Then, substituting Eq. 7 and Eq. 9 into the right-hand of Eq. 18, the equation of the transient 
horizontal tension force, which is due to the fire scenario shown in Figure 12, can be obtained as: 

2 3 2
2 0 0

2 3 2 2 3
0 0 0 012 12 12nd nd nd

q l H EA
H

H HB H B H EA TC q l EA


   
                                       (19) 

 
where 
if 2 23l  , then 
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                        

 

 2 46 1-ndC l     

if 2 23l  , then 

max max
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39 63
exp exp 1

20 25 90 180nd

T T ll
B

T




          
    

 

22 2ndC l l   
 
3.3  Pre-tensioned Cables Subject to Point Loads 
 
As shown in Figure 14, a pre-tensioned cable is with the nonlinear geometry shape, sb, due to 
gravity load, qb, at ambient temperature. The horizontal tension force, Hb, can be calculated by Eq. 
20. 

2
b

b 8

q l
H

f
              (20) 

 

Figure 14. Nonlinear Response of a Pre-tensioned Cable under Point Load at Ambient Temperature 
 

When the cable is subject to a point load, P, at a distance nl from the left support A, the cable 
geometry changes from the original configuration ‘s0’ to the deformed geometry ‘sb’. The new 
cable geometry consists of two parabolic segments, AC and CB, with a slope discontinuity at Point 
C. The following equations can be derived based on the force equilibrium of the cable segments AC 
and CB [3] 
 
for 0 x d   

   b
0

0

2 1

2

q l x P n x
z

H

  
           (21) 

for d x l   
  b

0
0

2

2

q x Pn l x
z

H

 
           (22) 
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At ambient temperature, Eq. 16 can be rewritten as below 
2 2

0 b 0 bd d1
d d

2 d dl l

H H z z
x x

EA x x

           
     

           (23) 

Substituting Eq. 21 and Eq. 22 into Eq. 23, and integrating along the length of a cable, it can be 
written as: 
     

b b

2 2 2 2 3 2 3
b0

2 2
0

12 12 1 2 122

12 12

     

b

b

Pq d l d P d n P n l q l q lH H l

EA H H

    
 

    (24) 

Let    2 2 2 2 3
b b12 12 1 2 12Pq d l d P d n P n l q l       , the transient horizontal tension force of a 

pre-tensioned cable under point load at ambient temperature can be derived from Eq. 24 as 
2

2 b
0 2 3 2 3

0 b b24 24 b

EA H
H

H H l H l q l EA




 
         (25) 

 
3.3.1 Cables subject to uniform heating along its length under point load 
 
At uniform elevated temperature distribution along the length of the cable, the transient horizontal 
tensile force in cable increases to H=H0+ΔH, and induces the nonlinear deformation, z, in a 
pre-tensioned cable described by as below: 
for 0 x d   

   b 2 1
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q l x P n x
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H

  
           (26) 

for d x l   
  b 2

2

q x Pn l x
z

H

 


          (27) 
 
Substituting Eq. 21, Eq. 22, Eq. 26 and Eq. 27 into Eq. 16, and integrating along the length of cable, 
the transient horizontal tensile force of cable under point load with uniform temperature 
distribution can be obtained as below: 
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           (28) 
with    2 3 2 2 2

b b/ 3 4 4 1 2 4udD q l Pq d l d P n d P n l     
 

 
3.3.2  Cables subject to non-uniform heating along its length under point load 
 
The regions for integrating Eq. 16 is taken as 0 2 23x l    , 2 23l x nl   , 2nl x l  , 2 23nl x l     

and 2 23l x l    if the half length of cable is greater than the value of 23 , as shown in Figure 

15(a). Otherwise, Eq. 16 shall be integrated within the zone of 0 2x l   and 2l x l   as the half 
length of cable is smaller than 23 , as shown in Figure 15(b). The horizontal tensile force in the 
cable under point load exposed to non-uniform heating distribution can be obtained as: 
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Figure 15. Integration Model along a Cable dependent of  
Non-uniform Temperature distribution under Centre Fire with Point Load, P 

 
 

4 CASE STUDY 
 
As shown in Figure 10(b), the cable is subject to a pre-tensile force of H0=19.1 kN and under the 
uniformly distributed load of q0=0.5 kN/m.  The length of the cable is 8m, and the cable cross 
sectional area is 0.674 cm2. Young’s Modulus, E, at ambient temperature is 1.89×105 MPa. 
Assuming the cable is fully engulfed in fire and it is subjected to uniform heating along its entire 
length, the transient horizontal tension force in the exposed to uniform heating can be obtained as 
follow. 
 
Assuming a temperature of 250℃, the Young’s Modulus of the cable can be calculated from Eq. 3 
as 5

T 1.78 10 MPaE   .  Substituting the values of H0, A, l, q0, ET, into Eq. 17 and obtain: 

2 7975

44.6
H

H



           (30) 

 
The transient horizontal tension force, H, from Eq. 30 can be calculated using an iterative method 
and a final value of H = 11.9kN is obtained. A similar method is then repeated to calculate H for 
cable subject to another temperature and the relationship between H and temperature, T, is plotted 
as shown in Figure 16. 

 
Figure16. Horizontal Tension Force against Temperature 

 
For other loading configuration and temperature distributions, the transient horizontal tension force 
in the cable can be obtained from Eq. 19, Eq. 28 or Eq. 29, respectively. 
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5.   LOAD RESISTANCE OF PRE-TENSIONED STEEL CABLES UNDER FIRE 
 
The transient horizontal tension force of pre-tensioned cables under uniform distributed load or 
point load exposed to local fire scenarios can be calculated by the proposed equations while the 
effective yield strength of cables dependent on the elevated temperature can be obtained from Eq. 4.  
The fire resistance or critical temperature of a pre-tensioned cable can be determined when the 
tension force is equal to the yield load of the cable.  The following example illustrates the 
procedure of calculating the fire resistance of pre-tensioned cable subjected to localized fire. 
 
At fire limit state, the load resistance of a pre-tensioned cable is dependent on the maximum 
temperature according to Eq. 1 and temperature distribution as shown in Figure 5. For long span 
cable, if the vertical displacement of a cable is small enough, the tension force in cables will be 
similar to the horizontal tensile force. Then, the stress of a pre-tensioned cable should be satisfied 
by the equation as: 

T ,0.02= T
y

H
f

A
             (31) 

 
where   T      is the stress of a pre-tensioned cable at elevated temperature; A is the size of 
cross section of a cable; H is the transient horizontal tensile force at elevated temperature, obtained 
by Eq. 17, Eq. 19, Eq.28 or Eq. 29 respectively; ,0.02

T
yf  is the yield strength of a cable dependent on 

temperature, obtained by Eq. 4. 
 
For example, a pre-tensioned cable with the size of cross section, A=0.674 cm2; and Young’s 
Modulus as E =1.89×105MPa. The span length of the cable is l = 20m; horizontal tension force at 
ambient temperature is Hb = 11.53kN; uniformly distributed dead load is q0=0.2 kN/m; point force 
P =1kN is acting at 0.5l from the support.  The temperature reduction factor is taken as =0.6 .A 
numerical model of pre-tensioned cable mentioned above has been established by using ANSYS 
software shown in Figure 17. The ‘Link8’ element has been employed to simulate the pre-tensioned 
cable. As Shown in Figure 18, the numerical model of pre-tensioned cable designed as above is 
modelled by the Link 8 elements and cut into one hundred elements along its length. The horizontal 
tension force and the tensile stress in the cables computed by the numerical analyses and from Eq. 
29 are compared as shown in Figure. 20 and 21, respectively. 

 
Figure 17. Numerical Model of Link 8 Element 

 

                 
Figure 18. Numerical Model of a Pre-tensioned Cable 
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According to the Eq. 1, the temperature distribution along the pre-tensioned cable can be updated 
by tracing the maximum temperature, Tmax, with 10℃  interval. Under each temperature 
distribution, the tension force, H, can be calculated by Eq. 17, Eq. 19, Eq. 28 or Eq. 29, and then, 
checked by Eq. 31 step by step. 

 
Figure 19. Horizontal Tension Force of 

the Pre-tensioned Cable at Elevated 
Temperature 

Figure 20. Mechanical Response of the 
Pre-tensioned Cable at Elevated 

Temperature 
 
Figure 16 shows that the horizontal tension force calculated from Eq. 29 decreases with the 
temperature rise and fits the numerical result well in lower temperature range. Above 400℃, there 
is somewhat a difference between Eq. 29 and numerical results. The maximum amount of deviation 
reaches 7% at 600℃ because the higher order term, (dz/dx)2, is ignored in Eq. 14.  
 
The yield strength of the steel cable at elevated temperature is also plotted in Figure 20. When the 
tensile stress of the steel cable meets the yield strength, the fire resistance temperature or critical 
temperature is attained. Figure 20 also shows that the tensile stress in the cable obtained from the 
numerical simulation and a good fit with the analytical result is observed. It indicates that the 
equations of the transient horizontal force developed in the present studies can provide a good 
estimate of the mechanical response of pre-tensioned steel cable subjected to localized fire.  
 
The following section investigates the key parameters that influence the mechanical behavior of 
pre-tensioned cables under localized fire. 
 
 
6.  FACTORS AFFECTING THE CABLE TENSILE FORCE UNDER FIRES 
 
Tension force in cables represents the key mechanical characterizes of pre-tensioned cables. The 
initial tension force level, load ratio, span of cables and the degree of non-uniform temperature 
distribution along the length of the cable are involved in Eq. 17, Eq. 19, Eq. 28 and Eq. 29, which 
determines the transient tension force in cables. 
 
Firstly, the pre-tension level, Pr, is defined as the pre-tension force, 0H  , forming the nonlinear 
geometric shape before loading, shown in Figure 9(a), to yield strength at ambient temperature as: 

0
r

y

H
P

f A


            (32) 

 
In Eq. 32, the pre-tension force is always designed as lower than 30% yield strength at ambient 
temperature [2]. 
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Load ratio, R, is the horizontal tension force of cables due to load, shown in Figure 10(b), to yield 
strength at ambient temperature as below. 

0

y

H
R

f A
            (33) 

 
6.1 Effects of Pre-tensioned Force Level 
 
To study the effects of pre-tensioned force level on the horizontal tension force of cables at elevated 
temperature, an example has been designed as below.  
 
The pre-tensioned steel cable under uniform distributed load, shown in Figure 10(c), with the cross 
section of 0.674 cm2;Young’s Modulus of 1.89 × 105 MPa; cable span of 20m; load level of 0.4;the 
non-uniform temperature distribution with the reduction factor, 0 .6  ;the initial pre-tension 
force level, Pr , ranged of 0.1 to 0.18. 
 
At ambient temperature, the initial geometrical configuration of a cable is significantly dependent 
on the pre-tension force before loading. The cable will be stretched more tightly and induced the 
less displacement at the mid-span with higher pre-tension force level. 
 
As shown in Figure 10(a) and 10(b), the horizontal tension force, 0H  , can be updated to H0, due 
to uniform distribution load, that is, the horizontal tension force, H0, is affected by pre-tension force, 

0H  , and uniform distribution load, q0. In order for parametric analysis to keep the given load level, 
R=0.4, constant, the horizontal tension force, H0, should be kept constant according to the Eq. 33. 
Meanwhile, the pre-tension force level increases as listed in table 2 to analyze its effect on the 
mechanical behaviors of pre-tensioned cables under localized fire. According to the Eq. 32, the 
pre-tension force, 0H  , increases while the pre-tension force level increasing. Thus, the uniform 
distribution load, q0, should be decreased while the pre-tension force increases to keep the 
horizontal tension force constant.  
 

Table 2. Pre-tension Force Level under the Uniform Distribution Load 
Pre-tension force level, Pr 0.10 0.12 0.14 0.16 0.18 

Uniform distribution load, q0 

(kN/m) 
2.130 1.788 1.540 1.355 1.215 

 
Resulting from the Eq. 19, at each elevated temperature level, the horizontal tension force of the 
cable decreases with the increase of the pre-tensioned force level at each temperature level, as 
shown in Figure 21. When comparing with the horizontal tension forces in the cable which resulted 
from numerical analysis and Eq. 19 at elevated temperature, it is discovered that they hold the same 
tendency, that is, with the tension force level increasing, the horizontal tension force decreases 
more sharply under localized fire. 
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Figure 21. Horizontal Tension Force vs. Temperature in a Range of Pre-tensioned Force Level 

 
As shown in Figure 21, the maximum deviation of the horizontal tensile force is 7.3% between the 
curves resulted from Eq. 19 and numerical simulation using by ANSYS software. It proves that the 
numerical analysis can simulate the mechanical behaviors of cables under localized fires enough. It 
should be noted that the critical temperature of the pre-tensioned steel cable is dependent on the 
pre-tension force level, temperature distribution and the fire resistance of cables together under the 
same load ratio. Hence, according to the same failure state which is shown in Figure 21, when the 
curve of horizontal tension force drops more sharply, it meets the fire resistance curve, which 
decreases through the whole temperature history, more lately and led to the higher critical 
temperature as the pre-tensioned force level increasing.  
 
6.2 Effects of Load Ratio 
 
In order to study the effects of load ratio on the horizontal tensile force of cables at elevated 
temperature, the cable with the same geometric properties given in the 5.1 section of this paper is 
with the pre-tensioned force level, Pr = 0.1; the reduction factor of the temperature distribution is 
taken as 0 .6  ;the load ratio, R, in a range of 0.2 to 0.7.  
 
A range of horizontal tension force at ambient temperature, H0, can be obtained by Eq. 33 under 
each load ratio. It should be noted that the horizontal tension force, H0, increases with the 
increasing of the load ratio at ambient temperature. In order to keep the increasing of the horizontal 
tension force, the uniform distribution load should be increased as listed in table 3. 
 

Table 3. Load Ratio under the Uniform Distribution Load 
Load ratio, R 0.2 0.3 0.4 0.5 0.6 0.7 

Uniform distribution 
load, q0 

(kN/m) 

1.0
3 

1.57
5 

2.1
3 

2.7
1 

3.2
8 

3.8
8 
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Resulting from the Eq. 19, at each elevated temperature level, the horizontal tension force in the 
cable is increasing dramatically with the increasing of load ratio at each temperature level, shown 
in Figure 22. Comparing with the horizontal tension forces in the cable resulted from numerical 
analysis and Eq. 19 at elevated temperature, they fit well together with 3.2% deviation between the 
curves resulted from Eq. 19 and numerical simulation using by ANSYS software, and the 
horizontal tension force is decreasing slightly at the same gradient through the whole temperature 
history. 
 
Checking with Eq. 31, the curve of the horizontal tension force met the fire resistance curve earlier 
and led to the lower critical temperature as the load ratio increasing.  
 
6.3 Effects of Non-uniform Heating Along the Length of Cables 
 
In order to study the effects of the non-uniform temperature distribution on the horizontal tension 
force in cables at elevated temperature, the cable with the same geometric properties given in the 
5.1 section of this paper is with the pre-tension force level, Pr = 0.1; the load ratio, R = 0.3; uniform 
distribution load, 0 1.575kN/mq  ; and the non-uniform heating along the length of the cable with 
the reduction factors in a range of, η=0.2~1.0.  
 
Resulting from the Eq. 19, at each elevated temperature level, the horizontal tension force in the 
cable is decreased with the increasing of temperature reduction factor, shown in Figure 23. The 
comparison with the horizontal tension forces in the cable resulted from numerical analysis and Eq. 
19 at elevated temperature, the maximum deviation of the horizontal tension force is 5.3%.  

          
Figure 23. Horizontal Tension Force Versus Temperature History in a  

Range of Temperature Distribution 

Figure 22. Horizontal Tension Force Versus Temperature History in a Range of Load Ratio
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The horizontal tension force is decreasing more sharply with the larger temperature reduction factor, 
that is, the more uniform temperature distribution can lead to the horizontal tension force dropping 
more sharply and meeting the fire resistance curve more lately. Checking with Eq. 31, the curve of 
the horizontal tension force met the fire resistance curve more early with the more non-uniform 
temperature distribution and led to the lower critical temperature. As the uniform temperature 
distribution with 1 .0  , the element at the end of a cable may fall to failure much earlier than 
that with a little lower tension force at the mid-span of a cable. 
 
6.4  Effects of the Cable Span Length 
 
As shown in Figure 24, a longer cable will be exposed to the more concentrate heated zone along 
its length. Therefore, the cable length should be one of the key factors which would influence the 
horizontal tension force in cables at elevated temperature. 
 
In order to study effects of the cable span length on the horizontal tension force in a cable at 
elevated temperature, the cable with the same geometric properties given in the 5.1 section of this 
paper is with the pre-tension force level, Pr = 0.1; the load ratio, R = 0.5; the non-uniform heating 
along the length of the cable with the reduction factors, 0 .6  , and the span length of the cable in 
a range of 12m ~ 32m. 
 
In order to keep the constant value of the horizontal tension force, H0, the load, q0, should be 
updated with the length of the cable increasing as listed in table 4.  
 

Table 4. Pre-tension Force Level against the Uniform Distribution Load 
Length of the cable, l 

(m) 
12 16 20 24 28 32 

Uniform distribution load, q0 

(kN/m) 
2.87 2.75 2.705 2.69 2.71 2.73 

 
Resulting from the Eq. 19, at each elevated temperature level, the horizontal tension force in the 
cable decreases with a decrease of the length of cables at each temperature level, as shown in 
Figure 24. Comparing with the horizontal tension forces in the cable resulted from numerical 
analysis and Eq. 19 at elevated temperature, the maximum deviation of the horizontal tension force 
is 6.6%.  

 
Figure 24. Horizontal Tension Force under Temperature History in a Range of Span 
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The horizontal tension force decreases more sharply with the shorter span of cables, that is, the 
localized fire will influence the horizontal tension force in the shorter span cables more greatly. 
Checking with Eq. 31, the curve of the horizontal tension force met the fire resistance curve more 
early with the larger span and led to the lower critical temperature. 
 
6.5 Effects of the Moving Fire 
 
Movement of fire is one of the typical features of localized fires in nature. As shown in Figure 25, 
as the fire moves away from the center, the non-uniform temperature distribution with factor, η=0.6, 
is no longer symmetrical to the mid-span of cables. When the fire moved from point A to point B, 
as shown in the insert of Figure 25, the tension force distribution along the length of a cable kept 
symmetrical to the mid-span of cables, and the value of the tension force increased slightly. It 
should be worth noting that the tension force at the mid-span of the cable decreases only by about 
10% from that at the end of cable. The gradient of tension force along the large span of cable is 
rather low. It can be assumed that the tension force is almost uniform distribution along the cable. 
On the other hand, the fire resistance of cable decreases significantly as temperature increases, as 
shown in Figure 20. Thus, the centre fire scenario is considered to be more critical and can be used 
to evaluate the fire safety of a pre-tensioned cable.  
 
 

 

Figure 25. Tension Force Distribution along the Length of a Cable under Moving Fire 
 
 
7.  DESIGN OF PRE-TENSIONED CABLES FOR FIRE SAFETY 
 
Figure 26 outlines a design flow chart without using sophisticated numerical software to determine 
the fire safety of a pre-tensioned cable subject to localised fire.  The ability of a pre-tensioned 
cable to sustain the applied load under localised fires is considered the yield strength and Young’s 
modulus of cables dependent on the non-uniform temperature distribution along the length of the 
cable. Two design strategies have been proposed to improve the fire resistance for pre-tensioned 
cables based on the influence parameters analysis illustrated above and thermal transfer 
respectively. 
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Figure 26. Design Flow Chart for Pre-tensioned Cables at Localised Fire 
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7. CONCLUSIONS 
 
In this study, an analytical method has been proposed to determine the mechanical behaviour of 
pre-tensioned steel cables subjected to localised fire. The horizontal tensile force subjected to 
localised fire is influenced by the load ratio, pre-tensile force level, length of cables, temperature 
distribution along the cable length and material properties at elevated temperature. Analytical 
methods have been developed to predict the horizontal tensile force in cable under different fire 
scenarios which consider uniform or non-uniform heating along the cable length with point load or 
uniform distributed load. 
 
The critical temperature of the cable can be determined when the horizontal tensile stress reaches 
the effective yield strength of the cable at elevated temperature. The accuracy of the proposed 
analytical method is verified against the results obtained by nonlinear finite element analysis. 
Parametric studies have been conducted and the results show that: 
 
 The horizontal tension force in cables decreased more sharply as the pre-tensioned force 

level increases. 
 The horizontal tensile force in cables increases with the increase of load ratio and decreases 

with the increase in temperature. 
 The horizontal tension force decreases more sharply with the degree of the non-uniform 

temperature distribution along the length of a cable.  
 The horizontal tensile force decreases more sharply with the shorter span of cables in the 

same temperature distribution in localised fire.  
 The horizontal tension force in cables is not affected significantly by the location of the fire.  

The critical location of the fire source is identified to be the one located just below the 
mid-length of the cable. 

 
Finally, the design flow chart for pre-tensioned cables at localized fire has been proposed to 
estimate the fire safety of cables. The results from parametric analyses are useful to formulate 
design guide to evaluate the fire safety of pre-tensioned structures.  
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ABSTRACT: Existing research in the seismic response of wind turbine tubular towers subjected to long-period 
ground motions is lacking, especially when soil-structure interaction (SSI) is considered. This paper discusses the 
seismic performance of typical pitch-controlled 1.25MW wind turbine systems, with particular focus on the 
influences of SSI effect and ground-motion characteristics. Modal analysis and resonance analysis are carried out 
first, ensuring that resonance does not occur when the tower is in operation. Two long-period waves and a bedrock 
wave are selected from the worldwide earthquake record database, followed by detailed dynamic time history 
analysis. The results indicate that the maximum displacement, acceleration, stress level and internal force responses 
of the tower subjected to the long-period ground motions are significantly larger than the corresponding values 
induced by the bedrock wave. Some responses can be further amplified due to the SSI effect, and this highlights the 
importance of incorporating the SSI effect into seismic design of wind turbine towers, especially for those located in 
soft soil regions. Furthermore, neglecting the vertical seismic action could lead to unsafe design. Other important 
issues, including the risk of pounding, stress concentration near the door regions, spindle shear fracture, and 
foundation failure, are also discussed, and summarized as references or comments for design and analysis of such 
structures. 

Keywords: Soil-structure interaction (SSI), Long-period ground motion, Wind turbine tubular towers, Time history 
analysis, Design and analysis comments 
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1.  INTRODUCTION 
 
Since the 20th century, traditional energy source has been exhaustingly consumed, leading to global 
energy crisis. After the 1970s, the concept of sustainable energy became prevalent, and wind power, 
which is a renewable source of energy, has been extensively developed [1]. Modern commercial 
wind turbine system originated in Northern Europe which is not a seismically active region; 
therefore engineers were more concerned about the wind-induced dynamic response at that time. 
However, with an increasing number of wind turbine systems being constructed in the seismically 
active region all over the world [2], it is essential to revisit the dynamic performance of these 
systems against seismic action. 
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Figure 1 Typical Wind Turbine Lattice Tower and Wind Turbine Tubular Tower 

 
There are two common types of the horizontal-axis wind turbine towers, namely, lattice tower and 
tubular tower, as shown in Figure 1 [2, 3]. Lattice towers, which are widely used in small and 
medium-sized wind turbine systems, have their merits of low cost and convenient transportation, 
but turbulence issues for blade along the downwind direction may be caused. On the other hand, 
tubular towers have the advantages of elegant appearance, good vibration performance, and 
convenient maintenance. Therefore, tubular towers, which are the focus of the current study, are 
widely employed in large-scale wind turbine systems [2].  
 
Some researchers have conducted a series of modeling and dynamic analysis on wind turbine 
tubular towers. Lobitz [4] proposed a mass-damping-spring model for wind turbine towers and 
carried out dynamic time history wind analysis; however, no seismic analysis was conducted. 
Through using mass-damping-spring model in seismic dynamic time history analysis, Bazeos et al. 
[5] found that the soil-structure interaction (SSI) effect has a significant influence on the dynamic 
response of tubular towers. Lavasas et al. [6] presented a finite element model containing both the 
tubular tower and the foundation, where the SSI effect was considered through introducing contact 
elements. However, in that study, only static analysis was performed without considering any 
dynamic effects. It is noted that in their studies [5, 6], the blades and nacelle were not directly built 
in the models. Witcher [7] used both time domain and response spectrum methods to study the 
seismic response of a 2 MW wind turbine tower. The results showed that the time domain method 
is more accurate. Based on a shear transfer mechanism, Murtagh et al. [8, 9] developed a coupling 
finite element model for connecting the tower and blades. The coupling mechanism was defined in 
detail and dynamic time history analysis was conducted to investigate the wind load effect. Taking 
SSI effect into account through introducing springs and dampers, Zhao and Maißer [10,11] 
established multi-body dynamic models for the wind turbine towers to investigate the seismic 
behavior in time domain and confirmed that the SSI effect plays more significant roles in higher 
mode vibrations. Through adopting a combined modal and multi-body dynamic formulation, 
Prowell et al. [12] examined the seismic behavior of a typical 5MW wind turbine system and 
concluded that the bending vibrations of the towers induced by earthquake loading need to receive 
sufficient attention in the design. Díaz et al. [13] presented an analytical model of an operating 
wind turbine subjected to three components base accelerations. The results indicated that in strong 
earthquake regions, the wind turbine design, especially the tubular tower section, can be controlled 
by the combined action of the earthquake and wind load. Based on a simplified soil spring model 
and Boundary Element Method, Taddei et al. [14] established a simplified finite element model of 
wind turbine towers and adopted a spectrum-compatible synthetic acceleration method to evaluate 
the applicability of the simplified soil representation in the practical seismic design. The results 
showed that with increasing thickness of the soil layer, their natural frequencies decrease, and the 
simplified soil spring model could have better agreement with more sophisticated and accurate soil 
models. Alati et al. [15] inveatigated the seismic behaviour of fully coupled offshore wind turbine 
models with fixed and flexible foundations under some typical load cases, and it was concluded 
that the fully coupled models can provide better prediction on the dynamic responses of the blades, 
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which are more sensitive to the foundation flexibility. More recently, some innovative vibration 
reduction solutions, adoping smart materials such as shape memory alloys [16, 17], were also 
proposed for wind turbine towers[18, 19].  
 
While continuous progress has been made looking into the seismic performance of wind turbine 
towers, relevant investigations on the influences of long-period ground motions and the SSI effect 
are generally lacking. Far field, long-period seismic ground motions could bring serious damage to 
flexible structures [20]. So far, long-period ground motion characteristics and response spectrums 
have been investigated by various researchers [21, 22], with the main focus on high-rise buildings 
[23, 24]. However, relevant studies on wind turbine tubular towers subjected to long-period ground 
motions are still insufficient, and in addition, the long-period range of the response spectrum in 
major codes [25,26] may not fully meet the design requirement for long-period structures including 
wind turbine systems. Pounding between the blades and the tower under certain circumstances can 
be another issue which needs to be carefully addressed. Therefore, it is necessary to take an 
in-depth look into the seismic response of wind turbine tubular towers subjected to long-period 
ground motions, taking the SSI effect into account. 
 
In light of the above, a detailed finite element model, consisting of rotor, nacelle, tower and 
foundation, is established and discussed in this study. The study starts with the introduction of the 
prototype wind turbine system and the modeling strategy, followed by the discussions of modal 
analysis and resonance analysis results. A set of dynamic time history analysis are then conducted, 
where different types of seismic ground motions are considered and the structural responses under 
long-period seismic ground motions (waves) and bedrock seismic ground motion (wave) are 
discussed in detail. Based on the numerical results, some preliminary design and analysis 
recommendations are finally made. 
 
 
2.    INTEGRATED FINITE ELEMENT MODEL 
 
2.1     Description of Prototype Wind Turbine System  
 
This study considers a typical pitch-controlled 1.25MW wind turbine system, based on which an 
integrated finite element model was built. The key material properties of the blade, nacelle and 
tower body are listed in Table 1. In the current study, the material was assumed to remain elastic 
under the considered design earthquakes; in other words, only elastic time-history analysis was 
performed for the tower. In addition, the three blades were simplified as cantilever beams with a 
rectangular cross section. The length, width and depth of each blade are 32.175m, 1.5m and 0.3m, 
respectively. The mass of the rotor (including the blades and hub) is 27470kg. The nacelle and its 
internal components were treated as an integrated part in the model. The length, width and height of 
the nacelle are 9.8m, 3.22m and 3.01m, respectively. The mass of the whole nacelle is 52000kg. 
The main body of the tower is comprised of three segments with varying cross section properties, 
and the height of each segment is 10.14m, 21.486m and 30.211m (from bottom to top), making a 
total height of 61.837m. The corresponding tube wall thicknesses for the three segments are 20mm, 
16mm and 12mm, respectively. The diameter of the tower increases linearly from 4.2m at the 
bottom to 2.58m at the top. In order to facilitate maintenance and testing, a door is opened near the 
bottom of the tower. The height and width of the door is 1.8m and 0.8m respectively in the vertical 
projection plane. In order to avoid local shell buckling, a doorframe is also installed, as shown in 
Figure 2b. A 10m×10m×1.8m reinforced concrete raft foundation is located at the bottom of the 
tower, and the yaw angle of the tower is 0 degree. As defined in Figure 2a, the blades rotational 
plane is perpendicular to X-Direction, the direction along the tower height is labeled as Z-axis, and 
the location where the blade is parallel to the positive direction of Z-axis is defined as 0o azimuth 
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angle. Murtagh et al. [9] observed that the most unfavourable location of the blades is 0o. In 
addition, Alati et al. [15] found that the influences of different spatial positions of the blades on the 
seismic responses are not notable. Therefore, this study only considers the critical location (0o) of 
the blades to investigate the seismic performance of wind turbine systems, as shown in Figure 2a. 

 
Table 1. Material Properties of Structural Components used in ANSYS 

Components Material Modulus of elasticity (GPa) Poisson's ratio 
Blade Glass Reinforced Plastic  42.60 0.22 

Nacelle Steel(Q345D) 206 0.30 
Tower Steel(Q345D) 206 0.30 

 
 
 

 

(a) Integrated finite element model (b) Doorframe 
Figure 2. Integrated Finite Element Model and Doorframe 

 
2.2    Modeling 
 
Using the commercial software ANSYS [27], an integrated finite element model was established 
(see Figure 2a). Eight-node shell elements (SHELL181) were adopted to model both the blades and 
the tower. The nacelle including inner components was simulated by beam elements (BEAM 189). 
Following the GL Guideline [28], solid elements (SOLID 95) were used to simulate the doorframe. 
The foundation section was modeled using reinforced concrete solid elements (SOLID 65). Due to 
the differences of element types and mesh densities among components, constraint equations and 
coupling interactions were applied to connect different types of elements. In particular, Rigid Zone 
connections using the CERIG command were employed between the tower top circular nodes and 
nacelle beam nodes. Rigid Zone connections were also used between the central nodes of the three 
blades and the end nodes of the nacelle beam, as shown in Figure 3a. Apart from that, coupling 
interactions were utilized between the tubular tower nodes along the thick direction and the 
doorframe nodes through the CPINTF command (see Figure 3b). Constraint equation connections 
were applied between the tower bottom circular nodes and the foundation top nodes using the 
CEINTF command (see Figure 3c).  
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(a) Rigid Zone connection 
(b) Coupling connection 

between tubular tower and 
doorframe 

(c) Constraint equation 
connection between tubular 

tower and foundation 
Figure 3. Constraint Equations and Coupling Interactions between Different Types of Elements 

 
In order to examine the influence of the SSI effect on the dynamic behavior of the wind turbine 
system, two models were compared in this study: one model taking account of the SSI effect and 
the other one excluding this effect. Wolf [29] and Richart et al. [30] suggested that the influence of 
SSI effect on structural dynamic performance could be achieved by introducing a series of discrete 
springs and dampers between the soil and the foundation. Using this strategy, a series of discrete 
springs and dampers were incorporated into the soil-foundation interface. Elements COMBIN14 
were applied to simulate the interaction between the foundation and soil in ANSYS. The details of 
the mechanical model considering the SSI effect are shown in Figure 4, and the values of the 
foundation soil parameters are provided in Table 2. 

Kx

Cx Kz Cz
KθCθ

Kφ Cφ
 

Figure 4. Mechanical Model Considering SSI Effect 
 

Table 2. Parameters of Foundation Soil 
Density 
(Kg/m3) 

Cohesive stress 
(Pa) 

Poisson's 
ratio 

Shear modulus 
(Pa) 

Shear wave 
velocity (m/s) 

Internal friction 
angle (°) 

Dilatancy 
angle (°) 

1900 19000 0.333 5.60E+06 150 25 29 

 
As can be seen in Figure 4, the soil-structure interaction can be modeled with two-dimensional soil 
spring stiffness coefficients, damping coefficients and mass of springs [29-32]. The basic properties 
of the springs and dampers were determined from the following equations[29, 30]: 
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Where xK and yK are the horizontal stiffness coefficients; zK is the vertical stiffness coefficient; 

K is the rotational stiffness coefficient; K is the torsional stiffness coefficient. Similarly, 

, ( , , , , )i iC M i x y z   are the corresponding damping coefficients and mass of springs, respectively; 

sR is the radius of the circular foundation; sG , s and s are the shear modulus, Poisson ratio and 

density of the soil, respectively. 
 
Substituting the considered soil parameters given in Table 2 into Eq. 1 through Eq. 3, the spring and 
damper parameters used in ANSYS are calculated and given in Table 3. 
 

Table 3. Property of Springs and Dampers 
Directions of degree of freedom Stiffness coefficients Damping coefficients Mass of springs 

Horizontal direction 1.34E+08 N/m 7.12E+06 N·s/m 1.08E+05 Kg 
Vertical direction 1.68E+08 N/m 1.31E+07 N·s/m 3.85E+05 Kg 

Rotational direction 2.80E+09 N·m 7.20E+07 N·s·m 5.70E+06 Kg·m2

Torsional direction 3.73E+09 N·m 5.25E+07 N·s·m 1.43E+06 Kg·m2 
 
 

3.    SEISMIC ANALYSIS PROCEDURES  
 

3.1     Modal Analysis 
 
The basic vibration characteristics of the wind turbine system are first determined through modal 
analysis, where the Lanczos Block method was adopted. The comparisons of the natural 
frequencies of the wind turbine system with and without considering the SSI effect are given in 
Table 4. As shown in Figure 5, the first mode vibration is governed by flexural deformation of the 
tower along with the blades flap-wise motion (in X-Direction), and the second mode vibration is 
featured by the lateral bending vibration (in Y-Direction) of the tower along with the blades 
flap-wise motion. The third and fourth mode shapes mainly involve local vibration of the blades. 
The modal analysis results imply that a coupling model including the blades and tower should be 
adopted in the dynamic analysis of wind turbine systems in order to obtain accurate results. In 
general, the natural frequencies considering the SSI effect are smaller than the corresponding 
values without considering the SSI effect.  
 

Table 4. Comparison of Frequencies of Models with &without Considering SSI Effect 

Mode number 
Frequency (Hz) 

Difference /% 
Without considering SSI effect Considering SSI effect 

1 0.345 0.328 2.27 
2 0.402 0.380 3.43 
3 0.411 0.403 1.95 
4 0.425 0.410 3.53 
5 0.994 0.971 2.31 
6 1.472 1.342 8.83 
7 2.032 1.353 33.3 
8 2.063 1.362 33.9 
9 2.446 1.381 43.4 

10 2.502 1.417 43.3 
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(a) (b) (c) (d)

Figure 5. The First Four Modal Shapes of the Wind Turbine Towers:  
a) The first-order modal shape; b) The second-order modal shape; 
c) The third-order modal shape; d) The fourth-order modal shape 

 
3.2    Resonance Analysis 
 
The purpose of performing resonance analysis is to avoid resonance when the tower is in operation. 
This requires that the structural natural frequencies should be sufficiently ‘far away’ from the 
external excitation frequency to ensure that structural dynamic response is within the controlled 
range. A common practice is that for wind turbine systems, all the natural frequencies f must stay 
away from the blade rotational frequency

1 pf and blade passing frequency
npf (The subscript n is the 

number of blade), with the required differences larger than 10%. The number of the blade in this 
study is three, thus the blade-passing frequency 3 pf is three times of the blade rotating frequency, 

namely, 3 13p pf f . 

 
For the 1.25MW wind turbine system studied here, the working speed of the rotor is 9.6~17.8 r/min, 
and therefore the corresponding rotational frequency range is 0.16~0.29 Hz and the passing 
frequency range of the blade is 0.48~0.87 Hz. It is seen from Table 4 that these frequencies ranges 
stay away from the natural frequencies of the structure, and therefore, it can be concluded that no 
resonance will happen whether the SSI effect is taken into account or not. The comparisons of the 
natural frequencies against the rotating frequencies can also be done via the Campbell diagram 
shown in Figure 6. 

0 5 10 15 20
0.0

0.2

0.4

0.6

0.8

1.0

1.2

  First-order frequency 
           (SSI effect) 

 Fifth-order frequency 
           (Fixed foundation) 

 Fifth-order frequency
           (SSI effect)

 Lower and upper limit 
           of  rotating speed

N
at

ur
al

 f
re

qu
en

cy
 (

H
z)

Rotating speed  (r/min)

  Blade rotating frequency      Blade passing frequency 
  First-order frequency (Fixed foundation) 

  

 
Figure 6. Campbell Diagram of Vibration in Wind Turbine System 
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3.3    Seismic Ground Motion Selection and Characteristic Comparisons 
 
3.3.1   Ground Motion Records Selection  
 
The EI-Centro (NS) wave, a typical bedrock wave which is widely used for seismic analysis, was 
chosen and two additional long-period seismic waves, namely, the HKD054 (EW) wave recorded in 
the Tokachi Oki earthquake in Japan in 2003 [20] and the CDAO (EW) wave recorded in the 
Mexico City of Mexico in 1985, were selected from the worldwide earthquake record database. The 
basic information of the three seismic waves is given in Table 5, and the acceleration time history 
curves of the three seismic waves are plotted in Figure 7. Hereafter, for ease of discussion, ‘bedrock 
wave’ stands for the EI-Centro (NS) wave, and the HKD054 (EW) wave and CDAO (EW) wave 
are referred as ‘long-period waves’. 
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Figure 7. Time History Curves of Considered Seismic Waves 
 

Table 5. Basic Information of Considered Seismic Waves 

Earthquake wave Magnitude Date 
Original record  

time (s) 
Peak ground 

acceleration (gal) 
Site 

classification 

EI-Cento(NS) 6.4 6-Jun-1938 53.76 341.7 Ⅲ 

HKD054(EW) 8.0 25-Sep-2003 213 50.53 Ⅳ 

CDAO(EW) 8.1 19-Sep-1985 180 79.98 Ⅳ 

 
It was considered that the site soil classification for the construction site of the wind turbine system 
is Ⅳ and the fortification intensity is Ⅶ [26]. For comparison purposes, the PGA of all the 
seismic waves was scaled to 35gal. For each seismic wave, three components were considered in 
the elastic time history analysis, and the accelerations along the horizontal principal direction 
(X-Direction), the lateral direction (Y-Direction) and the vertical direction were proportioned with 
the scaling coefficients of 1.0:0.85:0.65, respectively [26]. Raleigh damping was adopted in the 
structural model. The Rayleigh damping factor was calculated based on assigning 2% damping 
ratio to the first two modal frequencies. Due to the relatively long durations of the long-period 
seismic waves, a reduced duration of each wave was taken, starting from the time when 0.3PGA 
(peak ground acceleration) is first reached and ending when 0.3PGA last appears [33]. The main 
purpose of using reduced periods of seismic wave was to reduce the computational time, noting that 
the selected duration of seismic waves meets the relevant requirement for time history analysis [26]. 
No such reduction was made for the EI-Centro (NS) wave because the duration of the bedrock 
seismic waves is reasonably short. The time intervals and durations, for the analysis using, of the 
three seismic waves are illustrated in Table 6. 
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Table 6. Time Interval and Duration for Analysis of Considered Seismic Waves 
Seismic Wave EI-Centro(NS) HKD054(EW) CDAO(EW) 

Time internal (s) 0.02 0.01 0.005 
Duration (s) 53.76 42.20 79.72 

 
Apart from the seismic excitation, gravity load and wind load were also taken into account in the 
analysis. It was assumed that the wind turbine system is in shutdown state when earthquake 
happens, and therefore the dynamic effect of rotating blade was not considered. The gust loading 
factor (GLF) method [34] was used to obtain the equivalent static wind load, i.e. mean wind load 
multiplied by a gust loading factor. It is worth mentioning that the gust-loading factor was obtained 
by a spectrum analysis method adopting the wind-induced random vibration theory along the wind 
direction. The calculated results of GLF and equivalent static wind load are detailed in Appendix A. 
In this study, the wind load was only applied in the X-direction, and therefore the modeling results 
obtained from the X-direction are used to reflect an extreme structural response where the 
maximum wind load and the earthquake occur concurrently. No wind load is applied in the 
Y-direction, and therefore the Y-direction response can be used to discuss the sole influences of 
earthquake characteristics. Multi-core parallel computing technology was adopted in the computing 
process.  
 
3.3.2   Basic Characteristics of Selected Ground Motions 
 
The frequency characteristics of the selected ground motion records can be shown with Fourier 
spectrums using the fast Fourier transform (FFT) method, as shown in Figure 8. 
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Figure 8. Fourier Frequency Spectrums 
 

 
It can be seen that dominating frequency components are approximately distributed in 0.4-6 Hz for 
the EI-Centro (NS) wave. However, the dominating frequency ranges of the HKD054 (EW) and 
CDAO (EW) waves are approximately 0.2-1.3Hz and 0.22-0.8Hz, respectively. It is worth noting 
that the basis for determining the dominating frequency ranges for three seismic waves is that the 
ratio of area covered by the dominating frequency ranges to the total area of the Fourier amplitude 
spectrum reaches 80% in this study. Being different from the bedrock wave which involves 
significant high frequency components, the long-period waves are mainly governed by low 
frequency components. This may cause more significant seismic response for structures with long 
periods. 
 
The response spectrums, as shown in Figure 9 in a normalized manner, can further reflect such 
dynamic characteristics of the selected seismic waves [22]. Here, the dynamic magnification factor 
is defined as the acceleration response spectrum normalized by the peak ground acceleration (PGA) 
value. 
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Figure 9. Acceleration Response Spectrums (ξ=0.02) 

 
 
4.     SEISMIC ANALYSIS RESULTS 
 
4.1   Displacement Response  
 
Considering both cases of fixed (rigid) foundation and that considering the SSI effect, the 
comparisons of the maximum height-wise displacements (in three directions) of the towers under 
the excitation of the bedrock and long-period seismic waves are shown in Figure 10. Some key 
response values are provided in Table 7. For ease of discussion, F model denotes the one with fixed 
(rigid) foundation, and S model refers to the one with ‘elastic foundation’, i.e. considering the SSI 
effect. 
 

Table 7. Comparison of Maximum Displacements in Three Directions 

Seismic Wave 
The maximum 
displacement in 

X-Direction (mm) 

The maximum 
displacement in 

Y-Direction (mm) 

The maximum 
displacement in 

Z-Direction (mm) 
EI-Centro-NS 890.36 25.53 32.01 

HKD054-EW(F Model) 920.41 124.67 33.32 
CDAO-EW(F Model) 984.14 65.64 35.76 

HKD054-EW(S Model) 1170.95 111.72 38.46 
CDAO-EW(S Model) 1239.53 147.31 40.89 
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Figure 10. Nodal Displacement Analysis Results: a) Envelope Diagram of Horizontal Displacement 
in X-Direction; b) Variation of SSI Influence Factor (X-Direction); c) Envelope Diagram of 

Horizontal Displacement in Y-Direction; d) Variation of SSI Influence Factor (Y-Direction); e) 
Distribution of Drift Angle between Segments along Tower Height 

 
It can be seen from Figure 10a and Figure 10c that with increase in height, the maximum nodal 
displacements in the two directions gradually increase, where the maximum displacement is 
observed at the tower top. Moreover, the displacement responses induced by the long-period 
seismic waves are obviously greater than the corresponding values caused by the bedrock seismic 
wave, especially at the top of the tower (see Table 7). Taking the deformation response along the 
Y-Direction for instance (F models), the maximum displacements induced by the long-period 
seismic waves can be 4.9 times of the corresponding values caused by the bedrock seismic wave. 
Due to the presence of the equivalent wind load applied along the X-Direction, the influence of the 
seismic wave types on the maximum nodal displacement in the X-Direction seems to be less 
pronounced. In general, the maximum top displacement (in X-Direction) under the combined wind 
and seismic action can reach nearly 1.0 m (see Figure 10a) when the tower is subjected to 
long-period seismic waves. Another issue that needs to be carefully addressed is the risk of 
pounding (between the blades and the tower) which can severely damage the entire wind turbine 
system (see Figure 11a), especially when the tower is in operation during an earthquake. Figure 11b 
and Figure 11c show the minimum gap between the blades and the tower during the considered 
earthquakes, taking account of the wind effect. It is clearly seen that the long-period waves lead to 
more noticeable vibrations of the blades and thus smaller minimum blade-tower gaps. In particular, 
HKD054 wave (F Model) leads to a minimum gap of -0.08 m, indicating that pounding would 
occur when the tower is hit by the considered wind and seismic loads. No such risk is observed for 
the case of bedrock wave. 
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Figure 11. Relative Distance between the Blade Tip and the Tower: a) Illustration of Pounding 
between the Blades and the Tower; b) F Model Response; c) S Model Response 

 
The displacement response is also affected by the SSI effect. In general, the nodal displacements of 
the towers including the SSI effect are larger than those without considering the SSI effect (see 
Figure 10a). When the SSI effect is considered, the maximum tower top displacement can achieve 
more than 1.2 m, corresponding to a drift level of approximately 2%. This drift level may cause 
failure of the foundation, leading to overturn of the tower. This effect should receive sufficient 
attention in future studies. In addition, the inclusion of the SSI effect may further exacerbate the 
influence of the long-period waves. As can be seen in Table 7, for the S-models, the maximum 
displacements induced by the long-period seismic waves can be 5.8 times that of the corresponding 
values caused by the bedrock seismic wave. This level of amplification is larger than that found in 
the F-models. This highlights the importance of considering the SSI effect for predicting the 
maximum deformation of the towers, especially when long-period seismic waves are considered. It 
is worth noting that the SSI effect seems to reduce the risk of pounding, as shown in Figure 11c. 
This is possibly due to the fact that the soil can help dissipate some input energy, leading to 
decreased vibration effect of the blades themselves. It is also of interest to see that some parts of the 
tower could have slightly decreased maximum deformation in Y-Direction when the SSI effect is 
included (under the HKD054-EW wave). This is because that the predominant frequency of the 
HKD054-EW record is closer to the second modal frequency of the F-model (compared with the 
S-model). 
 
In order to more clearly show the influence of the SSI effect, a SSI influence factor,  , is defined 
by: 



                                        Tao Huo, Lewei Tong and Yunfeng Zhang                                     239 
 

Elastic foundation response value-Fixed foundation response value 

Fixed foundation response value
   (4) 

 
As indicated in Figure 10b and Figure 10d, for all the considered seismic waves, the influence of 
the SSI effect on the maximum nodal horizontal displacements at the lower part of the tower are 
significant. With increasing height, the influences of the SSI effect become less remarkable.  
 
It can be observed in Figure 10e that the drift angle of key segments induced by the long-period 
waves are greater than the corresponding values for the case of bedrock wave, although a certain 
level of fluctuations can be observed. These fluctuations correspond to the stepped tube wall 
thickness variation locations as well as the locations where flexural stiffness change abruptly. 
 
4.2   Acceleration Response 
 
Apart from the displacement response, it is also necessary to investigate the acceleration response 
which may affect the functionality of electro-mechanical equipment. In this study, the structural 
acceleration response is presented by acceleration amplification coefficients, i.e. the ratio of 
maximum structural acceleration over the peak ground acceleration (PGA). The maximum 
acceleration amplification coefficients of the towers with and without considering the SSI effect are 
provided in Figure 12a through Figure 12c. 
 

Table 8. Comparison of Maximum Acceleration Responses in Three Directions 

Seismic Wave 
The maximum acceleration 

in X-Direction (cm/s2) 
The maximum acceleration 

in Y-Direction (cm/s2) 
The maximum acceleration 

in Z-Direction (cm/s2) 
EI-Centro-NS 236.95 29.75 332.61

HKD054-EW(F Model) 275.66 88.36 614.02 
CDAO-EW(F Model) 323.58 46.11 740.29 

HKD054-EW(S Model) 268.38 64.86 612.66
CDAO-EW(S Model) 313.53 75.27 738.92 
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Figure 12. Acceleration Response Analysis Results: a) Envelope Diagram of Acceleration 
Amplification Coefficient (X-Direction); b) Envelope Diagram of Acceleration Amplification 

Coefficient (Y-Direction); c) Envelope Diagram of Acceleration Amplification Coefficient 
(Z-Direction); d) Variation of SSI Influence Factor (CDAO Wave) 

 
It can be seen that the structural acceleration amplification coefficients induced by the long-period 
seismic waves are clearly larger than the corresponding values caused by the bedrock seismic wave, 
as detailed in Table 8. Taking the acceleration response along the Y-Direction for instance, the 
maximum acceleration response of the towers subjected to the long-period waves can be nearly 3 
times that of the corresponding value for the case of the bedrock wave. In the X-Direction, at 
approximately 1/2-2/3 height of the tower, the acceleration amplification factor reaches its peak, 
and beyond this height the amplification coefficient starts to decrease. Similar behaviors were also 
reported by other researchers [15]. It is noted that at the top of the tower, the location of particular 
interest in terms of electric machine functionality, the maximum acceleration response (in the 
X-Direction) is not substantially increased when the long-period waves are considered instead of 
the bedrock wave. In the Y-Direction, the maximum acceleration response is slightly increased 
when the long-period waves are considered. This indicates that the maximum horizontal 
accelerations that the electric machines experience are not significantly influenced by the 
long-period waves. More attention needs to be paid for the acceleration in the vertical direction (i.e. 
Z-Direction), as the maximum height-wise accelerations in the Z-Direction increase apparently and 
the associated acceleration amplification is greater than those in the X and Y-Directions. At the top 
of the tower, the peak acceleration is 30 times more than the PGA under the long-period waves. 
This implies that the vertical earthquake action needs to receive sufficient attention in the design of 
wind turbine systems, especially when the tower is subjected to the long-period waves and the 
vertical acceleration at the tower top is of critical importance in design. Neglecting the vertical 
seismic action may lead to unsafe design.  
 
The SSI effect tends to have inconsistent influence on the structural acceleration responses, as 
typically shown in Figure 12d. However, compared with the influence on nodal displacement (see 
Figure 10d), the influence of the SSI effect on acceleration is much less significant. Under certain 
conditions (e.g. HKD054-EW in X-Direction), the SSI effect tends to decrease the acceleration, and 
this is because that the soil could help dissipate some energy and thus to decrease the responses of 
the superstructure. It is noted that the maximum structural acceleration response is also affected by 
the relationship between the predominant frequency of the earthquake record and the critical modal 
frequencies of the structure, which explains the inconsistency of the SSI influence factors. 
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4.3   Stress Response   
 
The height-wise maximum von Mises stresses (excluding the stress concentration effect near the 
door frame) of the tubular tower under the combined action of seismic load and wind load are 
shown in Figure 13a through Figure13c. 
 

Table 9. Comparison of Height-wise Maximum Von Mises Stresses 
Seismic Wave The maximum von Mises stress (MPa) 

EI-Centro-NS 209.77 
HKD054-EW(F Model) 213.74 
CDAO-EW (F Model) 226.65 

HKD054-EW(S Model) 209.38 
CDAO-EW (S Model) 224.47 
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Figure 13. Stress Level Analysis Results: a) Stress Envelope Diagram of Tower along Height; b) 
Stress Time History at the Bottom of Tower; c) Variation of SSI Influence Factor on Stress; d) 

Stress Time History Near Tower Door 
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Figure 14. Typical Foundation of  
Wind Turbine Towers 

Figure 15. Stress Contour at the Junctions 
between Tower and Doorframe 

 
Compared with the bedrock seismic wave, the long-period seismic waves could lead to higher 
stresses in the tower, as shown in Table 9.  
 
In addition, as shown in Figure13a, compared with the case of fixed foundation, SSI effect could 
lead to slight decrease of the stress level near the foundation. As mentioned previously, this could 
be due to the extra energy dissipated by the surrounding soil. On the other hand, within the range 
between 15m and 50m of the tower height, the SSI effect can slightly increase the stress level. 
Moreover, with increase in height, the influence of the SSI effect on stress level decreases (see 
Figure 13c). In general, compared with the displacement and acceleration response, the influence of 
the SSI effect on stress response is much less significant.  
 
For all the considered cases, the maximum von Mises stresses generally follow a decreasing trend 
with the increase of the tower height, although a certain level of fluctuations are observed. These 
fluctuations correspond to the stepped tube wall thickness variation locations as well as locations 
where the bending stiffness changes obviously. In general, the stress level along the height of the 
main body of the tower is within 230MPa, which is within the elastic range for normal 
constructional steel, and the stress distribution shows that the tapering design of the tower is quite 
economical in terms of material strength utilization. 
 
Another important finding is that the local stress variation condition is more sensitive to the seismic 
waves and the SSI effect. The results given in Figure 13d show that the long-period waves could 
lead to increased level of stress concentration near the doorframe (see Figure 15). When the SSI 
effect is considered, the local stress near the doorframe is further increased, and the peak value 
could achieve nearly 460MPa. This indicates that the junctions between the tower and doorframe 
could experience significant stress concentration due to geometric discontinuity, and special 
attention needs to be paid to address this issue, especially when the long-period waves are 
considered.  
 
4.4   Internal Forces 
 
Based on the stress distributions, the internal forces, including base moment, base shear force, and 
axial force, of the tower can be extracted from the model. 
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Table 10. Comparison of Maximum Internal Force Responses 

Seismic Wave 

Shear force 
in 

X-Direction 
(kN) 

Shear force 
in 

Y-Direction 
(kN) 

Axial force 
in 

Z-Direction 
(kN) 

Bending 
moment about 

X-axis  
(kN·m) 

Bending 
moment 

about Y-axis 
(kN·m) 

Torsion about 
Z-axis 
(kN·m) 

EI-Centro  915.16 21.05 662.95 1107.51 44890.50 34.99 
HKD054 (F 

Model) 
928.64 91.74 924.32 5611.71 45761.25 125.35 

CDAO (F Model) 976.68 52.77 1114.51 3012.01 48814.91 76.06 
HKD054 (S 

Model) 
927.27 64.50 933.81 3950.30 44142.22 137.20 

CDAO (S Model) 971.31 80.50 1126.40 4750.53 46516.37 133.17 
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Figure 16. Base Internal Force Analysis Results: a) Base Shear Force Time History in X-Direction; 
b) Base Bending Moment Time History (about Y-axis) 

 
Table 11. Comparison of spindle shear force responses 

Seismic Wave 
Shear force in Z-Direction 

(kN) 
Shear force in Y-Direction 

(kN) 
Resultant shear force 

(kN) 
EI-Centro 634.24 14.28 634.41 

HKD054(F Model) 781.07 67.33 783.97
CDAO(F Model) 864.15 35.85 864.89 

HKD054(S Model) 797.56 47.09 798.95 
CDAO(S Model) 884.15 57.29 886.01

 
According to Table 10 and Figure 16a through Figure 16b, the base shear forces, bending moments 
and torsions of the towers subjected to the long-period waves are greater than the results from the 
case of the bedrock wave. Taking the internal force responses along the Y-Direction for instance, 
the shear forces and bending moments (about X-axis) of the towers when subjected to the 
long-period waves are 2~5 times of the responses caused by the bedrock wave. It is noted that a 
similar degree of the increase in the displacement response is also observed. Due to the presence of 
the equivalent wind load applied along the X-Direction, the bending moment about Y-axis and the 
shear force along the X-Direction are quite significant. The combined moment and shear action 
may cause collapse of the towers if the foundation or the foundation embedded ring of the tower is 
not strong enough.  
 
Another issue that needs to receive attention is the shear capacity of the spindle that links the blades 
to the nacelle (see Figure 3a). The vertical and horizontal vibrations of the tower in conjunction 
with the torsional effects could cause significant shear force at the spindle of the rotor. As can be 
seen in Table 11, the maximum shear force at the spindle generally exceeds 600 kN. The 
long-period seismic waves cause larger shear forces onto the spindle of the rotor, and the SSI effect 
could further increase this shear effect. It is worth mentioning that if the tower is in operation 
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during the earthquake, the rotating blades could cause an even larger dynamic shear force applied 
onto the spindle of the rotor. This cautions that if the shear force is too large, fracture of the spindle 
could happen.  

 
 

5.  PRELIMINARY DESIGN AND ANALYSIS ADVICE 
 
Based on the information obtained from the finite element analysis, the fundamental seismic 
performances of the wind turbine tubular towers under long-period ground motions with the 
consideration of the SSI effect are understood, and some issues are also identified. Based on the 
research findings, some preliminary design comments are given as follows. 
 
5.1   Door Frame 
 
It can be seen from the analysis results that the junctions between the doorframe and tower door 
experience high stress levels (due to stress concentration). As a result, the weld of the doorframe 
may experience low-cycle fatigue failure during earthquakes and also potentially high-cycle fatigue 
failure under the wind action [35]. These areas may need to be strengthened locally if the tower is 
required to behave elastically during a design earthquake. Alternatively, an optimization study, 
examining the influences of varying geometric configurations of the door, may be performed to 
minimize the stress concentration effect near the doorframe. This is worth future investigations. 
 
5.2   Foundations 
 
The current study reveals that under a combined strong wind and seismic action, especially when 
the long-period waves are considered, considerably large displacement response can be induced at 
the top of the tower, noting that this is the location where the mass is concentrated. This 
displacement is further enlarged due to the SSI effect. This warns that overturn failure is a potential 
risk for towers located at soft soil regions. In recent years, the majority of the manufacturers adopt 
the embedded ring to connect the tubular tower and the foundation (see Figure 14). Although the 
peak stress for the current model is within the elastic range, a more severe earthquake may cause 
failure of the foundation, originating from the embedded ring. In fact, a number of overturn failures 
of such wind turbine towers have been reported [36]. Considering this, appropriate construction 
detailing may need to be applied to strengthen this “weak area”. To fix this problem, the recently 
developed prestressed-anchor foundation and prefabricated prestressed cylinder foundation, as 
shown in Figure 18, may be used, noting that the latter foundation form was specifically developed 
for soft soil regions. 
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(a) A beam-slab prestressed-anchor foundation (b) A prefabricated prestressed cylinder 
foundation 

Figure 18. New-type Foundation Forms for Wind Tubular Towers 
(http://www.goldenocean.cc/index.asp) 

 
5.3   Ground Motion Selection and SSI Effect 
 
Based on the current analysis results, SSI effect can amplify the structural responses (e.g. 
displacement, torsion effect, and axial force) under certain circumstances. With numerous wind 
turbine systems constructed in the soft soil regions, simplifying the foundation as a fixed constraint 
may be unsafe. In addition, the long-period seismic waves in the far field soft soil regions can also 
significantly increase the structural responses and the risk of pounding between the blades and the 
tower. In view of this, long-period seismic waves in conjunction with the SSI effect should be 
considered in the seismic design of the wind turbine systems in soft soil regions. 
 
 
6.  SUMMARY AND CONCLUSIONS 
 
In this paper, an integrated finite element model consisting of rotor, nacelle, tower and foundation 
was established. To investigate the influence of long-period seismic waves and SSI effect on 
structural dynamic performances, two comparative models were built, and modal analysis, 
resonance analysis, and seismic time history analysis were conducted. Based on the numerical 
simulation results, the main conclusions are drawn as follows: 
 
1) Considering the SSI effect can reduce the natural frequency of the wind turbine system. 
Therefore, the SSI effect should receive sufficient attention, especially when the towers are located 
in soft soil regions. Moreover, in order to capture some key responses including shear forces of the 
spindle and the risk of pounding, it is recommended that a coupling model including both the 
blades and tower is adopted in dynamic analysis of wind turbine towers.  
2) The maximum displacement, acceleration, stress level and internal force responses of the tower 
subjected to the long-period seismic waves are significantly larger than the values obtained from 
the bedrock seismic wave. The long-period waves can also increase the risk of pounding between 
the blades and the tower. Therefore, long-period seismic waves are suggested to be considered in 
seismic design of such towers. 
3) The influence of the SSI effect depends on a number of factors including the fundamental 
characteristic of the seismic wave and the modal frequencies of the tower itself. In general, the 
influences of the SSI effect on the maximum acceleration, stress level, and internal forces are not 
significant, whereas the maximum displacement response is much more sensitive to the SSI effect.  
4) The acceleration amplification coefficients in the vertical direction are quite large, especially 
when the tower is subjected to long-period waves. As a result, neglecting the vertical seismic action 
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in seismic dynamic response analysis may lead to unsafe design, especially for electro-mechanical 
equipment functionality. 
5) Adequate attention should be paid to the bottom part of the tower as well as the door regions. 
When the long-period waves are considered, the bending moment, shear force and von Mises 
stresses at the tower base section are apparently increased, and significant stress concentration 
effect can be observed near the doorframe. Appropriate strengthening approaches may be needed to 
decrease the stress demand at these critical locations, and thus to avoid extensive yielding as well 
as potential fatigue issues. 
 
Finally, it is worth mentioning that the effect of the rotating blades is not considered in this paper. 
With the rotating blades disturbing the air flow, the wind field can be more complex. In future 
studies, a more accurate rotating wind speed spectrum model may be established for the dynamic 
response and fatigue analysis. Moreover, refined models should be established for the nacelle and 
flange plates to understand the dynamic response at these connection locations of the different 
components. 
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Appendix A.  
The calculated results of the gust loading factor (GLF) and the Equivalent static wind load 
 

 
Figure 19. Wind Load on Wind Turbine Towers 

 
According to the load code for the design of building structures [37], the basic wind pressure for 
the construction site of the wind turbine towers is 0.55 kN/m2. In addition, the surface roughness 
classification is A. Moreover, the Simiu spectrum is adopted to obtain the wind-induced response in 
this study and the peak value factor is 2.2. Here, the blade parallel to the Z-axis is defined as blade 
1, the other two blades are called blade 2 and blade 3 along the counter-clockwise direction. It is 
noted that the GLF values and the equivalent static wind load of the blade 2 are the same as those 
of the blade 3. 

 
Table 12. GLF Value and Equivalent Static Wind Load of the Tower Body 

Height (m) 3.32 9.95 16.59 23.22 29.89 36.50 43.13 49.76 56.40 59.72 

GLF 2.114 2.128 2.141 2.153 2.165 2.177 2.191 2.204 2.221 2.238 

the equivalent 
static  

wind load (kN) 
31.256 39.243 42.643 44.342 45.069 45.137 44.752 43.973 42.903 42.429 

 
Table 13. GLF Value and Equivalent Static Wind Load of the Blade 1 

Height (m) GLF 
The equivalent static wind load 

(kN/m2) 
64.95 2.244 3.228 
66.56 2.248 3.253 
68.17 2.251 3.277 
69.78 2.256 3.301 
71.39 2.259 3.325 
72.99 2.264 3.349 
74.60 2.267 3.372 
76.21 2.271 3.395 
77.82 2.276 3.418 
79.43 2.280 3.441 
81.04 2.283 3.464 
82.65 2.288 3.487 
84.26 2.292 3.509 
85.86 2.297 3.532 
87.47 2.301 3.554 
89.08 2.304 3.576 
90.69 2.308 3.598 
92.30 2.313 3.620 
93.91 2.317 3.641 
95.52 2.322 3.663 
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Table 14. GLF Value and Equivalent Static Wind Load of the Blade 2 and Blade 3 

Height (m) GLF 
The equivalent static wind load 

(kN/m2) 
62.54 2.238 3.191 
61.73 2.237 3.178 
60.93 2.235 3.166 
60.12 2.233 3.153 
59.32 2.231 3.140 
58.52 2.229 3.127 
57.71 2.227 3.114 
56.91 2.225 3.101 
56.10 2.223 3.088 
55.30 2.222 3.075 
54.49 2.220 3.061 
53.69 2.218 3.048 
52.89 2.216 3.034 
52.08 2.214 3.021 
51.28 2.212 3.007 
50.47 2.211 2.993 
49.67 2.209 2.979 
48.86 2.207 2.965 
48.06 2.205 2.951 
47.25 2.203 2.937 
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ABSTRACT: Following the Northridge and Kobe earthquakes, extensive research was conducted on the use of 
various materials and systems that will absorb the earthquake effects within the structure itself in order to improve the 
behavior of the steel structures under seismic effects. In this study, the use of seismic dampers at beam-column joints of 
steel-framed structures to prevent damage to the structural members by absorbing the energy of the lateral loads was 
investigated. Thus, it will be possible for the steel-framed structures to be put into service right after a damaging 
earthquake by only replacing the dampers attached to the joints as no damage will occur to the beams and columns. For 
this purpose, as a first step, dampers with ductile behavior were chosen through preliminary tests. Consistent with the 
results of the preliminary tests, a total of six full-scale corner beam-column joint test specimens were produced.  Five 
specimens were attached various types of dampers in different sizes and one reference specimen was designed with 
regular end-plate connection. 
 
After the evaluation of the test results, valuable data on the load carrying and energy consumption capacities, stiffness 
characteristics and the general behavior of the specimens were obtained. In the analytical part of the study, analyses of 
the selected specimens were performed through ANSYS finite elements software package. The analytical and 
experimental results were compared and have been found very consistent with each other.  
 
Keywords: Beam-column joint, steel slit damper, steel frame, seismic damper, finite element  
 
DOI: 10.18057/IJASC.2018.4.2.7 
 

 
 
1.  INTRODUCTION 
 
Structures built throughout history were damaged by the earthquakes that caused devastating 
property damage and loss of lives. Therefore, different solutions to minimize the destructive effects 
of earthquakes were proposed with the impact of technological advances of the last century. 
Structural control mechanisms based on the principle of damping the seismic energy through 
non-structural members were developed.  Among these members, metallic dampers are economical, 
easy-to-produce, and can effectively dissipate seismic energy through hysteretic behavior.  The use 
of metallic dampers attracted the attention of researchers, especially after the unexpected damages to 
the joints of the steel framed structures in the Northridge (1994) and Kobe (1995) earthquakes [1] 
Many types of metallic dampers have been developed so far. The most popular among these are stiff 
dampers which are called ADAS (Added Damping and Stiffness) [2]. These members are made of 
high ductility steel and usually attached to steel frames. When built in triangular shape and produced 
from mild steel, they are called TADAS (Triangular Added Damping and Stiffness) [3]. They are 
welded at the bottom and bolted at the top and attached to the beam-column joints. In addition to 
these, honeycomb dampers [4], buckling restrained braces [5], bell shaped metallic dampers, 
lead-added metallic dampers and pi dampers are also available [6]. Passive energy steel dampers 
which are created by opening holes on steel plates are called slit dampers [7]. Recently, these metallic 
dampers have become increasingly popular.  Especially following the Northridge (1994) and Kobe 
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(1995) earthquakes, the use of passive energy dampers at different regions of steel structures became 
quite common. A variety of dampers in different shapes and sizes were used for this purpose.  
Oh et al. [1], used slit dampers at steel beam-column joints for the first time in the literature. 
Performing four full scale beam-column joint experiments, the researchers managed to dissipate the 
energy of the applied cyclic loads without causing any damage to the columns and beams. They 
investigated the behavior of the steel dampers of different geometric shapes in IPE type steel beams 
under cyclic loadings, different from other researchers. 
 
Steel slit dampers were used by many researchers in moment resisting frames and in the center of X 
bracings (Lee et al., [7], Chan and Albermani [8]). And slit dampers have been used at beam-column 
joints recently [1, 9-14].  
 
In this study, the use of dampers attached to the beam-column joint of a moment resisting frame 
that provides resistance to earthquakes preventing damage to the column or beam by damping the 
effects of lateral loads was investigated. Dampers are welded plates having bolt holes at their top 
and bottom edges for easy installation. They are attached to the beam-column joint by bolting both 
to the bottom flange of the beam and to the gusset plate (lower split-T) of the column. Therefore, 
they can be easily replaced when they get damaged during an extensive earthquake. The slit 
dampers with lower split-T can also be replaced easily [1]. However, in this study, changing only the 
damper will be sufficient. Moreover, one damper was used for narrow flanged beams as opposed to 
using two dampers as in [1]. 
 
A two stage experimental research was conducted for the use of dampers at beam-column joints. 
First, preliminary tests were performed in order to determine the appropriate type of damper. Thus, 
nine dampers with different geometric shapes previously used at different locations of steel frames in 
the literature were considered and experimentally evaluated. In line with the test results, three types 
of dampers were selected to be used in the full scale steel beam-column joint tests which constitute 
the core of this study. The behavior of dampers with different geometric shapes was compared with 
each other and the experiments were modeled using finite element method. 
 
 
2. MATERIAL AND METHOD 

 
In this study, the use of dampers at beam-column joints of steel frames was investigated.  The 
experimental part of the study was composed of two stages. In the first stage, a test system to apply 
shear force to the dampers was developed in order to investigate the behavior of the dampers having 
nine different geometric shapes subjected to cyclic loading. These experiments were referred to as 
preliminary tests in this study. In the second stage, based on the preliminary test results, the feasible 
damper types were determined. Afterwards, an experimental system for the tests of the full scale 
beam-column joints was created. The full scale tests were performed in order to investigate the use of 
dampers at beam-column joints.  
 
 
3. TEST SPECIMENS USED IN THE PRELIMINARY TESTS  

AND THEIR PROPERTIES 
 

In this section, the geometric shapes of the produced dampers were determined based on the dampers 
from the literature that were used at different locations of steel structures. In the preliminary tests, 
damper shapes were chosen based on the ones available in the literature that are located either at the 
joints where x-bracings meet the column and beams or at the foundation joints of columns. The 
dampers with the most suitable geometry for the full-scale beam-column joint tests were selected 



      Use of Different Shaped Steel Slit Dampers in Beam to Column Connections of Steel Frames under Cycling Loading      253 
 

regardless of their load bearing capacities. A rigid loading frame that can apply reversed-cyclic loads 
was developed as the testing apparatus of the preliminary tests. 
 
One edge of the damper was fixed to one of the columns of the rigid frame by bolts whereas the other 
edge of the damper was bolted to the connector plate attached to the load cell and the hydraulic pump 
that can apply reversed-cyclic loading. (Figure 1).  
 

 
Figure 1. Test Apparatus used in the Preliminary Tests 

 
Three steel specimens made of St-37 type steel material and complying with the European standards 
were tested. The results obtained from the tensile tests are listed in Table 1. In Figure 2, various types 
of dampers considered during the preliminary tests are presented. At the end of the tests, considering 
the ductility, loading bearing capacity and stability of these geometric shapes, the decision was made 
for the use of three dampers displayed in Figure 3 which are called slit, L-shaped and round-hole type 
dampers. 
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Figure 2. Various Types of Dampers Considered during the Preliminary Tests (Koroglu 2011,2012) 
 

 
slit damper  L-shaped round hole 

 Figure 3. Damper Types Determined after the Preliminary Tests 
 

Table 1. Tensile Test Results of Steel Material used in the Preliminary Tests 
Test No Width  

 
(mm) 

Thickness 
 

(mm) 

Elasticity 
Module 
(MPa) 

Yielding 
Stress (MPa) 

Max 
Stress 
(MPa) 

Failure Stress 
(MPa) 

Failure 
Strain  
 (%) 

1 24.90 10.00 210,6 302.40 414.60 312.40 33.20 

2 25.10 10.05 209,9 301.70 411.40 321.30 34.60 

3 24.90 10.00 209,4 303.40 421.30 304.80 35.10 
Average 209976 302.50 415.77 312.83 34.30 
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4. FULL SCALE TESTS OF THE BEAM-COLUMN JOINTS OF STEEL FRAMES 
 

In the literature, there are two different test configurations available for the full scale beam-column 
joint tests. These test configurations are different for the corner and middle columns. 

 
In this study, the test configuration for the corner columns is selected for the full scale tests. Test 
specimens were pin-supported at the zero moment points, i.e. at the center points of the upper and 
lower floor columns in order to reflect the real frame behavior. The beam at floor level was subjected 
to reversed-cyclic loading right at the center point (Figure 4). 

 Seismic Loading

 

 
Figure 4. Idealization of the Beam-column Joint. 

 
The target with this damper-attached connection system was to absorb the energy during a severe 
earthquake by having the steel slit damper damaged without causing any damage to the column or 
beam. Afterwards, the damaged steel slit damper can be rapidly and easily replaced so that the 
structure could be put back into service safely. For this purpose, in this joint configuration, a plate is 
welded at the top and bottom edges of the slit damper. One plate is bolted to the beam’s lower flange 
by high strength bolts, and the other to a rigid split-T gusset plate attached to the column. To 
constitute the beam support allowing rotations, the beam’s upper flange is bolted to a split-T member 
attached to the column (Figure 5).  
 

              
Figure 5. The Details of Beam-column Joint Utilizing a Slit Damper. 

 
Unlike in the study by Oh et al. [1], in order to ease the use of narrow flange beams and also to 
allow damper edges to be welded at both sides, single damper was used instead of two. The welded 
plates will allow easy installation and replacing of damper.  
 
 
5. TEST PROGRAM 
 
Six full scale beam-column joint tests were carried out in an adaptive manner. First, a specimen 
with rigid end-plate connection was created as a reference. Then, a 12 mm thick steel slit damper 
(12D) without reinforcing the beam and a 15 mm thick steel slit damper (15D) with beam stiffeners 
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were tested. Later, a 22 mm thick L-shaped steel damper (22E) was tested without reinforcing the 
beam. This damper was found to be weak at one direction and therefore a 15 mm thick 
double-skewed L-shaped (15E) damper was designed and tested (Figure 6.c). Finally, a 15 mm 
thick round holed damper was tested (15Y).  
 
5.1  Test Specimens 
 
In the full scale experiments, IPE 400 and IPE 270 type sections were chosen for columns and 
beams, respectively. The height of the column measured from the lower hinge to the upper hinge 
was 3m. The beam length measured from the point of load application up to the column’s face was 
2m. In the full scale tests, the damper-attached beam-column joint was detailed a little differently 
from the commonly used end plate connection. A “T- plate” connecting the beam to the column 
from the upper beam flange was manufactured by cutting a HEA 600 type profile while the gusset 
that transfers forces from the lower flange of the beam to the columns through the damper was 
manufactured from HEA 800 type profile. The gusset was stiffened with members welded at the top 
and bottom corners. Two types of steel material namely, St-37 and St-44, were used in the full scale 
tests. The material of IPE 270 and IPE 400 type profiles, the gusset and the upper T-plate was of 
St-44 standard. On the other hand, St-37 type material was used for the continuity plate, the end 
plate and the dampers. Joint details of the test specimens are presented in Figure 6. The mechanical 
properties of the materials obtained from the tension tests are provided in Table 2.  
 

 
(a) Connection detail with end plate 
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(b) Connection detail with damper 

 
c) Geometric details of 15E damper 

Figure 6. Joint Details of the Test Specimens 
 

Table 2. Mechanical Properties of the Steel 
Test Specimen Steel grade σy (MPa) σu (MPa) Ɛ (%) 

Beam 
St-44 

319.40 458.22 27.4 

Column 
St-44 

308.40 443.50 29.4 

Split T 
Gusset  St-44 

322.40 457.45 26.3 
Upper T  St-44 329.35 465.10 25.9 

Damper 

(t=22 mm) St-37 

314.00 407.00 33 
(t=12 mm) St-37 314.10 402.20 31 
(t=15 mm) St-37 315.20 403.00 32 
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Welded and bolted connections were both utilized in the test specimens. All bolts were of high 
strength type bolts with a minimum failure stress of 800 MPa and a minimum yield strength of 640 
MPa. The type of welding applied at the test specimens was gas metal arc welding and only fillet 
welds were performed. The diameter of the bolts and the thickness of welds were at their maximum 
allowed values so that no damage would occur in these members. Thus, no damage was detected at 
the welds and bolts during the tests. 
 
Displacements were checked in all the tests carried out. Load control was enforced based on the 
load cycles presented in the study by Pachoumis et al. [15], which complies with FEMA-351 [16] 
and the regarding values are provided in Figure 7.  
 

 
Figure 7. The load pattern applied during the tests 

 
 

6.  RESULTS OF THE RESEARCH 
 
The full scale tests of six beam-column joint specimens, two with slit dampers, two with L-shaped 
dampers, one with round hole dampers and one with regular extended end plate, were performed. 
From the specimens with slit dampers, one specimen with a 12 mm thick slit damper was 
connected to the unreinforced beam, while the other specimen with a 15 mm thick damper was 
connected to the beam reinforced with two stiffeners. From the specimens with L-shaped damper, 
the specimen with 22 mm thick damper was connected to the unreinforced beam, whereas the other 
with 15 mm thick damper was connected to the beam reinforced with two stiffeners. On the other 
hand, 15 mm thick round-hole damper was connected to the beam reinforced with two stiffeners. 
The model drawings of test specimens can be seen in Figure 8.  
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Extended End Plate 
(Reference) 

22E specimen 12D specimen 

 
15E specimen 15D specimen 15Y specimen 

 
Figure 8. Test Specimens 

 
 

The purpose of the experiment with the unreinforced beam under cycling loading was to 
concentrate the damage on the damper by preventing any damage to the beam, before reaching the 
beam’s theoretical moment capacity i.e. staying within the elastic range. On the other hand, the aim 
with the reinforced beam specimen was to dissipate the energy by damaging the damper and having 
no damage on the beam although the theoretical moment capacity of the beam would be exceeded. 
The theoretical yield moment for the IPE 270 section was calculated as 132.8 kNm. This limit 
value was marked on the moment-rotation graph with dashed lines in Figure 9-14.  
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Figure 9. Moment-Rotation Diagram of the Reference Specimen 

 

 
Figure 10. Moment-Rotation Diagram of Specimen 22E  
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Figure 11. Moment-Rotation Diagram of Specimen 12D  

 
Figure 12. Moment-Rotation Diagram of Specimen 15E  
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Figure 13. Moment-Rotation Diagram of Specimen 15D  

 
Figure 14. Moment-Rotation Diagram of Specimen 15Y  

 
No permanent damage was observed during loading in any of the test specimens until a rotation 
value of 0.02 radians. After this rotation value, local buckling started to occur in the lower flange of 
the specimen with the extended end plate. Moreover, the plastic deformations in the test specimens 
with dampers occurred only on the dampers with no sign of damage on the beams. In further load 
steps, particularly above 0.02 radians of rotation, the local buckling of the lower flange of the beam 
was obvious in the reference specimen and excessive deformations and damage occurred at the 
dampers of the test specimens (Figure 15). Some cracks were observed at the upper part of the 
damper’s end stud at 0.04 radians rotation in the specimen 12D.  For the specimen 15D with 
thicker stud, the cracks at the damper occurred at 0.06 radians rotation. The deformation was 
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apparent at 0.02 radians rotation and micro cracks were detected at the elliptical ends in the 
specimen 15Y. In the specimen 22E, it is observed that the studs of the L-shaped damper extended 
and elongated at positive loads and folded down and shortened in negative loads starting from the 
first load cycles. Micro cracks were detected at the tip of the damper studs at 0.03 radians rotation. 
Due to single skewedness of L-shaped dampers, the stability of the compression side of the damper 
could be lost in a short time irrespective of the load direction and thus, the double-skewed damper 
15E which has studs skewed in two opposite directions was designed and produced. Since the 
cracks concentrated at the tips of the damper studs for the rest of the dampers, the thickness of the 
damper studs was increased in order to prevent damage at the ends due to stress concentration at 
the sharp stud corners. The double-skewed L-shaped damper achieved similar load carrying 
capacities for positive and negative load cycles. Micro cracks were detected at the end of the 
damper studs at 0.02 radians rotation. The specimen 12D carried 3% less moment than the beam’s 
theoretical plastic moment capacity and the theoretical elastic limit was not exceed. Therefore, no 
damage on the beam was observed. Although the specimen 15D carried 11% more moment than the 
theoretical plastic moment capacity of the beam, no damage was observed on the beam owing to 
the stiffeners welded on the potential plastic hinge location. It was determined that the specimens 
15Y carried 2% more, 22E carried 4% less and 15E carried %5 more moment than the beam’s 
plastic moment capacity. 
 
As expected, the panel zone reinforced with stiffeners remained within the elastic range and 
exhibited a strong panel zone behavior. Figure 9-14 shows that 0.03 radians plastic rotation was 
exceed at all joints.  
 
The hysteresis curves of the load and the displacement values measured at the free-end of the beam 
for every test specimen are provided in Figure 16.  
 

Local Buckling

Gap

Damper Failures

Buckling of the reference specimen Failure of the damper studs of specimen 12D 

Damper Deformation  

Damper deformation of specimen 15D Failure of the studs of specimen 15E  
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Failure of the damper studs of specimen 15Y Failure of the damper studs of specimen 22E 
 

Figure 15. Damage Photos from the Tests 
 
 

 
 

Figure 16. Load-displacement Hysteresis Curve of all Specimens  
 
The plastic hinge formation caused the stiffness of the specimens to reduce during cyclic loading. 
The slope of the load-displacement curve at each load cycle is determined and the stiffness reduction 
graph was generated (Figure 17). 
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Figure 17. Stiffness Reduction Graph  
 
Frame systems subjected to lateral cyclic loads consume a part of the produced energy by 
deformations. Amount of the consumed energy is quite important particularly in the case of dynamic 
loads such as earthquakes. Energy is equal to the work done, while the work is equal to force 
multiplied by distance. Therefore, the energy consumed by the test specimen is equal to the area 
under the load-displacement curve for each cycle. In this study, as seen in Figure 18, test specimens 
12D, 15D, 15E, 15Y consumed 9%, 4%, 10%, and 13% less energy than the reference specimen, 
respectively. The specimen 22E, however, exhibited quite a ductile behavior and consumed 8% 
more energy than the reference specimen (Figure 18).  
 

 
Figure 18. The graph of Total Consumed Energy 
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Considering the stiffness and the consumed energy, the specimen 15D with 15 mm thick damper 
performed best among the tested dampers. It has the highest stiffness and carried 11% more moment 
than the theoretical plastic moment of the beam. Although specimen 22E has higher energy 
consumption than 15D, its stiffness was the lowest of all dampers. 
 
 
7.  ANALYTICAL STUDY 

 
In this section, the nonlinear model of the beam-column joint of a steel frame subjected to cyclic 
loading was created by using finite element method (FEM) so that the results of the experiments and 
of the numerical analysis could be compared. Hysteretic behavior of the considered beam-column 
joint was obtained by determining the stresses and deformations at various stages of the loading. For 
the nonlinear analyses, the required material models for each material type were obtained. Each 
material model was numbered and the numbers were assigned to the elements. The stress-strain 
curves obtained from the tensile tests of St-44 and St-37 type steel specimens were used for the 
column, beam, gusset and top T members, and for dampers, respectively. 
 
3D model geometry was meshed using Solid 187 element type available in ANSYS library. Solid 187 
is a 3D, 10-node tetrahedral solid element with mid-nodes. It has quadratic displacement behavior 
and is widely used in modeling irregular meshes. It has three translational degrees of freedom at each 
node in x, y and z directions (Figure 19). The average element size near beam-column connection 
was 12 mm. Coarser meshing was applied away from the joint where the average element size 
became 20 mm. The contacting surfaces between steel plates were assumed to be perfectly bonded. 
In order to see the stress concentrations around the bolt holes, they were included in the model. 
However, the bolts were not modeled. The column was fixed at top and bottom surfaces through 70 
mm distance from the free edges. The load was applied at the centerline of the beam section at 2 m 
away from the face of the column connection plate.  

 
Figure 19. General Geometry and Nodes of Solid 187 Element 

 
The steel material was assumed to have the stress-strain relationship presented in Figure 20. This 
stress-strain diagram was used in the definition of “Multilinear Kinematic Hardening” material 
model in order to simulate the behavior under cyclic loading given in Figure 21. This hardening 
model considers the Bauschinger effect so that the yield surface remains constant in size and 
translates in the direction of yielding. In Figure 20, the initial slope is equal to the first yielding stress 
divided by the corresponding strain and is defined as the modulus of elasticity of steel. The Poisson’s 
ratio was assumed to be 0.3, as usual.  
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Figure 20.  Stress-strain Model of the Steel Material 

 
Figure 21. Applied Cyclic Loading Scheme 

 
During the FE analysis, material and geometry nonlinearities were both considered. Iterative analysis 
was carried out using Newton Raphson method. The cyclic load history was applied with sufficiently 
small increments to obtain a convergent nonlinear solution. A cyclic loading text input file was 
prepared to be read from the File pull-down menu while Solution menu tree was kept active. The file 
has twice as many lines as the number of loadings. One line contains a displacement command with 
the loaded node number, loading direction and the amount of load and the following line contains the 
solve command; such as: 
 
D,63303,UX,-7.5 
SOLVE 
D,63303,UX,7.5 
SOLVE 
… 
 
In order to draw the force-displacement history plot within ANSYS Time History post-processor, a 
macro file was generated. After defining the array of the fixed node numbers for each load step 
increment, the reaction forces at fixed nodes in the loading direction were summed up and combined 
with the calculated displacement at the location and direction of loading to obtain the 
load-displacement plot. 
 



268                                Mehmet Alpaslan Kӧroğlu, Ali Köken and Yunus Dere                                   

Specimen 12D Specimen 15Y 

Specimen 22E Specimen 15E 
Figure 22. Von Misses Stress Contours of Specimens 

 
Von misses stress contours of the specimens are given in Figure 22 and comparison of 
load-displacement graphs of the specimens are given in Figures 23-27. 
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Figure 23. Load-displacement Curve Comparison of Reference Specimen  

 

 
Figure 24. Load-displacement Curve Comparison of Specimen 22E 

 

 
Figure 25. Load-displacement Curve Comparison of Specimen 15 E 



270                                Mehmet Alpaslan Kӧroğlu, Ali Köken and Yunus Dere                                   

 
Figure 26. Load-displacement Curve Comparison of Specimen 12D 

 
 

 
Figure 27. Load-displacement Curve Comparison of Specimen 15 Y 

 
 

8.  RESULTS 
 
The use of slit dampers at beam-column joints of steel frames was investigated analytically by 
ANSYS Finite Element Software package. It was observed that the experimental and analytical 
cyclic loading vs. displacement curves were quite close to each other for each test specimen. For 
the reference specimen, the load values obtained from FEM analysis were found to be higher than 
the experimental ones. This might be attributed to the reduction in the strength because of the 
possible micro cracks occurred during the welding of the end plate and the beam. FEM analysis of 
the specimen 22E resulted in slightly lower load values in the compressive load cycles compared to 
its experimental counterparts. The approximate values of the peak loads and load cycles indicate 
that specimens were modeled successfully.  
 
The purpose of this study was damping the energy by the yielding of dampers in order to prevent 
any possible beam damage at the joint of a steel beam-column under cyclic loads. The applied load 
that caused yielding of the IPE 270 beam was calculated approximately as 64 kN. In the 
experimental study, specimen 12D carried a load as much as the calculated theoretical load. In 
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addition, since the damper yielded by damping the energy before any yielding occurred on the 
beam of the specimen 12D, no permanent damage was observed either on the beam or the column. 
The maximum load that can be carried by the specimen N12 from FEM analysis is 5% lower than 
the experimentally determined load. Damper thickness of the specimen 15D was increased from 12 
mm to 15 mm unlike in the specimen 12D. At the same time, in order to prevent a possible damage 
to the beam, it is reinforced with two stiffeners at the damper ends. The purpose was to increase the 
load carrying capacity of the joint by preventing a permanent damage to the beam even above the 
theoretical yield load. The experimental studies showed that a load 15% more than the beam’s yield 
load was carried by the specimen 15D without any damage. It was observed that the highest load 
value obtained from FEM analysis was 4% less than the experimental one. Specimen 15Y carried 
2% more load, as well, than the beam’s yield load. In the specimen, the damage was concentrated 
on the dampers and the beam reinforced by stiffeners had no damage. Exhibiting quite a ductile 
behavior, specimen 22E carried a load up to the beam’s yield limit. FEM model of this specimen 
displayed the reduction in the load-carrying capacity in the unloading region. Reinforced with 
stiffeners and attached an L-shaped slit damper skewed in both directions, specimen 15E carried 
10% more load than the beam’s yield limit and the FEM model was able to approximately simulate 
this behavior. In the meantime, although the ultimate load carried by the reference specimen was 
larger than the load carried by all damper added specimens, it was observed that energy 
consumption rate was not that high. As a matter of fact, specimen 22E consumed 8% more energy. 
The maximum load carried by the end plated reference specimen was 30%, 19%, 23%, and 26% 
higher than that of the specimens 12D, 15D, 15E and 15Y, respectively. However, the energy 
consumed by reference specimen was 9%, 4%, 10% and 13% higher than that of the specimens 
12D, 15D, 15E and 15Y, respectively. The reason for this was that the damper yielded before the 
beam in the damper attached specimens and it absorbed the energy in a ductile manner during 
collapse.  

Table 3. Comparison of Experimental and FEM Results 

Specimens 
Maximum experimental 

load carried at the beam end  
(kN) 

Maximum load 
obtained from FEM 

(kN) 

Experimental 
to FEM ratio 

Reference 91 96 0,95 
15D 73 70 1,04 
12D 64 61 1,05 
15E 70 68 1,03 
15Y   68 61 1,11 
22E 64 63 1,02 

 
 
9.  CONCLUSIONS 
 
In this paper, experimental and analytical studies were conducted on the behavior of steel slit 
dampers which can be replaced in an easy, fast and economical way in order to allow putting a steel 
framed structure back into service immediately after a major earthquake by preventing the damage 
to the structural system. Therefore slit dampers were considered for this study and the damper 
geometries were decided based on some preliminary tests. For this purpose, in addition to one 
conventional end plated joint (reference system), five damper-attached joints: one with 12 mm and 
the other with 15 mm thick slit dampers, one with 15 mm thick round hole damper, one with 22 
mm thick L shaped (single skewed) and the other with 15 mm thick L shaped (double-skewed) 
damper; were constructed with full scale and experimentally tested in order to evaluate their 
performance. The 3D Finite Element Model of the tested specimens was created and the nonlinear 
analyses were performed using ANSYS software package. 



272                                Mehmet Alpaslan Kӧroğlu, Ali Köken and Yunus Dere                                   

The conclusions drawn from the experimental and analytical research are noted below: 
1. The proposed damper systems exhibited a stable hysteretic behavior under large story drift. 

First cycle stiffness rates of two damper attached systems are larger than that of the end 
plate connected joint and thus, the proposed systems are quite rigid.  

2. Proposed damper systems are designed considering the theoretical yield strength of the 
beam thus enabling the concentration of plastic deformations when the beam and column 
are within the elastic range at the joints and preventing the damage to the beam and column.  

3. FEM analyses which are based on the realistic and nonlinear modeling of the materials used 
in the experiments produced very similar results to the experimental ones. The cyclic 
behavior of the test specimens was modeled reasonably and with sufficient approximation.  

4. Despite the stable behavior and high plastic deformation capacity of conventional end plate 
connected joints, the local buckling of the beam after a possible earthquake indicates that 
the repair and strengthening of the beam is ineffective and unreasonable. 

5. It is possible to carry loads and moments up to a certain level of the beam capacity by 
attaching dampers to a beam-column joint of a steel frame without having any damage on 
the beam or column. When the loads and moments reach critical levels, the dampers exhibit 
their expected behavior by first yielding and then reaching their limit states with no damage 
to the beam and column. 

6. The damper produced with L shaped slits consumes a high amount of energy, however, it 
has a low load carrying capacity in one direction of a cyclic load.  

7. It is observed that the geometry of the dampers changed not only the load bearing capacity 
but also the behavior such as ductility and stiffness.  

8. In order to fully grasp the behavior of the proposed damper systems, further research can be 
performed by first developing different joint and damper types and their FEM models, and 
then testing them experimentally. 

 
 
ACKNOWLEDGMENTS 
 
This paper was supported by Scientific Research Projects Office of Selcuk University with Project 
No. 10101008 and The Scientific and Technological Research Council of Turkey (TUBITAK) with 
Project No. 110M022. 
 
 
REFERENCES 

 
[1] Oh, S.-H., Kim, Y.-J. and Ryu, H.-S., “Seismic Performance of Steel Structures with Slit 

Dampers”, Engineering Structures, 2009, Vol. 31, No. 9, pp. 1997-2008. 
[2] Bergman, D.M. and Goel, S.C., “Evaluation of Cyclic Testing of Steel-plate Devices for 

Added Damping and Stiffness”, 1987, Department of Civil Engineering, University of 
Michigan. 

[3] Tsai, K.-C., et al., “Design of Steel Triangular Plate Energy Absorbers for Seismic-resistant 
Construction”, Earthquake Spectra, 1993, Vol. 9, No. 3, pp. 505-528. 

[4] Kobori, T., et al., “Development and Application of Hysteresis Steel Dampers”, Proceedings 
of the 10th World Conference on Earthquake Engineering. 1992. 

[5] Sabelli, R., Mahin, S. and Chang, C., “Seismic Demands on Steel Braced Frame Buildings 
with Buckling-restrained Braces”, Engineering Structures, 2003, Vol. 25, No. 5, pp. 655-666. 

[6] Clark, P., et al. “Design Procedures for Buildings Incorporating Hysteretic Damping 
Devices”, Proceedings 68th annual convention. 1999. 



      Use of Different Shaped Steel Slit Dampers in Beam to Column Connections of Steel Frames under Cycling Loading      273 
 

[7] Lee, M.H., et al., “Ultimate Energy Absorption Capacity of Steel Plate Slit Dampers 
Subjected to Shear Force”, International Journal of Steel Structures, 2002, Vol. 2, No. 2, pp. 
71-79. 

[8] Chan, R.W. and Albermani, F., “Experimental Study of Steel Slit Damper for Passive Energy 
Dissipation”, Engineering Structures, 2008, Vol. 30, No. 4, pp. 1058-1066. 

[9] Köken, A. and Köroğlu, M.A., “An Experimental Study on Energy Absorption Capacity of 
steel dampers subjected to shear force”  Int. J. Arts Sci., 2011, Vol. 4, No. 2, pp. 25-32. 

[10] Köken, A., and Köroğlu, M. A., “Waste Rubber Damper using on Steel Beam to Column 
Connection,” Int. J. Arts Sci., 2012, Vol. 5, No. 4, pp. 217-222. 

[11] Koken, A. and Köroğlu, M.A., “Steel Plate Slit Damper using on Steel Frames” e-J. New 
World Sci. Acad., 2011, Vol. 6, No. 4. 

[12] Köken, A. and Köroğlu, M.A., “Experimental Study on Beam-to-Column Connections of 
Steel Frame Structures with Steel Slit Dampers,” Journal of Performance of Constructed 
Facilities”, 2013, Vol. 29, No. 2, pp. 04014066. 

[13] Köroğlu, M., “Seismic Damper using on Beam to Column Connections of Steel Frames”, 
Doctor of Thesis, Selcuk University, Institute of Graduate and Applied Sciences, Konya, 
Turkey, 2012. 

[14] Saffari, H., Hedayat, A. and Nejad, M.P., “Post-Northridge Connections with Slit Dampers 
to Enhance Strength and Ductility”, Journal of Constructional Steel Research, 2013, Vol. 80, 
pp. 138-152. 

[15] Pachoumis, D., et al., “Cyclic Performance of Steel Moment-resisting Connections with 
Reduced Beam Sections-experimental Analysis and Finite Element Model Simulation”, 
Engineering Structures, 2010, Vol. 32, No. 9, pp. 2683-2692. 

[16] Committee, S.J.V.G.D., et al., “Recommended Seismic Evaluation and Upgrade Criteria for 
Existing Welded Steel Moment-frame Buildings”, 2000: FEMA. 

 
 
 
 



 



                                Advanced Steel Construction Vol. 14, No. 2, pp. 274-290 (2018)                            274 

COMPOSITE EFFECT OF STUB SQUARE STEEL TUBED 
COLUMNS UNDER AXIAL COMPRESSION 

X. H. Zhou1, D. Gan 1,2*, J. P. Liu1 and Y. F. Chen3  

1 Key Laboratory of New Technology for Construction of Cities in Mountain Area (Chongqing University),  
Ministry of Education, Chongqing 400045, China 

2 School of Civil Engineering, Chang’an University, Xi’an 710061, China 
3 Department of Civil Engineering, The Pennsylvania State University, Middletown, PA 17057, USA 

*(Corresponding author: E-mail: gandan@cqu.edu.cn) 
 

Received: 28 January 2016; Revised: 16 December 2016; Accepted: 27 December 2017 
 

ABSTRACT: The in-filled concrete of square tube confined concrete columns (tubed columns for short) is 
non-uniformly confined and the effectiveness of its confinement is reduced, leading to a complex composite effect. 
This paper discusses key parameters, including friction, width-to-thickness ratio and chamfered corner radius of steel 
tubes, which would affect the confinement of square tubes on in-filled concrete. Eighteen specimens with large 
width-to-thickness ratio and six RC counterparts were tested under axial compression. Four main system parameters 
were considered in the tests: 1) width-to-thickness ratio (60-160); 2) types of steel tubes (galvanized and ordinary); 
3) interface between tube and concrete (reduced friction and not); and 4) with and without reinforcement cage. It was 
found that the square tubed RC and plain RC columns were characterized by the shear failure mode, but the ductility 
performance of the tubed columns was much better than the RC specimens. The axial load-carrying capacities of the 
specimens with smaller friction were slightly lower than those with larger friction. A finite element analysis (FEA) 
model was developed to analyze the influence of friction and corner radius on of square tubed columns. An effective 
section confining model considering effective utilization index of square steel tubes was developed to predict the 
axial load resistances. The results are satisfactory when comparing the predictions to the experimental and nonlinear 
finite element analysis results. 

Keywords: Square steel tubed column, concrete-filled tube column, composite effect, friction coefficient, effective 
utilization index, axial load-carrying capacities 
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1.  INTRODUCTION 
 
Steel and composite structures composed of steel, concrete and composite members are widely 
used to-date due to their structural efficiency and economy, especially in mid- and high-rise 
buildings[1-2]. The square tube confined concrete column (tubed column for short) is a special 
concrete-filled tube (CFT) column, in which the outer thin-walled square tube does not pass 
through the beam-column joint to avoid direct axial loading. The longitudinal stress of steel tubes 
mainly comes from the bond and friction between concrete and steel tube. In order to sustain tensile 
force and flexural moments, reinforcement cage or steel sections embedded in concrete are also 
needed in tubed columns in practice (Liu et al. [3]). Such structures are referred as “square tubed 
reinforced concrete (STRC) columns” (Figure 1a) or “square tubed steel reinforced concrete 
(STSRC) columns” (Figure 1b). The use of external tube to confine concrete has become popular in 
retrofitting concrete structures. In recent years, the research group in Chongqing University makes 
great efforts to apply tubed columns and their structural systems to newly built buildings and 
bridges. A connection system, connecting circular tubed reinforced concrete columns to RC beams, 
was proposed by the authors. The joint system showed superior structural behavior when subjected 
to axial compression and cyclic testing. (Gan et al. [4]). 
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(a) Square tubed RC column (b) Square tubed steel RC column 
Figure 1. Square Tubed Columns 

 
Steel tube confines concrete and hence increases the strength and ductility of concrete columns. 
Many researches have been devoted to the behavior of circular CFT columns, circular tubed 
columns, and circular tubed columns using oil or other materials to reduce friction coefficient under 
axial compression (Sakino et al. [5], Orito et al. [6], Fam et al. [7], Han et al. [8], and Liu et al. [9]). 
The ductility performance of the circular composite columns tested above was fairly good. Test 
results also have shown that the axial load capacities of circular tubed columns with reduced 
friction were slightly higher than those of the conventional tubed columns and that the axial load 
capacities of both types of tubed columns were higher than those of CFT columns. However, 
circular tubed columns with reduced friction had the lowest stiffness.  
 
Sakino et al. [10-11] investigated the behavior of square tubed plain concrete columns with reduced 
friction under axial compression. Their tests results showed that the square tube could provide 
enough confinement effect when the width to thickness ratio of the tube was smaller than 60. Han 
et al. [7] investigated the behavior of square CFT columns, square tubed plain concrete columns 
and tubed columns using oil to reduce friction coefficient under axial compression. It was found 
that local buckling of CFT columns occurred earlier and more obviously than that of the tubed 
columns and that the axial load capacities of square CFT columns were slightly lower than those of 
square tubed columns. The test results of Zhang et al. [12] showed that the axial compressive 
strength of square tubed columns was greater than that of square CFT columns when the width to 
thickness ratio (D/t) of tube was 70 and that the trend reversed when width-to-thickness ratio D/t < 
47. Yamamoto et al. [13] demonstrated that the failure mode was not correlated with the cross 
section dimension, while the confinement effect was related to the cross section dimension and 
concrete strength. Kwon et al. [14-15] presented an analytical prediction and experimental research 
for the long term behavior of both circular and square tubed columns and CFT columns. Yu et al. 
[16] proposed a regression formula to predict the axial resistances of square tubed columns based 
on the experimental and finite element analysis results. Liu et al. [3] and Qi et al. [17] investigated 
the axial load behavior of STRC and STSRC stub columns in which the width to thickness varied 
within the range of 50 and 100, respectively.  
 
The in-filled concrete of square tubed columns is non-uniformly confined and the effectiveness of 
its confinement is greatly reduced. The system parameters affecting the confinement effect are 
rather complicated. From the above literature review [7, 10-17], the available research results were 
focused on tubed plain concrete columns with small dimensions and width-to-thickness ratios (D/t 
< 100). Experimental and theoretical study on large width-to-thickness ratios (D/t > 100) tubed 
reinforce concrete columns are still short. Additionally, significant discrepancies exist between the 
experimental and theoretical results reported by the researchers. To further clarify the main system 
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at the joint 

Steel beam 
RC beam Square tubed 

RC column 

Disconnection at 
the joint 
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parameters affecting the axial compressive strength and to develop a unified method to accurately 
predict the axial load resistances of square stub columns, experimental and theoretical 
investigations are presented in this paper to demonstrate the composite effect of stub square tubed 
RC columns under axial compression. 
 
2.  EXPERIMENTAL PROGRAM 
 
2.1  Description of Specimens and Test Set-up 
 
To investigate the effect of bond and friction on composite response, fourteen stub STRC columns 
with galvanized and ordinary steel, four stub steel tubed plain concrete columns with and without 
oil (Mobil DTE 25) which was used to reduce the bond and friction of the interface between 
ordinary steel tube and concrete, and six reference RC stub columns were tested. The tube was 
made by welding two cold-formed C-shape steel sections. The surface roughness of galvanized 
tube is smaller than that of ordinary steel tube. Therefore, the friction coefficient and bond strength 
between the galvanized tube and concrete are smaller.  
 
Figure 2 depicts the general layout of test specimens. A length to width ratio of 3 was selected for 
the columns in order to ensure the stub column behavior. Two 10mm thick steel endplates were 
welded at both ends of the column to ensure uniform loading. Two 10mm stripes were cut off from 
the steel tube at 30 mm away from the both ends of the specimens to avoid carrying loads directly. 
The details of the specimens and their labeling system of the specimen are shown in Table 1. In the 
nomenclature of specimen, STRC represents square tubed reinforced concrete specimens; GS 
represents galvanized steel tube; OS represents ordinary steel tube; STC represents square tubed 
concrete specimens. As an example, S(GS)-200-1.5-55: S(GS) represents square members with 
galvanized steel tube; 200 represents outer width D of steel tube; 1.5 represents the nominal 
thickness of steel tube (t); and 55 represents nominal cubic strength of the concrete. In the STC 
Group, S-180-3-80 and SU-180-3-80 represent tubed plain concrete columns with and without oil 
which was used to reduce the bond and friction, respectively.  
 

 
(a) STRC-200 (b) STRC-240 (c) STC-180 

Figure 2. The Test Specimens 
 

Table 1. Parameters and Material Strengths of the Test Specimens 

Group Specimen 
Steel tube Concrete Longitudinal reinforcement Stirrup (for erection only)

t (mm) D/t 
α 

(%) 
fy (MPa)

fu 
(MPa)

fco (MPa)
d 

(mm)
quantities fa (MPa) 

d 
(mm) 

spacing 
fb 

(MPa)

STRC(GS) 
S(GS)-200-1.5-55 1.49 134 3.0 

314.0 414.9 45.0 19.12
8φ20 

480.6 8.02 
@200 

316.9 
S(GS)-240-1.5-55 1.49 161 2.5 8φ20 @240 

STRC(OS) 
S(OS)-200-1.5-55 1.50 133 3.0 

364.3 449.0 48.1 19.40
8φ20 

477.1 7.82 
@200 

397.4 
S(OS)-240-1.5-55 1.50 160 2.5 8φ20 @240 

STC 
S-180-3-80 3.00 60 6.7 254.0 383.4

59.4 
- - - - - - 

SU-180-3-80 3.00 60 6.7 254.0 383.4 - - - - - - 
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The parameters depicted in the table include the width to thickness ratios of steel tubes (D/t), the 
steel ratio α (area of steel tube to the gross cross sectional area of specimen) of steel tubes, the yield 
strength fy of steel tubes, the ultimate strength fu of steel tubes, the concrete compressive strength fco 
which is determined by prisms with dimensions of 150 mm×150 mm×300 mm, the yield strength fa 
of longitudinal reinforcement and the yield strength fb of stirrups. The cubic 
(150mm×150mm×150mm) strengths of specimens in Groups STRC(GS), STRC(OS) and STC are 
56.2 MPa, 60.1 MPa and 69.9 MPa, respectively. In the following text, for example, S(OS)-200-1 
and S(GS)-200-1 are short for S(OS)-200-1.5-55-1 and S(GS)-200-1.5-55-1 respectively. It should 
be noted that the last numbers “1, 2 or 3” represents the different specimen with the same 
dimensions and properties. 
 
The RC counterparts were fabricated by removing the steel tube of Specimens S(OS)-200-1.5-55 to 
ensure the same cured condition with STRC(OS) columns. By doing this, the confining effect of 
large D/t ratio steel tube could be accurately evaluated. It should be noted that the stirrups of both 
the STRC and reference RC columns were used to erect the longitudinal reinforcement. 
 
All columns were tested using a 5000 kN hydraulic compression machine (Figure 3). The loading 
rate was at 1-2 kN/s in the elastic range. The compressive load was applied slowly and 
continuously near and after the peak load in order to investigate the softening behavior of the 
columns.  
 
Four linear variable displacement transducers (LVDTs) were used between the end-plates to 
monitor the axial deformation. The vertical and transverse strain gauges were arranged on two 
opposite sides. All the specimens were tested in three batches, and three different arrangements of 
strain gages were adopted. Firstly, for the STC columns, the vertical and transverse strain gauges 
were only arranged at the mid-point of mid-height of tubes. Secondly, for STRC(OS) columns, 
strain gages at the mid-point and corners of mid-height of tubes were added. Furthermore, for 
STRC(GS) columns, transverse strain gauges were added at the top-end of their steel tubes. The 
strain gauges at the end of tubes were expected to be in tension because they were close to free 
ends and did not expect to carry any axial load. 

Figure 3. Test Set-up and Instrumentation Layout 
 

2.2  Failure Patterns and Load-deformation Responses 
 
Figure 4 depicts failure patterns of the specimens in Groups STRC(GS), STRC(OS) and STC, and 
also the contrastive RC specimens. The measured axial load versus axial displacement curves of all 
the tested columns are shown in Figure 5. As for the RC specimen, the concrete cover was spalled 
off at the peak load and the axial load decreased quickly. The ductility of RC columns was poor 
(Figures 4a-b and 5a).  
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The STRC and STC specimens showed similar shear failure patterns in concrete. The shear angles 
varied from 45° to 65° (Figures 4c-g). The core concrete crushed severely due to the buckling of 
longitudinal rebars. It should be noted that due to the “end effect”, a local failure pattern of the core 
concrete occurred among one of the specimens in Groups S(GS)-200 and S(OS)-240 (Figure 4e). 
The strength of the two specimens was about 20% lower compared with other specimens. 
 
Strength and ductility for the contrastive RC columns were improved by steel tubes with large 
width to thickness ratio (D/t = 133, 160). The displacement of the STRC specimens increased 
quickly when loads reached axial load-carrying capacities of the core RC columns (Figures 5a and 
5c). STRC(OS) columns had slightly higher axial load-carrying capacities than those of STRC(GS) 
columns (Figures 5b and 5d), and STC columns without reducing friction had slightly higher axial 
load-carrying capacities than those of STC columns with reduced friction (Figure 5e). It could be 
concluded that the thin-walled square steel tube could avoid a brittle failure occurring in RC or 
plain concrete columns with high-strength concrete. Steel tubes with large width to thickness ratio 
(D/t =60, 133, 160) could provide moderate confinement effect to RC stub columns. 
 

  
(a) RC-200 (b) RC-240 (c) S(OS)-200 (d) S(GS)-240 

  
(e) Local failure of S(OS)-240-2 (f) S-180-3-80 (g) SU-180-3-80 

Figure 4. Failure Patterns of Columns 
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Figure 5. Load-displacement Curves for all the Columns 

 
2.3  Load-strain/Stress Analysis 
 
Strain gauges were placed on the two opposite faces of the steel tube to obtain the strain values 
during the tests (Figure 6). Average values were chosen. The elastic-plastic analysis method (Zhang 
et al. [18]) was adopted to analyze the stress state in steel tubes based on the measured strains.  
 

 
STRC(GS) STRC(OS) STC 

Figure 6. Strain Gauges Arrangement on Steel Tubes 
 
Figure 7 depicts axial load versus strain/stress curves for tubes of representative columns, in which 
σv and σh are respectively longitudinal and transverse stresses at the mid-height of columns and σz is 
the equivalent stress. The tension stress σh1 is the transverse stress at the top-end of the tube. The 
components of strain and stress at corners are represented with subscript “c”.  
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(a1) load-strain curves for mid-height 

points of S(GS)-200-1  
(b1) load-strain curves for top-end 

points of S(GS)-200-1 
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(a2) load-stress curves for mid-height 

points of S(GS)-200-1  
(b2) load-stress curves for top-end 

points of S(GS)-200-1 

 
(c1) load-strain curves for mid-height 

points of S(OS)-200-1 
(d1) load-strain curves for mid-height 

points of STC-180 

-200 -100 0 100 200 300
0

1000

2000

3000

 

  vc   v
  hc  h

  zc   z

N
 (

kN
)

MPa

 

-100 0 100 200
0

1000

2000

3000

   v S-180-3-1
  h S-180-3-1
  v SU-180-3-1
  h SU-180-3-1

N
 (

kN
)

MPa  
(c2) load-stress curves for mid-height 

points of S(OS)-200-1 
(d2) load-stress curves for mid-height 

points of STC-180  

Figure 7. Load-strain and Load-stress Curves of Steel Tubes 

 
As shown in Figures 7a, 7c and 7d, both transverse and longitudinal strains/stresses at mid-height 
of the tube follow a development trend. Taking S(GS)-200-1in Figure 7a as an example, at the 
elastic stage, the vertical and transverse stresses and strains increase linearly due to the bonding 
action between concrete and steel tube. The vertical strain and stress increase faster than the 
transverse ones. When axial loads get close to the resistance of the core RC column, the vertical 
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and transverse stresses increase quickly and show a non-linearity feature. At the peak load, the 
average equivalent stress of the tube does not reach the yield strength, while at least one corner of 
the tube yields. After the peak load, the vertical and transverse strains keep increasing and the 
transverse strain and stresses increase faster than the vertical ones. During the testing, the stress 
components at the corners are higher than those at the middle position for the same load level for 
STRC columns 
 
Figure 7b shows the transverse strain and stress at the top end of tube for STRC(GS) columns. The 
transverse stress and strain increase with the increase of axial load at the elastic stage and the 
increase is more obvious at the elastic-plastic stage.  
 
During the testing, the longitudinal stresses of Specimens S-180-3-80 are greater than those of 
Specimens SU-180-3-80 with reducing friction at the same load level (Figure 7d). 
 
2.4  Experiment Results and Analysis 
 
Table 2 lists the peak load and stress components of tubes. Nu denotes the peak load. Specimens 
S(GS)-200-2 and S(OS)-240-2 are not included when computing the average peak load because of 
local failure. σv, σh, and σz are the average stresses of the two opposite plates at the same location. 
 

Table 2. Comparison of Experiment Results at Peak Loads 

Specimens Nu(kN) 
Average 

value 
σvc(MPa) σhc(MPa) σzc(MPa) σv(MPa) σh(MPa) σz(MPa)

S(GS)-200-1 3143.2 
3143.2 

-98.3 222.9 287.8 -171.0 161.4 302.8 
S(GS)-200-2 2623.4 -166.1 -78.0 206.8 31.9 273.3 264.6 
S(OS)-200-1 3250.2 

3264.0 

-130.2 -16.9 148.7 -72.5 51.6 108.0
S(OS)-200-2 3086.0 -97.6 -67.6 258.8 -146.7 113.7 230.7 
S(OS)-200-3 3381.0 -193.9 -65.7 186.2 -88.0 70.1 138.7 
S(OS)-200-4 3241.3 -179.1 58.5 232.0 -41.5 72.2 100.6 
S(OS)-200-5 3361.5 -108.9 125.1 204.3 -103.0 104.4 180.0 

RC-200-1 2717.2  - - - - - - 
RC-200-2 2774.0  - - - - - - 
RC-200-3 3015.0  - - - - - - 

S(GS)-240-1 3758.7 
3758.9 

-35.5 220.0 219.7 -12.9 268.1 274.7 
S(GS)-240-2 3759.0 -2.7 299.4 299.4 -41.4 241.4 265.4 
S(OS)-240-1 4090.5 

3928.9 

-124.0 54.5 184.6 -123.4 26.4 140.3 
S(OS)-240-2 3686.5 -183.4 80.2 242.6 -132.6 66.5 177.8 
S(OS)-240-3 3872.6 -176.1 3.6 190.3 -91.4 68.1 139.1 
S(OS)-240-4 3775.8 -155.6 127.7 251.4 -62.1 233.7 271.3 
S(OS)-240-5 3976.5 -181.9 101.9 251.9 -94.3 79.9 152.3 

RC-240-1 3268.9  - - - - - - 
RC-240-2 3166.4  - - - - - - 
RC-240-3 3351.2  - - - - - - 

S-180-3-80-1 2700.0 
2810 

- - - -86.3 106.0 166.8 
S-180-3-80-2 2920.0 - - - -78.1 120.6 173.4 

SU-180-3-80-1 2630.0 
2730 

- - - -71.8 138.2 184.8 
SU-180-3-80-2 2830.0 - - - -62.3 142.8 182.1 
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The average peak load for STC columns without reducing friction is a slightly higher than STC 
columns with reducing friction. The average peak loads for STRC(OS) columns are slightly higher 
than those of the STRC(GS). It could be conclude larger friction coefficients correspond to greater 
axial load-carrying capacities for square tubed columns. However, the peak loads for circular tubed 
RC (CTRC) columns with galvanized tube are higher than those of the CTRC columns with 
ordinary tube although the strengths of concrete and tube are lower than those reported in (Liu et al. 
[9]). Thus, the effect of friction on the composite response of STRC columns is different from that 
of CTRC columns.  
 
Because the value of friction coefficient of ordinary tubes is higher than that of galvanized tubes, 
stress concentration at the tube corners does not fully propagate to middle part. Thus, the equivalent 
stress of the ordinary tube at corner was larger than that at the middle point, and the equivalent 
stresses between the middle point and corner of the galvanized tube was close to each other. The 
longitudinal stresses at the middle point for STC columns without reduced friction is higher than 
STC columns with reduced friction, but this trend is not visible for transverse stresses. Thus, the 
stress state at the peak load is influenced by the interface between steel tube and concrete. Larger 
friction coefficient corresponds to larger longitudinal stresses. 
 
The effect of friction coefficient on stress state and axial load-carrying capacity is further discussed 
in the following finite element analysis section. At the peak load, at least one corner of the tube 
yields for almost all specimens, while the average equivalent stress does not reach the yield point 
due to the uncertainties such as imperfections and loading eccentricity involved in the experiments.  
 
 

3.   FINITE ELEMENT ANALYSIS (FEA) 
 
The Damaged Plasticity Model (DPM) for concrete available in ABAQUS (Dassault Systems [19]) 
was used to analyze the tubed columns subjected to axial compression. A nonlinear finite element 
(FE) model considering nonlinear material behavior was developed. The FE model was then used 
to investigate the influence of important system parameters on the ultimate strength of the columns. 
The steel tube was modelled using 4-node shell elements with reduced integration (S4R). A perfect 
elastic-plastic model consisting of two distinct loading stages was used to describe the mechanical 
behavior of the steel. The concrete core was simulated by using 8-node brick elements (C3D8R), 
with three translation degrees of freedom at each node. 
 
3.1  Material Properties 
 
The strength increase and ductility improvement arise from the confinement effect on the concrete. 
The increased strength can be achieved by defining a yielding surface. The increased peak strain 
and the even descending branch of stress-strain curve reflect the ductility improvement. A modified 
concrete stress-strain curve for tubed columns is proposed based on Li et al. [20] (Figure 8). 

 
(a) compression (b) tension 

Figure 8. Stress-strain Curves for Concrete 
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The compression stress-strain curve for concrete is 
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where 

cof = the compressive strength of concrete, 

cE = the initial Young’s modulus of concrete, c co4730E f ,  

co = the strain at maximum strength of unconfined concrete cof , 6
co cu(700 172 ) 10f     as 

given by Guo et al. [21], ( cuf being the compressive strength for 150×150×150mm cubic 

specimen), 

o = the peak strain of concrete for the FE model, cc
o cc co

co

[( 1)]
f

f
     , 

cc = the strain at maximum confined strength of concrete
cc

f , cc
cc co

co

[1 5( 1)]
f

f
     as given by 

Mander et al. [22], 

e = the maximum strain for first part of the stress-strain relationships taken as o0.75 here, 

ef = compressive stress of concrete at the strain
e
 , calculated using Eq. 1, and 

 = factor to control the slope of the descending branch, 0.686

co

0.0243( ) 0.5lf

f
   .  

The compressive strength of confined concrete can be calculated by Eq. 2 (Li et al. [20], Mander et 
al. [22]) 

co co
co co
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co co
co co
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where lf is the confining stress of the square tube.  

A modified model based on reference [22] was suggested for square tubed columns. As a result, lf  

is calculated using Eq. 3 

e rlf k f                                                                       (3) 

where ek  is the confinement effectiveness coefficient for square tubed columns defined by the 

following equation when the area of longitudinal rebars is ignored 
2

e i
e 2

1 i

( )
1 1/ 3

6

n

i

A D
k

A D

 
    

 
                                                     (4) 

rf  is the lateral pressure from the tube assumed to be uniformly distributed over the surface of the 

concrete core, which is equal to the lateral pressure provided by the circumcircle of the square tube 
(Figure 9), i.e. 

y
r 2

2 2

tf
f

D t



                                                                (5) 
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(a) Effectively confined cross section 
(b) Lateral pressure rf  provided by the 

circumcircle of a square section 
Figure 9. Effective Confinement Model for Square Tubed Columns 

 
For concrete in tension, a simplified stress-strain relationship was used in the analysis, in which ft 
and t  are the tensile strength and the strain at the tensile strength of concrete respectively, and 

cu  is the ultimate strain of concrete in tension taken as 25 t  here. The empirical expressions for 

defining ft and t  are [21]  

 
2/3

t cu0.26f f                                                                   (6) 
6 0.54

t t65 10 f                                                                  (7) 

 
In the DPM for concrete, the dilation angle Ψ = 38º was suggested. cK  was defined 

as c 2 2TM CM/K J J（ （） ） , where c0.5 1K   and TM and CM designate respectively the “tensile 

meridian” and the “compressive meridian” on the yield surface. cK = 0.67 was suggested for 

square tube confined concrete [19].  
 
3.2  Effect of Friction 
 
Friction is an important factor which influences the composite response of tubed columns as the 
bond is likely broken during a test. A surface-based interaction with a contact pressure model in the 
normal direction and a Coulomb friction model in the tangential direction to the surface between 
steel tube and core concrete (Han et al. [23]) was used in the finite element analysis (FEA). The 
interface elements consist of two matching contact faces of steel tube and concrete elements. The 
friction coefficient μ between steel and concrete suggested by Rabbat et al. [24], Baltay et al. [25] 
and Aly et al. [26] is within the range of 0.2~0.65. Therefore, μ = 0.2 was used for galvanized 
tubes and μ = 0.6 was employed for ordinary tubes. Figure 10 depicts the FEA results for 
specimens S(OS)-200 and S(GS)-200. The analysis results agree well with the experimental ones. 
The finite element method and the suggested values for the parameters could also accurately predict 
the behavior of circular tubed columns (Liu et al. [9]). 

D  
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Figure 10. Comparison of Load (N)-axial Displacement (Δ) Curves between Test and FEA Results 

 
To investigate the mechanisms of square tubed columns (STC) subjected to axial load, square tubed 
columns (STCs) were designed first to study the effect of friction coefficient in ABAQUS. All 
parameters maintained at constant values except the friction coefficient μ changed from 0 to 1.0. 
The parameters and analysis results are summarized in Table 3. Figure 11 shows the FE model and 
von Mises stress components for specimen with μ = 0.6, in which the corners of tube yield at the 
peak load. The FEA results agree well with the experimental ones. The analysis results also show 
that the specimen with larger friction coefficient yields higher axial load strength. Thus, it is 
deduced that the square tube is more beneficial to direct bearing of axial loads than concrete 
confining if it does not buckle. The effectiveness of confinement for square tube is significantly 
reduced implying that the square tube cannot be fully utilized. This explains that the axial strength 
of square tubed columns is greater than that of square CFT columns when the width to thickness 
ratio (D/t) of tube is around 70 and the trend reverses when D/t < 47 as reported by Zhang et al. 
[12]. In order to provide sufficient confinement to concrete core and longitudinal reinforcement, 
D/t ratio should be limited or a stiffening arrangement should be made for square thin-walled tubes. 
The strength is little affected when the friction coefficient exceeds 0.6. 
 

Table 3. Effect of the Friction Coefficient on Resistances of STC Specimens 
D(mm) t(mm) fy(MPa) fco(MPa) μ Peak load(kN) Comparisons 

200 1.5 310 38.0 

0 1613.7 100.0% 
0.2 1649.9 102.2% 
0.4 1673.7 103.7% 
0.6 1687.5 104.6% 
0.8 1693.0 104.9% 
1.0 1693.9 105.0% 

 

 

(a) Model for STC-200 
(b) Equivalent stress for 
concrete (Half model) 

(c) von Mises stress for tube 
of STC-200 

Figure 11. FE Modal and Analysis Results of STC-200  
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3.3  Effect of the Chamfered Corner Radius 
 
The out-of-plane flexural stiffness of thin-walled tubes is small. Therefore, the tubes provide little 
confinement pressure by flexure. The confinement effect of square tubes is mainly provided by the 
arch action at the corners. As such, stress concentration occurs at the corners. The larger the corner 
radius is, the greater the confinement effect. The square tube changes into a circular one when the 
corner radius equals to half width dimension. A group of square tubed columns were designed to 
study the effect of corner radii in ABAQUS. Table 4 lists the dimension, material property, and 
analysis results, in which S-200 points to a sharp corner and S-200-5mm represents a specimen 
with 5mm corner radius. It was found the axial load-carrying capacity of specimen S-200-5mm was 
11.6% larger compared to specimen S-200. The axial load-carrying capacities of STRC(OS)-200 
specimen with 2 mm and 5 mm are 5.8% and 6.8% larger compared to the specimen with sharp 
corner radius, respectively. The increasing percentages are smaller because of a higher axial 
load-carrying capacity due to longitudinal rebars. Figure 12 depicts the load-displacement curves. 
The whole cross section of tube yields for Specimen S-200-5mm, while only the corners of tube 
yield for specimen S-200 (Figure 13). Chamfered corners can effectively improve the confinement 
effect of square tubes. 
 

Table 4. Axial Compression Capacities of Specimens with Sharp and Chamfered Corners  

Specimens 
Width D 

(mm) 
t 

(mm) 
fy 

(MPa) 
fco 

(MPa) 
μ 

Peak load 
(kN) 

Increasing 
percentage 

S-200 
200 1.5 315.0 47.4 0.6 

1991.7 0 

S-200-5mm 2230.0 11.6% 
STRC(OS)-200-sharp 

200 1.5 364.3 48.1 0.6 
3321.8 0 

STRC(OS)-200-2mm 3513.7 5.8% 
STRC(OS)-200-5mm 3546.8 6.8% 
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Figure 12. Load-displacement Curves for the Specimens with 
Sharp Corners and 5mm Corner Radius  
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Model for S-200 Equivalent stress for concrete von Mises stress for the tube 

(b) S-200 

Figure 13. FEA Model and Stress Analysis Results for S-200-5mm and S-200 at Peak Load 
 
The selection of 5 mm represents a typical corner radius of cold-formed square tube being welded 
at the middle of the plate, as also referenced in (Liu et al. [3], Qi et al. [17]). In the tests done by 
Sakino et al. [10-11] and Yamamoto et al. [13], the square tubes were welded at the sharp corners. 
In this study, the corner radius of specimens was about 2mm based on the measurement of the tube. 
The peak loads predicted by the FEA for specimen STRC(OS)-200 are 3321.8 kN (sharp corners), 
3513.7 kN (2mm corner radius) and 3546.8 kN (5mm corner radius). The FEA results offer the 
explanation why there is discrepancy between experimental and theoretical results reported in 
references. Cold-formed steel tubes are recommended in practice because of better structural 
behavior due to chamfered corners when square cross sectional columns are used. 
 
 
4.   AXIAL LOAD-CARRYING CAPACITIES OF STUB SQAURE TUBED COLUMNS 
 
Based on the experimental and numerical researches, the difference of axial load-carrying 
capacities between specimens with different tube or different friction is within 5%, as shown in 
Table 2 and Table 3. Simply considering the tube as an element to confine the concrete will result 
in a conservative axial compressive strength. 
 
The axial load-carrying capacity can be determined by 
 

u cc c a aN f A f A                    (8) 

 
where Ac and Aa are the cross-sectional area of concrete and longitudinal reinforcement (structural 
steel), respectively; fa is the yield strength of longitudinal reinforcement or structural steel; fcc is the 
compressive strength of confined concrete. 
 
A modified model based on the effective confinement area method for square stirrups confined 
concrete (Mander et al. [22]) which has been widely accepted was suggested to compute fcc of 
square tubed columns. In practice, the average stress at the corners does not yield at the peak load 
due to initial imperfection of the columns and experimental uncertainties, while at least one corner 
yields for almost all specimens as shown in the previous tests. Thus, an effective utilization index kt 

was adopted to account for the non-uniform stress distribution on the tube. kt is defined as the ratio 
of the average stress of the corners to the yield strength of tube. kt can be taken as 0.8 based on the 
experimental results. The effective lateral confining pressure '

rf  can be calculated by 

 
'

r t e t rlf k f k k f                    (9) 
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ek  is given by Eq. 4. The confined compressive strength fcc can be computed by substituting '
rf  

into Eq. 2. 
 
A total of 124 experimental axial strength values for tubed columns were collected from (Liu et al. 
[3], Han et al. [8], Sakino et al. [10-11], Zhang et al. [12], Yamamoto et al. [13], and Qi et al. [17]). 
The considered test parameters for the experimental results include width to tube thickness ratio D/t 
(20-162), concrete strength (28.5-132 MPa), and longitudinal reinforce ratio (0-6.5%). The results 
predicted by Eq. 8 agree well with the experimental results (Figure 14). The average ratio of 
predicted axial strength to experimental axial strength is 0.92. The root-mean-square deviation is 
0.14 and the correlation coefficient is 0.94. 
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Figure 14. Comparisons between Eq. 8 and the test results 
 
 
5.   SUMMARY AND CONCLUSIONS 
 
This paper describes and discusses the structural behavior of square tubed columns under axial 
compression experimentally, analytically, and numerically. Based on this study, the following 
conclusions are offered. 
 
(1) The types of the interface between the tube and concrete cannot influence on the failure modes 
of the square tubed columns. Shear failure of core concrete occurred in square tubed columns with 
width-to-thickness ratios of 60-160. Strength and ductility of the contrasting RC columns can be 
improved by using the tube with large width-to-thickness ratios of 133-160.  
(2) For both galvanized and ordinary tubes, the average stress at the corner of the tubes did not 
yield at the peak load, while at least one corner yielded for almost all the specimens. Larger friction 
coefficient corresponds to larger longitudinal stresses and slightly larger axial compressive 
strength.  
(3) The predicted results from the nonlinear finite element analysis are in good agreement with the 
test results. The greater the corner radius is, the larger the axial load capacity. Axial load-carrying 
capacities between different friction coefficients varied within 5%. There is no need to eliminate 
the bond and friction effect in practice. Cold-formed steel tubes are recommended in practice 
because of better structural behavior due to chamfered corners. 
(4) A simplified effective confinement model, simply and conservatively considering tubes as 
elements to confine in-filled concrete together with the effective utilization of square tubes, was 
proposed to predict axial load-carrying capacities. The predicted results are in good agreement with 
experimental results.  
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ABSTRACT: A mortise–tenon steel-tube scaffold, a new steel-tube scaffold, was presented based on ancient 
mortise–tenon joint in wood structure. Because of better joint mechanics and higher bearing capacity than 
coupler-type steel-tube scaffold, this new scaffold possesses good market potential. Based on an analysis of the 
bearing mechanism, a finite element numerical analysis model for the mortise–tenon steel-tube scaffold was 
established in this study, which was validated as reasonable and accurate by experiment data. Influencing laws of 
storey height, vertical member interval, X-bracing layout, overall structure height, height of bottom horizontal tube, 
and height of upper cantilever bar on the mortise–tenon steel-tube scaffold were determined through parameter 
analysis. A simplified calculation formula of ultimate bearing capacity was established, which verified by FEM 
results and test data. Research results provide important references for future in-depth studies and engineering 
applications of the mortise–tenon steel-tube scaffold. 

Keywords: Mortise–tenon joint, steel-tube scaffold, numerical simulation, parameter analysis, simplified calculation 
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1.  INTRODUCTION 
 
Scaffolds have been widely used in engineering construction as temporary supporting structures. 
Existing common scaffolds mainly include door-type steel-tube scaffold (Figure 1a), inserting-type 
steel-tube scaffold (Figure 1b), cuplock steel tubular scaffold (Figure 1c) and coupler-type 
steel-tube scaffold (Figure 1d). Because the scaffolds are usually used as a temporary supporting 
structure, its structural behavior and design method have not attracted adequate attention. In recent 
years, scaffold collapse accidents have occurred frequently because of poor site management and 
unreasonable design, thereby causing huge economic losses and casualties. Therefore, research on 
structural behavior and design method of scaffolds has attracted increasing attention in recent years. 
 
Although the scaffold is a temporary structure, its mechanical properties are more complicated than 
those of a permanent steel structure because of complicated structural defects and damage 
distribution caused by repeated use. Chan et al. [1], Peng et al. [2–6], Yu et al. [7], and Weesner 
and Jones [8] conducted numerous experimental and theoretical studies on the stability capacity 
and design method of door-type scaffolds. Micha and Blazik-Borowa [9] determined the capacity 
of the key joint in inserting-type scaffolds using numerical analysis. Peng et al. [10] investigated 
the load capacities and failure modes of inserting-type scaffolds by experimental tests. Zhang et al. 
[11–13] conducted research on cuplock-type scaffolds using the probability-based design method. 
Beale et al. [14–16], Ao et al. [17], Yue et al. [18] and Liu et al. [19–20] conducted systematic 
studies on stability capacity and design method of multi-span coupler-type steel-tube scaffold using 
experimental research and numerical analysis. 
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         (a)Door-type Scaffolds            (b)Inserting-type scaffold 
 

  

          (c)Cuplok-type Scaffold         (d)Steel Tube-Coupler Scaffold 
Figure 1. Four Types of Scaffolds 

 
Engineering accident analysis shows that unstable connection performance of joints is the main 
cause of scaffold collapse [21]. To search for a safe and stable scaffold system, Tianjin University 
and Tianjin Xunan Jiahui Building Materials Technological Co. Ltd. developed the mortise–tenon 
steel-tube scaffold based on mortise–tenon joint in ancient wood structure. In this study, a 
numerical analysis model was proposed to analyze the structural behavior of effects of the 
mortise–tenon steel-tube scaffold, which was verified by experimental data. And a simplified 
calculation formula is also proposed to predict the ultimate bearing capacity of the mortise–tenon 
steel-tube scaffold. 
 
 
2.   STRUCTURAL DETAIL OF MORTISE–TENON STEEL-TUBE SCAFFOLD 
 
The mortise–tenon steel-tube scaffold is composed of horizontal members, vertical members, 
adjustable support brackets, and ground members as shown in Figure 2. The adjustable support 
brackets are placed on top of the vertical members for transmitting construction loads. The ground 
members are set at the bottom of the vertical members to increase stability of the structure.  
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Figure 2. Structure of Mortise–tenon Steel-tube Scaffold 
 
Compared with existing common scaffolds, the mortise–tenon joint is the main innovative point for 
the mortise–tenon steel-tube scaffold. The design of the mortise–tenon joint is inspired by the 
mortise–tenon joint in ancient wood structure. In fact, the mortise–tenon joint is a wedged 
concave-convex connection mode. The wedged convex is the tenon and the wedged concave is the 
mortise as shown in Figure 3 and Figure 4. The horizontal members are P48.3 mm × 3.5 mm 
standard steel tube with the tenon at two ends (Figure 3). The vertical members are P48.3 mm × 3.5 
mm standard steel tube with the mortise rings (Figure 4). The tenon on the horizontal member is 
inserted into the mortise ring of the vertical member, which achieves the connection of horizontal 
and vertical members (Figure 5). Since the mortise–tenon joint has good shear capacity and 
rotational rigidity, the bearing capacity of the mortise–tenon steel-tube scaffold was higher than that 
of other scaffolds. 
 
The sleeve coupler is used to connect the vertical steel tubes as shown in Figure 6. The swivel 
coupler is used to connect the vertical steel tubes and X-bracing steel tubes as shown in Figure 7. 
 

  
(a) Physical object        (b) Model     (a) Physical object        (b) Model 

Figure 3. Horizontal Member                 Figure 4. Vertical Member 
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(a) Physical object        (b) Model 

Figure 5. Mortise–tenon Joint 
 

                                 
Figure 6. Sleeve Coupler                            Figure 7. Swivel Coupler 

 
 
3.   NUMERICAL ANALYSIS MODEL 
 
3.1  Finite element Model 
 
The mortise–tenon joint is a typical semi-rigid node. Thus, the mortise–tenon steel-tube scaffold is 
a semi-rigid framework structure. In this study, a semi-rigid finite element model for the 
mortise–tenon steel-tube scaffold was established by ANSYS to accurately analyze its structural 
behavior. 
 
In the mortise–tenon steel-tube scaffold, the vertical members are continuous at the mortise–tenon 
joint. The horizontal members are broken at the joint and form the framework structure with the 
vertical members through the mortise–tenon joint. In this paper, the horizontal and vertical 
members were simulated by BEAM188 element and the connection of the horizontal and vertical 
members was simulated by COMBIN14 element, thereby achieving the semi-rigid simulation of 
the mortise–tenon joint. The datailed modeling steps are as following: 
 
Step 1: The horizontal and vertical member models are established by BEAM188 element 
according to spatial geometrical position of the structure. The vertical members have the same node 
at the mortise–tenon joint and the horizontal members have different nodes at the joint (Figure 8). 
To consider local instability of members, a member between every two joints is divided into 10 
segments. In other words, each member are simulated by 10 BEAM188 elements. This model 
involves the local instability simulation of members and increases numerical analysis accuracy. 
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Step 2: Translational degrees of three nodes at the vertical–horizontal member joint (UX, UY, and 
UZ) are coupled by the finite element node coupling technology. 
 
Step 3: COMBIN14 element is established by the horizontal member nodes and the vertical 
member nodes at the corresponding position. This element is used to simulate semi-rigid features of 
the mortise–tenon joint. Rigidity value of the COMBIN14 element was determined by tests as 
shown in Section 3.2. 
 
Step 4: Natural pressure contact occurs between the vertical member and the ground. No relative 
slippage between members and the ground is found in engineering applications and prototype test. 
Therefore, a hinge joint can be set at the bottom of the vertical members of the mortise–tenon 
steel-tube scaffold. In other words, translational degrees of freedom of the bottom nodes of vertical 
members are constrained. Concentrated force is applied at the top nodes of the vertical element of 
scaffold structures. 
 
Step 5: The first buckling mode identified from the eigenvalue buckling analysis was generally 
considered as the most critical one, and applied as initial geometric imperfection in the nonlinear 
analysis. According to literature, the maximum imperfection allowed in practice is 0.05 m for 
scaffolds with height less than 10 m. Therefore, an initial geometric imperfection was applied to the 
model with amplitude of 0.05m and a shape of the first buckling mode.  
 
Step 6: Using Newton–Raphson solving method, the second-order analysis considering the 
geometric nonlinear effect and material nonlinear effect are accomplished to determine the 
nonlinear buckling strength and failure mode of the scaffold. 

       
(a) Three-dimensional sketch             (b) Plan sketch 

Figure 8. FE Model of Connection between Vertical and Horizontal Members 
 
3.2  Values of Key Parameters in FE Model 
 
In the finite element model, the stress-strain relation of steel tubes was simulated by the ideal 
elastic–plastic model. When analyzing the structural performance of the prototype tested specimens, 
the basic mechanical properties of the steel tubes (Material model 1 in Table 1) were collected 
through static tension test. For structural parameter analysis of the mortise–tenon steel-tube scaffold, 
the basic mechanical properties of the steel tubes (Material model 2 in Table 1) were determined 
according to national code. 
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Table 1. Basic Mechanical Properties of Steel Tubes 
Parameters Elasticity modulus (Mpa) Yield strength (Mpa) Poisson’s ratio 

Material model 1 2.25×105 360 0.3 
Material model 2 2.06×105 205 0.3 

 
Rotational stiffness and shear strength of the mortise–tenon joint was determined by tests [21]. The 
rotational stiffness of three mortise–tenon joint specimens was tested by the loading program in 
Figure 9. Three Moment-Rotation curves were obtained, as shown in Figure 10. According to the 
curves in Figure 10, the initial rotational stiffness of three mortise–tenon joints specimens were 
calculated through linear fitting, and their values were 13.38, 16.07, and 
19.80 kN m rad respectively. For vertical members of the mortise–tenon steel-tube scaffold, the 
horizontal members on two sides are connected by two mortise–tenon joints (Figure 5). For the 
coupler-type steel-tube scaffold, the horizontal members on two sides of the vertical members are 
connected by a right-angle coupler (Figure 11). Therefore, the rotational constraint stiffness of 
vertical members in the mortise–tenon steel-tube scaffold has much higher than that in the 
coupler-type steel-tube scaffold. 
 

 
Figure 9. Loading Program of Rotational Stiffness Test of Mortise–tenon Joint 

 
 

 
Figure 10. Moment-rotation Curves of Mortise–tenon Nodes 
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Figure 11. Connection of Horizontal and Vertical Members in Coupler-type Scaffold Structure 
 
Shear strength of the mortise–tenon joint was determined by the loading program shown in Figure 
12 [21]. The shear strength of three mortise–tenon joint specimens was tested, and their shear 
strengths were 94.7, 92.2, and 93.5 kN respectively, which were much higher than the vertical 
shear strength of the right-angle coupler. 
 

 
 

Figure 12. Shear Strength Test of Mortise–tenon Joint 
 

3.3  Experimental Verification 
 
A total of 11 mortise–tenon scaffold prototype tests were carried out from 2013 to 2014 at the 
Structural Engineering Laboratory of Tianjin University, and these test data were used to verify the 
accuracy of the numerical analysis model. Structural layout and basic geometric parameters of the 
11 test models are shown in Figures. 13~14 and Table 2. Four 10 m high loading frames were 
fabricated for the tests. Two 50-ton hydraulic jacks were fastened to the top of each loading frame, 
and applied vertical loads to the two top steel distribution beams. The loads were then transferred to 
a group of bottom steel distribution beams in the perpendicular direction, and finally to the scaffold 
system, as shown in Figure 15. In this way, vertical uniform loads were applied to the top of the 
scaffold system through two steel tubes right below the bottom distribution beams and the U-heads. 
Based on the finite element analysis model presented in Sections 3.1 and 3.2, the ultimate bearing 
capacities and failure modes of these 11 test models were analyzed and compared with those from 
the test results. The results are presented in Table 3 and Figures. 15~17. As shown in Table 3, the 
maximum error between the numerical analysis and test results of the ultimate bearing capacity is 
30.87% and the average error are 11.02%. The buckling form of the mortise–tenon scaffold with 
X-bracing is mainly the local lateral buckling of the vertical members at the upper two-storey 
vertical members as shown in Figure 15. The buckling form of the mortise–tenon scaffold without 
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X-bracing is mainly the overall lateral buckling of the structure as shown in Figure 16. Though 
comparison the bearing capacities, failure modes and load-displacement curves as shown in Figures. 
15~17, it is clear that numerical analysis results are in accordance with test results. In other words, 
the proposed numerical analysis model can reasonably predict the ultimate bearing capacity and 
failure mode of the mortise–tenon steel-tube scaffold. 
 
The prototype test model of the mortise–tenon steel-tube scaffold (ST5) has consistent structural 
parameters of the prototype test model of the coupler-type mortise–tenon steel-tube scaffold (ST6) 
[19]. Their ultimate bearing capacities are 69.4 kN and 20.68 kN, respectively. Under the same 
structural parameters, the ultimate bearing capacity of the mortise–tenon steel-tube scaffold is 
approximately 235.59% higher than that of the coupler-type steel-tube scaffold. 
 

Table 2. Prototype Test Model of Mortise–tenon Scaffold 
No. S_1(m) S_2(m) H_1(m) n m X-bracing 
ST1 0.9 0.9 0.6 5 12 N 
ST2 0.9 0.9 0.6 5 12 Y 
ST3 0.6 0.6 1.2 6 6 N 
ST4 0.6 0.6 1.2 6 6 Y 
ST5 0.6 0.6 0.6 6 12 N 
ST6 0.9 0.9 1.2 4 6 N 
ST7 0.9 0.9 1.2 4 6 Y 
ST8 0.9 0.9 1.8 4 4 N 
ST9 0.9 0.9 1.8 4 4 Y 
ST10 1.2 1.2 1.2 3 6 N 
ST11 1.2 1.2 1.2 3 6 Y 

 

   
(a) Vertical view               (b) Plan view 

Figure 13. Schematic View of Prototype Test Model of Mortise–tenon Scaffold without X-bracing 
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(a) Vertical view               (b) Plan view 

Figure 14. Schematic View of Prototype Test Model of Mortise–tenon Scaffold with X-bracing 
 
 

 
 

Figure 15. Loading Mechanism and Test Set-up 
 
 

Table 3. Comparison between Test Results and FE Result of Ultimate Bearing Capacity 
No. Test result(kN) FE result (kN) Error No. Test result(kN) FE result(kN) Error 
ST1 45.8 59.9 30.87 ST7 56.0 58.0 3.51 
ST2 73.8 71.0 –3.86 ST8 24.0 24.3 1.17 
ST3 44.5 36.5 –17.94 ST9 46.4 46.2 –0.36 
ST4 68.1 64.3 –5.62 ST10 37.5 32.7 –12.70 
ST5 69.4 61.3 –11.64 ST11 46.9 57.5 22.59 
ST6 38.0 33.8 –11.00     
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(a) Test            (b) Finite element 

Figure 15. Failure Mode Comparison of Test Model 4 
 
 

 
(a) Test            (b) Finite element 

Figure 16. Failure Mode Comparison of Test Model 5 
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Figure 17. Load-Displacement Curves Comparison of Test Model 10 

 
 

4.  ANALYSIS OF STRUCTURAL PERFORMANCE 
 
In this section, the effect of structural parameters on structural behavior of the mortise–tenon 
steel-tube scaffold is discussed using the numerical analysis method. In the numerical simulation of 
the mortise–tenon steel-tube scaffold test model in Section 3, the basic mechanical parameters of 
the steel-tube materials were determined through static tension tests so that the numerical 
simulation would approximate the actual performance of the test model. However, the purpose of 
numerical analysis of the mortise–tenon steel-tube scaffold in this section was to provide references 
for engineering applications. Therefore, the mechanical properties of the steel-tube materials in this 
section were determined according to the national code (Material model 2 in Table 1). 
 
In the engineering application of the mortise–tenon steel-tube scaffold, the steel tube and 
mortise–tenon joint are constants for the easy materials reuse. The steel tube generally uses P48 
mm × 3.5 mm and the mortise–tenon joint matches that of the steel tube. Therefore, the main 
influencing factors of the structural performance of the mortise–tenon steel-tube scaffold are the 
geometric parameters, including storey height, vertical member interval, height of bottom 
horizontal tube (H_3 shown in Figure, 2), height of cantilever bar (H_2 shown in Figure, 2), overall 
structure height and X-bracing layout. In this study, the effects of these factors were studied 
through a series parameter analysis. 
 
To analyze the effects of storey height and vertical member interval on the structural performance, 
the overall structure height, height of the bottom horizontal tube, and height of the cantilever bar 
were fixed at approximately 8m, 0.35m, and 0.4 m respectively, and No X-bracing was used. A 
total of 25 structural models with different storey height and vertical member intervals were 
established. Their ultimate bearing capacities were obtained as shown in Figures. 18 and 19. It is 
clear that the vertical member interval had a minor effect on the ultimate bearing capacity, but the 
storey height influenced significantly. The ultimate bearing capacity decreased by approximately 
13%–23% when the storey height increased by 0.3 m. The smaller the structure height is, the 
greater is the bearing capacity reduction. 
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      Figure 18. Parameter Analysis of     Figure 19. Parameter Analysis of  
               Vertical Interval            Member Storey Height 
 
To analyze the effects of the height of the bottom horizontal tube and the height of the cantilever 
bar on the structural performance of the mortise–tenon steel-tube scaffold, the overall structure 
height, storey height, and vertical member interval were fixed at approximately 8m, 0.9m–1.8m, 
and 0.9m respectively. No X-bracing was used. A series of analysis models were established with 
different height of the bottom horizontal tube and height of the cantilever bar. In the parameter 
analysis of height of the bottom horizontal tube, the height of the cantilever bar was fixed at 0.4 m. 
In the parameter analysis of the cantilever bar height, the height of the bottom horizontal tube was 
fixed at 0.35 m. Results are presented in Figures. 20 and 21. It is clear that when the storey height 
was higher than 0.9 m, the height of the bottom horizontal tube and the cantilever bar basically had 
little effect on the ultimate bearing capacity. When the storey height was less than 0.9 m, the height 
of the bottom horizontal tube was less than 0.3 m, and the height of the cantilever bar was less than 
0.4 m. The ultimate bearing capacity of the structure remained basically the same despite the height 
variation of the bottom horizontal tube and the cantilever bar. When the storey height is more than 
0.9 m, the height of the bottom horizontal tube increases to 0.4 m and 0.5 m, and the ultimate 
bearing capacity decreases by 9% and 19% up to the maximum; when the cantilever height 
increases to 0.5 m, the ultimate bearing capacity decreases by 7% up to the maximum. 
 

  
 

Figure 20. Parameter Analysis of    Figure 21. Parameter Analysis of 
Height of Cantilever Bar     Height of Bottom Horizontal Tube 
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In order to analyze the effect of X-bracing on the ultimate loading capacity, the X-bracings were set 
in all models established for the storey height and vertical-member interval parameter analysis. The 
analysis results were shown in Figure 22, and it is clear that the X-bracing layout have strengthened 
the ultimate bearing capacity significantly. The strengthen effect is closely related to the storey 
height but less correlated to the vertical member interval. The average strengthen coefficients of the 
ultimate bearing capacity were 1.0, 1.24, 1.45, 1.49, and 1.30 when the storey heights were 0.6, 0.9, 
1.2, 1.5, and 1.8 m. 
 

  
(a) Variation of storey height         (b) Variation of vertical member interval 

 
Figure 22. Effect of X-bracing Layout on Ultimate Bearing Capacity 

 
The effect of the overall structure height on the ultimate bearing capacity was also studied through 
a series of models without X-bracing. In these models, the overall structure height was different, 
but the vertical member interval (0.9 m), storey height (0.9, 1.2, or 1.5 m), height of bottom 
horizontal tube (0.35 m), and height of cantilever bar (0.4 m) were fixed. The analysis results are 
shown in Figure 23. The overall structure height affected the ultimate bearing capacity significantly. 
Such an effect decreased with the increase of the overall structure height. Furthermore, the negative 
correlation between the overall structure height and the ultimate bearing capacity was further 
intensified as the storey height increased. When the overall structure heights were 8, 12, 16, and 20 
m, the ultimate bearing capacity decreased by approximately 19%, 27%, 30%, and 29% compared 
with the capacity when the overall structure height was 4 m. 
 

 
Figure 23. Overall Structure Height Effect on the Bearing Capacity 
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5.   DESIGN METHOD 
 
Based on parameter analyses in Section 4, the main influencing factors om the ultimate bearing 
capacity of the mortise–tenon steel-tube scaffold are storey height, height of bottom horizontal tube, 
height of cantilever bar, X-bracing layout, and overall structure height. Among them, storey height 

is the most important influencing factor. In this section, coefficients 1 , 2 , 3 , and 4  were 
introduced to consider the effects of the X-bracing layout, height of bottom horizontal tube, height 
of cantilever bar, and overall structure height on the ultimate bearing capacity respectuvely. The 
ultimate bearing capacity of the mortise–tenon steel-tube scaffold was calculated from 

 

1 2 3 4 f
cr

s

N
P

   


 ,                    (1) 

 
where fN  is the standard value of the ultimate bearing capacity of the mortise–tenon steel-tube 
scaffold without X-bracing. This value is only related to storey height and can be determined 
according to Table 4; 1  is the influence coefficient of X-bracing, which is only related to storey 

height and can be determined according to Table 5; 2  is the influence coefficient of the height of 
the bottom horizontal tube, which is only related to the height of the bottom horizontal tube and can 
be determined according to Table 6; 3  is the influence coefficient of the height of the cantilever 
bar, which is only related to the height of the cantilever bar and can be determined according to 
Table 7; 4  is the influence coefficient of overall structure height, which is related to the overall 

structure height and storey height and can be determined according to Table 7; s  is the safety 
factor and is determined as 1.5 according to engineering experiences [22]. 
 
To verify the calculation accuracy of the proposed prediction formula (1), 11 structural models of 
the mortise–tenon steel-tube scaffold were designed randomly. The ultimate bearing capacities were 
determined by both FE numerical analysis method presented in Section 4 and the proposed 
prediction formula (1). Comparison results are listed in Table 8. The maximum error between the 
calculated results and the FE numerical simulation results was 6.08%, which could meet 
engineering application requirements. 
 

Table 4. Basic Bearing Ability of Mortise–tenon Steel-tube Scaffold 
Storey height (m) 0.6 0.9 1.2 1.5 1.8 

Bearing capacity of single member 
(kN) 

52.30 40.02 31.94 26.20 22.66 

 
Table 5. Increase Coefficient of X-bracing 

Storey height (m) 0.6 0.9 1.2 1.5 1.8 
Increase coefficient of bearing 

capacity 
1.01  1.24  1.45  1.49  1.30 
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Table 6. Adjustment Coefficients of Height of  
Bottom Horizontal Tube and Height of Cantilever Bar 

Height (m) 0.1 0.2 0.3 0.4 0.5 
Adjustment coefficients of height of 
cantilever bar 

1.00 1.00 1.00 0.91 0.81 

Adjustment coefficients of height of 
bottom horizontal tube 

1.00 1.00 1.00 1.00 0.93 

 
Table 7. Adjustment Coefficients of Overall Structure Height 

Storey height 
(m) 

Overall structure height (m) 
4 8 12 16 20 

0.6 1.07 1.00 0.96 0.93 1.07 
0.9 1.15 1.00 0.96 0.94 0.93 
1.2 1.22 1.00 0.93 0.90 0.88 
1.5 1.35 1.00 0.94 0.85 0.84 
1.8 1.50 1.00 0.72 0.64 0.60 

 
Table 8. Comparison between Simplified Calculation Results and Numerical Simulation Results 

H H_1 S_1 H_2 H_3 X-bracing Pcr-FEM Pcr-S Error 
16.0 0.9 0.9 0.3 0.4 N 38.84 37.79 –2.70 
7.95 0.9 0.9 0.3 0.4 N 41.34 40.02 –3.19 
7.95 0.9 0.9 0.3 0.5 N 39.87 40.02 0.38 
7.95 0.9 0.9 0.5 0.4 N 40.29 40.02 –0.67 
7.95 1.2 0.9 0.3 0.4 N 32.86 31.94 –2.80 
7.95 1.8 0.9 0.3 0.4 N 23.29 22.66 –2.71 
7.95 0.9 0.9 0.3 0.4 Y 51.07 49.62 –2.84 
7.95 0.9 0.9 0.3 0.5 Y 46.78 49.62 6.07 
7.95 0.9 0.9 0.5 0.4 Y 51.89 49.62 –4.37 
7.95 1.2 0.9 0.3 0.4 Y 47.80 46.31 –3.12 
7.95 1.8 0.9 0.3 0.4 Y 29.93 29.46 –1.57 

 
 
6.   CONCLUSIONS 
 
The structural performance of the mortise–tenon steel-tube scaffold, a new scaffold system, was 
studied through finite element numerical simulation. A simplified calculation formula of the 
ultimate bearing capacity is also presented in this paper. Based on this study, the following 
conclusions are obtained: 
 
1) A numerical analysis model for the mortise–tenon steel-tube scaffold is presented based on the 
finite element method and semi-rigid frame theory, which was verified by 11 prototype test data. 
2) Under the same structural parameters, the ultimate bearing capacity of the mortise–tenon 
steel-tube scaffold without X-bracing is approximately 235.59% higher than that of the 
coupler-type scaffold. Therefore, the mortise–tenon steel-tube scaffold has significantly better 
structural performance than the coupler-type scaffold. 
3) The X-bracing layout, storey height, and overall structure height influence the ultimate bearing 
capacity of the mortise–tenon steel-tube scaffold significantly, but the vertical member interval, 
height of bottom horizontal tube, and height of cantilever bar influence the ultimate bearing 
capacity slightly. 
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4) When the storey heights are 0.6, 0.9, 1.2, 1.5, and 1.8 m, the ultimate bearing capacities of the 
scaffold with X-bracing increase by 1.0, 1.24, 1.45, 1.49, and 1.30 times more than those of the 
scaffold without X-bracing. 
5) When the overall structure height is 8, 12, 16, and 20 m, the ultimate bearing capacities are 
approximately 19%, 27%, 30%, and 29% lower than the capacities when the overall structure 
height is 4 m. 
6) A calculation formula was presented to calculate the bearing capacity of the mortise–tenon 
steel-tube scaffold, and the maximum error between calculated results of the simplified calculation 
formula and the finite element numerical simulation results was 6.08%. 
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ABSTRACT: Concrete filled steel tube columns (CFST) have many potentials which include; high seismic resistance, high load 
bearing capacity, and fire resistance without external protection. Some major projects worldwide has adopted the use of this type 
of column member extensively, for columns in both the gravity systems and the seismic resisting systems. Experimental tests 
performed on concrete filled steel tube columns at ambient temperature indicates that, the use of steel fibre reinforced concrete 
infill affects the crack width propagation of the concrete. This paper presents an advanced 3D numerical model which predicts the 
behaviour of a CFST column filled with steel fibre reinforced concrete, taking into account the increased tensile strength of the 
concrete which affects the column ductility. For columns subjected to compression loading only, it is recommended to use a high 
strength concrete, and also increase the thickness of the steel tube rather than using a steel tube with a higher yield strength. For 
slender square columns loaded under large eccentricity, it is recommended to use an e/D (eccentricity/depth) ratio value less than 0.5 
for design purposes, to avoid the premature fracture of the loaded end of the column having smaller steel tube thickness. 
 
Keywords: Concrete filled tubular columns, steel fibre reinforced concrete, finite element analysis, composite column, 
square hollow steel section 
 
DOI: 10.18057/IJASC.2018.4.2.10 
 

 
1.  INTRODUCTION 
 
Concrete filled steel tube (CFST) columns are an increasingly popular form of construction. The 
advantages of CFST include a high compression strength, good ductility, reduction in size of the 
column, ease of construction and potential fire resistance ratings (Zhao et al. [1]). The 1995 Kobe 
earthquake in Japan influenced the emphasis on CFST construction whereby, emphasis was placed 
on ductility, energy absorption and performance in seismic zones (Kitada [2]).  
 
Steel tube local buckling is one of the critical issues to consider when designing a steel tube 
column. Researchers have indicated that addition of a concrete infill to the steel tube will reduce 
the effects of local buckling (Brauns [3], Ellobody, Young and Lam [4]). Steel fiber reinforced 
concrete infill is a popular type of concrete infill due to the advantages of increasing the tensile 
strength of the concrete and controlling the crack width of the concrete core (Ellobody [5],  Zhao 
et al. [ 6 ] ). Comprehensive experimental and numerical experiments conducted by (Zeghiche and 
Chaoui [7]) together with (Johansson and Gylltoft [8]), showed that it is possible to achieve 
ductility in the column by also using concrete strength higher than 50MPa. 
 
Ellobody [5], showed that addition of fiber to plain concrete increases its flexural and tensile 
strength, which results in superior post-elastic material properties. The various parameters that 
affect the behaviour of steel fiber reinforced concretes which includes its matrix strength, fiber 
type, fiber Young’s modulus, fiber dosage and fiber tensile strength. Figure 1 shows a comparison 
between the stress - strain curve of plain and steel fiber reinforced concrete. 



309               Kingsley U. Ukanwa, Charles G. Clifton, James B.P. Lim, Stephen Hicks and Umesh K. Sharma                  
 

           
 
Eltobgy [9], observed that the use of steel fibre reinforced concrete improved the structural stability 
of a CFST columns and the slenderness ratio is also an important factor that govern its behaviour. 
 
Gopal and Manoharan [10], carried out tests on 12 slender circular steel tubular columns filled 
with both plain and steel fiber reinforced concrete. The specimens were tested under eccentric 
axial loading to investigate the effects of fiber reinforced concrete on the ultimate strength and 
behaviour of the composite columns. It was reported that the use of fiber reinforced concrete as 
infill for tubular steel gives the column additional strength and ductility. 
 
Tokgoz and Dundar [11], conducted experimental tests on 16 concrete filled steel tubular 
columns, each tubular column was filled with either plain or steel fibre reinforced concrete. The 
columns were loaded axially with different levels of eccentricity having an e/D ratio between 
0.5-0.67 where e is the eccentricity and D is the depth or height of the column. It was reported 
that the inclusion of steel fiber to the concrete improved the ductility and deformation of the 
column. The steel fibres, however, had little effect on the ultimate strength capacity of the 
column. 
 
The main objective of the study reported herein is to investigate numerically the behaviour of 
axially loaded steel fiber reinforced CFST column. The numerical model is validated by 
comparison with experimental data reported in the literature, and also the Eurocode 4 part 1-1 [12] 
design model. Sixteen composite columns were simulated from experimental tests carried out by 
Tokgoz and Dundar [ 1 1 ]  from the literature and the main variables for the columns were the 
cross-section, slenderness, concrete compressive strength and the load eccentricity. The ultimate 
strength and load-deflection profile of the columns were analysed and compared to the 
experimental results. A parametric study was also carried out to investigate the influence of the 
steel yield strength, steel tube thickness and concrete compressive strength to the ultimate strength 
and ductility of the column. 
 
 
2.   FINITE ELEMENT MODELLING 
 
2.1  General 
 
To analyse the behaviour of plain and steel fiber reinforced CFST column, A three dimensional 
non-linear finite element CFST column was modelled using ABAQUS [13]. 
 

Figure 1. Comparison of Stress–strain Curves of Plain and SFR Concrete 
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A total of 38 CFST columns were modelled; 16 of these columns were from the literature which 
was used to validate the numerical simulation. The remaining 22 were used for the parametric 
studies. All the columns were of length of 1250 mm which had similar length with the 
experimental study. The material properties and geometry of the columns are summarized in Table 
1(a) and (b). The slenderness (λ), concrete cylindrical compressive strength (fc), steel yield 
strength and ultimate tensile strength (fy &fu) and steel ratio (δ) are also shown. 
 

Table 1a. ABAQUS CFST Column Model for Validating Experimental Study 
S/N B  x D x t 

mm 
B/t e/D L/D ex  

mm
ey 

mm
λ δ fc 

MPa 
fy 

MPa 
fu 

MPa
1 60 x 60 x 5 12.00 0.50 20.83 30 30 0.76 0.71 51.48 290 360 

2 60 x 60 x 5 12.00 0.50 20.83 30 30 0.77 0.70 54.13 290 360 

3 60 x 60 x 5 12.00 0.67 20.83 40 40 0.77 0.69 56.24 290 360 

4 60 x 60 x 5 12.00 0.67 20.83 40 40 0.77 0.69 58.67 290 360 

5 70 x 70 x 5 14.00 0.50 17.86 35 35 0.66 0.67 51.48 290 360 

6 70 x 70 x 5 14.00 0.50 17.86 35 35 0.66 0.66 54.13 290 360 

7 70 x 70 x 5 14.00 0.64 17.86 45 45 0.67 0.65 56.24 290 360 

8 70 x 70 x 5 14.00 0.64 17.86 45 45 0.67 0.64 58.67 290 360 

9 80 x 80 x 4 20.00 0.50 15.63 40 40 0.59 0.57 51.48 290 360 

10 80 x 80 x 4 20.00 0.50 15.63 40 40 0.60 0.56 54.13 290 360 

11 80 x 80 x 4 20.00 0.63 15.63 50 50 0.60 0.55 56.24 290 360 

12 80 x 80 x 4 20.00 0.63 15.63 50 50 0.61 0.54 58.67 290 360 

13 100 x 100 x 4 25.00 0.50 12.50 50 50 0.48 0.51 51.48 290 360 

14 100 x 100 x 4 25.00 0.50 12.50 50 50 0.49 0.49 54.13 290 360 

15 100 x 100 x 4 25.00 0.60 12.50 60 60 0.49 0.48 56.24 290 360 

16 100 x 100 x 4 25.00 0.60 12.50 60 60 0.50 0.47 58.67 290 360 

 
 

Table 1b. ABAQUS CFST Column Model for Parametric Study 
S/N B  x D x t 

mm 
B/t e/D L/D ex  

mm
ey 

mm
λ δ fc 

MPa 
fy 

MPa 
fu 

MPa
1 100 x 100 x 4 25.00 0.00 12.50 0 0 0.48 0.51 50.10 290 360 

2 100 x 100 x 4 25.00 0.00 12.50 0 0 0.49 0.50 52.17 290 360 

3 100 x 100 x 4 25.00 0.25 12.50 25 25 0.48 0.51 50.10 290 360 

4 100 x 100 x 4 25.00 0.25 12.50 25 25 0.49 0.50 52.17 290 360 

5 100 x 100 x 4 25.00 0.00 12.50 0 0 0.51 0.56 50.10 350 430 

6 100 x 100 x 4 25.00 0.00 12.50 0 0 0.51 0.55 52.17 350 430 

7 100 x 100 x 4 25.00 0.25 12.50 25 25 0.51 0.56 50.10 350 430 

8 100 x 100 x 4 25.00 0.25 12.50 25 25 0.51 0.55 52.17 350 430 

9 100 x 100 x 4 25.00 0.50 12.50 50 50 0.51 0.55 51.48 350 430 

10 100 x 100 x 4 25.00 0.50 12.50 50 50 0.51 0.54 54.13 350 430 

11 100 x 100 x 6 16.67 0.00 12.50 0 0 0.46 0.63 50.10 290 360 

12 100 x 100 x 6 16.67 0.00 12.50 0 0 0.47 0.62 52.17 290 360 

13 100 x 100 x 6 16.67 0.25 12.50 25 25 0.46 0.63 50.10 290 360 

14 100 x 100 x 6 16.67 0.25 12.50 25 25 0.47 0.62 52.17 290 360 

15 100 x 100 x 6 16.67 0.50 12.50 50 50 0.47 0.62 51.48 290 360 

16 100 x 100 x 6 16.67 0.50 12.50 50 50 0.47 0.61 54.13 290 360 

17 100 x 100 x 6 16.67 0.00 12.50 0 0 0.49 0.67 50.10 350 430 

18 100 x 100 x 6 16.67 0.00 12.50 0 0 0.50 0.66 52.17 350 430 

19 100 x 100 x 6 16.67 0.25 12.50 25 25 0.49 0.67 50.10 350 430 
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20 100 x 100 x 6 16.67 0.25 12.50 25 25 0.50 0.66 52.17 350 430 

21 100 x 100 x 6 16.67 0.50 12.50 50 50 0.49 0.66 51.48 350 430 

22 100 x 100 x 6 16.67 0.50 12.50 50 50 0.50 0.65 54.13 350 430 

 
The steel contribution ratio δ and slenderness λ were calculated based on Eurocode 4 Part 1.1 [12] 
as follows. 
 

 a y

pl

A f

N



                    (1) 

 
Where is the area of steel and  is the squash load of the column. 

2

2

pl c c a y

cr

N A f A f

EIN
L





                  (2) 

Where  is the area of concrete and EI = EsIs + 0.6Ecm; Is and Ic are the second moment of inertia 
of the steel tube and concrete core respectively, Es is the modulus of elasticity of steel and Ecm is the 
secant modulus of elasticity of concrete. 
 
The CFST models were classified into six sets, Sb-t-e-fy-I-P, Sb-t-e-fy-III-P and Sb-t-e-fy- V-P 
were modelled without using steel fibres, while a 0.75% volume of steel fiber was added to 
model Sb-t-e- fy -II-SF, Sb-t-e-fy-IV-SF and Sb-t-e- fy -VI-SF. The following label were used; 
“Sb-t- e- fy -fc-p/sf” where “b” is the columns breadth, “t” is the steel tube thickness “e” is the 
eccentric distance of the applied axial load, “fy” is the steel yield strength, “fc” is the concrete 
cylindrical strength, “p/sf” indicates whether it is a plain or steel fibre reinforced concrete infill. 
 
2.2  Finite Element Mesh and Geometry 
 
The main parameters of the model are the column breadth (B), the depth (D), the steel tube 
thickness (t) and the loading eccentricity (e). The plain and steel fiber CFST columns were 
modelled using shell and solid elements. The steel tube consisted of four-nodded quadrilateral 
shell element (S4R), while eight-nodded solid elements (C3D8R) with reduced integration were 
used for the concrete core. The loading end plate was modelled as rigid (R3D4) to enable an 
even stress distribution of the eccentric axial load to the column. 
 
2.3  Boundary Condition and Column Loading 
 
The column was modelled with a pin-pin end condition. A reference point was created on the 
loading plate to indicate the position of the ex and ey eccentric distance of the applied load. 
 
2.4  Material Modelling of Steel Tube 
 
The stress–strain curves for the steel tubes were taken from values used in the experimental tests 
conducted by Tokgoz and Dundar [ 1 1 ] . A modulus of elasticity of 200GPa and Poisson’s 
ratio of 0.3 was employed. The yield stress and ultimate tensile strength values are also shown 
in Table 1(a) and (b) above. 
 
2.5  Modelling of Confined Concrete 
 
The concrete core was modelled using the concrete damaged plasticity (CDP) model available 
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in the standard and explicit material library (ABAQUS [13]). The concrete damaged plasticity 
model uses stress-strain relationships to correlate parameters for relative concrete damage for 
both tension and compression under uni-axial loading as shown in Figures 2(a) and 2(b). 
 

 
Figure 2. Concrete Damaged Plasticity Model 

0

E
D

E
                      (3) 

 
Where, D is the damage parameter of concrete in compression and tension, E0 is the initial 
(undamaged) elastic stiffness of the material, E is the damaged elastic stiffness of the confined 
concrete and dt and dc are the damage indices of concrete in tension and compression. Eq. 3 was 
used in calculating the damage parameters under uni-axial tension and compression. 
 
The approach used to model the effects of confinement of plain and steel fiber reinforced 
concrete was similar to the approach used by (Dai and Lam [14]). Figure 3 shows the equivalent 
uniaxial representation for the stress-strain curve of confined and unconfined concrete.  fc is the 
unconfined concrete cylindrical compressive strength which is equal to 0.8fcu; where fcu is the 
cube compressive strength of the unconfined concrete. The unconfined strain (εc) value is taken as 
0.003 for plain concrete as recommended by the ACI Specification (ACI [15]). fcc and εcc are the 
confined concrete compressive strength and confined strain, respectively. As described by 
Mander et al. [16]. 

 
Figure 3. Confined Concrete Stress-strain Curve 
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f
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 
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Where lf = lateral confining pressure from the steel tube section.  

 

2
l

t
f

D


                       (6) 

 
Where  = 0.1 f  proposed by Mander et.al. [ 1 6 ] . 

 
The factors  and  in Eqs. 4 and 5 are taken as 4.1 and 20.5 respectively, as given by Richart, 
Brandzaeg and Brown [17].  
 
The equivalent stress–strain curves of unconfined and confined concrete are expressed in three 
parts. The first part defines the initial limit stress, which is taken as 0.5 ccf  as given by Hu et al. 

[18]. The Young's modulus of confined concrete is calculated using the empirical formula provided 
in the ACI code [15], given in Eq. 7. 
 

4700cc ccE f Mpa                  (7) 

 
Where ccf  is the strength of confined concrete. The Poisson's ratio of confined concrete is taken as 

0.2 as given in EN 1992-1-1 [19]. The second part defines the nonlinear portion of the stress-strain 
curve starting from the proportional limit stress 0.5 ccf  to the confined strength of the concrete ccf . 

This part of the curve was proposed by Saenz [20] and can be determined from Eq. 8. 
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Where the constants Rσ and Rε are equal to 4 as recommended by Hu and Schnobrich [21].  
 
The third part defines the descending value of the confined concrete stress–strain curve; this part 
starts from the maximum confined concrete strength fcc to a lower value rk3c fcc with a corresponding 
strain value of 11εcc as proposed by Hu et al. [18]. 
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2.6  Material Modelling of Steel Fiber 
 

The steel fiber dosage used in the model was a 0.75% volume (58.88 kg/m3) as described in the 
experimental tests. Table 2 shows the material geometry of the steel fiber is given in Musmar [22], 
Eq. 11 to determine the value of the tensile strength of the concrete. 
 

Table 2. Steel Fibre Geometry 
S.F Type Density 

kg/m3 

%volume Dosage 

(kg/m3) 

Length 
mm 

Diameter 
mm 

Hooked End 7850 0.75% 58.88 35 0.55 

 

'0.6 0.4 f
sp f c

L
f v f

d

  
        

             (11) 

 
Where fsp is the concrete tensile strength in MPa, f  is the fiber volume, Lf = length of fiber, d = 
diameter of fiber and fc is the compressive strength of concrete. 
 
2.7  Concrete – Steel Tube Interface 
 
Contact between the steel and concrete were modelled as a general contact. Friction between 
the two faces is maintained throughout when in contact. After conducting a parametric study 
for the coefficient of friction, 0.2 was chosen as it gave the best match for friction between the 
steel tube and concrete surfaces. 
 
 
3.  RESULTS AND DISCUSSION 
 
The ultimate axial load and moment values for each column were reported in Table 3. Figure 4 
shows the graphical plot of force vs B/t ratio, while Figure 5 shows graphical plot of moment vs 
B/t ratio for plain and steel fibre reinforced concrete infill for the CFST columns. It can be 
seen that the use of steel fibre reinforced concrete infill had little effect on the ultimate 
strength of the column. The steel tube thickness and load eccentricity are important factor 
which governed the ductility and ultimate strength of the columns. 
 

 
Figure 4. Force vs B/t Ratio 



315               Kingsley U. Ukanwa, Charles G. Clifton, James B.P. Lim, Stephen Hicks and Umesh K. Sharma                  
 

 

 
Figure 5. Moment vs B/t Ratio 

 
Table 3. Finite Element Analysis Result 

Model No. Pp (kN) PSF (kN) MP 
(kN.m) 

MSF 
(kN.m) 

S60-5-30-290 126.6 128.1 4.36 4.3 
S60-5-40-290 104.7 105.8 4.78 4.83 
S70-5-35-290 161.3 164.8 6.31 6.57 
S70-5-45-290 134.4 137.2 6.86 6.89 
S80-4-40-290 167.8 173.8 7.39 7.72 
S80-4-50-290 144.6 146.3 8.04 8.04 
S100-4-50-290 237.5 239.9 13.06 12.88 
S100-4-60-290 198.2 201.6 13.15 13.27 

 
 
4.    PARAMETRIC STUDY 
 
Prior to a sensitivity analysis, The FEA results were validated with the laboratory experiments 
which is discussed extensively in the next section. The parameters investigated includes; the steel 
tube thickness, concrete compressive strength, e/D ratio and steel tube yield strength. Table 4 
shows the result obtained from the parametric study. 
 

Table 4. CFST Parametric Study 
Model No. PP (kN) PSF (kN) fy 

(MPa) 
B/t 

S100-4-0-290 826.9 867.3 290 25 
S100-6-0-290 1006 1038.17 290 16.67 
S100-4-0-350 927.3 963.6 350 25 
S100-6-0-350 1147 1182 350 16.67 
S100-4-25-290 364.6 401.3 290 25 
S100-6-25-290 468 517.13 290 16.67 
S100-4-25-350 408 449.1 350 25 
S100-6-25-350 524.7 577.5 350 16.67 
S100-4-50-290 237.5 239.9 290 25 
S100-6-50-290 311.2 317 290 16.67 
S100-4-50-350 269.8 276.7 350 25 
S100-6-50-350 354.9 353.8 350 16.67 
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4.1  Steel Tube Thickness 
 
For an increase in steel tube thickness from 4mm to 6mm there was a 21% increase in ultimate 
strength for columns loaded under compression only. For columns loaded with combined 
compression and bending, the increase recorded was about 32%. Figure 6 shows the steel tube 
thickness has a significant effect on the ductility of the columns. For columns having a depth over 
thickness (D/t) ratio greater than 18 and eccentricity over depth (e/D) ratio greater than 0.5, there 
was an uneven stress distribution during the early stages of load application which resulted in a 
premature plastic deformation at the top of the steel tube perpendicular to the eccentric load 
direction. 

 
              Figure 6. Steel Tube Thickness Effectiveness 

 
4.2  Concrete Compressive Strength 
 
The concrete compressive strength had little effect on the ultimate strength value recorded for 
each column due to the slenderness of the column. Figures 7 (a) and 7(b) shows columns filled 
with steel fibre reinforced concrete (SFRC) and plain concrete. The SFRC columns maintained its 
ultimate strength value for a longer time period and therefore, gave the column a better ductility. 
For columns filled with plain concrete, there was a sudden drop in the strength of the columns. 
Figures 8(a) and 8(b) shows columns subjected to combine bending and compression, it was 
observed that columns filled with steel fibre reinforced concrete maintained 85% of its axial 
strength while the displacement increased. 

 
 

(a) 6 mm steel tube thickness 
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(b) 4 mm steel tube thickness 
Figure 7. Effectiveness of Concrete Compressive Strength under Compression Only 

 

 
(a) 6 mm steel tube thickness 

 

 
(b) 4 mm steel tube thickness 

 
Figure 8. Effectiveness of Concrete Compressive Strength under Combine Bending and 
Compression 
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4.3  Load Eccentricity 
 
The e/D ratio of the column was a contributing factor to the ultimate strength and moment values 
recorded. Figure 9 (a) shows for a 10mm increase in eccentric load distance of the columns, there 
was an average of 20% decrease in the ultimate strength value recorded for all CFST columns, 
however, the moment values recorded were not significantly affected. Figure 9 (b) shows there 
was an average of 6% increase in moment value recorded, with a 10mm increase in the eccentric 
load distance of the applied axial load. 
 

 
(a) Force Vs e/D ratio 

 

 
b) Moment Vs e/D ratio 

Figure 9. Effectiveness of e/D Ratio of the Column 
 
 

4.4  Steel Tube Yield Strength 
 
The steel tube yield strength contributed significantly to the ultimate axial strength, but did not 
affect the ductility of the column. For a 20% increase in the steel tube yield strength there was a 
corresponding 14% increase in the axial strength of the column. Figure 10 shows the load 
deflection curve comparison of columns having similar geometries, but different steel tube yield 
strength. 
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Figure 10. Steel Tube Yield Strength Effectiveness 

 
4.5  Concrete Infill Type 
 
The addition of steel fibre to the concrete increases the tensile strength of the concrete and also 
controls the crack width propagation of the column. For columns filled with steel fibre 
reinforced concrete, the tensile damage of the concrete was relatively low compared to columns 
filled with plain concrete and this affected the crack propagation and ductility of the column. 
Figures 11(a) and (b) shows the concrete tensile damage for S60-5-30-290-I-P and 
S60-5-30-290-II-SF respectively, when a load of 100kN was applied to the column. 
 
  

(a) Tensile damage of plain Concrete at 100kN (b) Tensile damage of SFR concrete at 100kN 

Figure 11. Effectiveness of Concrete Infill 
 
 
5.  COMPARISON OF FINITE ELEMENT ANALYSIS WITH  

LABORATORY EXPERIMENT AND EUROCODE 4 DESIGN GUIDE 
 
There was good correlation between recorded values obtained from the numerical analysis when 
compared to the experimental and Eurocode 4 values. The axial compressive strength known as the 
squash load of a tubular column is calculated by adding the strength of its members as given in 
Eurocode 4 Part 1-1. A further calculation needs to be carried out when the column is loaded under 
combined compression and bending. The ultimate axial strength obtained from the finite element 
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(PFEA) analysis, laboratory experiments (PEXP) and Eurocode 4 calculations (PEC4) are reported 
in Table 5. The squash load for a fully encased concrete filled steel tube column according to 
Eurocode 4 is calculated using Eq. 12. Figures 12(a) and (b) shows the plot of force vs moment, 
while Figures 13 (a) to (d) shows the load deflection curve comparison for the laboratory 
experiments and FEA. 
 

4EC a y c cP A f A f     (12) 

 
Where  is the yield strength of the structural steel,  is the cylindrical compressive strength of 

concrete.  Aa and Ac are the area of steel and concrete respectively.  
 
The moment (M) of the column at mid-height was calculated using the equation 

where P is the ultimate load, e is the eccentric distance and dm is the deflection of 
the column at mid-height. 
 

Table 5. Finite Element Analysis, Laboratory Experiments and Eurocode 4 Comparison 
Model No. PFEA 

kN 
PEXP 
kN 

PEC4 
kN 

MFEA

kN.m
MEXP

kN.m
MEC4

kN.m
EXPP

PFEA

 EC4P

PFEA

 EXP

FEA

M

M
Ec4

FEA

M

M

S60-5-30-290-I-P 126.6 128 127.6 4.36 4.48 3.83 1.01 1.01 1.03 0.88 

S60-5-30-290-II-SF 128.1 124 129.7 4.3 4.5 3.89 0.97 1.01 1.05 0.91 
S60-5-40-290-III-P 104.7 97 110.3 4.78 4.6 4.42 0.93 1.05 0.96 0.92 

S60-5-40-290-IV-SF 105.8 104 112 4.83 4.63 4.48 0.98 1.06 0.96 0.93 
S70-5-35-290-I-P 161.3 168 162.6 6.31 6.41 5.69 1.04 1.01 1.02 0.90 

S70-5-35-290-II-SF 164.8 174 165.7 6.57 6.46 5.80 1.06 1.01 0.98 0.88 
S70-5-45-290-III-P 134.4 142 144.8 6.86 6.61 6.52 1.06 1.08 0.96 0.95 

S70-5-45-290-IV-SF 137.2 148 147.1 6.89 6.65 6.62 1.08 1.07 0.97 0.96 
S80-4-40-290-I-P 167.8 173 184.5 7.39 7.65 7.38 1.03 1.10 1.04 1.00 

S80-4-40-290-II-SF 173.8 175 189 7.72 7.9 7.56 1.01 1.09 1.02 0.98 
S80-4-50-290-III-P 144.6 147 158.8 8.04 7.87 7.94 1.02 1.10 0.98 0.99 

S80-4-50-290-IV-SF 146.3 156 160.5 8.04 7.92 8.02 1.07 1.10 0.99 1.00 
S100-4-50-290-I-P 237.5 245 255.2 13.06 12.99 12.76 1.03 1.07 0.99 0.98 

S100-4-50-290-II-SF 239.9 248 258.9 12.88 13.13 12.95 1.03 1.08 1.02 1.01 
S100-4-60-290-III-P 198.2 218 225.6 13.15 13.33 13.53 1.10 1.14 1.01 1.03 

S100-4-60-290-IV-SF 201.6 222 227.2 13.27 13.44 13.63 1.10 1.13 1.01 1.03 
Mean       1.03 1.07 1.00 0.96 

Standard Deviation       0.05 0.04 0.03 0.05 
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(a) Comparison of FEA with experiment (b) Comparison of FEA with Eurocode 4 
Figure 12. Force vs Moment Plot Comparison 

 
 
 

 

 
 
 

(a) Force vs Displacement (b) Force vs Displacement 
 

 
 

 

 
 

(c) Force vs Displacement (d) Force vs Displacement 
Figure 13. Force vs Displacement Curve FEA and Laboratory Experiment Comparison 

 
 
6.  CONCLUSIONS 
 
The computational finite element modelling of concrete filled steel tubular column with plain and 
steel fiber reinforced concrete infill is presented in this study. There was a good agreement 
between ultimate strength and moment values of the columns when compared to values obtained 
from experimental data and Eurocode 4 Part 1-1. 
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Addition of steel fiber to the concrete had little effect on the ultimate strength of the column. 
However, this affected the ductility and crack width propagation of the column and also increased 
the concrete tensile strength. This indicates that for CFST columns filled with steel fiber reinforced 
concrete, the column will have a higher ductility when compared to using a plain concrete infill. 
The steel tube yield strength had an effect on the ultimate axial strength of the column; however, it 
did not contribute to the ductility of the column. It is recommended to increase the steel tube 
thickness rather than using a steel tube section with a higher yield strength for design purposes. 
Using an e/D ratio less than 0.5 for the construction of slender columns is recommended so as to 
utilize the full section of the column when loaded axially. 
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