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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The collapse performance of steel frames generally depends on their ability to resist local damage. However, this ability 

is decided by the connection behavior, which has not been determined methodically and reliably. Thus, developing a 

simplified connection model for predicting the structural collapse resistance is critical for  preventing progressive 

collapse. In this study, component models were constructed with different stiffness connections, including the double 

web angle (DWA), top-seat with double web angle (TSDWA), and welded flange-bolted web (WUF) connections, 

according to the component method by simplifying its geometry and dividing it into several basic springs. The 

proposed component-based connection models with detailed components were implemented within the finite element 

program, ANSYS. The models were validated against previous experimental tests. The analysis results indicate that the 

component models can accurately reflect the load response and post-fracture path of the assemblies with a 

cost-effective solution. This indicates that the component method is significant for progressive collapse analysis, 

providing a simple and effective tool for designers and engineers to evaluate the load-resisting capacities of steel frame 

structures. 
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1.  Introduction 

 

In recent years, structural progressive collapse has become a topic of 

considerable research interest in the field of the civil engineering [1–2]. 

Preventing progressive collapse is a necessary task in structural engineering 

theory and practice. Progressive collapse primarily results from a chain 

reaction caused by local damage spreading to other structural components 

owing to overloading or accidental loads. 

Connection failure primarily triggers structural failure and determines 

whether the internal force can be transmitted effectively. Many experimental 

studies and numerical analyses have showed that the connection behavior 

determines the mechanism resistances of frame structures, including 

compressive arch action, flexural action, and catenary action [3-4]. Therefore, 

beam–to–column connections are critical components in the anti-collapse 

design of steel frame structures. Accordingly, it is urgent to develop a 

simplified connection component model for predicting the mechanical 

behavior of beam–to–column connections. The most used modeling methods 

for the numerical simulation analysis of the frame structure collapse resistance 

include micro (refined modeling) [5–9], macro (node models based on beam 

or shell elements and component methods) [10], and multiscale hybrid (mixed 

elements of various types) [11–12] modeling methods. The results obtained by 

the refined modeling method are the most accurate; however, a systematic 

parameter analysis using the refined modeling method typically results in 

high modeling costs and long calculation time, particularly for full-size 

multistory frame structures. A reasonable component model can significantly 

increase computational efficiency of the numerical model when replacing the 

refined model for the structure design and collapse analysis. 

With respect to the simplified modeling of steel structures, to investigate 

the relative performance of the beam–to–column connection, Sarraj et al. [13] 

and Liu et al. [14] performed component modeling. Yang et al. [15] tested 

seven different connections under failure condition of middle column through 

a static loading test. They found that the axial force and rotation of beam end 

determine the failure mode of the connections. Tan et al. [16] studied the 

performance of a beam–column assembly with different stiffnesses via static 

loading tests and demonstrated that different types of connections 

significantly influence the collapse resistance. Beam–to–column connections 

are typically subjected to combined tension, bending, and shear forces during 

the progressive collapse process. 

In this study, numerical models of the beam–column assemblies were 

constructed with different stiffness connections, including the double web 

angle connection (DWA), top-seat with double web angle connection 

(TSDWA), and welded flange-bolted web connection (WUF), according to the 

component method proposed by Eurocode 3 (EC3) [17] by simplifying the 

geometrical composition of the connections. Subsequently, the applicability 

and efficiency of these simplified models were validated against previous 

experimental results. 

 

2.  Construction of the component models with different stiffness con

nections 

 

2.1. Simplified component method modeling 

 

A connection can be simplified into a series of independent fundamental 

components using the component method (each fundamental component may 

consist of several mechanical springs). The overall mechanical properties of 

the connections can be analyzed by studying the nonlinear mechanical 

characteristics of each component of the connections. Accordingly, the overall 

response of the connections can be obtained through the collection of 

components. Applying the component method is significant for analyzing the 

working mechanism of each connection part. In addition, it can rapidly analyze 

and accurately acquire the mechanical properties of the beam–column 

assembly. 

 

2.2. Mechanical behavior analysis of each spring (component) 

 

Determining the mechanical properties of a connection by directly 

analyzing the deformation mechanism is challenging. The European code EC3 

[17] proposes that the connections can be discretized into multiple mechanical 

units contributing to the force. The components (springs) were integrated to 

simulate the force state of the connections accurately, with appropriate 

assumptions. Accordingly, the DWA, TSDWA, and WUF connections 

comprised the following individual spring forces: connecting plate bolt hole 

compression (S1), bolt shear (S2), beam web bolt hole compression (S3), bolt 

tension (S4), angle bending (S5), and beam flange tension–compression (S6) 

springs. The DWA connection comprised the bolt hole compression spring at 

the connecting plate, compression spring at the beam web, and bolt shear 

spring. The TSDWA connection comprised the following individual spring 

forces: bolt hole compression spring at the angle, bolt shear spring, bolt hole 

compression spring at the beam, and bolt tension and angle bending springs. 

The WUF connection comprised the connecting plate compression, beam web 

compression, bolt shear, and beam flange tension–compression spring forces. 

These springs can be simplified further according to their serial and parallel 

relationships. Different springs were combined to form an equivalent 

component in series to model the different connections, as shown in Fig. 1. 
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(a) DWA connection 

 

(b) TSDWA connection 

 

(c) WUF connection 

Fig. 1 Component model of different stiffness connections 

 

2.2.1. Bolt hole compression spring (S1/S3) 

The S1 and S3 springs correspond to the deformation of the bolt holes of 

the connecting plate and beam web, respectively, as illustrated in Fig. 2. 

Deformation was significantly affected by the end and edge distances of the 

bolt holes. 

 

+ +

Connector deformation

Plate bearing Bolt shear Beam web bearing

 

Fig. 2 Deformation decomposition of a single component 

 

Elsalti and Richard [18] proposed the following equations to define the 

relationship between the load and deformation of a bolt hole compression 

spring: 

 

Λ
Λ

Λ

F

F
009.0

)1(

74.1
25.0

Rdb,

−
+

=
                                          

(1)
 

 

Rdb,iFkΔΛ =                                                        
(2)

 

 

where F is the load applied to the bolt hole (plate), Fb,Rd is the ultimate bearing 

capacity of the bolt hole (plate), Λ is the nominal pressure deformation of the 

bolt hole, Δ is the pressure deformation of the bolt hole, and β is the material 

correction factor (steel is typically 1.0). 

Fisher and Struik [19] derived the ultimate bearing capacity formula with 

considering the bolt hole shear failure mode: 

 

dtftdf
d

e
F uhu

h

2
RdT, 4.2=

                                     
(3)

 

 

where e2 is the distance between the bolt holes (the distance between the 

center of the bolt hole and the edge of the plate along the direction of the 
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main force), dh is the diameter of the bolt hole, fu is the tensile strength, and t 

and d are the thickness and width of the plate, respectively. 

The deformation of the bolt hole consists of three parts [18]: extrusion of 

the bolt hole (corresponding stiffness kbr), bending deformation of the steel 

plate at the outer end of the bolt hole (corresponding stiffness kb), and shear 

deformation of the steel plate at the outer end of the bolt hole (corresponding 

stiffness kv), as shown in Fig. 3. Each stiffness can be calculated using the 

following formula [20]: 

 
8.0

bybr )4.25/(120 dtfk =                                               
(4)

 

 
3

b2b )2/1/(32 −= deEtk                                               
(5)

 

 

)2/1/(67.6 b2v −= deGtk                                             
(6)

 

 

where fy, E, and G are the yield strength, modulus of elasticity, and shear 

modulus, respectively, and db is the bolt shank diameter. 

 

  

(a) Extrusion deformation of bolt hole (b) Bending and shear deformation of bolt hole 

Fig. 3 Deformation of the bolt hole 

 

Thus, the bolt hole compression stiffness ki can be represented by the 

following equation: 

 

vbbr

i 111

1

kkk

k

++

=

                                                   
(7)

 

 

Fig. 4 shows the load–deformation (F–Δ) curve of the bearing deformation 

spring of the bolt hole (only the plate thickness was different for the 

connecting plate, angle, beam flange, and beam web) [13]. 

 

F

ΔO δ1u δ1f
 

Fig. 4 Load–deformation curve of bearing deformation spring of a bolt hole 

 

2.2.2. Bolt shear spring (S2) 

The relationship between the shear force and shear deformation curve of 

the S2 spring can be determined using the modified Raberg–Osgood formula 

[21]: 

 

6

Rbv,

v

bv,

v
bv, )(

F

F

k

F
v +=

                                                
(8)

 

 

where vv,b and Fv are the shear deformation and shear force of the bolts, 

respectively, kv,b is the shear stiffness of the bolts, Ω is a coefficient related to 

the temperature and remains to be 2.5 at normal temperature, and the ultimate 

shear strength of the bolts is 

 

bbu,Rbv, 6.0 AFF =                                                  
(9)

 

 

where fu,b is the ultimate tensile strength of the bolts and, Ab is the effective area 

of the bolt shank. 

The shear stiffness of bolts can be obtained as follows: 

 

b

bv,
d

kGA
k =

                                                         
(10)

 

 

where k is the correction coefficient for bolt shear deformation, equal to 0.15 

[22]. 

 

2.2.3. Bolt tension spring (S4) 

The load–deformation curve of S4 can be determined by the simple tensile 

deformation method according to the effective area and material properties of 

the bolt and can be simplified to a bilinear strength relationship model. 

 

2.2.4. Angle bending spring (S5) 

The load–deformation curve of S5 can be simplified into three stages [23] 

according to EC3 [17], as shown in Fig. 5. 

 

F

ΔO δ y

F u

Fm

F y

δm δ u

k1

k2

k3

 

 

 

 

Fig. 5 Load–deformation curve of bearing deformation spring of a bolt hole 

 

The values of Fy and Fm can be determined using the following formulas 

[24]: 

 

RdT,y
3

2
FF =                                                         

(11)
 

 

RdT,m FF =                                                          
(12)

 

 

where FT,Rd is the yield-bearing capacity of angle steel connectors. 

The initial stiffness k1 [23] of angles in bending is 

 

)
3

4
(

3)8.0(

5.0

a
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3

aaeff,
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+−−

=




artm

tEb
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11

22
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/

/

LI

LI
=
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where I1, I2, L1, and L2 are defined in Fig. 6, beff,a is the effective effect width of 

the bolted angles, beff,a can be calculated using Table 1 (Fig. 7 shows the 

dimension parameters of the connection), ta is the thickness of the angles, the 

value of m and ra are defined in Fig. 7. 

 

 

Fig. 6 Mechanical bending model of angle component 

R

R α

α

2

1

y

1

2 Δ

Extrusion

deformation
x

2

b

e

d
Bending and

shear deformation

L
I

L
beam web

1

1

Plastic hinge I

L
2

2

2

Column Flange



Zheng Tan et al.  4 

  

 

Fig. 7 Dimension parameters of the connection 

 

Table 1 

Effective width of angle components [25] 

Bolt row Effective width 

Top angle, Bottom angle befft,ta = min(dh+2ma, dh/2+ma+w/2; bta/2; 

ex+dh/2+ma) 

Inner bolt row web angle befft,ta = min(dh+2ma, p) 

End bolt row of web angle befft,ta = min(dh+2ma, dh/2+ma+p/2; ex+p/2; 

exw+dh/2+ma) 

 

k2 is the stiffness of the transitional period, which was set as 1/7k1 [22] until 

it reached the yield capacity of the angles. For the convenience of analysis, the 

component of the bending angles can be considered as an equivalent bolted 

T-stub, and the design resistance of the T-stub can be calculated as the 

smallest value among the three possible failure modes, as illustrated in Fig. 8. 

 

 

Fig. 8 Three possible failure modes of T-stub component 

 

Mode 1: A plastic hinge appeared near the bolt of the T-stub flange 

(complete yielding of the T-stub flange). 

 

a

y

2
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a

a
RdT,1,

4
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ftb
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M
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Mode 2: A plastic hinge appeared near the bottom of the T-stub flange (bolt 

failure with yielding of the T-stub flange). 

 

anm

BnM
F

+

+
=


a

RdT,aa

RdT,2,
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Mode 3: The bolt rod reached its tensile design bearing capacity (bolt 

failure). 

 

= RdT,RdT,3, BF                                                    
(17)

 

 

where Ma is the plastic bearing capacity of the T-stub, BT,Rd is the bolt design 

resistance, and ma and na are the distance between the two plastic hinges and the 

distance between the bolt center lines and prying force position, respectively, 

as shown in Fig. 8. 

ma can be calculated as follows [23]： 

 

)2.0
22
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abd

1EC3a,a r
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where ψ1 is a coefficient in the range 0–1, and dbd is the bolt head diameter. ma,EC3 

can be calculated as follows: 
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where g is the gap between the column flange and beam flange, as shown in Fig. 

7. 

Relevant tests show that when one of the aforementioned stress modes is 

formed, the angle steel connection will yield in bending, and its bearing 

capacity can be improved further. This indicates that the load–deformation 

curve will continue to rise in the later stage, causing the stiffness to decline and 

enter the large deformation stage. The incremental iteration method [24] can be 

employed to determine the bearing capacity according to the analysis model 

shown in Fig. 9 as follows: 
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where n is the number of bolts. 

 

 

Fig. 9 Mechanical model of the angle at the large deformation stage 

 

When mode 1 or 2 is formed, a plastic hinge appears in the component, and 

the ultimate displacement δu of spring S6 [25] can be refereed as follows: 
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where εu is the ultimate displacement and m* is the distance between the two 

plastic hinges at the horizontal legs of the angles. 
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where η is a coefficient, which can be calculated as follows: 
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where fy,b is the yield strength of bolts. 

When stress mode 3 is formed, the ultimate displacement of S6 can be 

calculated using Eq. (21), and the load–deformation curve of S4 can be 

determined. 

 

2.2.5. Beam flange tension–compression spring (S6) 
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The beam flange tension–compression spring S6 (the component 

comprises a deformation spring) was used to simulate the tension and 

compression effects of the upper and lower flange ends; Fig. 10 shows its 

load–deformation curve [25] (a positive value represents tension, and a 

negative value represents compression). The stress state must be distinguished 

first before determining the ultimate bearing capacity of the tension and 

compression of spring S5. The ultimate state is the material yield under 

compression and fracture under tension (ignoring compression flange 

buckling). 

 

F

δO δ y

f u

f y

δ u

ke

kp

δ f

-f y

-δu -δ y
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Fig. 10 Load–deformation curve of tension and compression spring at the beam flange 

 

The relevant parameters of the TC component before yielding can be 

calculated as [25] 

 

s

ff
e

b

tEb
k


=

                                                         
(26)

 

 

yffy ftbF =                                                          
(27)

 

 

where ke is the elastic stiffness of the flange tension compression component, bf 

and tf are the width and thickness of the beam flange, respectively, bs is the 

width of the shear plate, and ρ is the coefficient [25] related to the failure modes 

(equal to 1.0 and 1.5 when the failure mode is controlled by the beam–to–

column connection and beam flange, respectively). 

The elastic–plastic stiffness at the strengthening stage can be calculated as 

 

E

kE
k es

p =
                                                         

(28)
 

 

where Es is the strengthening modulus of the steel. 

The ultimate bearing capacity of flange components in tension can be 

calculated as follows: 

 

uffu ftbF =                                                          
(29)

 

 

The load–deformation curves of the first two stages of the compression 

flange component were the same as those of the tension flange component. 

When the deformation reached δu, the load reached its limit and no longer 

increased in the final stage; however, the deformation continued to increase. 

 

3.  Component method application 

 

3.1. Model verification tests 

 

3.1.1. Specimens with DWA and TSDWA connections 

Yang et al. [15] performed collapse tests with DWA and TSDWA 

connections; Fig. 11 presents the test setup and details of the two types of 

connections. The beam and column adopted standard sections of 256 mm × 

146.4 mm × 6.3 mm × 10.9 mm and 215.8 mm × 206.4 mm × 10 mm × 17.3 

mm, respectively. The sections of the top/seat and web angles were both L90 

mm × 8 mm. The connections between beam ends and column flanges were 

realized by the steel angles and M20 Grade 8.8 bolts (the bolt hole diameter was 

22 mm). The related material properties can be found in [15]. 
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Fig. 11 Collapse tests of beam–column assemblies with DWA and TSDWA connections [15] (dimension units: mm) 

 

Fig. 12 illustrates the final failure modes of the two specimens. During the 

actual test, the left and right sides of the middle column showed asymmetrical 

characteristics owing to the initial errors of steel and installation error of the 

specimens. Moreover, only three bolts on one side of the middle connection 

were broken in sequence during the entire loading process. 

 

  
(a) DWA connection 
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(b) TSDWA connection 

Fig. 12 Failure modes of the beam–column assemblies with DAW and TSDWA 

connections [15] 

 

3.1.2. Specimen with WUF connection 

A beam–column assembly with a WUF connection was tested in [26]; Fig. 

13 shows the dimensions of the connections. The column and beam section 

dimensions were H539.5 mm × 210.69 mm × 11.56 mm × 18.8 mm and 

H481.84 mm × 286.13 mm × 16.64 mm × 26.92 mm, respectively. The 

dimensions of the connecting plate were 304.8 mm × 152.4 mm × 12.7 mm, 

and the diameter of the bolt was 25.4 mm (the bolt hole diameter was 27.4 

mm). The material properties of all components are given in [26]. The bolt 

spacing was 101.6 mm, the edge distance between the bolt hole and beam web 

was 57.15 mm, and that between the bolt hole and connecting plate was 69.85 

mm. Fig. 14 presents the final failure modes of the specimens with WUF 

connection. 

 

Details of the WUF connection Test set-up

 

Fig. 13 Collapse tests of beam–column assemblies with WUF connection [26] 

(dimension units: in) 

 

  

(a) Failure mode of the WUF connection 

 

(b) Overall view of the specimen with WUF connection 

Fig. 14 Final phenomenon of the specimen with WUF connection [26] 

 

3.2. Load–deformation curves of equivalent components 

 

Fig. 14 shows the load–deformation relationship of each component of the 

DWA, TSDWA, and WUF connections, calculated based on the discussion in 

Section 2.2. 

 

  

(a) SE-DWA (b) SB1-TSDWA 

  

(c) SB2-TSDWA (d) SB3-TSDWA 

  

(e) TC1-TSDWA (f) TC2-TSDWA 

  

(̀g) SE-WUF (h) TC3-WUF 

Fig. 14 Component properties of different connections 

 

3.3. Comparison of finite element modeling and test results by component 

method 

 

In this study, numerical analysis models were established for the collapse 

resistant performance of single-story steel frames with different connections 

using LS-DYNA based on the geometrical dimensions and material properties 

of the specimens. The rigid rods in the beams, columns, and connection zone 

used the Hughes–Liu beam elements, and the MAT119 spring elements were 

used in each component. The beam–to–column connection domain was 

assumed to be a rigid zone consisting of four rigid rods. The end of the beam 

was provided with a rigid rod, and the two ends of the component were 

connected to the rigid rod and rigid zone, respectively. The upper and lower 

ends of the failure columns were connected to the rigid zone. The rigid rod and 

zone were coupled to realize the transmission of internal force. A vertical load 

under displacement-controlled was selected to the top of the failed column, and 

only vertical movement was allowed. The boundary conditions of the DWA and 

TSDWA were set to hinge connections, and the bottom of the side columns of 
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the WUF was fixed. The component models of steel frames with different 

connections are shown in Fig. 15. During the analysis and calculation, the 

constitutive relationship of each component was defined by the load–

displacement curves in Fig. 14, while fracture occurs when a particular 

component unit fails during the loading process. 

 

 

 

(a) DWA connection 

 

 

(b) TSDWA connection 

 

 

(c) WUF connection 

Fig. 15 Component models of steel frames with different connections 

 

According to the proposed component models with DWA, TSDWA, and 

WUF connections, the load–displacement curves and failure modes of the three 

specimens under an internal column removal scenario were obtained by 

numerical simulation are presented in Figs. 16 and 17. It can be observed that 

the results of the component model were consistent with the test results. 

Therefore, this method can reflect the primary progressive collapse responses 

of the beam–column assemblies with different stiffness connections. The 

fracture position and sequence can be simulated accurately, providing 

important reference for research on the resistance evaluation of steel frames 

with connections of different stiffnesses. 

 

 

(a) DWA connection 

 

(b) TSDWA connection 

 

(c) WUF connection 

Fig. 16 Comparison of load–displacement curves between tests and numerical models 

 

 

(a) DWA connection 

 

(b) TSDWA connection 

 

(c) WUF connection 

Fig. 17 Final deformation of models with different connections predicted by the 

component models 
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4.  Conclusion 

 

(1) The connections of the steel structure with different stiffnesses can be 

divided into a series of independent basic mechanical springs according to 

their bearing mechanisms: bolt hole compression (S1/S3), bolt shear (S2), bolt 

tension (S4), angle bending (S5), and beam flange tension–compression (S6) 

springs. 

(2) By analyzing the mechanical properties of each fundamental 

component comprising the beam–to–column connections, the accurate load–

displacement curve of a single component can be obtained. Accordingly, the 

overall component analysis model of the connections can be constructed. This 

model can be employed to investigate further the overall mechanical 

characteristics of the connections of structures. 

(3) A numerical analysis model for the collapse behavior of the beam–

column assemblies with different stiffness connections was established based 

on the parameters of each fundamental component derived from the 

calculation examples. Behaviors, such as the load–displacement responses and 

failure modes, were consistent with the test results, satisfying the accuracy 

requirements of engineering calculations. 

(4) Simplified component models with different connections based on the 

component method are highly accurate and efficient. The test results indicate 

that the proposed methods can predict structural resistance and progressive 

collapse performance, which was beneficial for research on structural 

anti-progressive collapse. 
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EXPERIMENTAL INVESTIGATION ON MECHANICAL PROPERTIES OF GRADE 

1670 STEEL WIRES UNDER AND AFTER ELEVATED TEMPERATURE 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Grade 1670 steel wires were selected for elevated-temperature and post-elevated-temperature tensile tests. The test data 

were analyzed through comparison with the results in existing literatures. The elevated-temperature test results indicate 

that, mechanical properties of the steel wires degraded with the increase of temperature. The mechanical behaviors of the 

steel wires degraded rapidly at the temperature exceeding 300°C, and the load-carrying ability was substantially lost when 

the temperature increased up to 700°C. In the post-elevated-temperature test, the modulus of the steel wire was almost 

completely recovered after cooling from the elevated temperatures. The nominal yield strength and ultimate strength 

degraded obviously after cooling from the temperature exceeding 400°C. Based on the test data, the reduction factors of 

the mechanical properties at and after elevated temperatures are fitted as a function of the temperature, and constitutive 

models of the steel wires are established. The results can provide technical supports for the analysis of fire performance of 

prestressed cable support structures, and their post-fire repair. 
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1.  Introduction 

 

Steel cables are the key members of long-span prestressed steel structures 

such as cable domes, string domes and tension beams, as shown in Fig. 1. 

However, mechanical properties of the steel cables are significantly degraded at 

elevated temperatures, thereby seriously influencing the safety of the overall 

structure. The steel cable is mainly composed of steel wires, and thus the study 

on the elevated-temperature and post-elevated-temperature mechanical 

properties, such as the elastic modulus, proportional limit, yield strength, and 

ultimate strength of the steel wire, is of great significance to the fire resistance 

analysis and post-fire evaluation of large-span prestressed steel structures.  

 

 

(a) String dome structure 

 

(b) Tension beam structure 

Fig. 1 Long-span prestressed steel structures 

 

Mechanical properties of steel cables at elevated temperatures have been 

investigated by scholars. Zhou et al.[1] tested mechanical behaviors of 27 

Grade 1860 prestressed steel cables from ambient temperatures to 700°C, and 

obtained stress-strain curves of the steel cables at different temperatures. Zong 

et al.[2,3] conducted experimental research on mechanical performances of 

Grade 1860 prestressed steel cables at elevated temperatures, and obtained the 

degradation law and mechanical model of the steel cables. Fontanari et al.[4] 

studied mechanical properties of C80 high-carbon steel cables at elevated 

temperatures, and provided a numerical analysis method to study the fire 

resistance of steel cables. Conor et al.[5] performed tensile tests on ASTM 

A416-12a steel cables composed of 7 steel wires at elevated temperatures, and 

as compared with Eurocodes, the results showed that the Eurocodes cannot 

accurately predict the stress-strain relationship of the steel cable. Shakya et 

al.[6] studied the mechanical performance of steel cables composed of 7 Grade 

1860 steel wires at elevated temperatures, and gave an empirical equation for 

the mechanical properties of steel cables as a function of the temperature. Du et 

al.[7-10] carried out tensile tests at elevated temperatures on a Grade 1670 steel 

cable, a Grade 1670 parallel steel wire strand, and a Grade 1860 steel cable, and 

revealed the relationship between the reduction factor of mechanical behaviors 

and the temperature. Sun et al. [11-13] conducted tensile tests at elevated 

temperatures on a Grade 1500 stainless steel cable, a Grade 1670 

high-vanadium cable, and a Grade 1770 steel wire coated with 5% 

zinc-aluminum alloy, and obtained a reduction factor equation for mechanical 

properties of steel cables and steel wires.  

In view of the mechanical properties of steel cables after exposure to 

elevated temperatures, Fan et al.[14] studied the mechanical properties of 

Grade 1570 high-strength prestressed steel wires after cooling to ambient 

temperature from elevated temperatures, and obtained variation laws of 

mechanical behaviors of steel wires. Lu et al.[15,16] tested the post-fire 

mechanical performances of a Grade 1670 steel cable and prestressed steel 

wires of different grades, and investigated effects of different cooling methods 

on the mechanical behaviors of steel cables and steel wires. Zheng et al.[17] and 

Atienza et al.[18] performed tensile tests on Grade 1770 prestressed steel wires 

after cooling from elevated temperatures, and obtained the degradation law of 

mechanical properties of steel wires after high temperature. Zong et al.[19] 

conducted experimental research on a Grade 1860 prestressed steel cable after 

heating, and reveled the relationship between the mechanical properties of the 

steel cable and the exposure temperature. Zhang et al.[20] carried out 

experimental research on the post-fire mechanical properties of a Grade 1670 

cold-drawn steel wire used in suspension bridges, and analyzed the influence of 

the exposure temperature on the mechanical behaviors of the steel wire after 

cooling.  

Though aforementioned scholars have performed a series of studies on the 
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mechanical performance of steel wires, and accumulated a lot of test data, due 

to the continuous improvement in performance of steel wires, mechanical 

behaviors of the newly emerging steel cables in engineering are less 

investigated. Therefore, this paper conducts an experimental study on 

elevated-temperature and post-elevated-temperature mechanical properties of 

Grade 1670 prestressed steel wires, and provides a reference for the property 

evaluation of prestressed steel structures under and after fire. 

 

2.  Test program 

 

2.1. Test equipment 

 

The test equipment for elevated-temperature and post-elevated- 

temperature mechanical properties of steel wires is shown in Fig. 2. The 

loading device was an electronic universal testing machine, with a maximum 

tensile force of 300kN. The specimen was heated by an electronic 

elevated-temperature furnace. The furnace was equipped with multi-layer 

resistance wires. The furnace had a diameter of 24cm and a height of 46cm. 

The maximum temperature in the furnace could reach 1200°C. The strain of 

the steel wire was measured by an elevated-temperature strain extensometer 

with a gauge length of 50mm. During the measurement, the knife edge at the 

end of the extensometer was closely contacting the specimen. Data such as the 

strain and temperature were automatically collected by a computer. 

 

 

Fig. 2 Electronic universal testing machine 

 

2.2. Test specimens 

 

The steel wires used in the elevated-temperature and post-elevated- 

temperature tests had a strength grade of 1670MPa, a diameter of 7mm, and a 

length of 80cm. Due to the high strength and hardness of the prestressed steel 

wire, it is easy for the wire to slip when directly clamped by the testing machine. 

Therefore, pier heads and clip anchors were set at both ends of the specimen for 

effective clamping. The clamping device is shown in Fig. 3. The diameter of the 

pier head was 14mm, and the diameter and length of the clip anchor were 25mm 

and 80mm, respectively. A length of 15cm at the upper and lower ends of the 

steel wire outside the elevated-temperature furnace was set aside to cool in the 

air, so as to avoid the influence of high temperatures on the collets of the testing 

machine. 

 

Fig. 3 Clamping device for specimen 

2.3. Loading procedure 

 

8 temperature levels were set for the tests of elevated-temperature 

mechanical properties, including 20°C (ambient temperature), 100°C, 200°C, 

300°C, 400°C, 500°C, 600°C, and 700°C, respectively. Tests were conducted 

according to the test methods specified in “Metallic materials - Tensile testing - 

Part 1: Method of test at room temperature” (GB/T228.1-2010)[21] and 

“Metallic materials - Tensile testing - Part 2: Method of test at elevated 

temperature” (GB/T228.2-2015)[22]. The specimens were heated to a specified 

temperature and then kept for 30 min, to ensure the temperature evenly 

distributed in the specimens. During the heating and isothermal processes, no 

tension was applied on the test specimen. Stretching was performed after the 

temperature distributed uniformly and stably, at a constant rate of 3 mm/min.  

5 temperature levels were set for the tests of post-elevated-temperature 

mechanical properties, including 300°C, 400°C, 500°C, 600°C, and 700°C, 

respectively. According to the same heating method as that in the 

elevated-temperature test, the specimens were firstly heated to the target 

temperature, subsequently kept constant at that temperature for 30 min, and 

then naturally cooled to ambient temperature followed by stretching. The 

stretching method was the same as that in the elevated-temperature test.  

 

3.  Results and analysis of the elevated-temperature test  

 

3.1. Visual observations 

 

Apparent characteristics of the specimens after the elevated-temperature 

tensile test are shown in Fig. 4. The heating temperatures of various 

specimens from left to right were 20°C, 100°C, 200°C, 300°C, 400°C, 500°C, 

600°C and 700°C, respectively. At 20°C (ambient temperature), the specimen 

broke near the pier head, due to the damage at the pier head caused during 

cold rolling. While at other temperatures, the specimens broke in the heated 

area. At 20°C, the specimen was damaged at an oblique angle of 45°. At 

200°C ~ 400°C, the metallic luster of the specimen became darker, and the 

fracture was cup-shaped with serrations. At 500°C, the metallic luster on the 

surface of the specimen completely faded, and the fracture began to be tapered. 

At 600°C, the specimen was light yellow, and the fracture was more tapered. 

When the temperature was 700°C, the specimen was yellowish brown. 

 

 

Fig. 4 Failure modes of steel wires after elevated-temperature test 

 

3.2. Analysis of test results 

 

According to the strain data obtained in the test, stress-strain curves of the 

specimens at different temperatures are plotted in Fig. 5. At the same time, 

reduction factors of mechanical properties of the steel wires under various 

 

 

Fig. 5 Stress-strain curves of steel wires at elevated temperatures 

 

temperatures can be calculated, as shown in Table 1. It can be seen from the 

0 1 2 3 4 5 6
0

200

400

600

800

1000

1200

1400

1600

1800

S
tr

es
s(

M
P

a)

Strain(%)

 20℃

 100℃

 200℃

 300℃

 400℃

 500℃

 600℃

 700℃

Upper collet 

Test specimen 

 
Furnace 

 

Lower collet 

 

Pier head 

 

Clip anchor 

 

Test specimen 

 

20℃   100℃   200℃  300℃  400℃  500℃    600℃   700℃ 

Elevated-temperature  

strain extensometer 



Er-feng Du et al.  11 

 

figure and the table that, with the increase of temperature, the mechanical 

properties such as the elastic modulus, nominal yield strength (i.e., the yield 

strength corresponding to the strain level of 0.2%), and ultimate strength of the 

specimens all degraded. The elastic modulus of the specimen remained 

unchanged at 100°C, and decreased at 200°C to 89% of that at ambient 

temperature. Above 300°C, the rate of decrease of the elastic modulus was 

accelerated with the temperature increase. At 500°C, the elastic modulus was 

37% of that at ambient temperature, and the elastic modulus at 700°C was only 

2% of that at room temperature. As the temperature increased, the nominal 

yield strength and ultimate strength of the specimens decreased slowly below 

200°C, within a range of 10%, and decreased rapidly above 400°C. At 500°C, 

the nominal yield strength and the ultimate strength decreased by 74% and 76%, 

respectively. At 700°C, the nominal yield strength and ultimate strength were 

less than 10% of those at ambient temperature. 

 

Table 1 

Mechanical properties of steel wires at elevated temperatures 

T (°C) Es(T) (GPa) Es(T)/Es σ0.2(T)(MPa) σ0.2(T)/σ0.2 σb(T)(MPa) σb(T)/σb 

20 180 1.00 1500 1.00 1703 1.00 

100 180 1.00 1449 0.97 1693 0.99 

200 160 0.89 1295 0.86 1656 0.97 

300 148 0.82 1180 0.79 1434 0.84 

400 115 0.64 1010 0.67 1108 0.65 

500 66 0.37 383 0.26 414 0.24 

600 31 0.17 123 0.08 155 0.09 

700 3.5 0.02 40 0.04 47 0.03 

Notes: T is the temperature; Es(T) and Es are the elastic modulus of steel wires at temperature T and ambient temperature, respectively; σb(T) and σb are the ultimate strength of steel 

wires at temperature T and ambient temperature, respectively; σ0.2(T) andσ0.2 are the yield strength of steel wires at temperature T and ambient temperature, respectively. 

 

In general, the mechanical performances of the prestressed steel wires 

changed little with the temperature below 300°C and degraded significantly at 

300°C ~ 600°C, and the load-carrying ability was substantially lost when the 

temperature reached 700°C. 

 

3.3. Comparison and discussion 

 

Reduction factors of the elastic modulus, nominal yield strength and 

ultimate strength obtained by test results of this paper are compared with those 

of a Grade 1860 prestressed steel wire of Shakya et al. [6], a Grade 1770 

prestressed steel wire of Zheng et al. [16], a Grade 1860 steel cable of Du et al. 

[7], and a Grade 1670 high-vanadium cable of Sun et al. [12], as shown in 

Figures 6 ~ 8. In the figures, the reduction factors in this paper, Shakya et al. [6], 

Zheng et al. [16], Du et al. [7] and Sun et al. [12] are marked with DW1670, 

SW1860, ZW1770, DC1860 and SC1670, respectively. 

(1) Comparison of reduction factors of elastic modulus 

As shown in Fig. 6, in terms of the steel wires, the reduction factors of 

elastic modulus obtained by test results of this paper (DW1670) and ZW1770 

are generally lower than SW1860, and except for 700°C, the test results of this 

paper are very close to ZW1770. As compared with the test results of steel 

cables, DW1670 is close to DC1860 at 100°C, 500°C and 600°C, and lower 

than DC1860 at other temperatures. DW1670 is close to SC1670 below 400°C, 

and lower than SC1670 when the temperature is above 500°C. 

 

 

Fig. 6 Comparison of reduction factors of elastic modulus 

 

(2) Comparison of reduction factors of nominal yield strength 

As can be seen in Fig. 7, DW1670 and SW1860 are generally higher than 

ZW1770. DW1670 is close to SW1860 below 200°C, higher than SW1860 at 

300°C and 400°C, and lower than SW1860 above 500°C; close to DC1860 

except for 400°C at which DW1670 is higher than DC1860. The reduction 

factors of this paper (DW1670) are lower than SC1670 except for 100°C at 

which DW1670 is close to SC1670. 

 

 

Fig. 7 Comparison of reduction factors of nominal yield strength 

 

(3) Comparison of reduction factors of ultimate strength 

As exhibited in Fig. 8, the reduction factors of ultimate strength obtained 

by test results of this paper (DW1670) are higher than SW1860 and ZW1770 

from 200°C to 400°C, and close to ZW1770 but lower than SW1860 above 

500°C. DW1670 is higher than SC1670 and DC1860 at 300°C and 400°C, and 

close to SC1670 and DC1860 from 500°C to 700°C except for 500°C at which 

DW1670 is lower than SC1670.  

 

 

Fig.8 Comparison of reduction factors of ultimate strength 

 

In general, though the reduction factors of mechanical properties of 

prestressed steel wires and cables of different strength grades are discrete to a 

certain extent, their variation laws are basically the same. The mechanical 

properties of steel cables under elevated temperature can be approximately 

represented by those of steel wires. 
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3.4. Fitting equation for reduction factors 

 

According to the test data, fitting equations for reduction factors of 

mechanical properties of steel wires at high temperatures are obtained as 

follows, 

 

3.4.1. Elastic modulus 

 

 

(1) 

 

where, ES(T) and ES are the elastic modulus of steel wires at temperature T 

and ambient temperature, respectively.  

Fig. 9 gives the fitting curve of Eq. (1). 

 

 

Fig. 9 Reduction factor of elastic modulus-temperature curve 

 

3.4.2. Proportional limit 

 

 (2) 

 

where, σp(T) and σp are the proportional limit of steel wires at temperature T 

and ambient temperature, respectively. 

The fitting curve of Eq. (2) is plotted in Fig. 10.  
 

 

Fig. 10 Reduction factor of proportional limit-temperature curve 

 
3.4.3. Ultimate strength 

 

 

(3)

 

 

where, σb(T) and σb are the ultimate strength of steel wires at temperature T 

and ambient temperature, respectively.  

Fig. 11 shows the fitting curve of Eq. (3).  
 

 

Fig. 11 Reduction factor of ultimate strength-temperature curve 

 
3.4.4. Strain at ultimate strength 

The strain corresponding to the maximum stress of the specimen reaching 

the ultimate strength is the strain at ultimate strength. The reduction factor of 

the strain at ultimate strength at elevated temperature is obtained as follows, 

 

 

(4)

    

 

 

where, εb(T) and εb are the strain at ultimate strength of steel wires at tempera-

ture T and ambient temperature, respectively.  

The fitting curve of Eq. (4) is shown in Fig. 12. 

 

 

Fig. 12 Reduction factor of strain at ultimate strength-temperature curve 

 

 

Fig. 13 Reduction factor of nominal yield strength-temperature curve 

 

3.4.5. Nominal yield strength 

 

 

(5)
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where, σ0.2(T) and σ0.2 are nominal yield strength of steel wires at temperature 

T and ambient temperature, respectively.  

The fitting curve of Eq. (5) is shown in Fig. 13. 

 

3.4.6. Strain at nominal yield strength 

 

 

(6)

 
 

where, ε0.2(T) and ε0.2 are strain at nominal yield strength of steel wires at 

temperature T and ambient temperature, respectively.  

The fitting curve of Eq. (6) is presented in Fig. 14. 

 

 

Fig. 14 Reduction factor of strain at nominal yield strength-temperature curve 

 

3.5. Constitutive equation 

 

The constitutive equation of the steel wires at elevated temperatures is 

fitted with a trilinear line. The trilinear line includes a segment from the origin 

to the proportional limit point, a segment from the proportional limit point to 

the nominal yield strength point, and a segment from the nominal yield 

strength point to the ultimate strength point. The fitting equation is shown as 

follows,  
 

 (7) 

 

 

Fig. 15 Stress-strain fitting curves of steel wires at elevated temperatures 

 

Stress-strain curves at various temperatures obtained by the equation are 

shown in Fig. 15. 

 

4.  Results and analysis of post-elevated-temperature test 

 

4.1. Visual observations 

 

Fig. 16 shows the failure modes of the specimens after the tensile test. 

The maximum temperatures experienced by various specimens from left to 

right were 300°C, 400°C, 500°C, 600°C and 700°C, respectively. When the 

specimen was experiencing a temperature of 300°C, it was broken near the 

pier head, with a fracture along the 45° direction, which phenomenon was the 

same as the specimen broken at ambient temperature. The specimens that had 

been exposed to a temperature above 400°C were all broken in the heated area 

after cooling, and their fractures were all tapered and necked. After exposure 

to 500°C, the metallic luster on the surface of the specimen faded. The surface 

of the specimen turned light yellow after exposure to 600°C, and yellowish - 

brown after exposure to 700°C. 

 

 

Fig. 16 Failure modes of steel wires after post-elevated-temperature test 

 

4.2. Analysis of test results 

 

Stress-strain curves of the specimens cooled from different temperatures 

are presented in Fig. 17. According to the test data, reduction factors of 

mechanical properties of the steel wires after exposure to elevated 

temperatures can be obtained, as tabulated in Table 2. It can be found from the 

figure and table that, the elastic modulus of the specimens did not change 

obviously after cooling from the elevated temperatures, and their reduction 

factors were all within 10%. Therefore, the specimens could recover the initial 

elastic modulus after fire. After cooling from the temperature below 400°C, 

the nominal yield strength and ultimate strength of the specimens had no 

evident degradation, and the reduction factor was within 10%. The nominal 

yield strength and ultimate strength of the specimens began to degrade 

significantly after cooling from the temperature above 400°C. The nominal 

yield strength decreased by 22% and the ultimate strength decreased by 23% 

after exposure to 500°C. With the increase of the maximum exposure 

temperature, the degradation of the nominal yield strength and ultimate 

strength of the specimen became more obvious. After cooling from the 

temperature up to 700°C, the nominal yield strength and the ultimate strength 

had decreased to 32% and 40% of that at the ambient temperature, 

respectively. 

 

 

Fig. 17 Stress-strain curves of steel wires after cooling from elevated temperatures 

 

4.3. Comparison and discussion 

 

Since the elastic modulus of the steel wires changed very little after cool-

ing from elevated temperatures, only the reduction factors of the nominal 

yield strength and ultimate strength of the steel wires are compared. Reduction 

factors of the nominal yield strength and ultimate strength obtained in this 
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paper are compared with those of a Grade 1570 prestressed steel wire of Fan 

et al. [14], a Grade 1670 galvanized prestressed steel wire of Lu et al. [15], 

and a Grade 1770 prestressed steel wire of Zheng et al. [17] and Atienza et al. 

[18], as exhibited in Figures 18 and 19. In the figures, the reduction factors in 

this paper, Fan et al. [14], Lu et al. [15], Zheng et al. [17] and Atienza et al. 

[18] are marked with DW1670, FW1570, LW1670, ZW1770 and AW1770, 

respectively.  

(1) Comparison of nominal yield strength 

As can be seen in Fig. 18, the reduction factors of this paper (DW1670) 

are close to those of LW1670, ZW1770 and AW1770 after exposure to tem-

peratures below 300°C; close to LW1670 and higher than others after cooling 

from 400°C. DW1670 is close to LW1670 and AW1770 and higher than 

ZW1770 and FW1570 after cooling from 500°C, and is only lower than 

LW1670 after exposure to 600°C. DW1670 decreases more quickly after 

cooling from 600°C and 700°C, and is obviously lower than LW1670 and 

close to the others after exposure to 700°C. 

 

Table 2 

Mechanical properties of steel wires after cooling from elevated temperatures 

T(°C) ( )( )GPa#

S TE
 

( ) S
#
S ETE

 
( )( )MPa#

0.2 T
 

( ) 2.0
#
0.2  T

 
( )( )MPa#

b T
 

( ) b
#
b  T

 

20 180 1 1500 1 1703 1 

300 175 0.97 1490 0.99 1705 1.00 

400 185 1.03 1503 1.00 1731 1.02 

500 173 0.96 1175 0.78 1306 0.77 

600 171 0.95 929 0.62 961 0.56 

700 190 1.06 485 0.32 683 0.40 

Notes: T is the maximum exposure temperature, ( )TE #
S  is the elastic modulus of steel wires after cooling from T, ( )#

0.2 T  is the nominal yield strength of steel wires after cooling 

from T, ( )T#
b  is the ultimate strength of steel wires after cooling from T. 

 

 

 

Fig. 18 Comparison of reduction factors of nominal yield strength 

 

 (2) Comparison of ultimate strength 

As shown in Fig. 19, the reduction factors of FW1570 are visibly low. 

DW1670 is close to the others after cooling from temperatures below 300°C; 

close to LW1670 and higher than the others after exposure to 400°C. DW1670 

is slightly lower than LW1670, close to AW1770, and slightly higher than 

ZW1770 after cooling from 500°C. When the maximum temperatures experi-

enced by the specimens are above 600°C, DW1670 is close to ZW1770 and 

AW1770 and lower than LW1670.  

 

 

Fig. 19 Comparison of reduction factors of ultimate strength 

 

In general, except for FW1570, the nominal yield strength and ultimate 

strength of different grades of steel wires begin to degrade significantly when 

the exposure temperature reaches above 400°C, and the decay trends are 

essentially consistent. 

4.4. Fitting equation for reduction factors 

 

According to the test data, fitting equations for reduction factors of 

mechanical properties of steel wires after exposed to elevated temperature are 

given as follows, 

 

4.4.1. Elastic modulus 

 

 

(8) 

 

where, ( )TE #

S  and ES are the elastic modulus of the steel wire after cooling 

from temperature T and at ambient temperature, respectively.  
 
4.4.2. Proportional limit 

 

 

(9)

 
 

where,  and σp are the proportional limit of the steel wire after cooling 

from temperature T and at ambient temperature, respectively.  

The fitting curve of Eq. (9) is plotted in Fig. 20. 

 

 

Fig. 20 Reduction factor of proportional limit-temperature curve 

 

4.4.3. Ultimate strength 

 

 

(10) 
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where,  and σb are the ultimate strength of the steel wire after cooling 

from temperature T and at ambient temperature, respectively.  

The fitting curve of Eq. (10) is shown in Fig. 21. 

 

 

Fig. 21 Reduction factor of ultimate strength-temperature curve 

 

4.4.4. Nominal yield strength 

 

 

(11)

 
 

where, and σ0.2 are the nominal yield strength of the steel wire after 

cooling from temperature T and at ambient temperature, respectively.  

Fig. 22 presents the fitting curve of Eq. (11). 

 

 

Fig. 22 Reduction factor of nominal yield strength-temperature curve 

 

 

Fig. 23 Reduction factor of strain at nominal yield strength-temperature curve 

 

4.4.5. Strain at nominal yield strength 

 

 

(12)

 
 

where,  and ε0.2 are the strain at nominal yield strength of the steel 

wire after cooling from temperature T and at ambient temperature, respective-

ly.  

The fitting curve of Eq. (12) is plotted in Fig. 23. 

 

4.5. Constitutive equation 

 

By the same method as that at elevated temperatures, the constitutive 

equation of the steel wire after exposed to high temperatures is fitted with a 

trilinear line. The fitting equation is shown as follows, 

 

 (13) 

 

Stress-strain curves of steel wires cooling from various temperatures ob-

tained by the equation are exhibited in Fig. 24. 

 

 

Fig. 24 Stress-strain fitting curves of steel wire after cooling from elevated temperatures 

 

5.  Conclusions 

 

In this paper, elevated-temperature and post-elevated-temperature tensile 

tests were performed on Grade 1670 steel wires with a diameter of 7mm. The 

test results were compared with the existing test results of prestressed steel 

wires and steel cables. The following conclusions are obtained,  

(1) At elevated temperatures, mechanical properties of the prestressed 

steel wire changed little with the temperature below 300°C and degraded 

significantly at 300°C ~ 600°C. The load-carrying ability was substantially 

lost when the temperature reached 700°C.  

(2) After elevated temperatures, the elastic modulus of the steel wires had  

no obvious change with the exposure temperature. The nominal yield strength 

and ultimate strength of the steel wires remained unchanged after exposed to 

temperatures below 400°C, and tended to decrease after cooling from higher 

exposure temperatures.  

(3) Equations of elevated-temperature and post-elevated-temperature 

mechanical behaviors of steel wires are fitted as a function of the temperature, 

and constitutive models of the steel wire at elevated temperatures and after 

exposed to elevated temperatures are obtained. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Further structural rationalization of steel bridges such as weight reduction of members can be realized by using high-strength 

steel. However, owing to the high yield-to-tensile strength ratio, failure of connected members occurs before the members 

in the gross area are plastic-deformed sufficiently. In this study, tensile tests of frictional bolted joints with various 

geometrical configurations and grades of plates and bolts were conducted to compare the failure modes of high-strength 

and mild steel joints and to investigate the relationship among ultimate strength, ductility, and failure mode. The results 

indicate that the failure modes of high-strength steel joints were the same as those of mild steel joints and can be almost 

classified with the respective ratios of net cross-section failure resistance and plate shear failure resistance to bolt shear 

failure resistance. Ultimate resistance and ductility were maximum in the case of split failure mode where these ratios were 

approximately 1.0; they increased as the ratios decreased. Therefore, it can be concluded that these ratios should be less 

than 1.0 to induce the split failure mode to enable the breaking of a high-strength steel joint after the member is plastic-

deformed sufficiently. 
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1.  Introduction 

 

Further structural rationalization of steel bridges such as weight reduction 

of members can be realized by using the strength of high-strength steel 

(hereafter called as HSS) and it improves the productivity and constructability 

of bridges. However, as the yield-to-tensile strength ratio (hereafter called the 

yield ratio) of HSS is greater than 0.90, failure of members connected by bolted 

joints can occur before members in the gross area are sufficiently plastic-

deformed. Moreover, Eurocode 3, in which the limit state design is adopted, 

restricts the yield ratio to 0.72, which restricts the use of HSS [1,2,3]. The 

resistance relationship of a connected member at a general part and bolted joint 

part is expressed by eqs. (1)–(3) without considering any partial factors. As 

shown in these equations for the current design, it is difficult to complete the 

relationship of HSS members such as truss members, whose axial force is 

constant in the longitudinal direction. 

 

 (1)            

 

 (2) 

 (3) 

 

Here, Pygd is the gross cross-section yield resistance, Ptnd is the net cross-

section failure resistance, Ag is the gross cross-sectional area, σy is the yield 

strength, An is the net cross-sectional area, σt is the tensile strength, and YR is 

the yield ratio. 

On the other hand, some researchers report that a HSS joint has the same 

ductility as a mild steel joint when the connected plate is broken but the bolts 

are unbroken [4,5,6]. Therefore, if the effect of the yield ratio on the after-slip 

mechanical behavior is elucidated, structural rationalization with HSS can be 

realized by controlling the failure mode of the joints and securing the same 

ductility as a mild steel joint. Recently, a HSS called “steels for bridge high 

performance structure (SBHS)” was fabricated in Japan; it has high strength and 

weldability by applying thermos-mechanical control processes [7,8]. 

Additionally, SBHS has already been specified in Japanese Industrial Standards 

[9] and various research has been conducted [10,11]. 

In this study, tensile tests of high-strength frictional bolted joints with 

SBHS, with various geometrical configurations and grades of steel plate and 

bolts, were conducted to compare the failure modes of HSS and mild steel joints 

and to investigate the relationship among ultimate strength, ductility, and failure 

modes. 

 

2.  Tensile tests 

 

2.1. Specimens 

 

 

(a) Series “n=1, w/d=5.0” 

(c) Series “n=3” 

Fig. 1 Geometrical dimensions of specimens (unit: mm) 

(b) Series “n=1, w/d=9.4” 
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Table 1 

Structural configurations and bolt arrangement (M16 bolt) 

Experimental 

Case 

Number 

of Bolts 

 

Steel 

Grade 

 

Bolt 

Grade 

 

End 

Distance 

e1 (mm) 

Bolt 

Pitch 

p (mm) 

Width 

 

w (mm) 

n1-B508-ed25-wd50 
1 SBHS 

500 
F8T 40 - 

80 

n1-B508-ed25-wd94 150 

n1-B510-ed25-wd50 

1 
SBHS 

500 
F10T 

40 - 
80 

n1-B510-ed25-wd94 150 

n1-B510-ed35-wd50 
56 - 

80 

n1-B510-ed35-wd94 150 

n1-B512.9-ed35-wd50 
1 SBHS 

500 

12.9 

Class 

56 - 
80 

n1-B512.9-ed35-wd94 150 

n1-B512-ed25-wd50 

1 
SBHS 

500 
12G 

40 - 
80 

n1-B512-ed25-wd94 150 

n1-B512-ed35-wd50 
56 - 

80 

n1-B512-ed35-wd94 150 

n1-B514-ed25-wd50 

1 
SBHS 

500 
S14T 

40 - 
80 

n1-B514-ed25-wd94 150 

n1-B514-ed35-wd50 
56 - 

80 

n1-B514-ed35-wd94 150 

n1-B710-ed25-wd50 

1 
SBHS 

700 
F10T 

40 - 
80 

n1-B710-ed25-wd94 150 

n1-B710-ed35-wd50 
56 - 

80 

n1-B710-ed35-wd94 150 

n1-B712.9-ed25-wd50 

1 
SBHS 

700 

12.9 

Class 

40 - 
80 

n1-B712.9-ed25-wd94 150 

n1-B712.9-ed35-wd50 
56 - 

80 

n1-B712.9-ed35-wd94 150 

n1-B712-ed25-wd50 

1 
SBHS 

700 
12G 

40 - 
80 

n1-B712-ed25-wd94 150 

n1-B712-ed35-wd50 
56 - 

80 

n1-B712-ed35-wd94 150 

n1-B714-ed25-wd50 

1 
SBHS 

700 
S14T 

40 - 
80 

n1-B714-ed25-wd94 150 

n1-B714-ed35-wd50 
56 - 

80 

n1-B714-ed35-wd94 150 

n3-B510-ed45-wd75 

3 
SBHS 

500 

F10T 

72 72 120 n3-B512-ed45-wd75 12G 

n3-B514-ed45-wd75 S14T 

n3-B712.9-ed45-wd75 

3 
SBHS 

700 

12.9 C. 

72 72 120 n3-B712-ed45-wd75 12G 

n3-B714-ed45-wd75 S14T 

 

Fig.1 shows the geometrical dimensions of the specimens. M16 bolts were 

used on the slip-side because of the limitation of the capacity of the loading 

machine although it is desirable to use M22 bolts, which are commonly used in 

steel structures. SHTB-M22 bolts, whose tensile strength is 1400 MPa, were 

used on the fixed-side. 

Table 1 shows the structural configurations and bolt arrangement. As 

shown in Fig.1 and Table 1, the parameters considered are number of bolts n, 

steel grades, bolt grades, end distance e1, and width w. In cases of series “n = 

3”, structural configurations such as end/edge distance and bolt pitch are not 

changed. If bolt shear failure occurred and the plastic strain and deformation of 

connected plate was not confirmed based on the residual stress and bearing 

deformation after the test, the original bolt hole of cases corresponding to that 

was expanded to 24.5 mm in diameter to obtain more data by conducting re-

tests. Re-tests were conducted with M22 bolts. As shown in Table 2, bolt grades 

and bolt tensions were varied in the re-test. 

Table 2 

Structural configurations and bolt arrangement of re-test specimens (M22 bolt) 

Experimental 

Case 

Num- 

ber of 

Bolts 

 

Steel 

Grade 

 

 

Bolt 

Grade 

 

 

End 

Dis-

tance 

e1 (mm) 

Width 

 

 

w (mm) 

Designed 

Bolt 

Tensions 

Nd (kN) 

n1-B510-ed35-wd50-N100 

1 
SBHS 

500 
F10T 56 

80 205 

n1-B510-ed35-wd50-N150 308 

n1-B510-ed35-wd94-N100 150 205 

n1-B510-ed35-wd94-N150 308 

n1-B710-ed25-wd50-N100 

1 
SBHS 

700 
F10T 40 

80 205 

n1-B710-ed25-wd50-N150 308 

n1-B710-ed25-wd94-N100 150 205 

n1-B710-ed25-wd94-N150 308 

n1-B714-ed35-wd50-N025 

1 
SBHS 

700 
S14T 56 80 

75 

n1-B714-ed35-wd50-N050 150 

n1-B714-ed35-wd50-N075 224 

n1-B714-ed35-wd50-N100  
 

   299 

n1-B714-ed35-wd94-N025 

1 
SBHS 

700 
S14T 56 150 

75 

n1-B714-ed35-wd94-N050 150 

n1-B714-ed35-wd94-N075 224 

n1-B714-ed35-wd94-N100 299 

 

 
 

Mechanical properties of plates and high-strength bolts obtained by mate-

rial tests are shown in Table 3 and Fig.2. The number of material test coupons 

is five in every steel grade and bolt glade. Young’s modulus and Poisson's ratio 

were calculated using the least squares method with strain gauges attached to 

the bolts at locations illustrated in Fig.2. When a clear yield point was not 

confirmed because of high yield ratio, 0.2% offset yield strength adopted to 

calculate the designed yield resistance of all specimens. It can be observed from 

Table 3 that the yield ratios of all materials are greater than 0.9. The mechanical 

properties of M22 bolts were quoted from the inspection certificate. 

(a) Bolt 

Fig. 2 Mechanical properties of used steels and bolts based on material tests 

(b) Plate 
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Table 3 

Mechanical properties of plates and bolts 

Objects 

Nominal 

Thickness 

 

t (mm) 

Bolt 

Diameter 

 

d (mm) 

Steel 

/Bolt 

Grade 

 

Nominal 

Length 

 

L (mm) 

Young's 

Modulus 

 

E (MPa) 

Poisson's 

Ratio 

 

ν 

Upper 

Yield 

Stress 

σy (MPa) 

0.2% Offset 

Y.S. 

 

σy0.2 (MPa) 

Tensile 

Strength 

 

σt (MPa) 

Yield Strain 

εy = (σy, 

σy0.2) / E 

(×10-6) 

Yield 

Ratio 

γ = (σy, 

σy0.2) /σt 

Elongation 

after 

Fracture 

(%) 

Reduction 

of Area 

after Fracture 

(%) 

Plate 12 - 
SBHS500 

- 
205,939 0.269 527.4 - 585.4 2,561 0.901 38.6 - 

SBHS700 214,728 0.261 - 765.1 835.5 3,563 0.916 30.6 - 

Bolt - 

16 

F8T 65 209,623 0.283 829.1 830.2 885.8 3,955 0.936 25.5 73.9 

F10T 65 214,062 0.286 1,050.9 1,047.7 1,093.9 4,909 0.961 21.3 65.5 

12.9 Class 65 212,719 0.283 - 1,215.6 1,307.6 5,714 0.930 15.5 54.7 

12G 75 211,268 0.279 - 1,202.9 1,282.4 5,694 0.938 20.1 56.5 

S14T(SHTB) 75 208,240 0.278 - 1,316.4 1,430.0 6,321 0.921 19.2 54.4 

22* 
F10T 75 - - - 1,037.0 1,092.0 - 0.950 20.0 71.0 

S14T(SHTB) 75 - - - 1,337.0 1,438.0 - 0.930 15.0 54.0 

Note: Underlined data is used for calculation of yield strain εy and yield ratio γ. The mechanical properties of M22* bolts are quoted from the mill test certificate. 

 

2.2. Designed resistances 

 

Tables 4 and 5 show a summary of the designed resistance of the specimens. 

The designed slip resistance Psd and net cross-section yield resistance Pynd are 

calculated using eqs. (4) and (5), respectively. The ratio of these resistances βd, 

which is related to the slip behavior, is obtained from eq. (6). The net cross-

section failure resistance Ptnd and plate shear failure resistance Pesd are calculated 

using eqs. (7) and (8), respectively. The bolt shear resistance Pbod is calculated 

from eq. (9), considering the positional relationship between the shear plane and 

bolt thread. Only when a 12.9 Class bolt is used, the thread is included in the 

shear plane. 

 

 (4) 

 

 (5) 

 

 (6) 

 

 (7) 

 

 (8) 

 

 (9a) 

 

 (9b) 

 

Here, n is the number of bolts, m (=2) is the number of faying surfaces, µd 

(=0.65) is the designed slip coefficient, Nd is the designed bolt tension, w is the 

width, tm is the thickness of the connected plate, d0 is the bolt hole diameter, σy 

is the yield strength of the connected plate, σt is the tensile strength of the 

connected plate, e1 is the end distance on the slip-side, Ab_sh is the effective 

cross-sectional area of the bolt shank, d is the bolt diameter, Ab_th is the effective 

cross-sectional area of the bolt threaded part, and σtb is the tensile strength of 

the bolt. For the re-test, the designed slip coefficient µd was set at the minimum 

0.20, the coefficient of surfaces as rolled [12], considering the wear of zinc-rich 

paint coating. 

 

2.3. Measuring items and methods 

 

 

 

 

  
Fig. 3 Measuring items and their measuring points 

(a) Series “n=1, w/d=5.0” 

(b) Series “n=1, w/d=9.4” 

(c) Series “n=3” 
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Table 4 

Designed resistance of the specimens (M16 bolt, μd = 0.65) 

Experimental 

Case 

Psd 

(kN) 

Pynd 

(kN) 

βd 

 

Pbod 

(kN) 

Ptnd 

(kN) 

Pesd 

(kN) 

Expected 

Failure 

Mode 

n1-B508-ed25-wd50 
111 

392 0.282 
206 

436 
281 

BO 

n1-B508-ed25-wd94 835 0.133 927 BO 

n1-B510-ed25-wd50 

138 

392 0.351 

254 

436 
281 

BO 

n1-B510-ed25-wd94 835 0.165 927 

 

BO 

n1-B510-ed35-wd50 392 0.351 436 
393 

BO 

n1-B510-ed35-wd94 835 0.162 927 

 

BO 

n1-B512.9-ed35-wd50 
165 

392 0.421 
270 

436 
393 

BO 

n1-B512.9-ed35-wd94 835 0.198 927 

 

BO 

n1-B512-ed25-wd50 

173 

392 0.441 

298 

436 
281 

S 

n1-B512-ed25-wd94 835 0.207 927 

 

S 

n1-B512-ed35-wd50 392 0.441 436 
393 

BO 

n1-B512-ed35-wd94 835 0.207 927 

 

BO 

n1-B514-ed25-wd50 

202 

392 0.514 

332 

436 
281 

S 

n1-B514-ed25-wd94 835 0.241 927 

 

S 

n1-B514-ed35-wd50 392 0.514 436 
393 

BO 

n1-B514-ed35-wd94 835 0.214 927 

 

BO 

n1-B710-ed25-wd50 

138 

569 0.242 

254 

622 
401 

BO 

n1-B710-ed25-wd94 1,212 0.114 1,323 BO 

n1-B710-ed35-wd50 569 0.242 622 
561 

BO 

n1-B710-ed35-wd94 1,212 

 

0.114 1,323 BO 

n1-B712.9-ed25-wd50 

165 

569 0.291 

270 

622 
401 

BO 

n1-B712.9-ed25-wd94 1,212 0.136 1,323 BO 

n1-B712.9-ed35-wd50 569 0.291 622 
561 

BO 

n1-B712.9-ed35-wd94 1,212 

 

0.136 1,323 BO 

n1-B712-ed25-wd50 

173 

569 0.304 

298 

622 
401 

BO 

n1-B712-ed25-wd94 1,212 0.143 1,323 BO 

n1-B712-ed35-wd50 569 0.304 622 
561 

BO 

n1-B712-ed35-wd94 1212 

 

0.143 1,323 BO 

n1-B714-ed25-wd50 

202 

569 0.354 

332 

622 
401 

BO 

n1-B714-ed25-wd94 1,212 0.166 1,323 BO 

n1-B714-ed35-wd50 569 0.354 622 
561 

BO 

n1-B714-ed35-wd94 1,212 

 

0.166 1,323 BO 

n3-B510-ed45-wd75 413 

646 

0.640 762 

716 1,517 

N 

n3-B512-ed45-wd75 519 0.804 893 N 

n3-B514-ed45-wd75 605 0.836 995 N 

n3-B712.9-ed45-wd75 496 

936 

0.530 811 

1,023 2,166 

BO 

n3-B712-ed45-wd75 519 0.554 893 BO 

n3-B714-ed45-wd75 605 0.646 995 BO 

 

Fig.3 shows the measuring items and their measuring points. To evaluate 

the entire behavior of the joint, its displacement and relative displacement 

between the connected and splice plates were measured. The strain of the side 

surface of the connected plate was measured to investigate the strain 

distributions after a major slip. The bolt tension was measured and controlled 

by the strain gauge attached to the bolt shank. The bolt tension of bolts used in 

the re-test was controlled by the torque control based on eq. (10). The tightened 

tensions were 1.1 times the design bolt tensions, considering the creep 

phenomenon of zinc-rich paint coating after tightening. The relaxation 

measurement period was more than a week. 

 

 (10) 

 

 

Table 5 

Designed resistance of the re-test specimens (M22 bolt, μd = 0.20) 

Experimental 

Case 

Psd 

(kN) 

Pynd 

(kN) 

βd 

 

Pbod 

(kN) 

Ptnd 

(kN) 

Pesd 

(kN) 

Expected 

Failure 

Mode 

n1-B510-ed35-wd50-N100 82 
351 

0.233 

479 

390 393 
N 

n1-B510-ed35-wd50-N150 123 0.350 N 

n1-B510-ed35-wd94-N100 82 
794 

0.103 
882 393 

S 

n1-B510-ed35-wd94-N150 123 0.155 S 

n1-B710-ed25-wd50-N100 82 
510 

0.161 

479 

556 

401 

S 

n1-B710-ed25-wd50-N150 123 0.241 S 

n1-B710-ed25-wd94-N100 82 
1,152 

0.071 
1,258 

S 

n1-B710-ed25-wd94-N150 123 0.107 S 

n1-B714-ed35-wd50-N025 30 

510 

0.059 

631 556 561 

S 

n1-B714-ed35-wd50-N050 60 0.117 S 

n1-B714-ed35-wd50-N075 90 0.176 S 

n1-B714-ed35-wd50-N100 120 0.235 S 

n1-B714-ed35-wd94-N025 30 

1,152 

0.026 

631 1,258 561 

S 

n1-B714-ed35-wd94-N050 60 0.052 S 

n1-B714-ed35-wd94-N075 90 0.078 S 

n1-B714-ed35-wd94-N100 120 0.104 S 

 

Here, Td is the designed torque, k is the torque coefficient of bolts quoted 

from the inspection certificate, and d is the bolt diameter. 

The applied loading rate was controlled at 1 kN/s by manual operation, as 

much as practically possible. The sampling time is approximately once per 

second. In cases of plate failure modes, the applied load was removed at 95% 

of the maximum load after the peak to observe the peeled area for coating and 

bearing deformation of the bolt hole. In cases of bolt shear failure mode, loading 

was continued until bolt breakage occurred due to brittle failure. 

 

3.  Results 

 

3.1. Failure modes 

 

As shown in Fig.4, the failure modes confirmed in the test were shear 

failure (SH), split failure (SP), net cross-section failure (N), bolt shear failure 

(BO), bolt shear failure and plate shear yielding (BO(SH)), bolt shear failure 

and net cross-section yielding (BO(N)). These modes are the same as those of 

mild steel joints [13,14,15], as well as HSS joints in other countries [4,5,6]. 

Fig.5 shows the definition of failure modes in this paper. Shear failure mode 

(SH) is the state when only plate shear yielding occurs, followed by tear-out 

failure. Similarly, for net cross-section failure mode (N) and bolt shear failure 

mode (BO), only the corresponding yielding and failure occur. Split failure 

mode (SP) is the state when both plate shear and net cross-section yielding 

occurs, followed by tear-out failure. The modes BO(SH) and BO(N) induce 

plate shear yielding and net cross-section yielding, respectively in addition to 

bolt shear failure. Figs. 4 and 5 show that the zinc-rich paint coating peeled, and 

the extent of this peeling depended on the plastic area of the connected plate. 

 

(a) Shear failure (SH) (b) Split failure (SP) 

(d) Bolt shear 

 failure (BO) 

(c) Net cross-section failure (N) 

(f) Bolt shear failure and net 

cross-section yielding ((BO(N)) 

Fig. 4 Failure modes confirmed in the test 

n1-B710-ed25-wd50-NO.2 

n1-B514-ed35-wd94-NO.1 n1-B514-ed35-wd50-NO.2 n3-B514-ed45-wd75-NO.2 

n3-B714-ed45-wd75-NO.3 n1-B510-ed25-wd50-NO.3 

(e) Bolt shear failure and 

plate shear yielding ((BO(SH)) 
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3.2. Comparison of the expected and actual failure modes 

 

The expected and actual failure modes classified by Ptnd /Pbod and Pesd / Pbod 

are shown in Fig.6. Mode SH, N, and BO can be almost classified using the 

aforementioned conventional equations developed for mild steel joints. Coupled 

modes such as SP, BO(SH), and BO (N) occurred as Ptnd/Pbod and Pesd/Pbod 

decreased. Especially in the case of SP, Pesd/Pbod and Ptnd/Pbod were both 

approximately 1.0. 

 

3.3. Relationship among ultimate strength, structural configurations, and 

failure modes 

 

To use the plastic deformation capacity of the connected member, the 

maximum load of the joint Pmax must be larger than the gross cross-section yield 

resistance Pygd. Fig.7 shows the relationship among the ratios Pmax/Pygd, Pesd/Pbod, 

and Ptnd/Pbod. The maximum load of the joint gradually became larger than the 

gross cross-section yield resistance as these ratios decreased or the number of 

bolts increased. In cases of series “n = 1”, mode SP shows the highest ultimate 

resistance. However, there is no case in this study whose Pmax/Pygd is higher than 

1.0. Focused on the distribution tendency of the plotted data, Pmax/Pygd was 

inversely proportional to Pesd/Pbod. Therefore, multiple regression analysis was 

performed to obtain the approximate curve shown in Fig.7(c). The considered 

approximate equation is expressed as eq. (11). The results of multiple regression 

analysis are shown in Table 6. The adjusted coefficient of deter-mination R2
adj 

of this equation is 0.908, indicating a strong correlation. 

Fig. 5 Definition of failure modes 

(f) Bolt shear failure and net cross-section yielding ((BO(N)) (e) Bolt shear failure and plate shear yielding ((BO(SH)) (d) Bolt shear failure (BO) 

(a) Shear failure (SH) (b) Split failure (SP) (c) Net cross-section failure (N) 

(a) Expected failure modes (b) Actual failure modes 

Fig. 6 Classification of the failure modes by Ptnd/Pbod and Pesd/Pbod 

Series “n=3” 

0.0
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1.0
2.0

3.0

4.0

5.0

6.0

P
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/P
ygd

Ptnd/Pbod

Pesd/Pbod

SH

SP

N

BO

BO(SH)

BO(N)

Pmax / Pygd

Ptnd / PbodPesd / Pbod

(a) Bird’s view 
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Table 6 

Statistical results of multiple regression analysis 

R R2 
Adjusted 

R2
adj 

Standard Error 

of the Estimate 

SEe 

Partial Regression 

Coefficients 
Estimate 

95% Confidence 

Level Lower Limits 

95% Confidence 

Level Upper Limits 

Standard Error 

SE 
t-Statistic P-Statistic 

0.953 0.909 0.908 0.07 

a 0.051 0.019 0.082 0.016 3.141 0.002 

b 10.006 4.535 15.477 2.770 3.612 0.0004 

c 2.632 1.462 3.802 0.592 4.443 <0.0001 

 

 

 

 (11) 

 

Here, a, b, and c are partial regression coefficients. 

 

3.4. Relationship among ductility, structural configurations, and failure modes 

 

Similarly, the relationship among elongation δ/δ0, Pesd/Pbod, and Ptnd/Pbod is 

shown in Fig.8. The elongation δ/δ0 is the ratio of the entire displacement of the 

joint at maximum load δ to the original gauge length δ0. As Pesd/Pbod and Ptnd/Pbod 

decreased, the elongation δ/δ0 increased. In cases of series “n = 1”, mode SP 

shows the highest ductility and the highest ultimate resistance. 

 

4.  Conclusions 

 

In this study, tensile tests of high-strength frictional bolted joints with HSS 

developed in Japan were conducted to compare the failure modes of HSS and 

conventional mild steel joints and to investigate the relationship among ultimate 

strength, ductility, and failure mode. The following conclusions can be drawn. 

(1) Failure modes of HSS joints can be assumed to be the same as those of 

mild steel joints and can be almost classified using the designed ultimate 

resistance ratios of the plate and bolt such as Pesd/Pbod and Ptnd/Pbod, which 

have already been developed for mild steel joints and widely used in some 

design codes. For instance, when a coupled failure mode occurred, the 

corresponding resistance ratio related to the mode was approximately 1.0. 

Especially, in the case of split failure mode of the connected plate, these 

ratios were both approximately 1.0. 

(2) The maximum load of the joint gradually became larger than the gross 

cross-section yield resistance these ratios Pesd/Pbod and Ptnd/Pbod decreased 

or the number of bolts increased. There is no case in this paper whose 

Pmax/Pygd is greater than 1.0. As Pmax/Pygd was inversely proportional to 

Pesd/Pbod, the approximate equation that can precisely estimate Pmax/Pygd 

was obtained, considering only Ptnd/Pbod. The adjusted coefficient of 

determination R2
adj of the proposed equation is 0.908.  

(3) The entire elongation of the joint δ/δ0 increased as Pesd/Pbod and Ptnd/Pbod 

decreased and the number of bolts increased along with the maximum load. 

(4) In cases of series “n = 1”, the split failure mode (SP) exhibits the highest 

ultimate resistance and ductility. Considering (1)–(3), the ratios Pesd/Pbod 

and Ptnd/Pbod should be less than 1.0 to induce mode SP to enable the 

breakage of the HSS joint after the member is plastic-deformed 

sufficiently. 

For joints consisting of multiple bolts in the longitudinal and transverse 

direction, other failure modes such as block shear failure occur easily, which 

could not be confirmed in this test. Therefore, future work will be devoted to 

conducting tensile tests on mutiple-bolted joints. Numerical analysis will be also 

conducted to investigate the influence of various structural configurations and 

bolt arrangement on the relationship among Pmax/Pygd, Pesd/Pbod, and Ptnd/Pbod. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Wire arc additive manufacturing (WAAM) has significant potential to produce freeform, but structurally efficient geometries out of stainless 

steel, for use in the construction industry, however, there is currently no standardisation of the manufacturing parameters used to produce 

WAAM structures. This paper discusses an experimental programme carried out on WAAM 316L stainless steel plated structures to assess 

the effects of the deposition rate, which is directly associated with productivity. This programme comprises tensile tests on coupons 

extracted along different printing directions, geometric imperfection measurement (including surface roughness, waviness and overall out-

of-straightness), and stub column tests designed to determine the local stability of unstiffened plates manufactured with different deposition 

rates. The applicability of current Eurocode design rules for stainless steel structures, including the ductility requirements and effective 

width equations, have been assessed based on the obtained experimental data. 
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1.  Introduction 

 

The construction industry accounts for 30% of the world’s greenhouse gas 

emissions, 30% of raw material use worldwide, and 36% of global energy usage 

[1] and so it is under a lot of pressure to become more sustainable. Improving 

material utilization through use of additive manufacturing (AM) may help to 

achieve this. Large metal structures are required in the construction industry and 

wire arc additive manufacturing (WAAM, a form of direct energy deposition) 

has the capability to produce these [2] at a viable rate of production due to its 

rapid deposition rate [1]. Unfortunately, this rapid deposition rate may compro-

mise the surface quality and dimensional accuracy of the part [3] and introduce 

further potential defects including high residual stress, distortion, porosity and 

anisotropic material properties [4]. 

Numerous variables can be adjusted to alter the properties of the build, in-

cluding the deposition rate, the heat input, the interpass temperature, and the 

direction of the build. It is not yet fully understood how these variables affect 

the structural response of WAAM builds. The only experiments [5]–[7] cur-

rently available that have investigated the overall structural stability perfor-

mance of WAAM structures have been carried out on specimens produced with 

invariant and manufacturer-determined parameters. 

Previous material tests on WAAM builds have given inconsistent results, 

with some authors finding that the Young’s modulus (E) of machined samples 

was higher for those extracted at 45° to the substrate, than for those extracted at 

0° or 90° [6], [8], whilst others have found no significant differences in E across 

samples extracted from different angles [9]. Previous literature also indicates 

that E is generally 20% less for as-built samples than machined samples due to 

their undulating geometry [10]. The ultimate tensile strength (σu) has been found 

to be highest at 45° to the substrate because this is where there is the highest 

density of cell boundaries along the main slip direction [9], and it has been found 

to be lowest at 90° to the substrate because here the part is loaded across its 

layers [6]. 

This paper aims to detail the results from a series of experiments undertaken 

to assess the effects of the deposition rate and the build direction on key material 

properties, geometric accuracy and structural stability. The experiments com-

prise tensile coupon tests, stub column tests and geometric imperfection meas-

urements on 316L stainless steel parts made by WAAM. 316L stainless steel 

was chosen because it has high strength, high ductility, relatively low cost, and 

excellent corrosion resistance [4]. The applicability of current Eurocode design 

rules for stainless steel structures, including the ductility requirements and ef-

fective width equation have been assessed based on the obtained test data.  

 

2.  Sample fabrication 

 

2.1. WAAM rig and selecting printing parameters 

 

All samples for these experiments have been manufactured on a WAAM 

rig comprised of an ESAB Aristo 4004i pulse system welding power supply (in 

MIG set up), a three-axis cartesian motion system (comprised of three servo-

drives), an extractor, an enclosure, an Omron controller, and a computer to pro-

gram the rig on (Fig. 1). The welding torch is located on the Z-axis and is con-

trolled using motion instructions sent using Trajexia software. 

The builds employed a wire diameter of 0.8 mm to ensure a thin weld bead 

was produced. The wire feed speed (WFS) also affects the thickness of a build 

so a suitable range of 8-10 m/min was chosen to again ensure that slender parts 

could be manufactured. These combinations of wire diameter and WFS led to a 

high deposition rate of 2.42 kg/hr and a low deposition rate of 1.93 kg/hr. The 

specimens produced using these two deposition rates were denoted with ‘H’ 

(high deposition) and ‘L’ (low deposition), respectively. 

The control manufacturing parameters used were a heat input of 0.415 

kJ/mm, an interpass temperature of 150°C, the welding technology (MIG), the 

shield gas flow rate and composition, the contact tip distance (7 mm), the feed-

stock (0.8 mm diameter 316L stainless steel wire), the substrate design and fix-

ture, and the motion system. The voltages used were 29.2 V for the H-specimens 

and 29.0 V L-specimens because the voltage varies slightly with WFS. A heat 

input of 0.415 kJ/mm was chosen as it gave stable bead geometry. In order to 

achieve this heat input, the travel speed was 10.313 mm/s and 12.917 mm/s for 

the L-specimens and H-specimens, respectively. 

 

 

Fig. 1 Labelled photograph of the rig 
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2.2. Fabrication and preparation of tensile coupons 

 

The coupons were extracted from two plates (each 150 mm wide by 100 

mm tall, with a nominal thickness of 3 mm) produced using the two different 

deposition rates (2.42 kg/hr and 1.93 kg/hr), which were denoted as PH and PL 

(Plate with High (or Low) deposition rate), respectively. The plates were made 

in layers on 50×200×6 mm 316L stainless steel substrates. Each layer was de-

posited, before the height of the welding torch was updated manually on the 

welding program, with the increase in height being measured using a Vernier 

calliper. This process was repeated until the plates were 100 mm tall. 

Once PH and PL were produced, they were sawn from the substrates (re-

ducing the height of each plate to approximately 80 mm), and six coupons were 

cut from each plate by water jetting cutting. The dimensions of the coupons are 

based on the sub-size rectangular specimens specified in the ASTM E8/E8M-

13 [11] and were scaled down by a ratio of 0.75:1 to ensure the coupons would 

fit on the plate. This scaling allowed the gauge length-to-width ratio to remain 

at 4, required by this standard. The coupons were extracted at different angles 

to the build direction, as shown in Fig.2b, with the spacing between coupons 

being flexible. Unfortunately, only one coupon could be extracted from each 

plate at 0° to the substrate due to constraints on the size of the plates. 

Each tensile coupon is named using the following convention: TH or TL 

(depending on if the coupon is from PH or PL) – angle to the substrate – coupon 

number as indicated in Fig.2b. After extraction, the coupons were machined to 

a nominal thickness of 2 mm (or 1.6 mm where the surface waviness required 

this) to ensure a uniform thickness across their lengths. TL-90-3 had a surface 

waviness too great for it to be machined flat, so it was not tested. 

 

 

(a) Coupon dimensions 

 

 

(b) Coupon locations on plate (mm) 

Fig. 2 Tensile coupon dimensions and locations  

 

2.3. Fabrication and preparation of EAS stub columns 

 

Four equal angle section (EAS) stub columns were manufactured, with two 

using the higher deposition rate (labelled as EH1 and EH2), and two using the 

lower deposition rate (labelled as EL1 and EL2). The substrates used were 

75×100×6 mm and the EAS had nominal dimensions Width×Width×Height of 

50×50×100 mm. The fabrication of these EAS stub columns followed the same 

process as the corresponding PL or PH specimens, with the samples being built 

such that they are compressed in the 90° direction during testing. 

Once built, the samples were sawn off the substrates and large welding 

drops caused by balling were roughly removed from the surface, preventing 

their noise on the measured geometries while ensuring that the waviness and 

roughness remained (Fig. 3). Next, the ends were hand filed to be parallel with 

each other and perpendicular to the longitudinal direction. They were then 

sanded with wet and dry paper, before being lapped with lapping paste to ensure 

that the load would be distributed across the entire cross-section of each column 

from the very beginning of the compression tests. 

 

 

Fig. 3 The stub column samples after being removed from the substrates and with balling roughly removed (from left to right, samples EL1, EL2, EH1 and EH2) 
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3.  Tensile tests and results 

 

The coupons were tested at room temperature using an Instron 3369 50 kN 

testing frame which measured the load, and an 8 mm clip gauge extensometer 

to measure the strain. Displacement control (calculated from the estimated strain 

rates over the parallel length required in EN ISO 6892-1 [12] (≤0.00007 s-1 in 

the elastic range and ≤0.00024 s-1 in the plastic range)) was used. There was no 

clearly defined yield point for any of the tests, so the strain rate was changed 

when it was clear that the stress-strain graph had started to curve. This occurred 

at displacements between 0.75 mm and 1.5 mm depending on sample. 

Despite all surface undulations being removed before testing, the coupons 

exhibited surface deformations which corresponded to their building directions 

(as shown in Fig. 4). This has previously been found by other authors as well 

[8]. 

 

 

Fig. 4 The sample TH-45-2 after testing. It has been placed back together and there are 

surface deformations visible at 45° to the length of the coupon, corresponding to the fact 

that the coupon was extracted from the WAAM build at 45°. 

 

The obtained stress-strain curves are shown in Fig. 5 and the key material 

properties including the Young’s modulus (E), the 0.2% proof stress (σ0.2), the 

ultimate tensile strength (σu), the strain at ultimate tensile strength (εu), the per-

centage elongation after fracture (εf) measured according to [12], and strain 

hardening parameters n and m (from the modified O-R model [13]) are given in 

Table 1. These are compared to benchmark values for conventionally produced 

316L stainless steel in Fig. 6 and an assessment of the ductility of each sample 

is shown in Fig. 7. 

Samples extracted from the same plate and at the same angle were expected 

to have similar E, however, E for sample TH-45-2 is 22.1% less than that of 

sample TH-45-1. Similarly, coupon TH-90-3 has a much lower E than samples 

TH-90-1 and TH-90-2. This variation could indicate that E varies across the 

build, however, there is not yet enough data to conclude this. The greatest E is 

found for coupons extracted at 45° for both plates, whilst the E at 0° and 90° are 

on average 40.3% and 46.4% less than the average benchmark value respec-

tively [14]. Both of these points reinforce findings by in [6], where E for ma-

chined samples taken at 0° or 90° were lower than conventionally produced ma-

terial by about 30-55%. All samples have E below the benchmark values, indi-

cating that WAAM samples are less stiff than traditionally produced parts. 

WAAM parts are expected to have a lower failure strain when compared to 

wrought and annealed counterparts because internal defects and surface rough-

ness act as stress locations and the fine microstructure makes the part less ductile 

as dislocation motion is limited [15]. Only three coupons had εf values greater 

than the lower benchmark value [16], which shows an agreement with this hy-

pothesis. 

All samples have σ0.2 greater than the benchmark average and all coupons 

except TH-0-1 have σu values between the upper and lower benchmark values 

[16], indicating that WAAM is capable of producing parts of equal strength to 

those produced by conventional methods, but not necessarily demonstrating the 

increase in strength expected from the fine grains [15]. As only one coupon was 

extracted at 0° for each plate, this result is likely accidental. The greatest σu is 

seen at 90° for both plates, however, it is expected to be greatest at 45° [9] and 

lowest at 90° [6]. 

The three ductility requirements stated in EN 1993-1-1 [17] are all met by 

all coupons tested (Fig. 7), suggesting that WAAM is capable of producing 

parts which have acceptable ductility. It should be noted that four samples 

(TH-90-1, TH-90-2, TH-45-1 and TH-45-2) failed outside of the clip gauge so 

the strains measured from the onset of necking may be inaccurate. This could 

be why the former three samples all appeared to report low strains at failure. 

 

 

(a) Lower deposition rate 

 

(b) Higher deposition rate 

Fig. 5 The stress-strain relationships of tensile coupons 

 

Table 1 

Results of tensile coupon tests 

Sample E (N/mm2) σ0.2 (N/mm2) σu (N/mm2) εu (mm/mm) εf (mm/mm) n m 

TL-90-1 107436 370 567 0.165 0.318 6.05 3.28 

TL-90-2 103559 313 586 0.209 0.271 7.64 2.87 

TL-45-1 155854 361 553 0.393 0.391 4.43 3.27 

TL-45-2 182207 338 550 0.441 0.438 2.55 3.15 

TL-0-1 112008 308 539 0.197 0.340 6.73 3.00 

TH-90-1 122627 395 605 0.118 0.267 6.95 3.29 

TH-90-2 116825 360 610 0.084 0.203 5.67 3.07 

TH-90-3 78808 324 546 0.240 0.353 5.48 3.08 

TH-45-1 180844 381 541 0.152 0.269 5.72 3.47 

TH-45-2 140918 325 539 0.558 0.567 4.06 3.11 

TH-0-1 123797 311 520 0.353 0.473 6.95 3.10 
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(a) Young’s modulus 

 

(b) percentage elongation after fracture 

 
(c) Ultimate tensile strength 

 
(d) 0.2% proof strength 

 

 
Fig. 6 Comparison of material properties of each tensile coupon, categorised by 

deposition rate and angle of extraction 

 

(a) Ultimate to yield strengh ratio 

 
(b) Fracture strain 

 

(c) Ultimate to yield strain ratio 

 

 

Fig. 7 The ductility requirements [17] and results from the tensile coupon tests 
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4.  Geometric imperfection measurement 

 

All four stub columns were 3D scanned using a Hexagon CMS 108AP laser 

line scanner (30 μm accuracy), attached to a Hexagon ROMER arm, and the 

data was outputted to SpatialAnalyzer as point clouds. These point clouds were 

then analysed using MATLAB. The use of Archimedes’ Principle was not 

deemed necessary to obtain the volume of each sample as this can be found 

using the results of the 3D scans, and other researchers have found the values 

calculated from each of these methods to be essentially identical [10]. 

It was observed that for all the samples, the cross-section varies across the 

height and width of the build, as shown in Fig. 8. Based on the obtained geo-

metric data clouds, the average flange thickness (tav), minimum thickness (tmin), 

average of minimum thicknesses between layers (tav,min), average cross-sectional 

area (Aav), part height (L), maximum deviation of the mid-thickness from the 

average mid-thickness (γ), average layer height (hav), slenderness (𝜆̅p), surface 

waviness (ω) (Eq. (1), where tav,max is the average of maximum thickness of each 

layer), and surface roughness Sa (Eq. (2) where fn is the height of a peak or depth 

of a valley, measured at N locations), were calculated and are reported in  

Table. The values for surface waviness and surface roughness were similar 

for all columns, so the deposition rate had no clear effect here. It was expected 

the EH1 and EH2 would be thicker as they were made employing a faster WFS 

[18], however, the measured data revealed that EL1 and EL2 have a larger min-

imum and average thickness than EH1 and EH2. The location of the minimum 

thickness varies for each column and for each flange of each column, as does 

the location of maximum deviation from the central line.  

 

𝜔 =
𝑡𝑎𝑣,𝑚𝑎𝑥−𝑡𝑎𝑣,𝑚𝑖𝑛

2
 (1) 

 

𝑆𝑎 =
1

𝑁
∑ |𝑓𝑛|
𝑁
𝑛=1  (2) 

 

 
(a) Across different heights 

 
(b) Across different widths 

Fig. 8 Variation in the cross-section of sample EL2 across a) different heights, and b) 

different widths. All units are in mm

 

Table 2 

Measurements and material properties of the stub columns 

Sample 
tav  

(mm) 

tmin  

(mm) 

tav,min 

(mm) 

Aav  

(mm2) 

L  

(mm) 

γ  

(mm) 

hav  

(mm) 

ω 

(mm) 

Sa  

(mm) 

Nu  

(kN) 

ktheo  

(kN/mm) 

k  

(kN/mm) 

δu  

(mm) 

EL1 4.15 2.29 3.68 418 94.7 1.83 2.38 0.28 0.57 98.9 466 106 4.52 

EL2 3.63 2.00 3.38 414 97.6 1.88 2.57 0.27 0.34 92.1 448 60 4.50 

EH1 3.40 1.40 2.93 389 95.8 2.39 2.46 0.37 0.50 80.8 431 93 4.45 

EH2 3.61 1.58 2.99 383 99.1 1.92 2.61 0.30 0.40 96.7 410 114 4.04 

 

5.  Stub column tests 
 

5.1. Testing procedure 

 

The tests on EAS stub columns were carried out to evaluate the stability 

performance of external plated elements (with only one longitudinal edge sup-

ported) manufactured by WAAM. The stub column tests were conducted on a 

2000 kN loading machine, with a 9 mm thick end plate placed on top of each 

sample to ensure equal distribution of the applied compressive stresses. Four 

vertical LVDTs were set up between the upper and lower plates, along with two 

horizontal LVDTs on the inside faces of the EASs at approximately mid-height 

and mid-width (Fig. 9) to monitor the lateral displacements of the flanges. In 

previous work by other authors, the horizontal LVDTs have been positioned at 

the geometric centre of the EASs [19], however, the geometry of these EASs is 

imperfect so here they are placed at the centre of each flange instead. 

The load was applied to each sample using displacement control (0.15 

mm/min), with the load being read directly from the loading machine and the 

displacements being read from the LVDTs (at 0.5 Hz). Testing was concluded 

when a clear decline in axial load had occurred, and excessive end shortening 

had been observed, in line with the experimental procedures chosen by other 

authors [20].  

 

5.2. Test results 

 

The failure modes of the tested EAS stub columns are displayed in Fig. 10. 

It can be seen that the EL2, EH1 and EH2 stub columns all displayed a single 

wave of flange buckling occurring at the same height on the two flanges; how-

ever, this height was different for each column and did not necessarily occur at 

the mid-height. The EL1 stub column displayed two buckling waves along the 

length, which is very unlikely to happen in traditional rolled EAS members with 

“near-perfectly” flat geometries [19]. This may be caused by the manufactured 

imperfection, where a clear thickness offset was presented towards the upper 

half of the EL1 stub column, as can be seen in Fig. 3. 
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(a) Photograph of the stub column test setup 

 

(b) Schematic plan view of the test setup 

Fig. 9 a) Photograph of the setup of the LVDTs, plates and supporting structure, and b) 

schematic of the LVDT setup 

 
The ultimate load (Nu), stiffness (k), and the end shortening (δu) of each stub 

column are shown in Table 1. The theoretical stiffness, ktheo, calculated based 

on the averaged cross-sectional area is also included in Table 2 for comparison 

purposes. For each stub column, the experimental stiffness, k, was between 13-

28% of the predicted stiffness and this can be attributed to the undulating ge-

ometry of the builds and the consequence that the stiffness may not be uniform 

across the height of each sample. Moreover, the axial stiffness of EH specimens 

was expected to be less than that of EL specimens as EH specimens report 

greater averaged thicknesses and cross-sectional areas Table 2. However, the 

opposite is observed in this study, as shown in Fig. 11a where axial load vs end 

shortening curves of the stub columns are plotted. Therefore, predicting the 

stiffness using the average cross-sectional area may not be an appropriate ap-

proach and the deformability, stability and other stiffness related structural be-

haviour of WAAM plates needs to be carefully assessed. Further investigation 

may be carried out to explain this observation. 

Fig. 11b shows the horizontal displacements measured during the test on 

EH1, with one flange buckling outward and one inward (as seen in Fig. 10). 

Similar results were found for the other stub columns, except for EL1 (Fig. 11c). 

Here, the horizontal displacements at the measured locations show that both 

flanges moved inwards in the initial loading stage. This may be cause by the 

higher order (two-buckling wave) mode of failure developed in this specimen 

and the measurements close to the mid-height location were not necessarily rep-

resentative.  

 

(a) Load vs end-shortening curves 

 

(b) Load vs lateral displacement at mid height of flanges of EL2, EH1 and EH2 stub 

columns 

 

(c) Load vs lateral displacement at mid height of flanges of EL1 

Fig. 11 Load displacement curves from stub column tests 

 

 

Fig. 10 The buckled stub columns after testing (from left to right, samples EL1, EL2, EH1 and EH2) 
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5.3. Applicability of effective width equation 

 

The buckling resistance of each column is compared with the Eurocode 

prediction [21] for external plate elements in Fig. 12. In Fig. 12, the vertical axis 

is the ultimate load Nu normalised by the plastic load Ny = Aσ0.2 (where A is the 

cross-sectional area calculated using tav or tav,min) of each cross-section, and the 

horizontal axis is the average plate slenderness 𝜆̅p of the flanges of the EAS 

stub columns. The equation deriving 𝜆̅p is given in Eq. (3), where c is the entire 

flange width, t is tav or tav,min, ε = [(235/σ0.2)(E/210000)]0.5 (with σ0.2 and E based 

on the measured properties from the machined tensile coupons in the 90° direc-

tion), and kσ is the buckling coefficient. kσ  = 1.3 as obtained according to the 

aspect ratio and boundary condition of the flange of the EAS stub columns [22]. 

Based on the 𝜆̅p values, all the samples are classified as Class 4 [17]. 

 

𝜆̅𝑝 =
𝑐
𝑡⁄

28.4𝜀√𝑘𝜎
 (3) 

 

The comparison in Fig. 12 shows that the tested samples presented signifi-

cantly lower buckling resistances (calculated using tav) compared to the codified 

prediction. However, the results calculated using tav,min are much closer to the 

prediction, suggesting that this may be a more appropriate measurement to use. 

Selecting the most appropriate dimensions to use in predictions of behaviour is 

an important issue for WAAM steel structures due to their non-uniform thick-

ness across both the cross-section and the height. Based on the results presented 

in this study, it is clear that the averaged cross-sectional dimensions are not the 

best parameters to be used to estimate the structural performance of WAAM 

builds. More representative geometric parameters are sought, and a standardi-

sation of this step is needed, which would require a large data pool and should 

be determined in conjunction with any modification of the local buckling equa-

tion to produce a reliable prediction of the stability performance of WAAM 

structures. 

Another point to consider is that the properties of the stub column may be 

different to those of a larger column because heat accumulation may cause the 

top and bottom to have different microstructures. The geometry may also vary 

more substantially from the ideal EAS as geometric errors in printing add up, 

so the applicability of these results to larger columns must be considered care-

fully. 

 

 

Fig. 12 The buckling resistances of each stub column (ultimate load from stub column tests/yield load from tensile coupon tests),  

plotted against their slenderness (calculated using tav or tav,min) along with the effective width equation [21] 

 
6.  Conclusions 

 

This paper has investigated the effect of the deposition rate and build direc-

tion on the material, geometric and stability performance of 316L stainless steel 

plated structures made by WAAM. The following conclusions have been iden-

tified: 

1. The Young’s moduli of the tensile coupons extracted at 45° to the 

substrate were found to be the greatest, indicating that this direction 

of the build is stiffest. 

2. Although the failure strain of the WAAM parts was found to be less 

than those of wrought and annealed parts, all tensile coupons meet 

the ductility requirements stated in EN 1993-1-1 [17]. 

3. The deposition rate was found to have no effect on the surface rough-

ness or surface waviness. However, a lower deposition rate was 

found to be associated with thicker builds. 

4. The buckling modes of the EAS stub columns made by WAAM were 

different from those of traditionally rolled steel angle sections, as can 

be attributed to the combined effect of their high out-of-straightness 

and surface waviness. 

5. The average thickness and average cross-sectional area may not be 

the best parameters to characterize the local buckling resistance of 

WAAM plates under compression. Instead, the average value of the 

minimum thickness for each layer of the builds was found to present 

a better characterization of their stability performance, resulting in 

predictions close to the effective width equation given in EN 1993-

1-4 [21]. However, a standardization of this step will require a large 

experimental data pool.
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The application of stainless-clad (SC) bimetallic steel in various conditions such as offshore and marine environment requires members 

designed in different cross-sectional shapes, which consist of both internal and outstand elements. To form a comprehensive understanding 

of buckling behaviour of the SC bimetallic steel members, the behaviour of outstand compression plates needs to be investigated. In this 

study, the theoretical elastic buckling stress of outstand SC bimetallic steel plates subjected to uniformly distributed uniaxial compression 

is derived. Considering the position of neutral surface, the energy method and Ritz formulation are used to solve the buckling stress. 

Adaptation of the first-order shear deformation plate theory (FSDT) is used to modify the solution, which is further compared with finite 

element analyses. The influence of different parameters such as cladding configuration, clad ratio, elastic modulus ratio, aspect ratio and 

width-to-thickness ratio on the elastic buckling behaviour of the SC bimetallic plates is analysed. The simplified design formulae and design 

requirements are summarized to form a comprehensive design method. 
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1.  Introduction 

 

As an advanced high-performance laminated steel, stainless-clad (SC) 

bimetallic steel has been increasingly utilised in engineering structures in recent 

years. The SC bimetallic steel consists of two types of metallurgically bonded 

layers, i.e., the cladding layer made of stainless steel and the substrate layer 

made of conventional mild (CM) steel, which can provide remarkable corrosion 

resistance and economic efficiency, respectively. By virtue of these 

overwhelming advantages, the SC bimetallic steel has already been successfully 

applied in high-rise buildings and steel bridges and is considered as a new 

solution for infrastructures against environmental corrosion, such as offshore 

and marine structures. 

The research advances of SC bimetallic steel structures have been 

previously reviewed by the authors [1]. A series of comprehensive studies on 

full-life cycle material properties of SC bimetallic steel hitherto have been 

reported, in which different service conditions including fire [2], post-fire 

loading [3], marine atmospheric corrosion [4], cyclic loading [5] and impact 

loading [6] are considered. On the topic of mechanical performance of structural 

members, limited but increasing attention has been paid to SC bimetallic steel 

members such as plates [7], columns [8] and connections [9]. 

Compression is one of the major types of loads applied to steel structures, 

and for steel structure members under compression, buckling is one of the most 

essential failure modes of engineering design. For a novel structural material 

such as SC bimetallic steel, there is very limited research addressing the 

buckling mechanism. Therefore, a series of basic studies looking into the 

stability of SC bimetallic steel members, from plates to columns, have been 

conducted by the authors. Combining theoretical analyses ranging from elastic 

to inelastic stages [7] as well as experimental investigations of stub and long 

columns [8], the authors aim at establishing a set of buckling design methods 

which can provide a solid foundation for the future application of SC bimetallic 

steel in structures. 

A previous paper presented by the authors [7] addresses the elastic buckling 

of internal SC bimetallic steel plates in hollow section columns or I-section 

columns, which can be also refereed to simply supported plates. The nominal 

elastic buckling stress of such plates is derived using two different theories, i.e., 

the classical plate theory (CPT) and the first-order shear deformation plate 

theory (FSDT). Validated by finite element models, the FSDT solutions are 

adopted to carry on parametric studies on the effects of key factors such as 

cladding configuration, clad ratio, elastic modulus ratio and width-to-thickness 

ratio on the elastic buckling stress. Furthermore, a simplified design method to 

calculate elastic buckling stress in an efficient and accurate way has been 

proposed, along with the design requirements for bonding interface shear 

strength. 

Since the previous studies on SC bimetallic steel structures mainly focus 

on the hollow section members and simply supported plates in these sections, 

there is a lack of attention paid to the outstand (three edges simply supported 

and one edge free of support) plates shown in Fig. 1(a). Although the hollow 

sections such as square hollow sections (SHS), rectangular hollow sections 

(RHS) and circular hollow sections (CHS) are the most suitable sections for SC 

bimetallic steel because it can allow the cladding layer whose corrosion 

resistance is excellent to be put on the outside, while the substrate layer made 

of CM steel to be protected inside. However, in practice many structures have 

to be designed with columns or beams using open sections such as I-sections or 

C-sections. In such sections, there are not only simply supported boundary 

conditions, but also plates with three edges simply supported and one edge free 

of support. Therefore, the need for studying the elastic buckling of outstand 

plates is of the same importance as that for internal plates. 

In the present work, on the basis of the previous study, the elastic buckling 

behaviour of outstand plates subjected to uniaxial compression is thoroughly 

investigated. The comparison of internal and outstand plates in a common I-

section column is illustrated in Fig. 1(a). With consideration of the position of 

neutral surface as well as the first-order shear deformation plate theory, the 

energy method is utilised to derive the closed-form analytical solution of the 

buckling stress, which is further compared with finite element analyses results. 

Effects of cladding configuration, clad ratio, elastic modulus ratio, aspect ratio 

and width-to-thickness ratio on the elastic buckling behaviour are investigated 

by parametric study. A set of simplified formulae for the calculation of buckling 

stress is proposed in order to establish a complete design method. 

 

2.  Theoretical derivation 

 

2.1. Basic assumptions 

 

The theoretical analysis is based on the following assumptions for 

simplification and generalization: (1) The materials are homogeneous and linear 

elastic; (2) The plate is ideally flat without geometric imperfections or residual 

stresses; (3) Membrane stresses due to the small deflection can be neglected; (4) 

The load is uniformly distributed on the edge of the plate. 

For the reason that the outstand plates may be adopted in structural 

members with different cross-sections, two cladding configurations are 

considered in this study: plates with singly-sided cladding metal (denoted by SP) 

and plates with doubly-sided cladding metal (denoted by DP), as illustrated in 

Fig. 1(b). The boundary conditions and buckling mode are also included in Fig. 

1(b). The clad ratio β is defined as a ratio of the thickness of the cladding layer(s) 

to the overall thickness of the plate t. Accordingly, the thickness of the cladding 

layer in SP is βt; the DP are simplified to be symmetrically laminated herein, 

thus the two cladding layers are both 0.5βt thick. 
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      (a) 

 

      (b) 

Fig. 1 Illustration of (a) internal and outstand plates in an I-section column; (b) boundary 

conditions and cladding configurations of outstand plates. 

 

As discussed in many studies [10,11], the middle surface may not coincide 

with the physical neutral surface due to the unsymmetrical configuration of plate. 

To eliminate the coupling phenomenon between transverse bending and in-

plane stretching during deformation as well as to avoid additional moment 

caused by eccentricity, the uniformly distributed load is considered to be applied 

within the neutral surface. In the case of SP, the relative position of neutral 

surface from the middle one can be calculated by [7]: 

 

𝑧n =
𝛽(1−𝛽)(𝐸c−𝐸s)

2[𝛽𝐸c+(1−𝛽)𝐸s]
, (1) 

 

in which Es and Ec are the elastic moduli of substrate and cladding materials, 

respectively. 

Eq. (1) shows that the relative position of neutral surface from the middle 

one zn depends on clad ratio as well as the elastic moduli of the two component 

metals. When the elastic modulus of the substrate material is larger than that of 

the cladding material, which is the case of SC bimetallic steel or other common 

bimetallic steel such as titanium-clad (TC) bimetallic steel, zn is always no larger 

than zero. As the clad ratio increases, the absolute value of zn grows until a 

certain value of clad ratio is reached, this value is usually around 0.5 and 

depends on the ratio of elastic moduli Ec/Es. For SC bimetallic steel, the highest 

absolute value of zn is 0.008, which is relatively moderate, while for TC 

bimetallic steel, this value can rise to 0.086, which is quite considerable for plate 

analysis. In order to ensure the accuracy and maintain consistency with the 

previous work, zn will be taken into consideration in the following analysis. 

 

2.2. Ritz formulation and solution for the buckling stress 

 

The buckling stress of a homogeneous outstand plate can be solved by the 

energy method with Ritz formulation [12]. Based on the boundary conditions of 

outstand plate and coordinate system shown in Fig. 1(b), the deflection ω can 

be expressed by the Ritz approximation of rectangular plates: 

 

𝜔 = 𝑓𝑦 𝑠𝑖𝑛
𝑚𝜋𝑥

𝑎
 (2) 

 

The strain energy Πi and external potential energy Πe can be written as: 

 

𝛱i =
𝐷

2
∫ ∫ {(

𝜕2𝜔

𝜕𝑥2
+

𝜕2𝜔

𝜕𝑦2
)
2

− 2(1 − 𝜈) [
𝜕2𝜔

𝜕𝑥2
×

𝜕2𝜔

𝜕𝑦2
− (

𝜕2𝜔

𝜕𝑥𝜕𝑦
)
2

]}
𝑏

0

𝑎

0
d𝑥d𝑦 (3) 

 

𝛱e = −
1

2
∫ ∫ 𝜎𝑥𝑡 (

𝜕𝜔

𝜕𝑥
)
2𝑏

0

𝑎

0
d𝑥d𝑦 (4) 

 

where D is the bending stiffness of the plate, which will be discussed later. 

The principle of minimum total potential energy requires that the first 

variation of total potential energy equals to zero: 

 

𝛿𝛱 = 𝛿(𝛱i + 𝛱e) = 0 (5) 

 

Because f≠0 when buckling occurs, by substituting Eqs. (2)-(4) into Eq. (5) 

and setting constant m=1 and ν=0.3, the buckling stress 𝜎cr can be expressed 

as: 

 

𝜎cr = (0.425 +
𝑏2

𝑎2
)
𝜋2𝐷

𝑏2𝑡
 (6) 

 

The bending stiffness D is denoted as Dsp for SP and Ddp for DP, which is 

identical between internal and outstand SC bimetallic steel plate and has been 

derived in the previous study [7] as follows: 

 

𝐷sp = ∫ 𝑄11(𝑧 − 𝑧n𝑡)
2𝑡/2

−𝑡/2
𝑑𝑧 =

𝑡3

12(1−𝜈2)
𝐸sp (7) 

 

𝐸sp = [𝐸c(4𝛽
3 − 6𝛽2 + 3𝛽) + 𝐸s(−4𝛽

3 + 6𝛽2 − 3𝛽 + 1)] + 12𝑧n𝛽(𝛽 −

1)(𝐸c − 𝐸s) + 12𝑧n
2[𝛽𝐸c + (1 − 𝛽)𝐸s]                       (8) 

 

𝐷dp = ∫ 𝑄11𝑧
2𝑡/2

−𝑡/2
𝑑𝑧 =

𝑡3

12(1−𝜈2)
𝐸dp (9) 

 

𝐸dp = 𝐸c(𝛽
3 − 3𝛽2 + 3𝛽) + 𝐸s(−𝛽

3 + 3𝛽2 − 3𝛽 + 1) (10) 

 

The main difference between the expression of Esp and Edp is that the former 

one involves zn so it is more complicated. On the contrary, because the laminar 

structure of DP is symmetric (i.e. zn = 0), the expression of is Edp simple. 

 

2.3. Influence of transverse shear deformation 

 

Due to the difficulty of establishing and solving the FSDT-based governing 

equations of outstand SC bimetallic steel plates, a simplified method has been 

adopted herein to consider the influence of transverse shear deformation 

independently. The buckling stress is modified by introducing the shear 

deformation effect factor kFSDT [7]: 

 

𝜎cr,FSDT = 𝑘FSDT × (0.425 +
𝑏2

𝑎2
)
𝜋2𝐷

𝑏2𝑡
 (11) 

 

𝑘FSDT = 1−
2𝜒

2𝜒+1−𝜈
                       (12) 

 

𝜒 =
𝜋2

12𝐾s
(
𝑡

𝑏
)2 (

1

(𝑎 𝑏⁄ )2
+ 1) (13) 

 

where Ks is the shear correction factor. 

The derivation of the shear deformation effect factor kFSDT and the shear 

correction factor Ks can be found in literature [7]. In this study, in order to keep 

the concision and to avoid repetition, the whole expression of Ks is not presented 

herein due to its extraordinarily complicated form. The mathematical software 

MATLAB is employed to calculate Ks in the validation and parametric analyses 

while specific values are listed in tables for engineering design. 

 

3.  Validation and parametric analyses 

 

3.1. Validation against numerical results 

 

The theoretical solution of the buckling stress σcr,FSDT expressed by Eq. (11) 

is validated in two ways through FE analyses, i.e., MATLAB and ABAQUS. 

The MATLAB codes developed by Ferreira [13] have been modified by the 

authors to include the boundary condition of outstand plates. The bending 

stiffness and transverse shear stiffness have also been modified to the equivalent 

ones of bimetallic steel plates. The FE models of bimetallic steel plates are 

developed in ABAQUS for eigenvalue buckling analysis. The shell offset 

calculated by Eq. (1) has been incorporated in the models so that the uniformly 

distributed load is applied exactly within the neutral surface. Since the first order 

buckling mode for outstand plates subjected to uniaxial compression is known 

to be symmetric, only half of the plate is modelled to save the computing time. 

With proper consideration for the influence of transverse shear deformations, 

the codes used in MATLAB and the models developed in ABAQUS can both 

calculate the buckling stress of bimetallic steel outstand plates under the 

assumption of FSDT. 

To ensure the consistency of the two methods, the four-node quadrilateral 
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element Q4 defined by Ferreira [13] is used in MATLAB while the four-node 

quadrilateral shell element with reduced integration S4R is used in ABAQUS. 

In both ways of FE analyses, the number of elements on the loaded edges is set 

as twenty while the number of elements on the other two edges changes with 

the aspect ratio a/b to make sure the elements are square. The elastic moduli of 

the cladding and substrate materials are taken as Ec=1.93×105MPa and 

Es=2.06×105MPa, respectively, according to the Chinese standards [14,15]. 

Two cladding configurations illustrated in Fig. 1(b) are considered while 

different clad ratios, width-to-thickness ratios, aspect ratios and cladding 

materials are used for the purpose of validation. The theoretical solutions σcr,FSDT 

are compared with the FE analysis results σcr,MATLAB and σcr,ABAQUS in Table 1 

through 12 groups of data. In each group, 11 clad ratios between 0 and 1 are 

considered, while one typical group of results is plotted in Fig. 2. In Table 1, the 

cladding type consists of two parts; the first part represents the cladding 

configuration (i.e. SP and DP) while the second part represents the cladding 

material. SC is the stainless-clad bimetallic steel defined above while TC is the 

titanium-clad bimetallic steel, whose cladding material is replaced by titanium 

with an elastic modulus of 1.03×105MPa. 

The comparison of FE analysis results σcr,MATLAB and σcr,ABAQUS suggests that 

the FE analysis methods have complete consistency with each other, which can 

verify the adequacy of the FE models. It can be seen from Table 1 and Fig. 2 

that, the theoretical solutions derived herein agree well with both MATLAB and 

ABAQUS analysis results, which means the proposed theory herein is 

particularly accurate for elastic buckling analysis of outstand SC bimetallic steel 

plates in a wide range of parameters. 

 

 

Fig. 2 Comparison of two typical groups of results (SP and DP, SC, b/t=10, a/b=5) 

 

Table 1 

Comparison between theoretical solutions with FE analysis results 

Group 
Cladding 

Type 
b/t a/b 

σcr,ABAQUS /σcr,FSDT σcr,ABAQUS /σcr,MATLAB 

Mean COV Mean COV 

1 SP, SC 10 5 0.998 0.000 1.003 0.000 

2 SP, SC 15 5 0.993 0.000 1.001 0.000 

3 SP, SC 20 5 0.993 0.000 1.001 0.000 

4 SP, SC 50 5 0.996 0.000 1.001 0.000 

5 SP, SC 20 3 0.990 0.000 1.001 0.000 

6 SP, SC 20 1 0.987 0.000 1.003 0.000 

7 SP, TC 10 5 0.999 0.001 1.003 0.000 

8 SP, TC 20 5 0.993 0.001 1.001 0.000 

9 DP, SC 10 5 0.998 0.000 1.003 0.000 

10 DP, SC 20 5 0.993 0.000 1.001 0.000 

11 DP, TC 10 5 1.000 0.001 1.003 0.000 

12 DP, TC 20 5 0.994 0.001 1.001 0.000 

 

3.2. Parametric analyses 

 

Based on the validated theoretical solutions, a series of parametric analyses 

have been carried out, in which the effects of clad ratio, width-to-thickness ratio, 

aspect ratio, cladding configuration and cladding material are clarified. The 

buckling stress σcr,FSDT is calculated according to Eqs. (11)-(13), in which Ks is 

computed with the help of MATLAB. 

 

3.2.1. Influence of clad ratio 

The influence of clad ratio on the buckling stress σcr,FSDT is already shown 

in Fig. 2 that with an increase of clad ratio, the buckling stress decreases. 

Although the start and end points are the same, the downward trends of SP and 

DP are distinctly different. There is a plateau in the middle section of the SP 

curve and steep slopes in the edge sections, while the slope of the DP curve is 

gradually descending as the clad ratio increases. While the overall downward 

trend can be explained by the smaller elastic modulus of the cladding material 

compared to that of the substrate one, the cause of difference between SP and 

DP curves should be further clarified. 

It can be known from Eqs. (11)-(13) that for plates with identical 

dimensions, the buckling stress is influenced by the bending stiffness D and the 

shear deformation effect factor kFSDT. The variation of both parameters with the 

clad ratio is shown in Fig. 3. It can be found that the shapes of bending stiffness 

curves are quite similar to those of buckling stress curves , while the shear 

deformation effect factor curves have different shapes from the buckling stress 

curves and their variation is slight. Hence, it can be concluded that the influence 

of clad ratio is predominately reflected in the bending stiffness. 

The difference between the bending stiffness D between SP and DP can be 

explained by Eqs. (7) and (9). Since the bending stiffness is calculated by 

integration, for one specific point within the plate, the further it is from the 

neutral axis through the thickness direction, the greater its influence on the 

integral result will be. For the unsymmetric structure possessed by SP, when the 

clad ratio is very small or very large, the variation of clad ratio can be regarded 

as substituting the material near the external surface. For such position, since its 

distance from the neutral surface is large, the influence on the integration result 

of bending stiffness is significant. On the other hand, when the clad ratio is 

around 0.5, the change of clad ratio means replacing the material in the middle, 

which can hardly change the bending stiffness since zn is very small. Whilst for 

the symmetric DP, since the cladding layers are placed on the outside, as the 

clad ratio increases, the material is changed from substrate material into 

cladding material, and this change takes place from outside to inside, resulting 

in the gradually descending slope of bending stiffness curve. 

 

 

     (a) 

 

       (b) 

Fig. 3 Influence of clad ratio on (a) bending stiffness; (b) shear deformation effect factor 

 

3.2.2. Influence of width-to-thickness ratio 

Fig. 4 shows the influence of width-to-thickness ratio b/t on the buckling 

stress, in which different cladding configurations, clad ratios and cladding 

materials are also taken into consideration. The range of b/t is between 10 and 

80 to cover both moderately thick plates and thin plates. It can be concluded 

from the Fig. 4 that when the width-to-thickness ratio is below 30, the buckling 

stress decreases with b/t rapidly; the descending rate slows as b/t becomes larger. 

This trend is in accordance with the expression of plate buckling stress Eq. (11).  

It can also be seen that for SC bimetallic steel plates, the variation of clad 

ratio has very limited influence on the buckling stress comparing to the variation 

of width-to-thickness ratio. In comparison, the difference between curves of 

different clad ratio is clear when the cladding material is changed from stainless 

steel into titanium, as illustrated in Figs. 4(c) and 4(d). This phenomenon can 

be explained by the elastic modulus. Since the substrate material is fixed, when 

the cladding material is stainless steel whose elastic modulus is similar to that 

of CM steel, the difference between the two metals is slight and the influence 

of clad ratio is thus insignificant. However, when the cladding material is 

titanium, its elastic modulus is only half of that of CM steel, which leads 

logically to a more considerable effect. 

It should be noticed that in Fig. 4(d), when the clad ratio is small (from 0.1 

to 0.5), the difference between curves is visible, but as the clad ratio continues 
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to grow, the curves of β=0.5, 0.7 and 0.9 have rather limited distinction. This 

can be clarified by the DP curve shown in Fig. 3(a), when clad ratio is small the 

variation of clad ratio has a strong impact on the buckling stress, whilst the 

impact is considerably diminished when the clad ratio becomes larger. 

 

 

     (a) 

 

     (b) 

 

     (c) 

 

     (d) 

Fig. 4 Influence of width-to-thickness ratio on the buckling stress of (a) SP, SC; (b) DP, 

SC; (c) SP, TC; (d) DP, TC. 

 

3.2.3. Influence of aspect ratio 

A similar trend can be observed in Fig. 5 with respect of the influence of 

the aspect ratio a/b. Several factors such as cladding configurations, clad ratios 

and cladding materials are considered as well. From 1 to 10, the range of aspect 

ratio a/b covers both square plate and long rectangular plate. When the aspect 

ratio is below 4, the buckling stress decreases with a/b rapidly; the descending 

rate goes down as a/b grows. The expression of plate buckling stress Eq. (11) 

can once again be used to explain this trend, as the reciprocal of the aspect ratio 

has been squared and placed in bracket. Similar to what we have found in the 

study of width-to-thickness ratio, the variation of clad ratio has very limited 

influence on the buckling stress compared with the variation of aspect ratio for 

SC bimetallic steel plates, and the gap between curves of different clad ratios is 

wider when stainless steel is replaced by titanium as the cladding material. This 

phenomenon can be also explained by the elastic modulus the same way as it 

has been clarified in last section. 

Fig. 5(c) shows that the difference between curves changes with the clad 

ratio, when the clad ratio is rather small or large, the gap between curves is 

visible. For clad ratios between 0.3 and 0.7, the curves are very close to each 

other. In Fig. 5(d), it has been also found that when the clad ratio is small 

(0.1~0.3), the difference between curves is visible, while the curves of larger 

clad ratio show minor difference. The SP and DP curves shown in Fig. 3(a) can 

offer a reasonable explanation, as the influence of clad ratio on the buckling 

stress varies for different clad ratios and cladding configurations. 

 

 

     (a) 

 

     (b) 

 

     (c) 

 

     (d) 

Fig. 5 Influence of aspect ratio on the buckling stress of (a) SP, SC; (b) DP, SC; (c) SP, 

TC; (d) DP, TC. 

 

3.2.4. Influence of cladding metal 

If the cladding metal is replaced by others, the elastic modulus Ec will 

become different and thus the elastic buckling stress will be influenced. In Fig. 

6, the elastic modulus ratio Ec /Es is selected as the abscissa to demonstrate the 

influence of cladding metal. It can be seen that as the elastic modulus of the 

cladding metal increases, the buckling strength grows in a quasi-linear way. For 

SP with clad ratios around 0.5, when the elastic modulus of the cladding metal 

reduces to a substantial degree, i.e. below 60% of that of the substrate metal, the 

buckling strength of plates drops a little bit more quickly. The influence of clad 

ratio on the buckling stress decreased as the elastic modulus ratio gradually 

approaches 1 due to the similarity of cladding and substrate materials. Three 

different combinations of with-to-thickness ratio and aspect ratio as well as five 

different clad ratios has been used to conduct a more comprehensive analysis of 

the influence of cladding material. Through Figs. 6(a)~6(e), it can be found that 

the shapes of curves in different figures are very similar albeit the width-to-

thickness ratio and aspect ratio are different. 

Generally, for SP, the curves of β=0.3, 0.5 and 0.7 are similar to each other, 

while the curves of β=0.1 and 0.9 show considerable difference. For DP, the 

curves of β=0.5, 0.7 and 0.9 are similar to each other, while the curves of β=0.1 

and 0.3 show considerable difference. As analysed in the previous section, this 

phenomenon can be explained by the influence of clad ratio on the buckling 

stress shown in Fig. 2 and Fig. 3(a). 

In engineering application, the clad ratio used for bimetallic steel is small 

in most cases due to the consideration of cost and efficiency. For example, the 
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SC bimetallic steel built-up square hollow section stub columns studied in 

literature [8] were designed to have clad ratios of 0.207 and 0.391. Hence, more 

attention should be addressed to the range of small clad ratios. Within the clad 

ratio ranging from 0.1 to 0.5, the influence of cladding metal suggests that for 

SC bimetallic steel plates whose elastic modulus ratio Ec /Es is around 0.94, the 

effect of parameters is subtle and thus the design method of stainless steel plates 

can be adopted with necessary slignt modification. . For TC bimetallic steel, a 

small change of important parameters will lead to a substantial difference in 

buckling stress, so more attention should be paid when considering the influence 

of different factors such as clad ratio and width-to-thickness ratio. 

To summarize, the cladding metal is critical to the buckling stress of 

bimetallic steel plates. When the material properties of the cladding and 

substrate materials such as elastic moduli have significant difference, the slight 

change of other parameters such as clad ratio and width-to-thickness ratio will 

cause a big change to the buckling stress. 

 

 

     (a) 

 

     (b) 

 

     (c) 

 

     (d) 

 

     (e) 

 

     (f) 

Fig. 6 Influence of cladding metal on the buckling stress of (a) SP, b/t=10, a/b=5; (b) DP, 

b/t=10, a/b=5; (c) SP, b/t=50, a/b=5; (d) DP, b/t=50, a/b=5; (e) SP, b/t=10, a/b=1; (f) DP, 

b/t=10, a/b=1. 

 

3.2.5. Influence of boundary condition 

Since the elastic buckling of simply supported (internal) bimetallic steel 

plates has been investigated in a previous study [7], it is worthwhile to compare 

the buckling stresses of outstand plates with those of internal plates to find out 

the influence of boundary condition, and thus to gain a deeper knowledge of the 

elastic buckling of bimetallic steel plates. 

The data of simply supported bimetallic steel plates given in [7] are 

compared with those of outstand plates herein. The parameters of plates are 

determined in accordance to the previous study, as the three clad ratios 0.2, 0.5 

and 0.8 and two cladding configurations SP and DP are considered. Figs. 7(a) 

and 7(b) show the results with various elastic modulus ratios Ec /Es while the 

width-to-thickness ratio is set as 10 and the shape of the plates is square. Figs. 

7(c) and 7(d) demonstrate the results with different width-to-thickness ratios 

while the material is TC bimetallic steel and the shape of the plates is also square. 

It can be seen from Fig. 7 that due to the different boundary conditions, the 

elastic buckling stress of outstand plates is significantly smaller than that of the 

internal plates. It needs to be noted that the curves of internal and outstand plates 

in Fig. 7 have similar shape, which means the variation of buckling stress with 

both elastic modulus ratio Ec /Es and width-to-thickness ratio is not profoundly 

influenced by the change of boundary conditions. 

In recognition of the similarity of internal and outstand plates with regard 

to the variation of buckling stress, the design method of outstand plates can be 

established on this basis. For the simplicity and convenience of engineering 

application, a similar way can be applied with only a few key parameters to be 

updated. 

 

 

     (a) 

 

     (b) 

 

     (c) 
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     (d) 

Fig. 7 Influence of boundary condition on the buckling stress of (a) SP, b/t=10, a/b=1; (b) 

DP, b/t=10, a/b=1; (c) SP, Ec/Es=0.5, a/b=1; (d) DP, Ec/Es=0.5, a/b=1; 

 

4.  Design methods 

 

Since the theoretical derivation has been validated against numerical 

analyses and the influence of critical parameters has been clarified, the design 

methods for the elastic buckling of outstand SC bimetallic steel plates can be 

provided. In the authors’ previous study on the internal (simply supported) 

plates, the simplified solution of critical buckling stress has been proposed along 

with the design requirements for interface shear strength. However, for outstand 

plates, the transverse shear stresses can’t be explicitly expressed by any formula 

because the buckling stress is solved by the energy method with Ritz 

formulation. 

Therefore, the design methods proposed herein will focus on the calculation 

of critical buckling stress of bimetallic steel plates. Given that the design 

methods to calculate the buckling stress of simply supported plates have already 

been provided in literature [7], they can be combined with the research findings 

hereinto form a set of integrated and generall design formulae for both oustand 

and interal elastic buckling of bimetallic steel plates. 

By substituting the shear deformation effect factor kFSDT (expressed as Eq. 

(12)) into the expression of the buckling stress σcr,FSDT (expressed as Eq. (11)), 

the buckling stress of internal and outstand plates can be expressed by a unified 

equation as shown in Eq. (14):  

 

𝜎cr =
(1−

2𝜒int(out)

2𝜒int(out)+1−𝜈
)𝑘int(out)𝜋

2𝐷

𝑏2𝑡
 (14) 

 

In Eq. (14), the parameters kint(out) and χint(out) varies with the boundary 

conditions. 

For internal plates: 

 

𝑘int = (
𝑚𝑏

𝑎
+

𝑛2𝑎

𝑚𝑏
)2                       (15) 

 

𝜒int =
𝑡2𝜋2

12𝐾s
(
𝑚2

𝑎2
+

𝑛2

𝑏2
)                       (16) 

 

in which the coefficients m and n are positive integers that results in a lowest 

kint, which is determined by the aspect ratio of the plates. 

For outstand plates: 

 

𝑘out = (0.425 +
𝑏2

𝑎2
)                       (17) 

 

𝜒out =
𝜋2

12𝐾s
(
𝑡

𝑏
)2 (

1

(𝑎 𝑏⁄ )2
+ 1)                       (18) 

 

The shear correction factor Ks and bending stiffness D are different for two 

cladding configurations. The expressions of bending stiffness have been given 

in Eqs. (7)~(10), and the expressions of are Ks as follows: 

For plates with singly-sided cladding metal (SP): 

 

𝐾𝑠 =
𝑡5𝐸sp

2

144𝐸eqℎs(𝑧)
                       (19) 

 

in which Esp is the integral elastic modulus of SP, as shown in Eq. (8); hd(z) is a 

complicated parameter whose expanded form is too long to be introduced here. 

The expanded form can be found in the Appendix A of literature [7]. Another 

parameter appears in Eq. (19) is the equivalent elastic modulus of the plate Eeq, 

which is same for both SP and DP plates: 

 

𝐸eq = 𝛽𝐸c + (1 − 𝛽)𝐸s                       (20) 

 

For plates with doubly-sided cladding metal (DP): 

 

𝐾𝑠 =
𝑡5𝐸dp

2

144𝐸eqℎd(𝑧)
                       (21) 

 

in which Edp is the integral elastic modulus of DP, as shown in Eq. (10); Eeq is 

the equivalent elastic modulus of the plate as expressed in Eq. (20); hd(z) is a 

complicated parameter whose expanded form can be also found in the Appendix 

A of literature [7]. 

Although it is hard to establish a simplified expression or a fitting function 

for the shear correction factor Ks, the authors have suggested a solution for 

engineering application, that is to use tables for engineers to look up from, as 

shown in Table 2 for common paraters in practice, while more tables 

corresponding to different elastic modulus ratios and clad ratios can be provided 

in the design code to cover the whole range of engineering application. With the 

help of such tables, one can conveniently find the approximate shear correction 

factor value of a specific bimetallic steel plate using the tables and linear 

interpolation. 

 

Table 2 

The shear correction factor Ks for different bimetallic steel types and cladding 

configurations 

Clad ratio 

Shear correction factor Ks 

SC bimetallic steel TC bimetallic steel 

SP DP SP DP 

0 0.8333 0.8333 0.8333 0.8333 

0.05 0.8340 0.8337 0.8367 0.8351 

0.10 0.8355 0.8347 0.8456 0.8405 

0.15 0.8372 0.8361 0.8572 0.8490 

0.20 0.8386 0.8378 0.8676 0.8602 

0.25 0.8394 0.8395 0.8727 0.8730 

 

5.  Conclusions 

 

A comprehensive study into the elastic buckling of outstand SC bimetallic 

plates subjected to uniaxial compression has been presented. Taking the neutral 

surface and transverse shear deformation into consideration, the energy method 

is adopted to derive the analytical solutions of the buckling stress. The FE 

models are developed in both MATLAB and ABAQUS to verify the accuracy 

of theoretical solutions, in which different combinations of parameters like clad 

ratios, width-to-thickness ratios, aspect ratios and cladding materials are used 

for the purpose of validation. The validated formulae have been used to carry 

out a series of parametric analyses to further clarify the influence of critical 

parameters. Finally, in combination of the previous research findings, a 

comprehensive design method for SC bimetallic plates has been proposed, 

including a set of formulae to calculate the elastic buckling stress. Detailed 

findings are outlined as follows: 

(1) The energy method with Ritz formulation can be adopted to solve the 

buckling stress of outstand SC bimetallic steel plates, while the relative position 

of neutral surface from the middle one zn, the bending stiffness D and the first-

order shear deformation effect have been considered to improve the accuracy; 

(2) Numerical analyses based on two FE analysis tools (MATLAB and 

ABAQUS) have been conducted, and the results obtained through these two 

methods show complete consistency with each other as well as with the 

theoretical solutions; 

(3) The influence of clad ratio on the buckling stress is mainly controlled 

by the bending stiffness, and the patterns of SP and DP are different; 

(4) The influence of width-to-thickness ratio on the buckling stress is more 

significant compared to that of the clad ratio; 

(5) When the aspect ratio is small, the change of the plate shape can lead to 

a considerable variation of buckling stress; 

(6) When the material properties of the cladding and substrate materials are 

significantly different such as the case of TC bimetallic steel, the slight change 

of other parameters can cause a big change in the buckling stress; 

(7) For internal and outstand bimetallic steel plates, the boundary 

conditions can significantly affect the buckling stress, but the influence of 

parameters is similar; 
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(8) Combining the design formulae of internal and outstand bimetallic stel 

plates, an integrated design method have been proposed to calculate the elastic 

buckling stress of bimetallic steel plates. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This work proposes a partially through-beam joint system to connect square concrete-filled steel tubular (CFST) columns 

and reinforced concrete (RC) beams. In the system, the holes in the steel tube allow longitudinal beam reinforcements to be 

continuous through the joint zone to achieve direct load-transfer of the beam, and the square steel tube with holes is 

strengthened by welding diagonal ribs located at the corners of the steel tube. Finite element (FE) analyses on joints with 

RC beams were carried out based on verified models. The analysis results showed that diagonal ribs welded to the joint 

tube confined the concrete in the joint zone efficiently and made up for the reduction in axial load capacity caused by the 

holes of the steel tube, so the joint system can meet the requirements of strong-joint weak-component under axial 

compression with ease. Finally, mechanics-based models and axial strength equations of joints were proposed, and the 

predicted results agreed well with the FE results. These results proved that the square CFST column to RC beam joints 

stiffened by diagonal ribs were feasible and can be applied in engineering practice based on reasonable design . 
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1.  Introduction 

 

Concrete-filled steel tubular (CFST) columns get more and more 

applications as the main structural elements for resisting both vertical and lateral 

loads in multistory and high-rise buildings [1–4]. Compared with the circular 

CFST columns, the square CFST column has relatively large bending stiffness, 

high bending capacity and convenient construction, and has been well applied 

in engineering. Square CFST columns are usually connected to steel beams or 

reinforced concrete (RC) beams. In consideration of the cost, square CFST 

column to RC beam joints are widely used in China [5]. 

Various joint systems connecting CFST columns with RC beams have been 

proposed. Generally, there are two types of joint systems, namely through-

column and through-beam joints, as shown in Fig. 1. In the through-column 

joint (Fig. 1 (a)), the column steel tube is continuous through the joint zone, and 

the longitudinal reinforcements of RC beams are usually connected to steel 

corbels or stiffening rings which stiffen the joint zone and transfer both the 

shearing forces and bending moments [6,7]. In the through-beam joint (Fig. 1 

(b)), the column steel tube is discontinuous, and the beam longitudinal 

reinforcements pass through the joint zone directly. Besides, the ring beam and 

column longitudinal reinforcements are used to strengthen the joint zone and to 

compensate for the reduction in axial load capacity caused by the discontinuous 

column tube [8–13]. Nevertheless, for through-column joints various stiffeners 

such as stiffening rings are needed to transfer the force from the reinforcements 

and welding on site cannot be avoided, and for through-beam joints the details 

for ring beams are complex and the protruded ring beams are architecturally 

undesirable. 

 

  

(a) Through-column joint [7] (b) Through-beam joint [10] 

Fig. 1 Typical CFST column to RC beam joints 

 

In recent years, a new kind of joint system, namely partially through-beam 

joints, was proposed due to the practical engineering demands, as shown in Fig. 

2. In the partially through-beam joints, the holes in the hollow steel tube allowed 

beam longitudinal reinforcements to be continuous through the joint zone to 

transfer the bending moment and shearing force of the RC beam directly and 

effectively. Besides, the additional outer steel tube [14] or internal diaphragms 

[15] were welded to the joint steel tube to make up for the reduction in axial 

load capacity caused by the holes. The experimental and analytical results 

showed that these joint systems showed good axial and cyclic performance [14–

16]. 

On the basis of previous research, a novel, more simplified and reliable 

partially through-beam joints was proposed in this work. As shown in Fig. 3, 

diagonal ribs were welded to the edge of the hole to confine concrete in the joint 

zone and to co-carry the axial load. The square CFST columns stiffened by 

diagonal ribs were experimentally and analytically evaluated by the authors 

[17,18]. The results showed that: 1) the diagonal ribs changed the buckling 

mode and effectively delayed the local buckling of the square steel tube; 2) the 

diagonal ribs not only confined the steel tube and concrete, but also co-carried 

the axial load; 3) in comparison to square CFST columns with other stiffeners, 

the columns with diagonal ribs had higher strength, better ductility and larger 

energy dissipation capacity under the same steel ratio. Consequently, the newly 

proposed square CFST column to RC beam joints stiffened by diagonal ribs are 

anticipated to possess good mechanical properties. 

Stiffening ring 

Column tube 

Longitudinal  

beam reinforcement 

Ring beam 

Longitudinal 

column reinforcement 
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(a) Joint with rectangular holes [14] (b) Stiffiened interior joint [15] 

Fig. 2 Typical partially through-beam joints 

 

However, it remains questionable that whether the proposed joint system 

can meet the requirements of the strong-joint weak-component under axial 

compression due to the holes in the joint steel tube. In this work, the feasibility 

of square CFST column to RC beam joints stiffened by diagonal ribs was carried 

out, and the axial compression behavior of the joints was studied through finite 

element (FE) analyses using ABAQUS. The FE models were verified by the test 

results in relevant literature, followed by extensive parametric analyses. Finally, 

based on the analytical results, the mechanics-based models and axial strength 

equations for the joints were proposed. 

 

 

Fig. 3 Square thin-walled CFST column to RC beam joints 

 

2.  Finite element model 

 

2.1. Model description 

 

(1) Benchmark model  

Fig. 4 shows the details of the benchmark model. The width (Bc) and height 

(Hc) of the column were 300 mm and 1400 mm, respectively. The width (Bb) 

and height (Hb) of the beam were 150 mm and 300 mm, respectively. The width 

of the end sub-plate (b) was 75mm, namely the diagonal ribs were welded at 1/4 

of the column width (i.e., b=1/4Bc). The thickness of the diagonal rib (ts) and 

steel tube (tt) were taken as 8mm. The spacing between two adjacent holes (s), 

the diameter of holes in the diagonal ribs (d) and the width of diagonal ribs (bs) 

were 75mm, 25mm and 106.07mm, respectively. The ratio of hole area to the 

beam cross-sectional area was defined as the hole ratio of joint steel tube (ρ) 

(i.e., ρ=2bh/Hb), which was 0.5 in the benchmark model. The concrete 

compressive strength (fc) was 40MPa and the steel yield strength (fy) was 

345MPa. The yield strength of beam longitudinal reinforcements was 400MPa. 

The studied parameters are listed in Table 1.  

(2) Modeling method 

The concrete was modeled by solid element (type C3D8R). For concrete 

under compression, the Concrete Damaged Plasticity (CDP) model was used to 

model concrete, and the stress-strain relationships proposed by Han et al.[1] and 

GB50010 2010 [19] were applied for the column and beam concrete, 

respectively. For concrete under tension, the stress-strain model was obtained 

by defining the tensile stress and tensile fracture energy presented in CEB-FIP 

MC90 [20]. The elastic modulus and Poisson's ratio of concrete were 

4730*sqrt(fc) and 0.2 [21], respectively.  

 

 

 

Fig. 4 Details of the benchmark model (units: mm) 
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Table 1 

Joint parameters 

Parameter Variables Fixed values 

 

 

Width of end sub-plate (b)  0.25Bc, 0.27Bc, 0.28Bc, 0.30Bc, 0.32Bc, 0.33Bc 1/4Bc 

Width-to-thickness ratio of steel tube (Bc/tt) 18.75, 21.43, 25, 30, 37.5, 50 37.5 

Ratio of diagonal rib thickness to tube thickness 

(ts/tt)  
0, 0.25, 0.50, 0.75, 1.00, 1.25, 1.50 1.00 

Diameter of hole in diagonal rib (d) 0bs, 0.20bs, 0.24bs, 0.40bs, 0.60bs,0.70bs 0.24bs 

Spacing between two adjacent holes (s)  3d, 4d, 5d, 6d, 9d 3d 

Hole ratio of joint steel tube (ρ) 0.5, 0.6, 0.7, 0.8, 0.9, 1.0 0.5 

Concrete compressive strength (fc: MPa) 30, 40, 50, 60, 70, 80 40 

Steel yield strength (fy: MPa) 235, 345, 460, 550, 600, 700, 800 345 

 

Steel tubes and diagonal ribs were simulated by shell element (type S4R), 

and reinforcements were simulated by truss element (type T3D2). The elastic-

perfectly plastic stress-strain model was adopted for steel. The elastic modulus 

and Poisson’s ratio of steel were selected as 206GPa and 0.3, respectively.  

In the FE model, diagonal ribs and beam reinforcements were embedded in 

the concrete. The interface between the steel tube and concrete was modeled by 

surface-to-surface contact interaction, where the hard contact was used for the 

normal behavior and Mohr-Coulomb friction model with a fiction coefficient of 

0.6 was used for the tangential behavior. The column end was fixed, and only 

the vertical degree of freedom of the column top was released. 

As shown in Fig. 5, the mesh size was 1/10 of the column width based on 

sensitivity study.  

 

 

 

Fig. 5 FE model of joints 

 

2.2. Model verification 

 

(1) Square CFST column stiffened by diagonal ribs 

Typical square CFST columns stiffened by diagonal ribs in previous tests 

[18] were simulated. As shown in Fig. 6, the FE model well predicted the initial 

stiffness and peak strength. 

(2) TRC column to RC beam joints 

Similar joint specimens in the literature [11,12] were simulated. As shown 

in Fig. 7 and Fig. 8, the failure modes, initial stiffness and peak strength were 

in good agreement with test results. Based on these verifications, the proposed 

model can be used for further analyses. 
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Fig. 6 Comparison on FE and experimental results for square CFST columns stiffened by diagonal ribs 
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Fig. 7 Comparison on FE and experimental results for circular TRC column to RC beam joints 
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Fig. 8 Comparison on FE and experimental results for square TRC column to RC beam joints 
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3.  Parametric study 

 

As shown in Fig. 9, two failure modes for the interior joints stiffened by 

diagonal ribs were observed based on the strain distribution of the concrete, 

namely the joint failure and column failure. 

(1) Effect of end sub-plate width (b) and hole ratio of joint steel tube (ρ) 

Fig. 10(a) shows the effect of b. The failure mode and peak strength 

remained almost unchanged with b increased from 1/4Bc to 1/3Bc, and the 

requirements of the strong-joint weak-component under axial compression were 

satisfied. Consequently, the end sub-plate width was suggested to be 1/4 Bc -

1/3Bc (i.e., b =1/4Bc -1/3Bc). Note that the beam width also changed with 

variation of b, since the diagonal ribs were welded to the edge of the hole. 

As shown in Fig. 10(b), the peak strength was unchanged due to the same 

column failure with ρ smaller than 0.9. However, the strength was reduced 

obviously and the failure mode was changed to joint failure due to larger ρ of 

1.0. Therefore, ρ should be no larger than 0.9 to avoid excessively weakening 

the joint steel tube and to achieve the strong-joint weak-component. 

Additionally, the potential direct shear failure of the interface between the 

column and beam would occur when ρ was smaller than 0.5 [22]. Consequently, 

it is recommended the hole ratio lager than 0.5 while smaller than 0.9 (i.e., ρ = 

0.5-0.9). 

 

 

 

   

 (a) Column failure (b) Joint failure 

Fig. 9 Failure modes of joints stiffened by diagonal ribs 

 

(2) Effect of thickness of joint steel tube (tt) and thickness of diagonal rib (ts)  

As shown in Fig. 11(a), the peak strength was increased with larger tt, 

whereas the failure mode remained unchanged, as the load capacity provided by 

the column and joint zone varied simultaneously.  

As shown in Fig. 11(b), thicker ts increased the load capacity of the joint 

zone, and thus the peak strength was enhanced significantly for specimens with 

joint failure. However, the strength enhancement was slight after the value of 

ts/tt larger than 0.75, as the failure mode was changed to the column failure and 

the load capacity was provided by the unstiffened CFST column. For ease of 

design, the thickness of the diagonal rib was suggested to be the same as that of 

the steel tube (i.e., ts/tt =1.0). 

(3) Effect of concrete strength (fc) and steel yield strength (fy)  

As showed in Fig. 12, the strength increased linearly with larger fc and fy, 

as fc and fy didn’t change difference of the confinement stress between different 

zones, and thus the failure mode was unchanged. 

(4) Effect of spacing between two adjacent holes (s) and diameter of holes (d) 

As shown in Fig. 13(a), the spacing of holes affected the strength little and 

the failure mode was unchanged. This was attributed to fact that the effective 

cross-sectional areas of diagonal ribs were unchanged. According to Zhou et al. 

[23], the spacing was recommended at least 2.25 times the hole diameter (i.e., s 

≥2.25d) to avoid the potential highly stressed regions between two adjacent 

concrete dowels. 

Fig. 13(b) showed that the strength of specimens decreased with d increased 

from 0 to 0.7bs, but the strength reduction was within 3%, and the failure mode 

was also unchanged. A larger d could facilitate concreting, increase the 

anchorage and improve the load transfer between the steel and concrete, while 

also weak the diagonal ribs. Therefore, the hole diameter (d) is recommended 

to be with the range of 0.2-0.7bs (i.e., d = 0.2-0.7bs). 
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Fig. 13 Effect of s and d 

 

4.  Prediction for axial load capacity of joint zone 

 

4.1. Plastic stress distribution method 

 

In this section, the plastic stress distribution (PSD) method was firstly used 

to predict the axial load capacity of the joint zone, as the PSD method was 

widely used as the primary method for calculating the strength of steel-concrete 

composite members [24,25]. In the PSD method, steel components are assumed 

to have attained their yield stress in either tension or compression and the 

concrete is assumed to have attained their compressive stress in compression 

[24]. Tension strength of the concrete is neglected. Note that neglecting the local 

buckling of the steel tube was reasonable, as the column steel tubes were 

designed to meet the width-to-thickness ratio limitations in typical standards 

[26]. 
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The axial load capacity of the joint zone depended on the minimum load 

capacity provided by Zones I and II, as shown in Fig. , and thus the load capacity 

of Zone I was focused on due to the holes. Consequently, the axial load capacity 

of joint zone (Nj) was calculated as 

 

j c c tj ty sj syN A f A f A f= + +  (1) 

 

Where Ac, Atj and Asj are the net cross-sectional areas of the concrete, joint steel 

tube and diagonal rib, respectively. fc, fty and fsy are the concrete compressive 

strength, and yield strength of the steel tube and diagonal rib, respectively. 

 

 

Fig. 14 Diagram of joint zone 

 

As shown in Fig. 15, the average ratio and standard deviation of the 

calculated to the FE predicted were 0.827 and 0.045, respectively, indicating 

that the PSD method was very conservative . 
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Fig. 15 Comparison between FE results and computation results from PSD method 

 

4.2. Proposed model 

 

Based on the above-mentioned calculation results, the PSD method was too 

conservative due to the unconsidered confinement from the steel tube and 

diagonal ribs to the concrete. Therefore, in this section, the axial load capacity 

for the joint zone was calculated based on the confined concrete theory [27]. It 

was assumed that the arching action acted in the form of second-degree 

parabolas with an initial tangent angle of 45° both in the horizontal and vertical 

directions. Both diagonal ribs and steel tubes were considered to not only 

confine the concrete through horizontal tensile stress, but also carry vertical 

forces through longitudinal compressive stress.  

The axial load capacity of the joint zone (Nj) was calculated as: 

 

j c cc tj tv sj sv jbN A A A N  = + + +  (2)  
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(3) 

 
'

r e rf k f=  
(4) 

 

Where σcc is the compressive strength of confined concrete. σcc, σtv and σsv are 

the compressive strength of confined concrete and the vertical compressive 

stress of the steel tube and diagonal rib, respectively. Njb is the load capacity 

provided by the RC beam. fr
’ and fr are the effective confinement stress and 

confinement stress, respectively. ke is the confinement effectiveness coefficient.  

For Zone I, the confinement stress was provided by the joint steel tube with 

holes and diagonal ribs. The effectively confined zones were shown in Fig. 16. 

Note that the beam longitudinal reinforcements were mainly used to resist the 

bending moment and thus their confining effect was ignored. Therefore, the 

effective confinement stress was calculated by 

 

'

r ev eh rf k k f=  (5) 

 

Where kev is the vertical confinement effectiveness coefficient of Zone I. keh is 

the horizontal confinement effectiveness coefficient for the square steel tube 

with diagonal ribs.  

 

 

Fig. 16 Effectively confined zones 

 
The confinement stress fr from the diagonal ribs stiffened square steel tube 

with holes was calculated by: 

 

( ) ( )th t sh s r c t2 1 2 cos45 (1 ) 2
d

t t f B t
s

 r − + − = −  (6) 

 

Where σth and σsh are horizontal tensile stress of the steel tube and diagonal rib. 

d and s are the diameter and spacing of the holes on one diagonal rib, 

respectively. ρ is the hole ratio. 

According to Sakino et al. [28], the vertical compressive stress (σtv) and 

horizontal tensile stress (σth) of the steel tube were taken as 0.89fyt and 0.19fyt, 

respectively, which satisfied the von Mises criteria since the steel tube yielded 

at the peak load. Analogously, the vertical compressive stress of diagonal ribs 

σsv and σsh were respectively taken as 0.89fys and 0.19fys due to no local buckling. 

The load capacity provided by the RC beams was [16] 

 

b

'

b hcjN f nb B =  (7) 

 

Where ꞵ is the uneven distribution coefficient of the concrete compressive 

stress of the diffusion cross-section and is taken as 0.33. α is the diffusion angle 

of local compression and is taken as 0.5. n is the number of orthogonal beams. 

Bb and bh is the beam width and hole height. 

As shown in Fig. 17, the average ratio and standard deviation of the 

calculated to the tested and FE predicted is 0.988 and 0.064, respectively. 

Therefore, the proposed axial load capacity equations well predicted the 

strength of the joint zone stiffened by diagonal ribs. 
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Fig. 17 Comparison between FE results and predicted results from proposed model 

 

5.  Conclusions 

 

In this work, the feasibility of square CFST column to RC beam joints 

stiffened by diagonal ribs was carried out, and the axial compression behavior 

of the joints was studied through FE analyses. The following conclusions can 

be drawn: 

(1) Two failure modes, namely joint failure and column failure, were 

observed based on parametric analyses. The results showed that the increase of 

material strength enhanced the joint strength linearly, while not affected the 

failure mode; the thickness of the diagonal rib and hole ratio affected both the 

joint strength and the failure mode.  

(2) The strong-joint weak-componen can be achieved without conducting 

calculation once the following joint details were satisfied, namely the diagonal 

rib was welded at 1/4 to 1/3 times the column width (i.e., b =1/4Bc-1/3Bc), the 

hole ratio was larger than 0.5 while smaller than 0.9 (i.e., the hole area to the 

beam cross-sectional area ratio ρ = 0.5-0.9), the thickness of the diagonal rib 

was the same as that of the steel tube, the spacing between two adjacent holes 

was no less than 2.25 times of the hole diameter (i.e., s ≥2.25d), and the hole 

diameter was within 0.2-0.7 times the diagonal ribs width (i.e., d = 0.2-0.7bs).  

(3) The plastic stress distribution (PSD) method was found to be very 

conservative with the average ratio and standard deviation of 0.827 and 0.045, 

respectively, as the confinement from the steel tube and diagonal ribs to the 

concrete was ignored. Based on the confined concrete theory, the mechanics-

based models were proposed and agreed well with the FE results with the 

average ratio and standard deviation of 0.98 and 0.064, respectively. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The fire resistance limit value of box-type composite walls is one of the important parameters for applying this system. To this end, this 

article selects different refractory structural measures for the composite wall and analyzes the parameters in each part of the fire-resistant 

structure, including rock wool thickness, keel spacing, number of opening rows in the keel, gypsum board layers and thickness, etc. The 

results show that the thickness of rock wool, gypsum board layers and thickness, type of cladding plates and the number of layers, the axial 

compression ratio have significant influence on the fire endurance. The keel distance and the number of openings rows are almost 

unaffected. Based on the above analysis, the fire resistance optimization design method and fire resistance calculation formulas of the 

composite wall are proposed to provide theoretical support for the fire protection design of the box-type steel structural system. 
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1.  Introduction 

 

In the seismic structural system, steel plate shear walls, as the lateral force-

resisting member, have advantages of lightweight, good ductility and powerful 

energy consumption capability, which play a pivotal role in the safety of 

structural system. To follow the development trend of the construction industry, 

combining the design concept of assembled steel structure and steel plate walls, 

the box-type assembled steel structural system emerges as the times require, the 

structural system is shown in Fig.1. The box-type assembled steel structural 

system consists of the stiffening plate which is not constrained by the peripheral 

frame, with advantages of production industrialization, assembled construction, 

etc. In particular, as a novel type of assembled steel structural system, this 

structure can give full play to the advantage of steel material and assembled 

structure, reduce the construction time greatly, and has been applied to the 

practical engineering. 

Through the experimental study of module units and shaking table of box-

type assembled steel structural system, it has been found that this structural 

system has good ductility and seismic performance under seismic load by Lan 

and Men [1]~[3]. In the module unit experiment, when the corners of the 

structure are reinforced, the ductility and bearing capacity of the structure is 

improved greatly. In the shaking table experiment, the maximum elastic-plastic 

story drift angle of this structure is 1/52 under the 9th intensity rare earthquake, 

which meets the requirement of the code of seismic design for buildings (GB 

50011-2010) [4], indicating the excellent seismic performance. However, this 

structural system is a pure steel structure with poor fire resistance, for the 

popularization and application of this structure system, the effect of fire on 

buildings can’t be ignored.  

 

 
Fig. 1 Box-type assembled steel structural system 

 

For these reasons, this paper will conduct the relevant analysis and research 

on the fire-resistance of box-type assembled composite walls, including the 

design of fire-resistance structure and finite element analysis of the fire 

resistance. Finally, based on the analysis result, a method for designing the fire-

resistant of composite walls is presented, which provides the basis for the 

application of the box-type steel structural system. 

 

2.  Structural design for fire resistance 

 

2.1. Structural design and stress mechanism 

 

2.1.1. Structural design for composite walls 

This paper mainly analyzes the fire-resistance of the box-type assembled 

composite wall under the one-side fire, the specimen is shown in Fig. 2.In the 

figure, a joist steel beam with large stiffness is set at the top of the wall, which 

is used to simulate the uniform load transferred by the floor. Additionally, 

considering the effect of partial fixing, the box-section ground beam is set at the 

bottom of the wall. 
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(c) Size of stiffeners (a and b) 

Fig. 2 Fire-resistance structure of box-type assembled composite walls. 

 
2.1.2. Stress mechanism of composite walls 

Steel plate walls are divided into thick steel plate walls and thin steel plate 

walls. In literature [5], Zhao provided the stress mechanism of steel plate walls, 

for thick steel plate walls, it occurred shear deformation under seismic load, and 

formed the tensile band. The effect of stiffeners is to restrict the deformation of 

steel plate, until the tensile band reached the ultimate strength. Thick steel plate 

walls occurred shear failure, the failure deformation is shown in Fig. 3(a). For 

thin steel plate walls, its failure mode is the same as thick steel plate walls, when 

concrete slabs are covered on the steel plate wall. The tensile band is mainly 

distributed in the area enclosed by the concrete slab and the stiffener, the failure 

deformation is shown in Fig. 3(b). 

 

 
(a) Thick steel plate walls             (b) Thin steel plate walls 

Fig. 3 Failure modes of specimens 

 
2.2. Proposal for fire-resistant structure 

 

The fire-resistant structural design of composite walls mainly includes: the 

covering thickness, the keel distance and row numbers of openings, types of 

cladding plates, the thickness of walls and the number of stiffeners. The details 

are as follows: 

(1) Design of covering thickness. The covering thickness is mainly related 

to the layer numbers and thickness of the filling material and the cladding plate. 

If the covering thickness is too thin, the protective layer is easy to fall off under 

fire condition, leading to contact directly between steel and fire, and reducing 

the safety of members. Therefore, in designing the fire-resistant structure, the 

thickness and layer numbers of rock wool and gypsum board, which are used as 

filling material and cladding plates, should be chosen reasonably. 

(2) Keel distance and row numbers of openings. In the fire-resistant 

structure, the presence of lightgage steel joist can keep the stability of walls 

under fire load, but  the fire resistance of composite wall is greatly reduced. To 

reduce this influence on the fire resistance, opening in the keel reasonably is 

crucial. 

(3) Types of cladding plates. When selecting the cladding plate, the fire 

resistance, applicability and economy of the material must be considered. 

Common materials include fire-retardant gypsum boards (FRGB), glass 

magnesium boards (GMB), as well as calcium silicate boards (CSB). Analyze 

the fire resistance of composite walls of the three-faced board, and select the 

appropriate cladding plates. 

(4) Depth-thickness ratio and number of stiffeners. The load of the box-type 

composite wall is mainly subjected by steel plates and stiffeners. Stiffeners limit 

the deformation of the steel plate, but also bear horizontal shear force. Therefore, 

determining the appropriate depth-thickness ratio and the number of stiffeners  

is critical to the fire resistance of composite wall. 

 

3.  Analysis of fire resistance 

 

3.1. Judgment standard for fire resistance 

 

According to “The Fire Resistance Design Of Steel Structure And Steel-

concrete Composite Structure” [6], there are two judgment standard for reaching 

the fire resistance of composite wall[7]. The first is the out-plane deformation 

rate of the wall exceeds the specified limit l2/15hx; the second is the out-plane 

displacement of the wall reaches l/800hx, which l is the length of the wall(mm); 

hx is the section height of the wall(mm). 

 

3.2. Establishment of finite element model 

 

In the establishment of finite element models, the C3D8R element was used 

for rock wool plate, cladding plate and steel plate, S4R element was used for 

keel, and the calculation model proposed by Lie and Chabot[8]was used for 

constitutive relation of steel. The test method refers to “The Fire-resistance 

Tests-elements Of Building” (GB/T 9978-2008)[9], two analysis steps are set 

up in the finite element analysis. In the first step, the constant axial load N at the 

top of the wall is applied to the rigid beam in the form of equivalent uniformly 

distributed load. In the second analysis step, the ODB result file obtained from 

the temperature field analysis was imported into the mechanical model for 

thermodynamic coupling calculation, and the fire resistance limit was solved. 

The bottom of the specimen was completely consolidated; the initial temperature 

was set at 20℃. 

In order to verify the reliability of the above model, finite element 

simulation was carried out on some specimens of the fire resistance test[10] and 

the simulated values were obtained  and compared with the experimental values, 

as shown in Table 1. The maximum deviation was 8.1%, and the minimum 

deviation was 4.3%, which was small enough to indicate that the above model 

could be used in subsequent fire resistance research. 

 

Table 1 

Comparison of fire resistance with simulated value and test value 

Specimen 

number 

Construction measures 

（from the fire surface to the backfire surface） 
Fire resistance（min） 

B1 layer B2 layer Keel B3 layer B4 layer Test value Simulated value Deviation 

S1 FRGB FRGB C89  FRGB FRGB 71 67 -5.6% 

S2 FRGB GMB C140  GMB FRGB 94 90 -4.3% 

S3 FRGB GMB C89  GMB FRGB 98 90 -8.1% 

S5 CSB CSB C89  CSB CSB 58 62 6.8% 

 

 

3.3. Stress distribution and failure mechanism 

 

To study the stress distribution and failure mechanism of composite walls 

under fire condition. According to the technical specification for concrete 

structures of tall buildings (JGJ 3-2010)[11], the shear wall was designed with 

an axial compression ratio limit of 0.5. It was compared with  axial compression 

ratio of 0.2 and 0.8. Specimen parameters were shown in Table 2, which a1, a2 

is the thickness of FRGB on the fire surface and the backfire surface, 

respectively; n is the axial compression ratio. 

 

 

 

Table 2 

Parameters of specimens 

Specimen 

number 

Thickness 

of rock 

wool(mm) 

Keel 

distance(mm) 

Thickness of FRGB Axial 

compression 

Ratio, n a1(mm) a2(mm) 

Q1 100 60 10 10 0.2 

Q2 100 60 10 10 0.5 

Q3 100 60 10 10 0.8 
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The stress distribution of specimens with different axial compression ratio 

is shown in Fig. 4. When the axial compression ratio n is 0.2 (Fig. 4a), the 

deformation of the entire steel plate is like a pumpkin, the plastic yield mainly 

distributes symmetrically in the four corners. Stress concentration occurs in the 

area near the loading beam and the bottom fixed end. The stress of the steel plate, 

L-type and T-type stiffeners is relatively small. For the edge constrained steel 

plate, since the constrained steel plate is not a load-bearing member, and the 

model only considers the internal heat conduction effect, the stress in the area 

near the edge restrained steel plate not closed to the end is little. 

 

 
(a) n=0.2 

 
(b) n=0.5 

 
(c) n=0.8 

Fig. 4 Stress distribution of composite walls 

 

When the axial compression ratio n is 0.5 (Fig. 4b), the stress concentration 

area at the upper and lower end of the wall increases, and gradually extends from 

the corner to the middle of the steel plate. The stress in the middle of the wall is 

great, but the stress of the L-type and T-type stiffener is still little. 

When the axial compression ratio n is 0.8 (Fig. 4c), the stress concentration 

area of the specimen develops from the end to the whole wall, the stress of the 

T-type stiffener is still small, but the stress of steel plate and L-type stiffeners 

increases and the yield is uniform. The edge steel plate is mainly deformed by 

expansion, but the stress near the edge steel plate increases greatly, and the 

whole wall almost reaches the yield strength. 

 

 
(a) n=0.2 

 
(b) n=0.5 

 
(c) n=0.8 

Fig. 5 Deformation of composite walls with different axial compression ratio 

 

The deformation of composite walls with different axial compression ratio 

as shown in Fig. 5, the deformation of the steel plate was symmetrically 

distributed along the axis of T-type stiffener. On the initial heating stage, the 

steel plate of composite walls bulged, the L-type stiffener bent, but the T-type 

stiffener had almost no distortion. With the increase of heating time, the lateral 

displacement in the upper end of steel plates increased. Finally, the deformation 

of the steel plate reached the limit, the composite wall was damaged. 

 

3.4. Parametric analysis 

 

The fire resistance of composite wall is affected by various parameters, such 

as the thickness of rock wool and keel distance, etc. In order to research the 

influence of various parameters on the fire resistance of composite walls, select 

the main parameters to analyze the fire resistance. The values of the main 

parameters are shown in table 3, which a1, a2 is the thickness of cladding plates 

on the fire surface and the backfire surface, respectively; b1, b2 is the layer 

number of FRGB on the fire surface and the backfire surface, respectively. 

 

Table 3 

The value of specimen parameters 

The main parameters The value 

Thickness of rock wool（mm） 50, 100, 150 

Keel distance（mm） No keel, 1000, 600 

Layer numbers of FRGB b1+b2（layer） 1+1, 1+2, 2+1, 2+2 

Row numbers of opening(row) 1, 3, 5, 7 

Thickness of cladding plates a1+a2（mm） 10+10, 10+12, 10+15, 12+10, 15+10 

Types of cladding plates FRGB、GMB、CSB 

Depth-thickness ratio 300, 400, 500, 600 

 
3.4.1. Thickness of rock wool 

The relationship between the thickness of rock wool and fire resistance is 

shown in Fig. 8. As the thickness of rock wool increases, the fire resistance of 

composite walls increases. When the thickness of rock wool exceeds 100mm, 

the straight slope increases from 0.62 to 1.62, and the fire resistance increases 

more. Increasing the thickness of rock wool can effectively improve fire 

resistance. When the thickness of rock wool exceeds 100mm, the effect of 

increasing the fire resistance is better. 
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Fig. 6 Relationship between thickness of rock wool and fire resistance 

 

3.4.2. Keel distance 

The relationship between keel distance and fire resistance is shown in Fig. 

7. With the increase of keel distance, the fire resistance gradually decreases, but 

the range is little, which means that the influence of keel distance on the fire 

resistance is little. In practical engineering, considering the convenience of 

construction and the size of walls, the recommended value for keel distance is 

600 mm, which does not affect the use of the building but also can meet the 

requirements of fire resistance. 

http://dict.cnki.net/dict_result.aspx?searchword=%e9%ab%98%e5%8e%9a%e6%af%94&tjType=sentence&style=&t=depth-thickness+ratio
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Fig. 7 Relationship between the keel distance and fire resistance 

 

3.4.3. Layer numbers of gypsum boards 

The fire resistance of specimens with different layer numbers of gypsum 

boards is shown in table 4, which b1, b2 is the layer number of cladding boards 

on the fire surface and the backfire surface, respectively, and c is the thickness 

of rock wool. It can be seen that as the layer number of gypsum boards increases, 

the fire resistance of specimens increases. When the total layers of gypsum 

boards are unchanged, The more gypsum boards layers on the fire surface, the 

more improvement of fire resistance. Therefore, it can be seen that increasing 

layer numbers of gypsum boards is economic and effective measures to improve 

fire resistance. 

 

Table 4 

The fire resistance of specimens with different layer numbers of gypsum boards 

Layer numbers of FRGB 

b1+b2（layer） 

Fire resistance（min） 

c=100mm c=150mm 

1+1 257 359 

1+2 309 363 

2+1 335 387 

2+2 368 483 

 

3.4.4. Row numbers of keel openings 
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Fig. 8 Relationship between row numbers of openings and fire resistance 

 

The relationship between row numbers of keel openings and the fire 

resistance is shown in Fig. 8. As the row number of keel openings increases, the 

fire resistance of specimens increases. When the keel distance s is 600mm, and 

the row number of keel openings m exceeds 5, the effect on the fire resistance is 

not obvious, although the heat conduction path of the keel is extended. When 

the keel distance s is 1000mm, the fire resistance is the same as  when keel 

distance is 600mm. Therefore, in the practical application, we should pay 

attention to the selection of appropriate keel opening row, avoid too much keel 

opening. 

 

3.4.5. Thickness of gypsum boards 

The relationship between the gypsum board thickness and fire resistance is 

shown in Fig. 9. Regardless of the fire surface and the backfire surface, with the 

thickness of gypsum boards increasing, the fire resistance of specimens 

increases. When the thickness of rock wool is 50 mm and 100mm, the thickness 

of gypsum board on backfire surface increases by 5mm, the fire resistance of 

specimens increases by 3.0% and 6.0% on average. When the thickness of 

plasterboard on fire surface increases by 5mm, the fire resistance of specimens 

increases by 7.0% and 9.0% on average, indicating that the thickness of 

plasterboard has a great influence on the fire resistance of specimens. 
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Fig. 9 Relationship between thickness of gypsum boards and fire resistance 

 

3.4.6. Types of cladding plates 

The fire resistance of composite walls with different cladding plate is shown 

in table 6, which b1, b2 is the layer number of cladding boards on the fire surface 

and the backfire surface, respectively. It can be seen that under different layer 

numbers of cladding plates, the fire resistance of glass magnesium boards is 

greater than the other two kinds of boards, indicating that the fire resistance of 

glass magnesium boards is better, calcium silicate boards is second, gypsum 

boards is the worst. 

 

Table 3 

The fire resistance of specimens with different kinds of cladding boards 

Layer numbers of cladding 

plates b1+b2（layer） 

Fire resistance（min） 

FRGB GMB CSB 

1+1 257 313 261 

2+1 335 367 282 

 

In general, the fire resistance of composite walls can be effectively and 

economically improved by selecting high-quality cladding plates, appropriate 

layer numbers, and thickness of cladding plates. 

 

3.4.7. Axial compression ratio 

The relationship between the axial compression ratio and the fire resistance 

is shown in Fig. 12. With the axial compression ratio increases, the fire 

resistance of composite walls decreases. When the number  of layers of gypsum 

boards on the fire surface and the backfire surface respectively is 1 layer and the 

axial compression ratio is 0.3 and 0.8, the fire resistance of specimens is 283min 

and 207min respectively, falling about 36%. When the numbers of layers of 

gypsum boards on the fire surface and the backfire surface respectively is 2 

layers and 1 layer, the other situations are the same, the fire resistance of 

specimens is 347min and 307min respectively, falling about 13%. It can be seen 

that the axial compression ratio has a great influence on the fire resistance of 

walls, and the influence of the axial compression ratio on the fire resistance limit 

is weakened when layer numbers of gypsum boards increase. Therefore, in 

designing the fire resistance, the influence of the axial compression ratio can be 

reduced by increasing layer numbers of gypsum boards. 
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Fig. 10 Relationship between axial compression ratio and fire resistance  

 

3.4.8. Depth-thickness ratio 

The relationship between the depth-thickness ratio and the fire resistance of 

composite walls is shown in Fig. 11. When the depth-thickness ratio is less than 

400, the fire resistance increases with the increase of depth-thickness ratio. 

When the depth-thickness ratio is more than 400, the fire resistance decreases 

with the increase of depth-thickness ratio. When the number of L-type stiffeners 

is 4, the influence is more obvious. It can be seen that the fire resistance can be 

improved by optimizing the design for the structure. 
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Fig. 11 Relationship between depth-thickness ratio and fire resistance  

 

3.5. Summary analysis 

 

As a basic specimen, its parameters are: rock wool thickness of 100mm, 

keel distance of 600mm, fire surface gypsum board layer number for a layer, 

backfire surface gypsum board layer number for a layer, thickness of 10mm, 

deep ratio of 375, fire resistance for 256min. The simulated value of parameter 

analysis was compared with the calculated value of the basic specimen to 

analyze the influence of different parameters on the fire resistance of the 

specimen, as shown in Fig. 12. 
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Fig. 12 The influence degree of different parameters on fire resistance 

 

It can be seen from Fig. 12 that the thickness of rock wool, the number and 

thickness of plasterboard layers, and the axial compression ratio have a greater 

impact on the fire resistance, and the keel distance also has a certain impact. 

However, considering the use of building space, the number and thickness of 

plasterboard layers are mainly considered in the design of fire resistance, and 

the thickness of rock wool can be considered as appropriate. 

 

4.  Design method of fire-resistant structure 

 

4.1. Design formula for fire resistance 

 

The analytical result of the fire resistance of composite walls is shown in 

table 7. The fire-resistance design formula was proposed. According to the fire-

resistance simulation values of different specimens, the fire-resistance 

regression equation was obtained by polynomial superposition regression 

analysis, as follows: 

 

1 2113.95 0.92 -121.72 -0.02 65.89 39.89eT h n b b= +    +  +            (1) 

 

which h is the thickness of rock wool, n is the axial compression ratio, λ is the 

depth-thickness ratio, b1 is layer numbers of gypsum boards on the fire surface, 

b2 is layer numbers of gypsum boards on the backfire surface; the thickness of 

rock wool ranges from 50mm to150mm, the axial compression ratio ranges from 

0.3 to 0.8, and the depth-thickness ratio ranges from 300 to 600. 

 

Table 7 

The analytical results of the fire resistance of composite walls 

Specimen 

number 

Thickness of 

rock wool 

(mm) 

Layer numbers of FRGB 

b1+b2 (layer) 

Axial 

compresion 

ratio 

Depth- 

thickness 

ratio 

Fire resistance（min） 

Simulated 

value 

Test  

value 
Deviation 

1 50 1+1 0.3 400 222 219.66 -1.1% 

2 100 1+1 0.3 400 285 265.66 4.8% 

3 150 1+1 0.3 400 314 311.66 -0.7% 

4 100 1+2 0.3 400 309 305.55 -1.1% 

5 100 2+1 0.3 400 335 331.55 -1.0% 

6 100 2+2 0.3 400 368 371.45 0.9% 

7 100 1+1 0.5 400 240 241.32 0.5% 

8 100 1+1 0.6 400 229 229.15 0.1% 

9 100 1+1 0.7 400 215 216.98 0.9% 

10 100 1+1 0.8 400 207 204.80 -1.1% 

11 100 1+1 0.3 300 250 268.05 6.7% 

12 100 1+1 0.3 500 265 263.28 -0.7% 

13 100 1+1 0.3 600 251 260.89 2.6% 

http://dict.cnki.net/dict_result.aspx?searchword=%e8%bd%b4%e5%8e%8b%e6%af%94&tjType=sentence&style=&t=axial+compression+ratio
http://dict.cnki.net/dict_result.aspx?searchword=%e9%ab%98%e5%8e%9a%e6%af%94&tjType=sentence&style=&t=depth-thickness+ratio
http://dict.cnki.net/dict_result.aspx?searchword=%e8%bd%b4%e5%8e%8b%e6%af%94&tjType=sentence&style=&t=axial+compression+ratio
http://dict.cnki.net/dict_result.aspx?searchword=%e9%ab%98%e5%8e%9a%e6%af%94&tjType=sentence&style=&t=depth-thickness+ratio
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The formula is used to recalculate the fire resistance of the wall to verify 

the correctness. The calculated values are shown in Table 7, and the deviation is 

shown in Table 7 when compared with the finite element simulation values. This 

comparison shows that the calculated value agrees well with the simulated value, 

because the maximum deviation is only 6.7%. Therefore, the formula can be 

used to predict the fire resistance of composite walls well. 

 

4.2. Design method for fire resistance 

 

According to the “Code For Fire Protection Design Of Building”(The 2018 

Edition) (GB 50016-2014) [12], when the fire-resistance rating is 3, the fire 

resistance of composite walls is not less than 120min; when the fire-resistance 

rating is 1, the fire resistance is not less than 180min. Therefore, in this section, 

based on the analytical result of the finite element, the structural design method 

of fire resistant is proposed, which meets the fire resistance requirement of 

120min and 180min.  

 

4.2.1. The fire resistance is 120min 

Firstly, according to the “Technical Specification For Concrete Structures 

Of Tall Building” (JGJ 3-2010) [11], the axial compression ratio of walls in the 

reinforced bottom zone is 0.5, and that in other zone is 0.3, the choice of depth-

thickness ratio and stiffeners must meet the serviceability limit state. Hence, 4 

L-shaped stiffener ribs are selected, and the depth-thickness ratio is 400. The 

gypsum board is used as the wall cladding board, and the fire surface and 

backfire surfaces are covered with a cladding board with a thickness of 10mm. 

With the rock wool as the filling material, the thickness of that is 50mm. 

Through the above measures, the fire resistance requirement of 120min can be 

met. When the axial compression ratio is 0.5, the fire resistance limit calculated 

by formula (1) is 195min, meeting the requirement of fire resistance limit of 

120min. In addition, the keel distance and row numbers of openings have little 

effect on the fire resistance, which can be determined according to the actual 

requirements. 

 

4.2.2. The fire resistance is 180min 

According to the fire-resistant structure design idea proposed in this paper, 

the concrete form and construction measures of fire-resistant 180min composite 

wall are refined. The load level, depth ratio and reinforcement design are the 

same as those of fire-resistant 120min. 

In the design of the thickness of the cladding board, the gypsum board is 

used as the cladding board of the wall, and the fire surface and the backfire 

surface are covered with a layer of cladding board with a thickness of 

10mm.With the rock wool as the filling material, its thickness is 50mm. Through 

the above measures, it can meet the fire resistance requirement of 180 min. 

When the axial compression ratio is 0.5, through increasing the layer numbers 

of gypsum boards on the fire surface, or using glass magnesium plates as 

cladding plates, it can also meet the requirements of fire resistance with 180min.  

 

5.  Conclusions 

 

In this paper, the fire resistance structure of box-type assembled composite 

walls is designed and its fire resistance is analyzed by the finite element method. 

The effects of parameters on fire resistance were studied, such as the thickness 

of rock wool, the keel distance and rows of openings, the layer number and 

thickness of gypsum boards, types of cladding plates, the depth-thickness ratio 

and the axial compression ratio. The conclusions are as follows: 

(1)According to the finite element analysis, among the factors affecting the 

fire performance, the thickness of rock wool, the number and thickness of 

gypsum board, and the axial compression ratio have a greater impact on the fire 

performance; the keel distance also has a certain influence. However, 

considering the use of building space, the thickness of rock wool can also be 

considered as appropriate when designing fire resistance. Increasing the 

thickness of gypsum board on fire surface can effectively improve the fire 

resistance limit of wall; and changing the type of covering plate is also an 

economic and effective measure. 

 (2) In this paper, the fire resistance design method of composite wall is 

summarized, and the formula of fire resistance calculation of wall is put forward 

according to the result of finite element analysis. Through the verification, the 

proposed formula can be used for practical engineering. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

To cater engineering application needs, cold-formed steel (CFS) members often have some web openings which could 

influence bearing capacity of the steel beam under combined bending and shear action. This paper presents tests on 20 

groups of thin-walled web-perforated lipped C-shaped CFS beams, which were conducted under single point loading mode 

at mid-span. Besides, detailed finite element parameter analysis on the high shear-span ratio (a/h= 1.5 ~ 4.0) specimens was 

conducted by ABAQUS after the model was verified, which was mainly focused on the influences of different hole depth-

to-web height ratios (dh/h) and web height-to-thickness ratios (h/t) on the bearing capacity and failure modes of the beams. 

Based on the results of test and FEA, the mechanical behavior and failure rules of thin-walled web perforated lipped C-

shaped CFS beams under combined bending and shear action were deeply studied.  
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1.  Introduction 

 

The thin-walled web-perforated CFS members are commonly used in 

practical engineering applications to provide convenience for the installation of 

pipeline facilities and to achieve efficient use of story height. However, the web 

opening will result in an unfavorable effect in the mechanical performance of 

the members. A series of research had been done on the behavior of web-

perforated CFS members. From 1994 to 1997, Langan et al. [1-3] carried out 

experimental and theoretical research on web perforated flexural CFS members, 

a series of shear capacity design formulas for CFS members with web 

perforations (including circular holes and non-circular holes) were proposed, 

which have been adopted in AISI S100 [4] and AS/NZS 4600 [5]. Through 

experimental and theoretical research on thin-walled CFS flexural and 

compression members, Schafer et al. [6-9] put forward a new method taking 

interactive buckling of plates into consideration to calculate the bearing capacity 

of thin-walled CFS members, namely the direct-strength-method (DSM). In 

2004, the direct-strength-method (DSM) was adopted by the AISI S100 [4]. In 

2008, Moen et al. [10-13] proposed the modified DSM formula for CFS beams 

with web openings after experimental and theoretical research on web-

perforated CFS flexural members. In 2012, on the basis of test results of plain 

lipped CFS members with C-shaped and Supa-Cee section, Pham and Hancock 

[14] proposed specific DSM for C-shaped steel beams in shear and in combined 

bending and shear action, in which the influence of tension field action was 

considered. In 2014, Keerthan et al. [15,16] conducted test and FEA on the 

hollow flange channel beams under combined bending and shear action, and 

proposed the lower bound equation applicable to the section form. In 2015, by 

means of test and FEA, Faridmehr [17] et al. studied behavior of C-channel 

stiffened CFS beams subjected to the bending and the primarily shear conditions, 

verified the effectiveness of the stiffening design, and pointed out the 

conservatism of M-V interaction design method in AISI. For double limb built-

up section CFS bending members, Young and Wang [18,19] carried out series 

of tests and FEA studies during 2015 to 2017, and extended the rules of DSM 

for these members with the effect of openings and screws considered. During 

2018 to 2019, Pham [20,21] et al. used a new experiment setup to minimize 

effect of applied bending moment in shear span, so as to study shear capacity of 

CFS beams in higher aspect ratios, and the results from test were recalibrated 

with the theoretical calculation results of the DSM in AISI and AS/NZS. 

Degtyareva et al. [22] conducted FEA on thin-walled CFS bending members 

with staggered slotted web perforations under combined bending moment and 

shear force action in 2019, and put forward specific equations for the bearing 

capacity of this kind of members. For C-shaped web perforated beams, Lawson 

et al. [23] proposed a derived formula for calculating the additional deflection, 

and compared the calculating results with those of tests and FEA. In 2020, based 

on the test results of rectangular and slotted web perforations of high-strength 

CFS beams, Pham et al. [24] proposed a modified formula for the DSM design 

for this kind of members. In 2022, Wang et al. [25] conducted tests on 26 groups 

of thin-walled web-perforated CFS members with low shear-span ratio (1.0 and 

1.5) and presented detailed finite element analysis, and the study was focused 

on the influence of holes on the shear performance of such members. 

In this paper, to study the behavior of thin-walled web perforated lipped C-

shaped CFS beams under combined bending moment and shear force action, 

tests on 20 groups of specimens were carried out, in which the single-point 

loading mode at mid-span section was adopted. And FEA was conducted by 

means of ABAQUS. The results of FEA and test were compared together, from 

which the accuracy of FEA model was validated. After that, by changing the 

hole depth-to-web height ratio and the web height-to-thickness ratio of the steel 

beams in relatively higher shear-span ratio (1.5 ~ 4.0), the parameter analysis 

was presented, and the effect of each parameter on the bending and shear 

performance of thin-walled web perforated lipped C-shaped CFS beams was 

deeply studied. 

 

2.  Experimental investigation of beams in bending and shear 

 

2.1. Specimen design 
 

The material of the 20 groups of specimens was all high strength zinc-

coated cold-formed steel (G550), and section thickness was all 1.9 mm. Fig.1 

(a) shows the dimension definition of the specimen. The specific meanings of 

each letter are as follow: the nominal web height is h, the nominal flange width 

is bf, and the nominal lip width is bl. Three different shear-span ratios of 2.0, 2.5 

and 3.0 were designed in the test. The position of circular holes were all set at 

the half height of the specimen web within the shear zone, as shown in Fig.1 (b). 

The range of the value of dh/h was 0 to 0.8. The label defining rules of specimen 

is presented in Fig. 2, in which repeated specimens are marked with R at the end 

of label. The dimensions of the specimen are presented in Table 1. 
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(a) 

 
(b) 

Fig. 1 Geometrical parameter definition (a) Section (b) Specimen 

 

 

Fig. 2 Specimen labelling rules 
 

Table 1  

Geometric dimensions of specimen 

Specimen 
Web Flange Lip Thickness Diameter The hole depth-to-web height ratio The shear-span ratio The web height-to-thickness ratio 

hw/mm bf/mm bl/mm t/mm dh/mm dh/h a/h h/t 

H0-1.9-160-850-a 150.09 60.46 20.21 1.93 \ \ 

2.0 

82.91 

H0-1.9-160-850-b 150.17 60.39 20.38 1.92 \ \ 83.34 

H0-1.9-160-850R-a 150.30 60.73 20.45 1.93 \ \ 82.95 

H0-1.9-160-850R-b 151.36 60.59 20.46 1.91 \ \ 83.66 

H0.35-1.9-160-850-a 150.21 60.55 20.50 1.91 55.95 0.35 83.75 

H0.35-1.9-160-850-b 149.97 60.57 20.42 1.90 55.83 0.35 84.13 

H0.5-1.9-160-850-a 150.03 60.57 20.46 1.92 80.02 0.50 83.21 

H0.5-1.9-160-850-b 150.40 60.66 20.45 1.91 79.97 0.50 83.58 

H0.8-1.9-160-850-a 150.79 60.42 20.39 1.91 127.92 0.80 83.66 

H0.8-1.9-160-850-b 149.85 60.56 20.26 1.91 127.92 0.80 83.52 

H0-1.9-160-1010-a 150.47 60.69 20.37 1.92 \ \ 

2.5 

83.48 

H0-1.9-160-1010-b 150.76 60.49 20.46 1.90 \ \ 84.28 

H0.35-1.9-160-1010-a 150.74 60.73 20.33 1.95 55.88 0.35 82.23 

H0.35-1.9-160-1010-b 150.60 60.45 20.61 1.94 55.89 0.35 82.47 

H0.5-1.9-160-1010-a 150.36 60.44 20.45 1.91 80.03 0.50 83.66 

H0.5-1.9-160-1010-b 150.04 60.35 20.40 1.93 80.01 0.50 83.08 

h
w

t

h

b
l

bf

r

a15 60 60 a 1560

hdh

H

Nominal

diameter ratio

(mm)

Nominal

web height

(mm)

Specimen

length
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Specimen

number

Nominal

thickness

(mm)
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H0.8-1.9-160-1010-a 150.72 60.80 20.96 1.88 128.03 0.81 84.35 

H0.8-1.9-160-1010-b 150.63 61.44 20.92 1.91 128.02 0.81 83.18 

H0-1.9-160-1170-a 150.68 60.55 20.44 1.96 \ \ 

3.0 

81.96 

H0-1.9-160-1170-b 152.56 60.59 19.94 1.93 \ \ 83.29 

H0-1.9-160-1170R-a 150.28 60.66 20.35 1.95 \ \ 82.28 

H0-1.9-160-1170R-b 150.40 60.72 20.30 1.96 \ \ 81.76 

H0.5-1.9-160-1170-a 151.23 61.61 19.80 1.94 79.98 0.49 83.57 

H0.5-1.9-160-1170-b 151.24 60.77 19.82 1.92 79.97 0.50 83.48 

H0.65-1.9-160-1170-a 150.53 60.66 21.22 1.90 104.04 0.65 83.93 

H0.65-1.9-160-1170-b 151.04 60.56 20.47 1.95 104.05 0.65 82.02 

H0.8-1.9-160-1170-a 150.86 60.65 19.91 1.99 127.92 0.80 80.73 

H0.8-1.9-160-1170-b 151.18 60.73 19.95 1.97 127.91 0.80 81.61 

H0-1.9-200-1010-a 193.69 74.67 24.43 1.93 \ \ 

2.0 

103.48 

H0-1.9-200-1010-b 193.94 74.66 24.24 1.94 \ \ 103.06 

H0.2-1.9-200-1010-a 193.41 74.69 25.00 1.92 39.98 0.20 104.22 

H0.2-1.9-200-1010-b 193.59 74.67 24.77 1.90 39.89 0.20 105.32 

H0.35-1.9-200-1010-a 193.85 74.65 24.95 1.92 69.92 0.35 104.41 

H0.35-1.9-200-1010-b 1.93.40 74.74 24.91 1.91 69.90 0.35 105.03 

H0.5-1.9-200-1010-a 193.91 74.67 24.49 1.93 99.87 0.50 103.96 

H0.5-1.9-200-1010-b 194.32 74.64 24.89 1.89 99.95 0.50 106.37 

H0.65-1.9-200-1010-a 193.15 74.63 24.88 1.90 129.92 0.65 105.20 

H0.65-1.9-200-1010-b 193.35 74.90 25.32 1.92 129.91 0.65 104.21 

H0.8-1.9-200-1010-a 194.25 74.76 24.62 1.90 159.95 0.80 104.98 

H0.8-1.9-200-1010-b 193.68 74.71 24.92 1.91 159.87 0.80 104.61 

 
2.2. Test program 

 
In the test, the method of single-point loading at the load connector at the 

mid-span of a pair of specimens was adopted, which can avoid possible lateral 

deformation during loading. Fig. 3 shows the loading device of test. To adapt to 

loading needs of different-length specimens, two supports will move according 

to the specimen length, while reaction frame and reaction beam stayed at the 

original position. 

 

 

  
           (a)                                                                              (b) 

Fig. 3 Test loading device (a) sketch (b) Test photo 

 

As shown in Fig. 4, for the alignment check before loading stage and the 

stress monitoring during the test, 5 strain gauges were set at compression flange 

and lip at mid-span of specimen and junction part of flange and web in tension. 

As can be seen in Fig. 5, to monitor the mid-span deflection, the out-of-plane 

bending deformation, the shear deformation and the distortional deformation, 

different transducers of displacement were set respectively. 

For the purpose of evenly distributing the load to the two specimens, 

geometric alignment and physical alignment were all carried out before the tests. 

After the alignment was checked, the preloading was conducted, from which 

effect of inaccuracy specimen installation on the results can be eliminated. After 

3 times of preloading, the formal loading was carried out. During the initial 

formal loading, the mode was controlled by force, then it was transformed into 

the displacement-control mode until the end of test. With safety ensured, the 

test was carried on after the maximum value of load to get complete load-

displacement results. 

Reaction frame

Reaction beam

Load sensor

Loading jack

Hinge support

Load connector

Specimen

Load connector

Load connectorLoad connector

Buttress
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Fig. 4 Strain gauge arrangements 
 
 

 
Fig. 5 Displacement meter arrangements 

 
Table 2  

Results from test and FEA 

Specimen 

Test results The 

shear 

-span  

ratio 

Reduction coefficient of 

Fu 

Finite element 

results VEXP/VFEA 
Ultimate bearing 

capacity 

Mid- 

span 

moment 

Shear force of central section of circular 

hole 

Failure 

mode 

Fu/kN Mu/kN·m VEXP/kN  a/h Δ VFEA/kN 

H0-1.9-160-850 87.41 15.30 43.71 D+L 

2.0 

1.00 39.45 1.11 

H0-1.9-160-850R 87.54 15.32 43.77 D+L 1.00 39.45 1.11 

H0.35-1.9-160-850 82.99 14.53 41.50 S+D+L 0.95 39.98 1.04 

H0.5-1.9-160-850 65.54 11.47 32.77 S+D 0.75 32.47 1.01 

H0.8-1.9-160-850 28.03 4.90 14.01 S 0.32 14.09 0.99 

H0-1.9-160-1010 72.12 15.51 36.06 D+L 

2.5 

1.00 33.87 1.06 

H0.35-1.9-160-1010 71.48 15.37 35.74 S+D+L 0.99 34.37 1.04 

H0.5-1.9-160-1010 65.26 14.03 32.63 S+D 0.90 31.58 1.03 

H0.8-1.9-160-1010 25.51 5.48 12.75 S 0.35 14.00 0.91 

H0-1.9-160-1170 64.00 16.32 32.00 D+L 

3.0 

1.00 29.16 1.10 

H0-1.9-160-1170R 63.64 16.23 31.82 D+L 1.00 29.16 1.09 

H0.5-1.9-160-1170 61.87 15.78 30.94 S+D+L 0.97 29.99 1.03 

H0.65-1.9-160-1170 44.93 11.46 22.47 S 0.70 22.32 1.01 

Compression flange

S1

Specimen b

S2

S3 S4 S5

Specimen a

Tension flange

D1(vertical)

Specimen b

D6(horizontal)

D2(vertical)

Specimen a

D5(horizontal)

D3(horizontal)D3(horizontal)

4
5
°

D4(horizontal)
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H0.8-1.9-160-1170 27.76 7.08 13.88 S 0.43 13.93 1.00 

H0-1.9-200-1010 94.99 20.43 47.50 D+L 

2.0 

1.00 44.79 1.06 

H0.2-1.9-200-1010 91.60 19.69 45.80 D+L 0.96 45.37 1.01 

H0.35-1.9-200-1010 93.37 20.07 46.68 S+D+L 0.98 44.26 1.05 

H0.5-1.9-200-1010 73.52 15.81 36.76 S 0.77 35.65 1.03 

H0.65-1.9-200-1010 49.73 10.69 24.87 S 0.52 25.36 0.98 

H0.8-1.9-200-1010 29.73 6.39 14.87 S 0.31 15.19 0.98 

       Average 1.03 

       COV 0.048 

2.3. Test results and discussion 

 

2.3.1. Ultimate bearing capacity 

Ultimate bearing capacity of specimen is listed in Table 2. Since stress 

condition and failure mode are the same for specimen in the same group, only 

results of specimen a were listed in the table. 

By comparing with solid web specimen with the same value of a/h, the 

reduction coefficient in Fig. 6 of bearing capacity of web perforated specimen 

is obtained and shown in the column of Δ in Table 2. As can be seen from Fig. 

6, variation of bearing capacity is inversely proportional to variation of the size 

of the opening. As the value of dh/h increases from 0 to 0.8, for specimen with 

the value of a/h of 2.0, the bearing capacity of specimen decreases by 68% (h/t 

= 84.2) and 75% (h/t = 105.3), respectively. For specimen with the value of a/h 

of 2.5, the ultimate bearing capacity decreases by 65% (h/t = 84.2). And for 

specimen with the value of a/h of 3.0, the ultimate bearing capacity decreases 

by 57% (h/t = 84.2). 
The relation of bearing capacity with the value of h/t is shown in Fig. 7. It 

can be seen from the figure, when the value of a/h and dh/h of the specimen are 

constant, the higher the value of h/t is (the larger the effective shearing web area 

is), the greater the bearing capacity is. Under same conditions, the degree of 

effect of the value of h/t on the bearing capacity decreases as the hole diameter 

increases. 

 

2.3.2. Load-deflection curves 
The symmetrically set up pair of specimens and had basically same stress 

conditions and displacements, to facilitate the presentation and analysis, only 

load-deflection curves of specimen a are presented, as shown in Fig. 8. When 

the value of dh/h is relatively smaller (dh/h ≤ 0.5), the curve has a rapid decrease 

after the maximum point. When the value of dh/h is relatively larger (dh/h ≥ 

0.65), the curve decreases more gently after the maximum point. 
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Fig. 6 Reduction coefficient of bearing capacity with the value of dh/h 
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Fig. 7 Bearing capacity with the value h/t (a/h=2.0) 

 
 

0 4 8 12 16
0

20

40

60

80

100 Curve dh/h

 0.00

 0.35

 0.50

 0.80

L
o
ad

/k
N

Mid-span deflection/mm  

0 4 8 12 16
0

20

40

60

80

100 Curve dh/h

 0.00
 0.35
 0.50
 0.80

L
o

ad
/k

N

Mid-span deflection/mm  

(a) Section H160-850 series (b) Section H160-1010 series 



Li-Ping Wang et al.  57 

0 4 8 12 16

0

20

40

60

80

100 Curve dh/h

 0.00
 0.50
 0.65
 0.80

L
o
ad

/k
N

Mid-span deflection/mm  
0 4 8 12 16

0

20

40

60

80

100

Curve dh/h 

 0.00
 0.20
 0.35
 0.50
 0.65
 0.80

L
o
ad

/k
N

Mid-span deflection/mm  
(c) Section H160-1170 series (d) Section H200-1010 series 

Fig. 8 Load-deflection curves of specimen at mid-span 
 
 
2.3.3. Failure mode 

Since the specimens were under combined of bending moment and shear 

force action, there would be the bending failure mode dominated by local 

buckling deformation and distortional buckling deformation or shear failure 

mode dominated by the shear buckling deformation appear in the specimens. 

The failure mode is listed in Table 3 and shown in Fig 9.

 
Table 3  

Failure mode of specimen 

The value of a/h Range of the value of dh/h Failure mode 

a/h = 2.0 
dh/h < 0.35 

The coupled failure of local buckling deformation and flange distortional buckling deformation. a/h = 2.5 

a/h = 3.0 dh/h < 0.5 

a/h = 2.0 dh/h = 0.35 

The shear buckling failure in web, accompanied by the coupled failure of local buckling deformation and flange distortional 

buckling deformation. 
a/h = 2.5 0.35 ≤ dh/h ≤ 0.5 

a/h = 3.0 dh/h = 0.5 

a/h = 2.0 dh/h ≥ 0.5 

The dominating web shear buckling failure. a/h = 2.5 
dh/h > 0.5 

a/h = 3.0 

 
 

 
(a) Failure mode of specimen “H0-1.9-160-850” 

Local buckling of flange 

Distortional buckling 
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(b) Failure mode of specimen “ H0.65-1.9-160-1170” 

 

 
(c) Failure mode of specimen “H0.35-1.9-200-1010” 

Fig. 9 Typical failure modes of specimens 

 
 
3.  Finite element analysis 

 

3.1. Finite element model 

 
The FEA model of specimen was established by means of ABAQUS. 

According to the test loading method, the model for FEA could be simplified 

by establishing only the model of specimen a. 

 

3.1.1. Element and mesh 

Due to that plate of lipped C-shaped CFS member is thin-walled shell, 

which is prone to produce buckling deformation, S4R shell element was adopted. 

The FEA models were divided into the meshing scale of 5×5 mm. For the model 

of web perforated specimens, area partition was conducted near the web hole in 

order to apply the quadrilateral mapped mesh, so as to ensure the convergence 

of calculation. Finally, the global mesh was divided. 

 

3.1.2. Boundary conditions and loading mode 

In response to the actual conditions in test, the setting of boundary condition 

in FEA model was as follows: at both ends of beam, where the supports were, 

coupling point was taken below the beam section to couple with the contact part 

between web and connector. At mid-span section, another point at the upper 

web (loading position) of the specimen was also taken to couple with the contact 

part. The displacement loading mode was adopted in FEA, and mid-span 

coupling point was adopted as load applying point, and Y direction 

displacement was applied at the point. 

 

3.1.3. Material properties and initial imperfections 

The specimen could obtain initial imperfections due to the effect of 

manufacture or other factors, which can affect the mechanical performance of 

specimen. The material properties of the specimen obtained through the tensile 

test are shown in Table 4, and it was applied in the finite element model 

according to setting rules of ABAQUS. For the specimens with value of h/t of 

52.6, 84.2 and 105.3, the measured initial imperfection was 0.588 mm, 0.892 

mm and 0.887 mm, respectively. 
 

Table 4 

Material properties 

Nominal strength of yield 

point 
Other parameters 

𝜎0.2/ MPa 𝐸/ GPa 𝜎0.2/ MPa 𝜎𝑢/ MPa 𝜀𝑓/ % 

550.00 200.90 574.30 607.00 12.28 

 
3.1.4. Analysis method 

The overall finite element analysis process used a two-step approach, 

namely the eigenvalue buckling analysis step and the nonlinear analysis step. 

During first one step, the required buckling modes were extracted. And on basis 

of that, in the second step, the measured initial imperfections were added and 

applied in analysis. To achieve smooth convergence of nonlinear analysis 

process, it was further divided into halves. Number one was to ensure the 

smooth operation of boundary conditions and contact relations by appliance of 

small value of displacement, and number two was to apply all the displacements 

to the specimen. 

 

3.2. Model validation against test results 
 

For the FEA model validation, it was conducted by comparing results of 

FEA and test together, respectively from the following aspects: the failure mode, 

the ultimate bearing capacity and the load-deflection curve. 

   
3.2.1. Failure characteristics 

The failure mode of specimen from FEA and test are compared in Fig. 10. 

As seen from the figure that the failure mode of the FEA is generally consistent 

with that of test.

 

Distortional buckling 

Local buckling of flange 

曲 

Shear buckling of web 

 

Shear buckling of web 
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(a) Test result (b) FEA result 

(1) Specimen H0-1.9-200-1010 

 
 

(a) Test result (b) FEA result 

(2) Specimen H0.5-1.9-160-1170 

 
(a) Test result (b) FEA result 

(3) Specimen H0.8-1.9-160-1010 

Fig. 10 Comparison on failure mode of specimen from test and FEA 
 
 
3.2.2. Ultimate bearing capacity 

The results of the bearing capacity of specimen from FEA and test are 

presented in Table 2. It can be seen, the value of VEXP/VFEA is between 0.91 and 

1.11, whose average value and coefficient of variation are 1.03 and 0.048, 

respectively, which shows that the FEA model adopted in this paper has high 

accuracy. 

 

3.2.3. Load-deflection curves 

The load-deflection curves of Hdh/h-1.9-160-850 series and Hdh/h-1.9-160-

1010 series in test are compared with FEA results in Fig. 11. It can be seen, 

when the value of dh/h is relatively smaller (0.35), the elastic stiffness of load-

deflection curve in test is relatively smaller than that of FEA, and curve of 

specimen in test has a higher strength after buckling than that of FEA. When the 

value of dh/h increases (0.50), the curves of FEA are in better agreement with 

those of test, which verifies rationality of FEA again. 

 

 

Interactive local buckling deformation of 

flange and distortional buckling deformation 

 

Interactive local buckling deformation of 

flange and distortional buckling deformation 

Shear buckling deformation of web 

 

Shear buckling deformation of web 
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(a) Hdh/h-1.9-160-850 (b) Hdh/h-1.9-160-1010 

Fig. 11 Load-deflection curves from test and FEA 
 
4.  Parametric study 

 

4.1. Design of parameters 

 
To conduct further research on the comprehensive performance of thin-

walled web-perforated lipped C-shaped CFS beams under combined bending 

moment and shear force action, series of models verified above were adopted 

for further nonlinear parameter analysis. It is found from the test results that the 

two main factors that affect bearing capacity and failure mode of specimen are, 

respectively, the value of dh/h and the value of a/h, and the value of h/t also 

affects the bearing capacity to a certain degree. Combined with tests design, h 

of the specimen for parameter analysis is designed as 100 mm, 120 mm, 140 

mm, 160 mm, 180 mm, 200 mm and 300 mm, respectively, and the section 

thickness (t) of specimen was 1.9 mm, from which different value of h/t can be 

obtained. In addition, specimens with the h of 100 mm and 160 mm, additional 

specimens with t = 1.0 mm were designed. Due to that this paper mainly studies 

performance of web-perforated beams under combined bending moment and 

shear force action, the value of a/h of the specimens ranged from 1.5 to 4.0 with 

an increment of 0.5. 

 

4.2. Influence of hole depth-to-web height ratio 
 

The curve of the bearing capacity of specimen with the value of dh/h is 

shown in Fig. 12. The curves are approximately horizontal at the beginning. 

When the value of dh/h increases to a certain level, the curves drop sharply. At 

that time, bearing capacity shows more sensitivity to the change of the value of 

dh/h.
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(c) h/t=100 (d) h/t=160 

Fig. 12 Curves of bearing capacity with the value of dh/h 
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Due to limited length, Hdh/h-1.9-180-930 series (a/h = 2.0) are chosen for 

specific analysis. Fig. 13~15 shows the failure mode. For specimens with the 

value of dh/h ≤ 0.35, as seen from Fig. 13-(a) ~ (b), at mid-span section, there 

are obvious stress concentration areas in flange and along the shear failure 

direction in the shear-zone. As the value of dh/h increases, the area of stress 

concentration in the shear zone increases. Specimens are subjected to the 

coupled bending and shear failure. As seen from Fig.14 -(a)~(b), interactive 

local buckling deformation and distortional buckling deformation occur at mid-

span section. As seen from Fig.15-(a) ~ (b), slight local buckling deformation 

occurs in the shear zone along shear failure direction. For specimens with the 

value of dh/h of 0.35 to 0.4, the area of stress concentration in the compression 

flange along the flange-width direction at mid-span decreases obviously, while 

the area along the span direction of specimen increases, and the failure mode 

begins to change. For specimens with the value of dh/h > 0.4, as seen from Fig. 

13-(c) ~ (d), the main area of stress concentration is in the web in shear zone 

along shear failure direction. As seen from Fig. 14-(c) ~ (d), interactive local 

buckling deformation and distortional buckling deformation occur at mid-span 

section. As seen from Fig. 15-(c) ~ (d), obvious local buckling deformation 

occurs near the web opening along shear failure direction. In conclusion, when 

the value of a/h= 2.0, as the value of dh/h increases, failure mode of the steel 

beam changes from the coupled failure of bending and shear at mid-span into 

the shear failure of web local buckling in shear zone.

 

  
(a) H0-1.9-180-930  (b) H0.30-1.9-180-930  

  
(c) H0.50-1.9-180-930 (d) H0.65-1.9-180-930 

Fig. 13 Failure mode of series “Hdh/h -1.9-180-930” with the value of dh/h 
 
 

    
(a) H0-1.9-180-930 (b) H0.3-1.9-180-930 (c) H0.5-1.9-180-930 (d) H0.65-1.9-180-930 

Fig. 14 Buckling deformation of series “Hdh/h-1.9-180-930” with the value of dh/h 
 
 

    
(a) H0-1.9-180-930 (b) H0.3-1.9-180-930 (c) H0.5-1.9-180-930 (d) H0.65-1.9-180-930 

Fig. 15 Web buckling deformation of series “Hdh/h-1.9-180-930” with the value of dh/h 
 

The mid-span load-deflection curve of Hdh/h-1.9-180-930 series is shown 

in Fig. 16. When the value of dh/h ≤ 0.35, the curve has a fast drop after the peak 

point, indicating that failure of steel beam shows a certain suddenness. When 

the value of dh/h > 0.35, the curve drops slower after the maximum point, which 

shows that the steel beam displays certain ductility after failure. The reason for 

that is when the value of dh/h is relatively larger, more significant shear bucking 

deformation occur in the web, and the out-of-plane shear deformation weakens 

the overall unloading effect of the beams. 
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Fig. 16 Load-deflection curves of series “Hdh/h-1.9-180-930” with the value of dh/h (a/h=2.0)

 

4.3. Influence of web height-to-thickness ratio 
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Fig. 17 Bearing capacity with the value of h/t (with different values of a/h, t=1.9 mm) 

 
The curve of bearing capacity with the value of h/t is shown in Fig. 17. The 

specific analysis of bearing capacity corresponding to Fig. 17 is shown in Table 

5. As seen from Fig. 18, with the value of dh/h of 0 and 0.35, the bearing capacity 

shows more sensitivity to the change of the value of h/t. While with the value 

of dh/h of 0.65 and 0.8, the bearing capacity is less affected by the value of h/t. 

The reasons can be explained that with a relatively smaller value of dh/h, as the 

value of h/t increases, the ratio of plate width to plate thickness is easy to cross 

the critical value, thus failure mode transform from shear failure to local 

buckling failure. With a relatively larger value of dh/h, area of shearing web core 

is deducted, and the shear stress for the remaining area above and below the web 

hole is smaller, which leads to that the influence of increase in the value of h/t 

on the bearing capacity is limited.

 
Table 5  

Analysis of the effect of the value of h/t on bearing capacity of specimen 

The value of 

a/h 

Range of the value of 

dh/h 
Influence of the value of h/t on bearing capacity 

1.5 dh/h ≤ 0.2 (1) High Coincidence degree of the curve ; 

(2) When the value of h/t is 52.6 ~ 73.7, 84.2 ~ 94.7 and 105.3 ~ 157.9, the bearing capacity increases as the increase of the value of 

h/t; 

(3) When the value of h/t is 73.7 ~ 84.2 and 94.7 ~ 105.3, bearing capacity decreases as the value of h/t increases. 3.0 dh/h ≤ 0.5 

1.5 dh/h > 0.2 

Bearing capacity increases with as the value of h/t increases, and the trend of the curve is similar. 

3.0 dh/h > 0.5 
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(c) (d) 

Fig. 18 Bearing capacity with the value of h/t (with different values of dh/h, t=1.9 mm) 
 
The variation of failure mode with the value of h/t of specimen with the 

value of a/h of 1.5 is shown in Fig. 19. As seen from Fig. 19-(a) ~ (b), with the 

value of dh/h of 0.1 and relatively smaller value of h/t (h/t= 52.6 or 63.2), an 

obvious stress concentration area appears in flange and the web along shear 

failure direction at mid-span. As seen from Fig. 19 (a), maximum value of stress 

of specimen H0.10-1.9-100-510 at failure can reach the yield strength, which 

indicates material property of specimen is fully utilized. As seen from Fig. 19-

(c) ~ (d), as the value of dh/h increases, stress concentration area in the 

compression flange along flange-width direction at mid-span gradually 

decreases, while that along length direction of the steel beam gradually 

increases. And the maximum stress value at failure gradually decreases, which 

indicates that the steel beam is more prone to buckling. As seen from Fig. 20, 

when the value of dh/h is 0.65, main area of stress concentration of specimen is 

in web shear failure direction, failure mode majors in shear failure, and the value 

of h/t barely affect the failure mode.

 

  
(a) H0.10-1.9-100-510 (h/t=52.6) (b) H0.10-1.9-120-570 (h/t=63.2) 

  
(c) H0.10-1.9-160-690 (h/t=84.2) (d) H0.10-1.9-300-1110 (h/t=157.3) 

Fig. 19 Failure mode with the value of h/t (t = 1.9 mm; a/h = 1.5; dh/h = 0.10) 
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(a) H0.65-1.9-100-510(h/t=52.6) (b) H0.65-1.9-300-1110(h/t=157.3) 

Fig. 20 Failure mode with the value of h/t (t = 1.9 mm; a/h = 1.5; dh/h = 0.65) 

 

 

    
(a) h/t=52.6 (b) h/t=63.2 (c) h/t=73.7 (d) h/t=84.2 

   

 

(e) h/t=94.7 (f) h/t=105.3 (g) h/t=157.9  

Fig. 21 Web buckling deformation with the value of h/t (t = 1.9 mm; a/h = 1.5; dh/h = 0.1) 

 
Fig. 21 and Fig. 22 show that, buckling deformation in flange and the web 

in shear zone at mid-span with different values of h/t, respectively. As seen from 

Fig. 21, there is significant local buckling deformation in the web of steel beam 

with the value of h/t of 52.6, 84.2 and 105.3. As seen from Fig. 22, the web 

buckling deformation in shear zone of specimens with different values of h/t is 

similar. Combined with the above, when value of h/t increases from 73.7 to 84.2 

and from 94.7 to 105.3, the curve of bearing capacity with value of h/t decreases 

due to flange local buckling deformation at mid-span, which shows that web 

local buckling has significant effect on the bearing capacity.

 

       
(a) h/t=52.6 (b) h/t=63.2 (c) h/t=73.7 (d) h/t=84.2 (e) h/t=94.7 (f) h/t=105.3 (g) h/t=157.9 

Fig. 22 Flange buckling deformation with the value of h/t (t= 1.9 mm; a/h = 1.5; dh/h = 0.1) 
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(a) H0.10-1.9-100-810 (h/t=52.6) (b) H0.10-1.9-120-930 (h/t=63.2) 

  
(c) H0.10-1.9-160-1170 (h/t=84.2) (d) H0.10-1.9-300-2010 (h/t=157.3) 

Fig. 23 Failure mode with the value of h/t (a/h = 3.0; dh/h = 0.10) 
 

  
(a) H0.65-1.9-100-810 (h/t=52.6) (b) H0.65-1.9-300-2010 (h/t=157.3) 

Fig. 24 Failure mode with the value of h/t (a/h = 3.0; dh/h = 0.65) 
 

Fig. 23 shows the failure mode with the value of h/t of specimen with the 

value of a/h of 3.0. As seen from the figure, with the value of dh/h of 0.1, the 

failure mode of specimen with different the values of h/t are mainly bending 

failure at mid-span, the shear failure in web is not significant, and there is an 

obvious flange stress concentration at mid-span which decreases as the value of 

h/t increases. As seen from Fig. 24, with the value of dh/h of 0.65, as the increase 

of the value of h/t, stress concentration area tend to be located in the web shear 

failure direction, and failure mode transforms from the coupled failure of 

bending and shear to the shear failure.
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(a) H0.10-1.0-100-510 (h/t=100) (b) H0.10-1.0-160-690 (h/t=160) 

Fig. 25 Failure mode with t =1.0 mm (a/h = 1.5) 
 

  
(a) H0.10-1.0-100-810 (h/t=100) (b) H0.10-1.0-160-1170 (h/t=160) 

Fig. 26 Failure mode with t =1.0 mm (a/h = 3.0) 
 

0 2 4 6 8 10 12 140

20

40

60

80

100

120

140

160

dh/h=0.10
Curve h/t

 52.3
 63.2
 73.7
 84.2
 94.7
 105.3
 157.9

L
o
ad

/k
N

Mid-span deflection/mm  

0 2 4 6 8 10 12 140

10

20

30

40

50

60

70

80

Curve h/t
 52.3
 63.2
 73.7
 84.2
 94.7
 105.3
 157.9

dh/h=0.65

Mid-span deflection/mm

L
o
ad

/k
N

 

(a) dh/h=0.10 (b) dh/h=0.65 

Fig. 27 Load-deflection curves with the value of h/t (t= 1.9 mm, a/h=1.5) 
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(a) h=100 mm (b) h=160 mm 

Fig. 28 Load-deflection curves with the value of h/t (with same h) 
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The failure mode of specimen with t = 1.0 mm under the same conditions 

with those of specimens in Fig. 19 and Fig. 23 are respectively presented in Fig. 

25 and Fig. 26. As seen from the figure, as t changes from 1.9 mm to 1.0 mm, 

the stress concentration area of the specimen decreases. 

The load-deflection curve with the value of h/t is presented in Fig. 27 and 

Fig. 28. As seen from Fig. 27 that with same t= 1.9 mm, specimen with the value 

of h/t of 52.6 has the lowest stiffness, the beam with the value of h/t of 63.2 has 

the highest stiffness, and the stiffness increases the most as the value of h/t 

increases from 52.6 to 63.2. As seen from Fig. 28, when t changes from 1.9 mm 

to 1.0 mm, as the value of h/t increases, the stiffness decreases significantly, and 

the post-buckling strength of specimen with h = 100 mm also decreases. 

 

4.4. Influence of shear-span ratio 

 
Fig. 29 shows curve of the bearing capacity of specimen with the value of 

a/h, and analysis is presented in Table 6. According to Section 3.2 that when the 

value of dh/h is relatively larger, the bearing capacity is determined by the value 

of dh/h. In hence, for steel beam dominated by shear failure due to the opening 

of super large holes (dh/h > 0.5), the value of a/h barely affect the bearing 

capacity. 
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(b1) Hdh/h-1.0-100 (b2) Hdh/h-1.0-160 

Fig. 29 Bearing capacity with the value of a/h 
 
Table 6  

Analysis of the influence of the value of dh/h on the bearing capacity of specimen 

Range of the value of 

h/t 

Range of the value of 

dh/h 
Influence of the value of a/h on bearing capacity of specimen 

h/t = 52.6 dh/h ≤ 0.40 

The curves is highly overlapped, and bearing capacity shows sensitivity to the change of the value of a/h. 

h/t > 52.6 dh/h ≤ 0.20 

h/t = 52.6 0.4 < dh/h ≤ 0.65 
The curves begin to deviate, and the influence of variation of the value of a/h on bearing capacity decreases as the value of dh/h 

increases. 
h/t > 52.6 0.2 < dh/h ≤ 0.50 

h/t = 52.6 dh/h > 0.65 

The change of the value of a/h has the least influence on bearing capacity, the curve is close to the horizontal state. 

h/t > 52.6 dh/h > 0.50 

 
Take specimens with the value of h/t of 52.6 (h= 100 mm, t= 1.9 mm) and 

the value of dh/h of 0.2 and 0.75 as examples, the specific analysis on the 

variation of failure modes of steel beams with the value of a/h is as following. 

When the value of h/t of specimen is 52.6 (h= 100 mm, t= 1.9 mm), as seen 

from Fig. 30, with the value of dh/h of 0.2, the variation of flange stress 

distribution at mid-span is less affected by the value of a/h, and the area of web 

stress concentration in the shear zone shrinks as the value of a/h increases, 

which shows that failure mode of specimen gradually changes from the coupled 

failure of bending and shear to the mainly bending failure as the value of a/h 

increases. As seen in Fig. 31, for specimens with the value of dh/h of 0.75, the 

failure mode is less affected by the value of a/h, and the stress is mainly 

concentrated near the web opening. With the increase of the value of a/h, slight 

stress concentration appears in the compression flange above the hole
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(a) H0.20-1.9-100-510 (a/h=1.5) (b) H0.20-1.9-100-610 (a/h=2.0) 

  
(c) H0.20-1.9-100-710 (a/h=2.5) (d) H0.20-1.9-100-910 (a/h=3.5) 

Fig. 30 Failure mode with the value of a/h (h= 100 mm; t= 1.9 mm; dh/h= 0.20) 
 

  
(a) H0.75-1.9-100-510 (a/h=1.5) (b) H0.75-1.9-100-910 (a/h=3.5) 

Fig. 31 Failure mode with the value of a/h (h= 100 mm; t= 1.9 mm; dh/h= 0.75) 
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Fig. 32 Load-deflection curves with the value of a/h (h/t =52.6) 

 

Fig. 32 shows the load-deflection curve with the value of a/h, under the 

condition that the value of h/t is 52.6 (h= 100 mm, t= 1.9 mm) and the values of 

dh/h are 0.1 and 0.5, respectively. As can be seen, stiffness of specimen drops 

as the increase of the value of a/h, which is due to that effect of bending moment 

also getting larger as the increase of the value of a/h. 

 

4.5. Classification of failure mode of web perforated beam in combined 

bending and shear action 
 

According to the analysis above, the bending-shear members studied in this 

paper have three types of failure modes, which are respectively the mainly shear 

failure, the mainly bending failure and the coupled failure of bending and shear. 

The specimen subjected to mainly shear failure has the following 

characteristics: (1) The failure mode is dominated by local web shear buckling 

in the shear zone. (2) The bearing capacity shows sensitivity to the change of 

the value of dh/h, and the corresponding bearing capacity is located at where the 

curve of bearing capacity against the value of dh/h starts decreasing linearly. 

The bearing capacity of web perforated specimen is close to that of solid-

web specimen when it is subjected to mainly bending failure, thus the bearing 

capacity of steel beam can be mainly predicted according to the failure mode. 
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For beams subjected to the bending failure, flange stress concentration appears 

at mid-span, while web stress concentration is not significant. For beams 

subjected to the coupled failure of bending and shear, obvious stress 

concentration appears in both flange and web. 

According to the characteristics of these three basic failure modes, Table 7 

summarizes the classification of the failure modes of web perforated thin-walled 

C-shaped CFS bending-shear members with different loading conditions and 

geometric parameters.

  
Table 7  

Classification of the failure mode of web perforated thin-walled C-shaped CFS beams under combined bending moment and shear force action 

Failure mode Demarcation conditions (Parameters range) 

Mainly shear failure 
(1) The value of a/h: 1.5 ≤a/h≤ 2.0, and the value of dh/h: dh/h≥ 0.60; 

(2) The value of a/h: 2.0 <a/h≤ 4.0, and the value of dh/h: dh/h≥ 0.65. 

Coupled failure of bending and shear Beams beyond the scope of parameters of steel beams with mainly shear failure and mainly bending failure in this Table. 

Mainly bending failure The value of a/h: 2.5< a/h ≤ 4, and the value of dh/h: dh/h ≤ 0.2. 

 
5.  Conclusions 
 

This paper presents tests on 20 groups of thin-walled web perforated C-

shaped CFS beams under combined bending moment and shear force action and 

the FEA by means of ABAQUS. The rationality of the model was verified by 

comparing results from test and FEA. Then refined parameter analysis was 

conducted on the three factors as follows: the value of dh/h, the value of h/t and 

the value of a/h. On basis of that, failure modes of web perforated thin-walled 

C-shaped CFS beams under combined bending moment and shear force action 

were classified, and several conclusions were put ward as following: 

(1) The value of dh/h has a decisive effect on bearing capacity and failure 

mode of specimen. With the increase of the value of dh/h, the failure mode of 

the steel beam transforms from the coupled failure of bending and shear to the 

shear failure, or from the bending failure to the coupled failure of bending and 

shear and then to the shear failure. 

(2) The value of h/t affects failure mode of specimen mainly subjected to 

the bending failure and the coupled failure of bending and shear to a certain 

degree. With the increase of value of h/t, the stress concentration area decreases. 

With the same h, bearing capacity and stiffness of the specimen decrease as the 

value of h/t increases. 

(3) The value of a/h affects failure mode of specimen mainly subjected to 

the bending failure and the coupled failure of bending and shear to a certain 

degree. With the increase of the value of a/h, web stress concentration in in 

shear zone and stiffness of specimen decrease. With a relatively smaller value 

of dh/h (dh/h ≤ 0.5), bearing capacity shows more sensitivity to the change of the 

value of a/h, and bearing capacity drops as the increase of the value of a/h.
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The steel structure will be subjected to alternating loads during its service, so the fatigue damage will gradually accumulat e. 

Although fatigue damage may not cause immediate failure of the steel structure, the mechanical properties of the steel 

structure will inevitably be weakened. In this paper, the changes in mechanical properties of Q355B and Q690D steels after 

fatigue damage were investigated by static tensile tests. Then, a numerical simulation method for structural steel after fati gue 

damage was proposed. Finally, the results obtained from the finite element model were compared with the experimental 

results to verify the accuracy of the proposed numerical simulation method. 
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1.  Introduction 

 

With the continuous development of Chinese infrastructure construction, 

steel structures are widely adopted in large-span space structures, bridge 

structures, marine engineering structures, and many other important projects 

with the advantages of lightweight, excellent mechanical properties, and 

recyclability. Steel structure engineering in its service period will be subject to 

long-term alternating loads such as vehicles, wind, waves, etc., which 

accumulate to form significant fatigue damage. Although fatigue damage may 

not cause immediate failure of the steel structure, the mechanical properties of 

the steel structure will inevitably be weakened under the effect of long-term 

cumulative damage, increasing the potential safety risks. 

In recent years, the influence of fatigue damage on the mechanical 

properties of metal materials has attracted the attention of scholars at home and 

abroad, and related research has been carried out. In terms of experimental 

research, Moćko [1] studied the effects of pre-fatigue on the DP 500 steel during 

tensile tests at low and high strain rates. Cockings [2] studied the effect of pre-

strain and pre-fatigue on the monotonic behavior of AerMet100, 300M, and 

MLX-17 steels. Zhang [3] studied the residual strength of Q690 high-strength 

steel with pre-fatigue damage through a static tensile test. Wu [4] studied the 

degradation mechanism of mechanical properties of 45 steel with different 

degrees of fatigue damage. Tang [5] investigated the influence of pre-fatigue 

damage on the mechanical properties of Q345 steel and studied the effects of 

the pre-damage levels on the ultimate bending strength of thin-walled steel 

columns. Sun and Guo [6] measured the high-cycle fatigue damage based on 

electrical resistance change. Sánchez-Santana [7] studied the effect of fatigue 

damage on the dynamic tensile behavior of 6061-T6 aluminum alloy and AISI 

4140T steel. 

In terms of numerical simulation studies, current research mainly focuses 

on fatigue crack initiation and propagation. Xin et al. [8,9] considered the 

damage accumulation under cyclic loading based on the SWT damage model 

and simulated the crack initiation of S355 and S690 through the extended finite 

element method. Zhang and Ma [10] studied the high-cycle and very-high-cycle 

fatigue (VHCF) behaviors of AlSi10Mg alloy produced by additive 

manufacturing and developed a crystal plasticity finite element model (CPFEM) 

with Voronoi tessellation to simulate the cyclic plastic deformation considering 

defect effects. Tanaka and Mura [11] first proposed the stress cycle required to 

calculate the fatigue crack initiation in the slip band based on the crack initiation 

theory. Based on the Tanaka-Mura crack initiation model, Bruckner [12] first 

simulated the microcrack initiation process using the finite element method. 

Jezernik et al. [13] considered that the formation of slip band cracks in the grain 

was not instantaneous but a slow change process and simulated it in stages. 

To sum up, there are few studies on the degradation law and simulation 

method of mechanical properties of steel after fatigue damage. In this paper, 

Q355B steel and Q690D steel, which are the most commonly used steel grade 

for steel structures in China, were examined. Firstly, the changes in mechanical 

properties of Q355 and Q690 steels with fatigue damage were investigated by 

static tensile tests. Then, a numerical simulation method for structural steel with 

fatigue damage was proposed based on the continuous medium damage 

mechanics model and extended finite element method. Finally, the results 

obtained from the finite element model were compared with the experimental 

results to verify the accuracy of the proposed numerical simulation method. 

 

2.  Experimental research 

 

In this paper, the experimental scheme is divided into the following three 

steps: Firstly, five specimens with polished surfaces were tested for high cycle 

fatigue life under the conditions that loading stress is σ0 and stress ratio is -1. 

The standard of fatigue failure of specimens was that the loading frequency of 

the test machine decreased by 5 Hz or cracks appeared on the surface of the 

specimens. The average value of the fatigue life of the five specimens was taken 

as the fatigue life Nf of the material under the loading stress of σ0 and the stress 

ratio of -1. Secondly, according to the linear cumulative damage criterion, high-

frequency vibrations were applied to the steel coupons at different times to 

obtain the pre-fatigue steel specimens with specified damage degrees. Finally, 

the monotonic tensile loading tests were carried out on pre-fatigue steel coupons 

to investigate the effects of fatigue damage on the mechanical properties of 

Q355B and Q690D steel. 

 

2.1. Tensile test on Q355B with pre-fatigue damage 

 

The Q355B specimens were taken from 25 mm thick Q355B steel plates. 

Cylindric coupons were adopted, and the dimensions were determined 

according to the Chinese standards GB/T 228.1-2010 and GB/T 3075-2008, as 

illustrated in Fig. 1. 
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Fig. 1 Dimensional diagram of Q355B specimen (unit:mm) 
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Fig. 2 QBG-300 Fig. 3 Instron 8801 

 

The high-cycle fatigue tests were carried out with the QBG-300 high-

frequency testing equipment, as shown in Fig. 2. The stress amplitude σ0 for the 

Q355B high-cycle fatigue tests was set to 250 MPa with the stress ratio R equal 

to -1, and the load form was sinusoidal. The fatigue life of five Q355B fatigue 

specimens was obtained, i.e., 109.5×104, 101.8×104, 112.1×104, 106.2×104, and 

117.1×104. The average life of the five coupons 109.3×104 was taken as the high 

cycle fatigue life Nf of Q355B at this stress amplitude. 

 

 

(a) Stress-strain curve 

 

(b) Yield platform 

Fig. 4 Mechanical properties of Q355 steel after fatigue damage 

 

Table 1 

Mechanical properties of Q355 steel after fatigue damage 

Coupons D E (MPa) fy (MPa) fu (MPa) fu / fy 

Q355-D0 0.00 215045 388 556 1.44 

Q355-D1 0.19 205138 357 556 1.56 

Q355-D2 0.37 204337 346 548 1.59 

Q355-D3 0.56 199664 330 558 1.69 

Q355-D4 0.74 198010 304 557 1.83 

 

With the same stress amplitude and stress ratio, 20×104, 40×104, 60×104, 

and 80×104 cycles of pre-fatigue loading were conducted on the specimens, 

respectively, and thus the specimens of Q355B steel after fatigue damage were 

obtained. Miner’s linear fatigue accumulation methods were adopted to quantify 

the fatigue damage degree. Then, monotonic tensile tests were conducted on the 

pre-fatigued coupons with Instron model 8801, as shown in Fig. 3. The 

monotonic tensile tests were carried out with displacement control, and the 

engineering stress-strain curve obtained from the experiment is plotted in Fig. 

4, and the main mechanical property parameters are listed in Table 1. 

From the test results, with the increase of pre-fatigue damage, the upper 

yield point and yield plateau on the obtained stress-strain curves disappeared. 

As the degree of damage increased, the yield strength and elastic modulus 

tended to decrease [14]. 

To study the changes of Q355B steel mechanical properties with the degree 

of damage, the regression analysis was performed, as shown in Fig. 5, where

0/E E , 0/y yf f , 0/u uf f are the ratios of the yield strengths, ultimate strengths, 

fracture strains, and elastic moduli between the pre-fatigued and undamaged 

coupons, respectively. 
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(c) Ultimate strength 

Fig. 5 Relationship between mechanical properties and fatigue damage 

 

Comparing the slopes of the regression curves, it shows that the decrease 

in elastic modulus and yield strength is serious, while the degradation in 

ultimate strength and fracture strain is little. This indicates that fatigue damage 

has a significant impact on the elastic mechanical properties of steel. A 

quantitative relationship between mechanical properties and the degree of 

damage was established, as expressed in Eq. (1)-(3). 

 

0/ 0.12185 1E E D= − +    0.99981R =2

 (1) 

 

0/ 0.31935 1y yf f D= − +
 0.99851R =2

 (2) 

 

0/ 0.00403 1u uf f D= − +  0.99994R =2

 (3) 

 

2.2. Tensile test on Q690D with pre-fatigue damage 

 

Q690D coupons in the test were taken from 14 mm Q690D steel plates. The 

experiments were carried out regarding the Q355B test. The geometric 

dimensions of the Q690D specimens are illustrated in Fig. 6. 
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Fig. 6 Geometric dimensions of the Q690D specimens (unit:mm) 
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(b) Stress-Strain curve at the yield point 

Fig. 7 Mechanical properties of Q690 steel after fatigue damage 

 

The high cycle fatigue tests of Q690D were performed under a stress 

amplitude of 450MPa and a stress ratio of -1, with the QBG-300 high-frequency 

testing equipment as well. The fatigue life of the five specimens is 46.7×104, 

56.8×104, 38.9×104, 39.5×104, and 53.5×104 respectively, and the high cycle 

fatigue life of Q690D at this stress amplitude was set as 50×104. 

Same as the pre-fatigue loading procedure of Q355B, 20×104, 30×104, 

40×104, and 45×104 cycles of pre-fatigue loading were conducted on the 

specimens respectively, to obtain Q690D specimens after fatigue damage. The 

monotonic tensile tests were conducted on the prepared coupons. During the 

experiments, the extensometer was taken off when the strain reached 8% before 

which necking had appeared and the loading force decrease had begun [15]. The 

engineering stress-strain curves and main mechanical properties can be found 

in Fig. 7 and Table 2, respectively. 

 

Table 2 

Mechanical properties of Q690 steel after fatigue damage 

Coupons D E (MPa) fy (MPa) fu (MPa) fu / fy 

Q690-D0 0 217100 791 863 1.09 

Q690-D1 0.4 216800 784 858 1.09 

Q690-D2 0.6 215900 783 853 1.09 

Q690-D3 0.8 208500 766 840 1.10 

Q690-D4 0.9 202900 761 837 1.10 
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(c) ultimate strength 

Fig. 8 Relationship between mechanical properties and fatigue damage 

 

From the experimental result, the influence of fatigue damage on the 

mechanical properties of Q690D is similar to that of Q355B, and the elastic 

modulus, yield strength, and ultimate strength of Q690D decrease with the 

increase of fatigue degree. The variation of the mechanical parameters with the 

increase of damage variables was described with the normalized parameters, as 

shown in Fig. 8. 

The quantitative relationships between mechanical properties and the pre-

fatigue damage degree are established, as expressed in Eq. (4)-(6). 

 

0/ 0.04796 1E E D= − +
   0.99965R =2

 (4) 

   

0/ 0.03504 1y yf f D= − +
 0.99995R =2

 (5) 

   

0/ 0.02929 1u uf f D= − +
 0.99998R =2

 (6) 

 

3.  Numerical simulation methods 

 

3.1. Related theories 

 

The current research on fatigue damage models of metals is mainly divided 

into the following two categories: The continuous damage mechanics model and 

the meso-damage mechanics model. Continuous damage mechanics is an 

image-only approach further developed based on the ductile fracture criterion. 

It considers the evolution of the microstructure during plastic deformation as an 

irreversible dissipative process based on the theory of continuous damage 

mechanics and continuous damage thermodynamics. Kachanov [16] first 

proposed the concept of continuity in 1958 when studying the problem of the 

creep of metals. On this basis, Rabotnov [17] proposed the concept of damage 

degree, as shown in Eq. (7). In the following decades, with the growing interest 

of scholars, damage mechanics has been continuously developed and has 

become an increasingly vital tool for the study of material damage. 

 

0

1 1
A

D
A

= − = −
 

(7) 

 

where D is the damage degree, A is the effective area, and A0 is the apparent 

area of the material. Lemaitre and Chaboche further developed the damage 

mechanics theory and established the fatigue damage evolution equation based 

on irreversible thermodynamics and continuous medium mechanics. Li [18] 

established the fatigue damage evolution equation for the condition of pulsating 

loads in uniaxial fatigue problems: 

 

2

( 3)

( 3)(1 )

m

a

D

N B D



 

+

=
+ −

 
(8) 

 

where σm is the maximum value of the stress cycle when the minimum stress 

equals 0, B is the material constant, and β and a2 could be obtained from data 

fitting with fatigue tests. 

According to meso-damage mechanics, the damage of fatigue is the result 

of the generation and development of micro-defects in materials. These micro-

defects include dislocation, slip, micro-voids, and micro-cracks of grains, 

among which micro-voids and micro-cracks are the main forms of defects. 

Gurson [19] proposed a method for calculating approximate yield loci via an 

upper-bound approach for porous ductile materials. Tvergaard and Needleman 

[20] proposed the Gurson-Tvergaard-Needleman (GTN) model based on the 

Gurson damage model, considering the interactions between the pores, in which 

the damage is described as the volume fraction of spherical or ellipsoidal pores. 
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At the microscale, Angelika Brückner-Foit [21] used the Voronoi method to 

generate representative volume elements (RVEs) for polycrystalline materials 

and performed numerical simulations of crack initiation in martensitic steels by 

introducing the fatigue cracks into the finite element model. M. Mlikota [22] 

predicted the initiation of short fatigue cracks based on the Tanaka-Mura model 

and studied the effect of grain size on the fatigue initiation life. 

 

3.2. Simulation method and process 

 

For metallic materials, the whole fatigue damage process mainly consists 

of the initiation, extended stages of micro-cracks, and the extended stages of 

long cracks [23, 24]. With most of the fatigue life consumed in the micro-crack 

stage, the phenomenon on the microscopic scale is the formation and 

propagation of many micro-cracks in the grain, as shown in Fig. 9. The square 

hexagon in Fig. 9 represents the grains that make up the material, and the short 

red lines represent the micro-cracks induced by fatigue loading. 

 

 

Fig. 9 Schematic diagram of micro-cracks 

 

To define the micro-crack dominated fatigue damage variable, the total 

number of micro-cracks generated in the specimen under fatigue loading is 

noted as n, and the length of each micro-crack is noted as CRACK[i]. It is 

assumed that these micro-cracks are randomly distributed in the specimen. To 

further simplify the model, the direction of each micro-crack is set to be vertical 

to the force direction and the projection of each micro-crack in the vertical 

direction of the force has no overlapping part. With the above assumption, 

according to the continuous damage mechanics model, the damage degree D of 

the material specimen is calculated as 

 

i=0

CRACK[i] /
n

D W=
 

(9) 

 

where W and L are the width and length of the specimen respectively. In this 

paper, W and L were taken as the diameter and length of the effective part of the 

specimen correspondingly. Then the i-th micro-crack would start at (X[i], Y[i]) 

and end at (X[i], Y[i]+CRACK[i]) as the direction and length of the micro-crack 

have been determined. Assuming that the micro-cracks are randomly distributed 

in the vertical direction of the force, the vertical distance (d) between the i+1th 

micro-crack and the i-th micro-crack is d=random.uniform(0,1)×(1-

D)/D×Crack[i+1], as shown in Fig. 10. 

 

(X[i+1]，Y[i+1])

(X[i+1]，Y[i+1]+Crack[i+1])

(X[i]，Y[i])

(X[i]，Y[i]+Crack[i])

Crack[i]

Crack[i+1]

 d=random.uniform(0, 1) ×(1-D) / D × Crack[i+1]

L

W

 

Fig. 10 Coordinates of microcracks 

 

At present, there is no standard criterion for determining fatigue crack 

emergence, and some scholars [25, 26] take 3-5 times the grain size as the 

critical value for crack emergence. For structural steel engineering, it is more 

practical to develop different fatigue crack initiation thresholds depending on 

the accuracy of the observation, with the crack size at fatigue crack initiation 

usually being in the range of 0.1 mm to 0.5 mm, while some literature adopts a 

more precise range (0.25 mm to 0.3 mm). In this paper, it is assumed that the 

size of the micro-crack is in the range of 0.1mm to 0.3mm. 

The simulation of the mechanical properties of steel with pre-fatigue 

damage could be divided into the following steps: 

1. Determine the geometry dimensions W and L of the model, as well as 

the damage degree (D). Define three integers in Python to represent the above 

three parameters, and define three empty arrays X[], Y[], and CRACK[], which 

would be used to store the starting coordinates of each micro-crack in the model 

and the length of the micro-crack. 

2. Define a micro-cracks generating loop with the “while” commend, in 

which a random line segment of length between 0.1 and 0.3 mm is continuously 

generated to represent the micro-cracks caused by fatigue damage, and the loop 

stops until the total length of the generated micro-cracks is greater than D×W, 

and finally outputs the length of each micro-crack, i.e. CRACK[i]. 

3. Randomly generate the ordinate of the first micro-crack. Then the 

ordinate of the starting point of the i+1th micro-crack can be calculated 

according to the formula in Fig. 11. 

4. Random numbers with the same number of micro-cracks were generated 

in the range of 0.5 to L-0.5 as the abscissa of each micro-crack. To avoid the 

influence of the too-close distance between two adjacent micro-cracks on the 

convergence of the FE model, it is assumed that the horizontal distance between 

two adjacent micro-cracks is greater than 0.3 mm. 

The extended finite element method (XFEM) was used to consider the 

micro-cracks caused by fatigue load. XFEM is suitable for arbitrary boundary 

conditions, geometric shapes, and nonlinear geometric problems. Based on 

XFEM, numerical simulations of steel material containing inner micro-cracks 

were carried out with the general finite element software ABAQUS. 

 

D，L，W，i=0，X[]，Y[]，Crack[]

Start

Crack[i]=random.uniform(0.1，0.3)

Sum(Crack[i]) > D×W

i，Crack[i]

i = i+1

Y[0] = random.uniform(0，1) × (1-D) / D × Crack[0]

Y[i+1] = Y[i] + Crack[i] + random.uniform(0，1) ×

(1-D) / D × Crack[i+1]

X[i]=random.uniform(0.5，L-0.5)

End

0<X[i+1]-X[i]<0.3 -0.3<X[i+1]-X[i]<0

X[i+1]=X[i+1]+0.3

Y[i] X[i]

X[i+1]=X[i+1]-0.3

NO

YES

NO

YES YES

 

Fig. 11 Flow chart of the modeling 

 

4.  Validation of simulation method 

 

To verify the accuracy and reliability of the numerical simulation method 

proposed in this paper, numerical simulations of pre-fatigued Q355B and 

Q690D under static tensile loading were carried out using the finite element 

software ABAQUS. In ABAQUS, the engineering stress-strain curve of the 

specimen without damage was converted into the true stress-strain curve as the 

constitutive relationship of the material in the finite element model, and the 

isotropic hardening was selected as the hardening type of the material. The two-

dimensional finite element models corresponding to the geometry of the Q355B 

and Q690D specimens were established using the CPS4R element. 

 

4.1. Verification and calculation of FE model of Q355B specimen 

 

According to the simulation method of steel after fatigue damage proposed 

in this paper, the Python programming language was adopted to automatically 

generate Q355B FE models with different damage degrees corresponding to the 

pre-fatigue loading test, as shown in Fig. 12. 

As mentioned above, the XFEM was used to simulate micro-cracks, as 

shown in Fig. 13(a). It is worth mentioning that to better reflect the change of 

yield platform, the lower yield point in the stress-strain curve of Q355b steel 

obtained from the test was selected as the yield stress when defining the material 

properties. The boundary conditions of the FE model are as follows: the left 

boundary was fixed, and the reference point was defined to couple the right side 

surface to apply displacement load to the specimen, as shown in Fig. 13(b). 
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(a) D=0.19 (b) D=0.37 

  

(c) D=0.56 (d) D=0.74 

Fig. 12 Finite element model of Q355 after fatigue damage 

 

  

(a) Interaction (b) Boundary condition 

Fig. 13 Specific settings of the FE model 

 

Fig. 14 shows the Mises stress of the Q355B specimen under different 

fatigue damage degrees. It can be seen that when there is no fatigue damage, the 

stress distribution of the model is relatively uniform, and necking occurs in the 

middle of the model. With the introduction of micro-cracks, the stress 

concentration at the crack tip is obvious, and the necking position of the FE 

model is different from that of the non-damage model. 

The STATUSXFEM of the FE model when the step time is 0 is shown in 

Fig. 14(d). It can be seen that the value of STATUSXFEM at the micro-crack is 

1.0 when the analysis step time is 0, that is, when the FE model starts to calculate, 

which indicates that the displacement on both sides of the micro-crack is 

discontinuous, and the crack is successfully considered. 

 

  

(a) D=0 (b) D=0.19 

  

(c) D=0.37 (d) D=0.56 

  

(d) D=0.74 (d) STATUSXFEM 

Fig. 14 Nephogram of the finite element model of Q355 

 

The engineering stress-strain curve of the Q355 specimen under different 

damage degrees obtained by simulation was shown in Fig. 15. It reflects that the 

yield platform of Q355 steel gradually disappears with the increase of fatigue 

degree. The yield strength of Q355B steel decreases with the increase of fatigue 

strength, and the variation trend of the FE results is consistent with the test 

results. 
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(a) D=0 (b) D=0.19 
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(c) D=0.37 (d) D=0.56 
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(e) D=0.74 (f) simulation results 

Fig. 15 Comparison of calculation results of Q355B FE models 

 

The yield and ultimate strengths obtained from the simulation were 

compared with the test values, as shown in Table 3. For the Q355B material 

after fatigue damage, the maximum difference between the yield strength 

obtained by the FE simulation and the experimental results is 7.57%, and the 

maximum difference between the ultimate strength obtained by the FE 

simulation and the experimental value is 1.80%, which shows the accuracy of 

the simulation method. 

 

Table 3 

Comparison between FE and test results of Q355B 

D 

fy (MPa) fu / (MPa) 

FE Test 
Deviation 

(%) 
FE Test 

Deviation 

(%) 

0.19 353 357 1.12 551 556 0.90 

0.37 349 346 0.87 550 548 0.36 

0.56 339 330 2.73 549 558 1.61 

0.74 327 304 7.57 547 557 1.80 
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(a) D=0.19 (b) D=0.37 
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(c) D=0.56 (d) D=0.74 

Fig. 16 Results of Q355B FE models 

 

To avoid accidental errors and fully verify the feasibility of the simulation 

method proposed in this paper, five corresponding finite element models were 

generated for each damage degree and calculated, and the results obtained are 

shown in Fig. 16. 

The stiffness, yield strength, and ultimate strength calculated by the finite 

element method have little change in the same damage degree, and the curves 

obtained by the finite element method almost coincide with the experimental 

results, which indicates that the simulation method proposed in this paper has 

good stability and accuracy for Q355B steel. 

 

4.2. Verification and calculation of FE model of Q690D specimen 

 

Based on the simulation method proposed in this paper, the finite element 

models of Q690 with different damage levels corresponding to the pre-fatigue 

loading tests were established in ABAQUS. The geometric dimensions of the 

generated finite element model refer to the dimensions of the effective section. 

The contact, mesh, and boundary conditions of the Q690 FE model are 

consistent with those of the Q355B FE model. 
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(a) D=0 (b) D=0.4 
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(c) D=0.6 (d) D=0.8 
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(e) D=0.9 (f) simulation results 

Fig. 17 Comparison of calculation results of Q690D FE models 

 

Fig. 17 shows the comparison between the engineering stress-strain curves 

of the Q690D specimen under different damage degrees obtained by finite 

element simulation and the test results. The yield and ultimate strengths 

obtained from the simulation were compared with the test values, as shown in 

Table 4. 

 

Table 4 

Comparison between FE and test results of Q690D 

D 

fy (MPa) fu / (MPa) 

FE Test Deviation 

(%) 

FE Test Deviation 

(%) 

0.4 757 784 3.44 877 858 2.21 

0.6 744 783 4.98 876 853 2.70 

0.8 725 766 5.35 872 840 3.81 

0.9 711 761 6.57 863 837 3.11 

 

According to the comparison results, for the Q690D material after fatigue 

damage, the maximum difference between the yield strength obtained by the FE 

simulation and the experimental value is 6.57%, and the maximum difference 

between the ultimate strength obtained by the FE simulation and the 

experimental value is 3.81%. It can be seen that the simulation values are in 

good agreement with the test values, indicating the feasibility of the simulation 

method proposed in this paper. 

Similar to the numerical simulation of the Q355B specimen, five FE models 

corresponding to Q690 steel in each damage degree were established and 

calculated. The calculation results are shown in Fig. 18. The curves under the 

same damage state are almost coincident and consistent with the experimental 

values, which shows that the proposed method has good accuracy and stability 

for Q690D steel. 
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(a) D=0.4 (b) D=0.6 

0.00 0.02 0.04 0.06 0.08 0.10
0

200

400

600

800

1000

0.002 0.004 0.006 0.008

680

700

720

740

760

780

S
tr

es
s 

(M
P

a)

Strain

 1

 2

 3

 4

 5

 

0.00 0.02 0.04 0.06 0.08 0.10
0

200

400

600

800

1000

0.002 0.004 0.006 0.008

680

700

720

740

760

780

S
tr

es
s 

(M
P

a)

Strain

 1

 2

 3

 4

 5

 

(c) D=0.8 (d) D=0.9 

Fig. 18 Results of Q690D FE models 

 

5.  Conclusions 

 

The residual mechanical properties of Q355B and  Q690D structural steel 

after exposure to varying degrees of pre-fatigue damage were investigated in 

the present study. The main conclusions are as follows: 

(1) Under monotonic loading, with the increase of pre-fatigue damage, the 

Young’s modulus and yield strength of Q355B steel tended to decrease, and the 

yield plateau in the stress-strain curve gradually disappeared, while the ultimate 

strength remained effectively unchanged. 

(2) The change of mechanical properties of Q690D after fatigue damage is 

similar to that of Q355B, but the change of ultimate strength of Q690D after the 

damage is more obvious than that of Q355B. 

(3) The numerical simulation method of steel after fatigue damage 

proposed in this paper can accurately simulate the mechanical properties of 

Q355B and Q690D after fatigue damage. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The seismic bearing capacity of an incomplete single-layer reticulated dome during construction is significantly lower than 

that of a complete dome. To assess the seismic resilience of incomplete single-layer reticulated domes and find the most 

unfavorable construction stage, a new curve of recovery functionality and a new methodology of seismic resilience during 

construction were established in this study. Under the combined action of the bending moment and axial force, the damage 

state criterion of circular steel pipes was improved through hysteresis simulation analysis. Based on the elastoplastic time-

history analysis of different construction models, the damage state levels of all structural members were employed to 

estimate the functionality loss after an earthquake event. The repair path and the repair time of damaged steel pipes were 

defined, and the structural recovery functionality was computed to assess the seismic resilience. The proposed methodology 

in this paper was demonstrated using a 40-meter span of the Kiewitt-8 dome with six circular grids considering both the 

construction process and seismic hazards. The results indicate that seismic resilience is related to the incomplete structura l 

form of the dome during construction. The repair time will be the longest and the seismic resilience will be the lowest if the 

incomplete dome suffers an earthquake during the construction period when installing the fourth circular grid from outside 

to inside. 
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1.  Introduction 

 

Due to their light weight, thin thickness, reliable force, and beautiful shape, 

single-layer reticulated domes are widely used in large span buildings such as 

airports, stadiums and exhibition halls. Although this type of structure has the 

mechanical properties of a bar system and a thin shell structure, the existing 

earthquake hazard shows that members of a dome may experience damage, 

buckling and fracture to reduce the bearing capacity, threatening lives and the 

security of property. The dynamic responses and damage modes of complete 

single-layer reticulated domes under earthquakes have been researched deeply, 

laying foundations for performance-based seismic design methods of this spatial 

structure. Fan F. et al. [1] defined two types of failure modes of single-layer 

reticulated domes under a strong earthquake, including dynamic instability and 

plastic collapse. Zhi X.D. et al. [2] proposed different seismic performance 

levels based on the quantitative damage degree and established a criterion for 

the dynamic strength failure of single-layer reticulated domes. Nie G.B. et al. 

[3] analyzed the vulnerability curves of single-layer reticulated domes with the 

IDA method and suggested different overall damage indications. However, the 

seismic analysis of incomplete domes under construction has rarely been 

studied. 

When a reticulated dome is under construction, the incomplete structural 

form is constantly changing, and therefore, the internal forces and boundary 

constraint conditions of the incomplete structure are quite different from those 

of the complete structure. Many scholars have simulated and analyzed the 

mechanical performance of spatial reticulated domes during the whole 

construction process. Liu X.W. et al. [4] combined a birth-death finite element 

technology and a step-by-step model simulation method to conduct a 

mechanical analysis of steel structures in construction. Tian L.M. et al. [5] 

analyzed the internal force and deformation of a complicated stadium during the 

construction process by using the finite element method for a large-span 

structure. Li Y.Y. et al. [6] used the finite element software Midas/Gen to 

simulate construction schemes for a long-span steel roof and studied the effect 

of different temporary supports under construction. However, the bearing 

capacity of a structure under construction has not yet been formed, so in this 

process, the incomplete dome may easily collapse under a strong earthquake, 

which will seriously affect construction safety, quality and cost. Previous 

research on the structural construction process has not considered the effect of 

earthquakes, and few studies have been performed on the seismic response of 

spatial structures during the construction period. 

Seismic resilience refers to the ability to maintain and restore the original 

function of a structure after earthquake excitation. In the earliest research, 

Bruneau et al. [7] pointed out that seismic resilience can be evaluated from four 

aspects: robustness, redundancy, rapidity and resourcefulness. In recent years, 

the study of seismic resilience has mainly been focused on medical systems, 

water supply systems, bridge engineering and so on. Vásquez et al. [8] studied 

the response and resilience of the healthcare network in Iquique after the 

Pisagua earthquake in 2014. Favier et al. [9] investigated the effect of the Illapel 

earthquake on local hospitals in 2015. Domaneschi et al. [10] studied the 

immediate seismic resilience of a controlled cable-stayed bridge. Biondini et al. 

[11] studied the life-cycle resilience of deteriorating bridge networks under 

earthquake scenarios. Dong Y. et al. [12] proposed a framework for the 

probabilistic assessment of an interdependent healthcare-bridge network system 

under seismic hazards. Pang Y.T. et al. [13] assessed the life-cycle seismic 

resilience of highway bridges with fiber reinforced concrete piers in a corrosive 

environment by using the improved Cloud Analysis. There are some 

international standards for seismic resilience assessment of buildings, namely, 

FEMA-P58 [14], REDi Rating System [15], and USRC Building Rating System 

[16]. The Chinese standard, GB/T 38591-2020 “Standard for seismic resilience 

assessment of buildings” [17], was released in 2020. Lu X. [18] proposed a new 

quantification method of seismic resilience by FEMA-P58 and applied it to 

evaluate the seismic resilience of typical reinforced concrete frame core pipe 

tall buildings. Fang D.P. et al. [19] assessed the seismic resilience, including the 

building repair costs, repair time and casualties, in a typical community based 

on the Chinese standard, GB/T 38591-2020. Clearly, the application of building 

resilience evaluation standards is gradually becoming mature, and various 

researchers have carried out partial studies on the seismic resilience evaluation 

of different structures. However, there has been little research on the seismic 

resilience assessment of single-layer reticulated domes, especially incomplete 

domes during construction. 

Based on the existing standard for seismic resilience assessment of 

buildings in China, the process of seismic resilience assessment of a single-layer 

spherical reticulated dome during construction was developed in this study, and 

two damage state criterion curves of steel pipe members, with bending moments 

or axial forces as the main damage, were improved. By taking a 40-meter span 

of a single-layer spherical reticulated dome as a case study, the seismic 

resilience in the whole construction process is evaluated. 

 

2.  Seismic resilience assessment process during construction 

 

Proposed by Bruneau et al. [7], the curve of building recovery functionality 

Q(t) after an earthquake with time history is presented, as shown in Fig. 1(a). 

When a building system suffers earthquake action at time t0, the building 

functionality is reduced from 100% to a certain percentage in this figure. Then, 

the system functionality is later recovered to 100% by a repair path with repair 

time TRE. Bruneau pointed out that the value of seismic resilience is related to 

the repair time and the recovery functionality curve Q(t). However, this curve 

is widely used in whole structural and nonstructural members during building 

operation without considering the change in functionality during construction. 

The structure of a single-layer reticulated dome during construction is 

incomplete, leading to the seismic bearing capacity of the incomplete structure 
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being much lower than that of the complete dome. In addition, the seismic 

bearing capacity of incomplete structures varies greatly at different times during 

construction. In this paper, seismic resilience curves during construction are put 

forward in Fig. 1(b). The structural functionality Q(t) monotonically increases 

from the beginning to the end of the construction. When the incomplete dome 

suffers an earthquake at time t0 during construction, the functionality will 

decrease to some degree as well, but it will vary compared to that of a complete 

dome. The seismically damaged members of incomplete domes must be 

repaired before construction proceeds. The original construction time TC will 

be extended by the repair time TRE. 
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(b) Seismic resilience during construction 

Fig. 1 Curve of recovery functionality and seismic resilience 

 

The seismic resilience assessment of a single-layer reticulated dome during 

construction should be based on the construction scheme, elastoplastic time-

history analysis and damage state criterions of structural and nonstructural 

members based on the Chinese standard, GB/T 38591-2020. The incomplete 

structure has not been equipped with nonstructural members, so the damage 

states of nonstructural members are ignored during construction. Circular steel 

pipes, welded hollow spherical joints and temporary supports are usually used 

in single-layer reticulated domes during construction, as shown in Fig. 2, which 

leads to structural members bearing both large axial forces and bending 

moments at the bar ends, so circular steel pipes in the dome under earthquakes 

may have two modes of failure: bending failure modes and axial failure modes. 

As a result, two damage state criteria of structural members were determined in 

this study. The whole assessment process of the seismic resilience of a single-

layer reticulated dome during construction is shown in Fig. 3 and is described 

in the following steps. 

Step 1: The rational construction scheme of a single-layer reticulated dome 

must be defined first, especially the construction sequences of different 

structural members. Then, finite element models in different construction 

periods should be established, including incomplete structural members and 

temporary construction support systems. 

Step 2: Based on different earthquake hazards, elastoplastic time-history 

analysis should be carried out using the selected ground motions and the IDA 

method. 

Step 3: Combined with hysteresis experiments or numerical simulations of 

circular steel pipes, two damage state criteria of structural members considering 

two failure modes should be determined, including the bending failure mode 

and axial failure mode. 

Step 4: According to the damage criterion, the damage status of all 

structural members is estimated in different construction models under 

predetermined earthquake hazards. 

Step 5: The repair cost and the repair time of different construction models 

should be calculated considering the reasonable repair process. 

Step 6: The reduced structural functionality should be defined to assess the 

seismic resilience of a single-layer reticulated dome during construction. 

 

 

Fig. 2 The model of a single-layer reticulated dome during construction 

 

 

 

Fig. 3 The methodology for seismic resilience assessment during construction 

 

3.  Damage criterion of circular steel pipes 

 

The Chinese standard, GB/T 38591-2020, suggests the damage state 

criterion in the moment-angle (M-θ) curve of steel frame members and force-

displacement (N-Δ) curve of steel support members with an H-section and 

rectangular pipes, but the members of a single-layer reticulated dome adopt a 

circular steel pipe with a large axial force and bending moment at both ends; 

these characteristics are not specified in this standard. The bending failure of 

the member may occur when the bending moment is larger, but when the axial 

force becomes larger, the bar may yield by tension or buckle by compression. 

As a result, the mode of bending failure or axial failure must be distinguished 

by the damage criteria. To obtain the different damage criterion curves of 

circular steel pipes in a single-layer reticulated dome, hysteresis analysis must 

be carried out by component tests or numerical simulations. In this paper, two 

mechanical models are established to study the damage criterion of circular steel 
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pipes with rigid connection joints under cyclic bending moments or cyclic axial 

forces by finite element analysis simulation, as shown in Fig. 4. Because the 

bending stress or axial stress in a circular steel pipe is dominant, two types of 

mechanical models are taken as the research object by the numerical simulation 

method. The hysteretic performances of different types of members are 

analyzed in different loading systems and member parameters, such as 

component length and sectional dimension. 

 

 

(a) Hysteresis simulation of the bending moment 

 

(b) Hysteresis simulation of the axial force 

Fig. 4 Mechanical models of the circular steel pipe 

 

Fig. 4(a) shows the mechanical model of a circular steel pipe with a cyclic 

bending moment. One end of the bar is consolidated, and the lateral loading 

system at the other end is controlled by the lateral displacement δ , while the 

axial compression force N in the bar remains constant. The lateral displacement 

adopted the cyclic loading method, and the loading system is shown in Fig. 5(a). 

A schematic diagram of the loading system is shown in Fig. 5(a), in which the 

X-axis n represents the number of loading cycles, and the Y-axis represents the 

ratio of the lateral displacement δ to the yield displacement δy. The yield lateral 

displacement δy of the circular steel pipe is calculated by Eq. 1: 

 

( ) 2

y

y

2 /

3

f F A L

ED


−
=  (1) 

 

where δy is the lateral yield displacement; fy is the actual yield stress of steel; 

L is the length of the bar; F is the constant axial compression force; E is the 

elastic modulus of steel; and D is the outer diameter of the bar section. 

Fig. 4(b) shows the mechanical model of the circular steel pipe with an axial 

force. One end of the bar is consolidated, and the loading system at the other 

end is controlled by axial displacement Δ when the bending moment M is 

constantly 0.2 times the bending yield bearing capacity. The axial displacement 

adopts the cyclic loading method, and the loading system is shown in Fig. 5(b), 

in which abscissa n represents the number of loading cycles and ordinate Δ 

represents the cyclic axial displacement. L represents the length of the bar, a 

positive value indicates tensile displacement, and a negative value indicates 

compressive displacement. The yield axial displacement Δy of the circular steel 

pipe is calculated by Eq. 2: 
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where Δy is the axial yield displacement; fy is the actual yield stress of steel; 

L is the length of the bar; M is the constant bending moment; E is the elastic 
modulus of steel; and W is the section modulus of the bar. 

The aforementioned hysteresis simulation of circular steel pipes should 

yield the skeleton curves of the M-θ and N-Δ models. These skeleton curves can 

be the damage state criterion of circular steel pipes in a single-layer reticulated 

dome, and according to the Chinese standard, GB/T 38591-2020, the damage 

state of steel structural members is divided into five levels, as shown in Fig. 6. 

The five levels include Level 0 (Intact), which means no damage occurs; Level 

1 (Slight), which means that only minor damage affecting appearance occurs; 

Level 2 (Moderate), which means moderate damage that can be repaired simply 

occurs; Level 3 (Extensive), which means general damage that can be repaired 

to full structural function by conventional methods occurs; and Level 4 (Com-

plete), which means serious damage that affects the bearing capacity or requires 

component replacement occurs. 
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Fig. 5 Hysteresis load curves of the circular steel pipe 

 

As shown in Fig. 6, the M-θ criterion of bending failure and F-Δ criterion 

of tensile failure or compressive failure are represented by 4 broken line models. 

θB , θIO , θLS , θC and θCP represent the angle of the component corresponding to 

nominal yield point B, performance point IO, performance point LS, peak point 

C and failure point CP, respectively. ΔB, ΔIO, ΔLS, ΔC and ΔCP represent the tensile 

displacement of the component corresponding to nominal yield point B, perfor-

mance point IO, performance point LS, peak point C and failure point CP, re-

spectively. Δ'B, Δ'IO, Δ'LS, Δ'C and Δ'CP represent the compressive displacement of 

the component corresponding to nominal yield point B, performance point IO, 

performance point LS, peak point C and failure point CP, respectively. The 

damage state level of each member should be determined by the most unfavor-

able index calculated in the M-θ and F-Δ damage state criteria. 

 

4.  Calculation of seismic resilience 

 

4.1. Calculation of repair time 

 

To assess the seismic resilience, the repair time must be calculated accord-

ing to Fig. 1. The repair time of a single-layer reticulated dome are closely re-

lated to different grid positions and repair paths of damaged structural members. 

In this study, the repair path of the damaged dome is from low grids to high 

grids, namely, from outside grids to inside grids. The repair path of each grid is 

that the damaged radial members should be repaired at first, and then the dam-

aged annular members and damaged diagonal members are repaired subse-

quently. According to the repair principle of a reticulated dome after a disaster 

proposed by Reference [20], the repair methods of structural members in differ-

ent damage state levels are shown in Table 1. 
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(a) M-θ curve for bending failure 
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(b) F-Δ curve for axial failure 

Fig. 6 Damage state criteria of the circular steel pipe 

 

Table 1 

Repair method of structural members at different damage state levels 

Level 0 Level 1 Level 2 Level 3 Level 4 

(Intact) (Slight) (Moderate) (Extensive) (Complete) 

Reserve the 

intact bar 

Straighten the 

bar with special 

machines 

Replace the damaged bar with new one 

 

The total construction repair time of all damaged structural members should 

meet the requirements to recover structural function. To facilitate calculation, it 

is not necessary to include the time spent in seismic damage assessment, repair 

path planning, repair material procurement, construction equipment leasing and 

other preparatory work before repair. The repair time of different types of 

structural members under different damage states is calculated by Eq. 3, which 

is related to the repair time of a single worker to complete the work, the number 

effect of the damaged structural members and efficiency improvement of 

member repair. 
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where Qi is the repair time of type i members (man-days); Q(i, j) is the repair 

time of type i members under damage state j, which was suggested by Reference 

[20] and Reference [21], as shown in Table 2; n(i, j) is the number of type i 

members under damage state j (man-days); and ξT(i) is the reduction coefficient 

of the repair time considering the damaged number of type i member, as shown 

in Table 3. 

 

 

 

Table 2 

Repair time of structural members in different damage state levels 

i 
Structural 

member type 

Repair time in different damage state levels j (man-days) 

Level 0 Level 1 Level 2 Level 3 Level 4 

(Intact) (Slight) (Moderate) (Extensive) (Complete) 

1 Radial bar 0 2 15 15 15 

2 Diagonal bar 0 2 15 15 15 

3 Annular bar 0 2 15 15 15 

 

Table 3 

Reduction coefficient of repair time considering the number of damaged 

members 

i 
Structural 

member type 

Number of damaged members 

≤10 11~49 ≥50 

1 Radial bar 1.0 

linear interpolation 

0.8 

2 Diagonal bar 1.0 0.8 

3 Annular bar 1.0 0.8 

 

The total repair time of all damaged structural members is calculated by Eq. 

4, which is related to the number of repaired workers and the sum of the repair 

time for different types of damaged structural members. 
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where TRE is the total repair time of the single-layer reticulated dome (man-

days), and N is the number of workers repairing damaged structural members. 

 

4.2. Calculation of structural recovery functionality 

 

The structural recovery functionality suggested in FEMA-P58 refers to the 

relationship between the time and the structural recovery functionality before or 

after an earthquake. Due to the concepts of redundancy and robustness, the 

structural recovery functionality of the single-layer reticulated dome is related 

to the number of damaged members and the damage state level of each damaged 

member. To establish the relationship between the damaged members and the 

structural recovery functionality, by combining the different repair methods and 

different damage state levels, it is assumed that the influence coefficient of the 

damaged member is linearly proportional to its repair time, and the influence 

coefficient of the member to be replaced is 1.0 in this paper. The overall 

structural damage index of the single-layer reticulated dome is specified as Eq. 

5: 
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where D  is the overall structural damage index of the dome; Dj is the 

damage index of each member in damaged state level j, with the values shown 

in Table 4; and nj is the total number of members in damaged state level j. 

 

Table 4 

Damage index of each damaged structural members 

i 
Structural 

member type 

Damage index in different damage state levels j 

Level 0 Level 1 Level 2 Level 3 Level 4 

(Intact) (Slight) (Moderate) (Extensive) (Complete) 

1 Radial bar 0 0.1 1 1 1 

2 Diagonal bar 0 0.1 1 1 1 

3 Annular bar 0 0.1 1 1 1 

 

The structural functionality of the incomplete single-layer reticulated dome 

during construction is related to the percentage of installed bars so that at time 
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t0 before the earthquake, the structural functionality Q(t0)bef is specified as Eq. 6: 

 

install
0 bef

total

( ) 100%
n

Q t
n

=   (6) 

 

where ninstall is the number of installed members at time t0 during 

construction, and ntotal is the total number of installed members of the complete 

single-layer reticulated dome. After the earthquake, the structural functionality 

of the damaged dome Q(t0)aft is specified as Eq. 7: 

 

0 aft 0 bef( ) ( ) (1 )Q t Q t D= −  (7) 

 

Because the single-layer reticulated dome in this study only consists of 

structural members but no nonstructural components during construction, the 

linear recovery functionality suggested by Reference [18] is adopted as Eq. 8: 
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where t0 is the time when the earthquake occurs; TRE is the repair time of all 

damaged structural members after the earthquake; and a and b are constant 

values of 1 and -1, respectively. Based on the recovery functionality during 

construction and the repair time TRE, the seismic resilience of a single-layer 

reticulated dome during construction is expressed as Eq. 9, as recommended by 

Reference [23]: 
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Eq. 9 shows that the smaller the reduction area of structural functionality is, 

the larger seismic resilience R is, and the shorter the repair time is, the larger 

seismic resilience R is. 

 

5.  Case study 

 

5.1. Finite element model 

 

The presented methodology for the seismic resilience during construction 

was studied by a typical Kiewitt-8 dome, as shown in Fig. 7. The span of this 

dome is 40 m, and the rise-to-span ratio is 1/4. The boundary conditions include 

fixed hinge supports, and the material is Q235 steel, with a yield strength of 235 

MPa, a density of 7850 kg/m3 and an elastic modulus of 2.06×105 MPa. The 

number of gird circles is 6, and the roof dead load is 1 kN/m2. Different pipe 

sections of the single-layer reticulated dome and temporary support system 

during construction are shown in Table 5. The type of temporary support system 

is a latticed column. 

 

   

(a) Single-layer reticulated dome        (b) Temporary support system 

Fig. 7 Case model 

 

The finite element model was established by ABAQUS software. The 

element type of the members is B31, and the beam sections are circular pipes. 

The connection of the structural member of the single-layer reticulated dome is 

rigid, and the joints of the temporary support members are hinge joints. The 

connector element was adopted to simulate the interaction between the 

temporary support and the dome structure. Temporary support only provides 

vertical compressive force and does not provide tension force when separating 

during earthquake actions. The constitutive model of the steel material and the 

mechanical model of the connector element are shown in Fig. 8. 

 

Table 5 

Pipe section of the single-layer reticulated dome and temporary support system 

Kiewitt-8 dome Pipe section Temporary supports Pipe section 

Radial bar Φ133×4 Vertical bar Φ108×8 

Annular bar Φ133×4 horizontal bar Φ90×6 

Diagonal bar Φ114×3 Diagonal bar Φ90×6 

 

   

(a) Stress‒strain curve of steel   (b) Force displacement curve of connector elements 

Fig. 8 Mechanical curves of the FE model 

 

5.2. Damage criterion of dome members 

 

Hysteresis simulations of different circular steel pipes in the dome were 

carried out under a cyclic bending moment or a cyclic axial force. As a result, 

two damage failure modes of the circular steel pipe by hysteresis simulation are 

shown in Fig. 9. Fig. 9 indicates that bending failure under cyclic bending 

moment leads to the overall instability of the member and that axial failure 

under cyclic axial force leads to the local buckling of the member. 

 

 

(a) Bending failure under cyclic bending moment 

 

 

(b) Axial failure under cyclic axial force 

Fig. 9 Two types of failure modes for dome pipes 

 

Hysteresis curves of the radial bar, the diagonal bar and the annular bar in 
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the dome under two loading systems are shown in Fig. 10. Fig. 10 (a) indicates 

that the diagonal bar with a larger slenderness ratio has a lower bending moment 

capacity and easily undergoes bending failure. Fig. 10 (b) indicates that the 

compressive bearing capacity of the dome member is much lower than its tensile 

bearing capacity. The skeleton curve was the outsourcing curve by connecting 

the maximum peak points of each cycle in the hysteresis curve. Fig. 11 shows 

skeleton curves of the radial bar, the diagonal bar and the annular bar in the 

dome under two loading systems. 
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(a) M-θ curve under cyclic bending moment 
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(b) F-Δ curve under cyclic axial force 

Fig. 10 Hysteresis curves of the circular steel pipes 

 

From the skeleton curves, the damage criterion of different types of dome 

members was obtained, as shown in Table 6, Table 7 and Table 8. Compared 

with the Chinese standard, GB/T 38591-2020 [17], the values of θ and Δ at each 

damaged state level are smaller. This is because steel structural members in a 

single-layer reticulated dome are both bearded with simultaneous bending 

moments and axial forces. The combined action of the bending moment and 

axial force facilitates damage to the structural members so that the index of the 

damage criterion is reduced, especially the index of axial displacement Δ. 

Taking the annual bar as an example, the M-θ damage criterion and F-Δ damage 

criterion are shown in Fig. 12. 

 

Table 6 

θ value of the damage state criterion of steel structural members 

Representative 

specification 

Structural 

member type 
Member section θIO/θy θLS/θy θu/θy 

Chinese Standard: 

GB/T 38591-2020 

Steel beam H-section 1.25 4 5 

Steel column H-section 1.25 4 5 

Steel column Rectangular tube 1.25 4 5 

Recommended in 

this paper 

Radial bar 

Circular pipe 

1.1 2.5 3 

Diagonal bar 1.1 2.5 3 

Annular bar 1.1 4 5 

 

-0.3 -0.2 -0.1 0.0 0.1 0.2 0.3
-30

-20

-10

0

10

20

30

 Annular bar

 Radial bar

 Diagonal bar

M
/k

N
∙m

θ=δ/L
 

(a) M-θ curve under cyclic bending moment 
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(b) F-Δ curve under cyclic axial force 

Fig. 11 Skeleton curves of the circular steel pipes 

 

Table 7 

Δ' value of the damage state criterion of compressive structural members 

Representative 

specification 

Structural 

member type 
Member section Δ'IO/Δ'y Δ'LS/Δ'y Δ'u/Δ'y 

Chinese Standard: 

GB/T 38591-2020 

Steel Support 
H-section 1.5 8 9 

Rectangular tube 1.5 7 8 

Recommended in 

this paper 

Radial bar 

Circular pipe 

1.1 1.3 1.5 

Diagonal bar 1.1 1.3 1.5 

Annular bar 1.1 1.5 2.0 

 

Table 8 

Δ value of the damage state criterion of tensile structural members 

Representative 

specification 

Structural 

member type 
Member section ΔIO/Δy ΔLS/Δy Δu/Δy 

Chinese Standard: 

GB/T 38591-2020 

Steel Support 
H-section 1.5 8 10 

Rectangular tube 1.5 8 10 

Recommended in 

this paper 

Radial bar 

Circular pipe 

1.3 1.8 2.5 

Diagonal bar 1.3 1.8 2.5 

Annular bar 1.3 2.1 2.7 

 



Tian-Long Zhang and Jun-Yan Zhao  83 

-0.06 -0.04 -0.02 0.00 0.02 0.04 0.06

-30

-20

-10

0

10

20

30

 Annular bar

M / kN∙m

θ

B
IO

LS
C

CP

B
IO

LS
C

CP

Level 0

(Intact)

Level 1

(Slight)

Level 2

(Moderate)

Level 3

(Extensive)

Level 4

(Complete)

Level 0

(Intact)

Level 1

(Slight)

Level 2

(Moderate)
Level 3

(Extensive)

Level 4

(Complete)
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(b) F-Δ damage state criterion 

Fig. 12 Damage state criterion of the annual bar 

 

5.3. Seismic resilience assessment of the dome during construction 

 

By dividing the single-layer reticulated dome into six circular grids from 

outside to inside, scattered assembly technology at high altitude was adopted 

during construction. As temporary supports, the latticed columns were arranged 

under each joint at both ends of all dome members. Because the dome structure 

is symmetrical, the symmetrical construction method was adopted to ensure 

construction safety. The specific construction steps and temporary support 

models are shown in Fig. 13. According to Chinese code GB 50011-2016: 

“Code for Seismic Design of Buildings” [24], seismic hazards are defined as 

frequent earthquakes, moderate earthquakes and rare earthquakes. Taking the 

peak ground acceleration (PGA) as the index of ground motion intensity. 3D 

earthquakes, including the El Centro Earthquake wave, Taft Earthquake wave, 

Loma Prieta Earthquake wave and Tianjin Earthquake wave, were adopted to 

conduct an elastoplastic time-history analysis. The PGA of the seismic waves 

was adjusted to 110 cm/s2, 300 cm/s2 and 510 cm/s2. The PGA ratio in the X, Y 

and Z directions was 1:0.85:0.65. 

The time-history analysis of incomplete dome models under different 

construction steps was carried out by using ABAQUS. The relative axial 

displacement and relative rotation angle were calculated by obtaining the 

coordinates of each member joint. Combined with the proposed M-θ damage 

criterion in Table 6 and the F-Δ damage criterion in Table 7, the damage state 

level and the final failure mode of each member were determined by the higher 

value of the damage state criteria. The average damage state levels and the 

average failure modes of all members in different construction models under 

different rare earthquakes were calculated, as shown in Fig. 14. Fig. 14(a) shows 

that the percentage of damaged members varies widely at different construction 

steps, as does the seismic bearing capacity of the incomplete dome during 

construction. The percentage of damaged members in the model under 

construction Step 14 is 40.51%, which is the maximum value during 

construction. That is, when the fourth circular grid is installed in Step 14, this 

construction model is the most unfavorable with the most damaged members. 

Fig. 14(b) indicates that there are two failure types of damaged members in the 

single-layer reticulated dome during construction, and the percentage of 

member failure modes changes widely at different construction steps. The 

results also show that the construction model under Step 14 is the most 

unfavorable model during construction. When the dome is completely built, 

there are no damaged members under rare earthquakes, so the seismic bearing 

capacity of the complete single-layer reticulated dome is larger than that of the 

incomplete dome. 

 

    

(a) Step 1 (b) Step 4 (c) Step 3 (d) Step 4 

    

(e) Step 5 (f) Step 6 (g) Step 7 (h) Step 8 

    

(i) Step 9 (j) Step 10 (k) Step 11 (l) Step 12 

    

(m) Step 13 (n) Step 14 (o) Step 15 (p) Step 16 

    

(q) Step 17 (r) Step 18 (s) Step 19 (t) Step 20 

Fig. 13 Construction models of a single-layer reticulated dome 
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(b) Member failure modes 

Fig. 14 Damaged member results under each construction step 

 

Through Eq. 3~Eq. 4, the average repair time (TRE) in different construction 

models under different rare earthquakes was calculated, as shown in Fig. 15(a). 

Fig. 15(a) shows that the repair time is when the fourth circular grid is installed 

at Step 14. The average repair time reaches 1814 man-days after a rare 

earthquake, and 90% of the damaged members need to be replaced. That is, if 

26 workers are arranged to repair the damaged members, then the repair time is 

70 days, and the total construction period is extended by 70 days. Through Eq. 

5~Eq. 9, the average seismic resilience of different construction models under 

different rare earthquakes was calculated, as shown in Fig. 15(b). Fig. 15(b) 

suggests that the value of seismic resilience at construction Step 1 is 80.14% 

and the value of seismic resilience at construction Step 14 is 80.63%, which are 

the two lowest numbers. This result demonstrates that when the first and fourth 

circular grids are under construction, the structural functionality decreases the 

most significantly during these two periods. Special attention should be given 

to the seismic safety of these two construction periods. 

Taking the construction model at step 14 as an example, the average value 

of seismic resilience (R) and recovery functionality curves under different 

earthquake hazards are shown in Fig. 16. This result illustrates that the average 

seismic resilience under frequent earthquakes, moderate earthquakes and rare 

earthquakes is 0.91, 0.85 and 0.81, respectively, and if 26 workers are arranged 

to repair the damaged members, the repair time under frequent earthquakes, 

moderate earthquakes and rare earthquakes is 33 days, 51 days and 70 days, 

respectively. With increasing earthquake intensity, the value of seismic 

resilience decreases, and the repair time increases. Special measures should be 

taken to control the seismic safety of the most unfavorable construction periods 

by seismic resilience assessment. 
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Fig. 15 Seismic resilience assessment under construction 
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Fig. 16 Seismic resilience of different earthquake hazards at construction step 14 

 

6.  Summary and conclusions 

 

By improving the curve of recovery functionality, the framework for 

seismic resilience assessment of a single-layer reticulated dome during 

construction was established in this study. The hysteresis analysis of the circular 

steel pipe under the combined action of bending moment and axial force was 

conducted by numerical simulation, and the damage state criterion of two failure 

modes was presented. Based on the advanced computational formulas of the 

repair time and recovery functionality considering different construction 

periods, the elastoplastic time-history analysis of an incomplete single-layer 

reticulated dome was carried out, and the seismic resilience during construction 

was assessed by using the Kiewitt-8 dome as an example. The main conclusions 

are as follows: 

(1) There are two failure modes of the single-layer reticulated dome under 

seismic action: the bending failure mode caused by the bending moment and the 

axial failure mode caused by the axial force. Because members in single-layer 

reticulated domes often suffer from combined greater bending and greater axial 

force, the index of circular steel pipes at different damaged state levels obtained 

by the hysteretic curve and the skeleton curve is lower than the index in the 

existing Chinese standard. The damage state level of each member in the dome 

should be determined by the most unfavorable index calculated in the M-θ and 

F-Δ damage state criteria. 

(2) The seismic bearing capacity of the complete single-layer reticulated 

dome is larger than that of the incomplete dome, and the seismic bearing 

capacity varies greatly under different construction periods. The number of 

damaged members and the percentage of member damage state levels are 

significantly influenced by the different construction stages. The construction 

models of the whole process must be established to find the most unfavorable 

construction state under seismic action. 

(3) The repair time and the seismic resilience value of the incomplete dome 

also vary greatly under different construction periods. The repair time is related 

to the number of damaged members and the damage state levels of each 

damaged member. The repair time is longer if the number of damaged members 

is greater and the state level of the damaged member is higher. The seismic 

resilience of incomplete domes under earthquakes is smaller, and the 
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functionality of the dome under construction will decrease. Special measures 

should be taken to control the seismic safety of the most unfavorable 

construction periods by seismic resilience assessment. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The development of wind power technology requires higher and larger wind turbines, which requires the bearing tower to 

increase its height and diameter. The assembled internal stiffened wind turbine tower divides the tower into multiple arc 

plates along the longitudinal direction, which can be easy transported to the site for assembly. That can solve the problem 

of height limit in highway transportation. At the same time, the internal stiffener provides better stability and can replace  

the bottom tower section of conventional wind turbine tower. In this study, the tower section of assembled internal stiffened 

wind turbine is modeled, and the longitudinal segmented tower section is assembled to the actual full -scale tower section 

model for nonlinear dynamic analysis. The influence of weld is considered by multi-scale modeling, combined with the 

plastic damage theory of steel materials. The whole collapse process of tower wall instability and deformation failure of 

wind turbine tower under the extreme wind condition is simulated, and the influence of various parameters of tower section 

on its bearing capacity is analysed. The damage position and damage development during tower collapse are predicted by 

using plastic damage theory, so as to provide reference for the design of assembled internally stiffened wind turbine tower. 
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1.  Introduction 

 

As a clean and efficient energy, wind power generation has developed very 

rapidly in recent years, and wind power technology has also developed rapidly. 

As the main load-bearing component of wind turbine, tower plays an important 

role in ensuring the stable operation of wind turbine. Considering the height 

limit of highway transportation, the wind turbine tower with a bottom diameter 

of more than 4.5m has exceeded the height limit of highway transportation. For 

the future development of higher power wind turbines, the transportation of 

larger diameter towers will be a problem. The split assembly towers can well 

solve the problems of height and width limitation in transportation. 

Wind turbine tower belongs to cylindrical shell structure in classification. 

In the research field of inner stiffened cylindrical shell, Wang M.G. [1] studied 

the stability of stiffened cylindrical shell by theoretical analysis and Yan H.X. 

[2] by finite element calculation. It is found that the bearing capacity of non-

stiffened shell is the lowest under the action of horizontal wind pressure; The 

effect of longitudinal stiffening is greater than that of circumferential stiffening, 

and the effect of external stiffening is better than that of internal stiffening. The 

longitudinal stiffeners arranged along the height direction can improve the 

overall stiffness of the tower to a certain extent. Rotter J M. [3] studied in detail 

the nonlinear buckling forms of cylindrical shell structures with different 

lengths under overall bending. Comparing the critical moment calculated by 

ABAQUS analysis and the critical moment calculated by the traditional 

calculation formula, it is found that for cylindrical shells with short length, the 

critical moment at buckling is greater than the elastic critical moment; For 

medium length cylindrical shells the critical moment is close to the elastic 

critical moment; For long cylindrical shell structures the buckling critical 

moment is lower than the elastic critical moment. The influence of boundary 

conditions on the buckling capacity of long columns is lower than that of short 

columns. 

In this paper, the collapse failure mechanism of wind turbine tower under 

extreme wind conditions is analysed by considering the assembled internal 

stiffener and combined with the material plastic damage theory. It is based on 

the plastic damage theory of stress triaxial [4]. This theory can simulate the 

fracture phenomenon of materials under different stress states and can predict 

the collapse failure of large wind turbine structures. Zhou T.H. [5] have used 

the plastic damage theory to analyze the structural damage of frame joints and 

steel frame structures under low cycle loading. The results show that the plastic 

damage theory can accurately predict the degradation of bearing capacity and 

stiffness of members and steel frame structures under loading, and accurately 

predict the damage location and damage development of structures. Duan H.X. 

[6] applied the plastic damage theory to the dynamic time history analysis of 

steel frame structure, and predicted the failure position and damage 

development of frame structure under seismic load. As a method to predict the 

actual damage of structures, the material plastic damage theory is widely used 

in the node analysis and collapse analysis of steel frame structures, but there are 

few applications in the wind turbine tower and the analysis of collapse failure 

mechanism of the tower. Therefore, the application of material plastic damage 

theory to the tower structure analysis has practical research significance and 

value. 

At present, scholars have less research on split assembly internal stiffened 

towers, especially the dynamic bearing performance of such towers and the 

collapse failure mechanism under extreme conditions need to be furtherly 

studied. Based on the consideration of fabricated internal stiffening and material 

plastic damage, this paper studies the dynamic bearing performance of tower 

under different stiffening schemes, and uses the plastic damage theory to predict 

the location and development degree of structural damage. 

 

2.  Dynamic response analysis of assembled internal stiffener wind 

turbine 

 

2.1. Simplified finite element model 

 

Taking NREL 5wm wind turbine as the research object, the finite element 

model is created in ABAQUS. The main parameters of the wind turbine are 

showed in table 1. 

 

Table 1 

Main parameters of NREL 5MW wind turbine 

Wind turbine parameters Numerical value 

Diameter of wind turbine/m 126 

Hub height/m 90 

Tower height/m 87.6 

Wind turbine mass/kg 1.1×104 

Engine room quality/kg 2.4×105 

Tower mass/kg 3.47×105 

 

The bottom diameter of the tower is 6m, the wall thickness is 0.027m, the 

top diameter of the tower is 3m, and the wall thickness is 0.019m. The shell wall 

is modeled by shell element SR4. The material is Q355 steel, the density is 

7850kg/m3, the yield strength is 325MPa, the Poisson's ratio is 0.3, and the 

elastic modulus is 2.1×1011, the total height of the tower is 87.6m. Taking 8.76m 

as a tower section, a reference point RP is set on the top of the tower, and the 

reference point is connected with MPC on the top of the wind turbine tower, the 
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bottom of the wind turbine tower is rigidly connected with the foundation. For 

the tower section with a diameter greater than 4.5m, the distribution scheme is 

adopted, as shown in Fig. 1 (the gray part of the tower section is arranged in 

pieces). The stiffener is TW75×150 section steel, flange thickness 20mm, Fig. 

1 shows the cross section of the tower. 

 

 

Fig. 1 Simplified 

finite element 

model 

Fig. 2 Schematic diagram of tower section 

 

2.2. Wind load extraction 

 

In this paper, according to the design load condition of wind turbine, the 

simulation time T=60s and time step ΔT=0.1s are set by OpenFAST software 

parameters to calculate the turbulent wind speed under the average wind speed 

of 70m/s at the hub under the extreme wind condition once in 50 years. The 

turbulent wind field is generated by TurbSim software to obtain the time domain 

diagram of wind speed at the hub height, as shown in Fig. 3 extract the wind 

load time history on the top of the wind turbine tower under the current wind 

condition, where Fx, Fy and Fz are the axial forces in the X, Y and Z directions 

respectively, and Mx, My and Mz are the moments around the X, Y and Z axes 

respectively, which is shown in Fig. 4. 

 
Fig. 3 Wind speed time history at hub 

 

(a) axial forces 

 

(b) moments 

Fig. 4 Time history of tower top wind load 

 

2.3. Dynamic buckling failure of tower 

 

Fig. 5 shows the structural Mises stress of instability collapse failure of 

wind turbine tower under the flange thickness of 20mm and the stiffener is TW 

75×150 section steel. 

 

  

(a) 10s (b) 20s 

  

(c) 25s (d) 30s 

Fig. 5 Stress of wind turbine tower structure at different times 

 

It can be seen from Fig. 5 that the structure has dynamic instability and 

collapse failure after 20s. The failure position is at the connection of tower 

section 2 and tower section 3, with an elevation of 17.52m. The section 

thickness changes greatly here (the section thickness of tower section 2 is 

0.027m, and the section thickness of tower section 3 is 0.026m). The stiffness 

is discontinuous, and dynamic buckling instability is easy to occur. 

 

3.  Weld simulation and material plastic damage theory 

 

3.1. Finite element simulation of weld 
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On the premise of multi-scale modeling, the weld is introduced into the 

local structure. By comparing with the non-weld model, the influence of the 

weld on the dynamic collapse of the structure is studied. Here, the inherent strain 

method is used to simulate the weld. In this paper, the equivalent trapezoidal 

strain method proposed in reference [7] is used to overcome the problem that 

the calculation of constant strain method is difficult to converge due to the 

sudden change of strain field at the edge of the model, as shown in Fig. 6. 

 

Fig. 6 Schematic diagram of inherent strain method 

 

The 5m tower section at the bottom of a 5MW wind turbine is used for 

modeling. The tower barrel has a radius of 3m and a thickness of 40mm. The 

shell element SR4 is used for modeling the wall. The material is Q355 steel with 

a yield strength of 325MPa. Loading inherent strain value, the tower barrel 

produces the welding residual stress and deformation allowed by the 

specification. The comparison between the residual stress distribution along the 

vertical weld direction of the shell and the measured welding data in reference 

[8] is shown in Fig. 7. The peak value of residual stress through inherent strain 

simulation is 320MPa, and the peak value of measured data in reference [8] is 

275MPa. The curve is in good agreement within 50mm from the weld line. 

Although the stress outside 50mm is slightly different, the stress values are 

small, all less than 50MPa, and the difference is within 25MPa. It can be 

considered that the inherent strain method can meet the simulation requirements 

of wind turbine tower weld. 

 

Fig. 7 Comparison of residual stress 

 

3.2. Material micro plastic damage initiation criteria 

 

The internal micro fracture of metal materials is the main reason for the 

decline of material bearing capacity and stiffness. Due to the expansion of 

internal micro trauma surface, the effective area of external load borne by metal 

materials continues to decrease, resulting in the loss of metal material bearing 

capacity and stiffness. Therefore, for metal materials, the moment of micro 

fracture in the material is the moment when the material enters the damage state. 

Based on Xue and Wierzbicki [9-10] damage criterion as the damage 

initiation criterion of structural steel, this paper selects the simplified stress 

triaxial damage initiation criterion suitable for explaining the damage 

mechanism of structural steel proposed by Li W.C. [11] and Zhou T.H. [5] on 

the basis of Bao and Wierzbicki [4] equivalent plastic damage strain and stress 

triaxial path. Through the round bar tensile test of Q355 steel, the plastic damage 

evolution criterion of steel is determined, so as to provide a suitable material 

plastic damage theoretical model for the later analysis of the bearing capacity 

of wind turbine tower. 

Xue and Wierzbicki metal material damage initiation criterion considers 

that the over accumulated equivalent plastic strain is the main reason for the 

degradation of stress and stiffness of metal materials. When the equivalent 

plastic strain of metal material reaches a certain critical value 𝜀0
𝑝𝑙

, micro fracture 

occurs in the material, and then enters the plastic damage state. Among them, 

the critical value of the equivalent plastic strain at the micro fracture time of the 

material 𝜀0
𝑝𝑙

 is defined as the equivalent plastic damage strain. How to 

determine the equivalent plastic damage strain of the material is the main 

purpose of Xue and Wierzbicki damage initiation criterion. The damage 

criterion holds that the equivalent plastic damage strain of metal materials 𝜀0
𝑝𝑙

 

is a function of material stress triaxial and stress state parameters: 

 

𝜀0
𝑝𝑙
= 𝐹(𝜂, 𝜉)                                                 (1) 

 

𝜂 = 𝜎𝑚/𝜎
                                                    

(2) 

 

𝜎𝑚 =
1

3
(𝜎1 + 𝜎2 + 𝜎3)

                                          

(3)  

 

𝜎 = √
1

2
[(𝜎1 − 𝜎2)

2 + (𝜎2 − 𝜎3)
2 + (𝜎3 − 𝜎1)

2]                  (4) 

 

𝜉 =
27

2

𝐽3

𝜎3
                                                   (5)                                                 

 

Where, σm and σ are hydrostatic stress and Mises equivalent stress of the 

material. σ1、σ2、σ3 respectively is the principal stress in three directions of the 

material; J3 is the third deviatoric stress which can be expressed as: 

 

𝐽3 = 𝜎1𝜎2𝜎3                                                   (6)                                                           

 

In Bao and Wierzbicki damage criterion, the damage strain function needs 

to be calibrated by the fracture of various notch specimens. Yu [12] simplified 

the path of steel stress triaxial and equivalent plastic damage strain through anal-

ysis, removed the parameteron under the premise of ensuring accuracy, and 

greatly reduced the difficulty of determining the parameters, The simplified ma-

terial equivalent plastic damage strain can be expressed as follows.  

 

( )

( )( )

1

0 2

1 2 1 0

2 0

/ 1 3

/

/

pl C

C C C

C




 

 




+
= 

+ −



                           (7)                                                                                                     

 

Where η0 is the limit value of the fracture performance of the material in 

high stress triaxial and low stress triaxial, C1 and C2 is the material parameter. 

From the formula, it can be seen that the plastic damage strain of material can 

be expressed as a piece-wise function of stress triaxial. The conversion relation-

ship between C1 and C2 is shown in formula (8). C2 is the equivalent plastic 

strain of the material round bar specimen during uniaxial tensile fracture, the 

parameters can be determined by testing the reduced area AR of the section at 

the fracture of the smooth round bar specimen. K, n is the material hardening 

parameter, which can be calculated from the material stress-strain curve. 

 

𝐶1 = 𝐶2(√3/2)
1/𝑛

                                    
(8) 

 

𝐶2 = −ln(1 − 𝐴𝑅)                                    
(9) 

 

𝜎 = 𝐾(𝜀)𝑛                                         (10) 

 

The simplified curve path of equivalent plastic damage strain and stress 

triaxial of steel is shown in Fig. 8. 
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Fig. 8 Stress triaxial and equivalent plastic damage strain path 

 

3.3. Micro plastic damage evolution of materials 

 

The material plastic damage initiation criterion only gives the equivalent 

plastic strain position when the steel damage occurs, but does not give the stress 

decline path after the damage occurs. After the steel enters the damage stage, 

the bearing capacity and stiffness of the material decay, and the damage factor 

can represent the attenuation degree of the material stress and elastic modulus, 

Therefore, the relationship between material residual stress, residual elastic 

modulus and damage factor D can be expressed by the following formula: 

 

𝜎 = (1 − 𝐷)𝜎                                                (11)  

 

𝐸 = (1 − 𝐷)𝐸                                                (12)  

 

It can be seen from formulas 11 and 12 that when the damage factor D=0, 

the material does not enter the damage state, and the stiffness and bearing ca-

pacity of the material do not degrade. When D>0, the material begins to enter 

the damage state, and the stiffness and bearing capacity of the material degrade. 

When D=1, the steel is destroyed. At this time, the residual modulus and resid-

ual stress of the material are reduced to 0. The damage factor function of steel 

is determined through the round bar tensile test of steel, and the material plastic 

displacement and failure plastic displacement 𝑢
𝑝𝑙

are introduced to determine 

the damage factor D. the difference between the total tensile displacement and 

elastic displacement of the member is defined as the plastic displacement𝑢
𝑝𝑙

, 

the plastic displacement when the member is completely damaged is defined as 

the failure plastic displacement𝑢𝑓, and the damage factor D can be expressed as 

the function of 𝑢
𝑝𝑙
/𝑢𝑓: 

 

𝐷 = 𝐹（𝑢
𝑝𝑙
/𝑢𝑓）                                            (13)  

 

Reference [13] once expressed the damage factor D as a linear function of 

𝑢
𝑝𝑙
/𝑢𝑓 . This method has obvious approximation. After the steel specimen 

reaches the peak stress, there will be obvious necking phenomenon, which is 

reflected in that the decline path after the steel tensile peak stress is not a straight 

line, but an approximate power exponential curve. Through the tensile test of 

Q355 steel round bar in document [13] and the fitting of the function of steel 

damage factor D by Zhou T.H. [4], the damage factor D can be expressed as the 

power function of the ratio of plastic displacement to ultimate failure displace-

ment of Q355 steel: 

 

𝐷 = 1.3 (
𝑢
𝑝𝑙

𝑢𝑓
)
7.6

                                              (14) 

 

According to the above material plastic damage theory, the values of mate-

rial parameters are as follows: 

n=0.189, K=876MPa, C1=0.293, C2=0.63, η0=1/3, 𝑢=0.02m 

 

4.  Damage and collapse mechanism analysis of wind turbine based on 

multi-scale modeling 

 

4.1. Development of wind turbine damage 

 

Due to the introduction of fatigue damage theory in the model, the local 

damage location and development degree of the wind turbine under extreme 

wind conditions can be predicted. With the continuous accumulation of 

material equivalent plastic strain, some elements finally reach the equivalent 

plastic strain at the initial damage, and then enter the damage state. Then, the 

bearing capacity of the damaged elements begins to deteriorate, which is 

manifested by the increase of damage factor D, The DUCTCRT index in 

ABAQUS is the damage initiation index of the material, which is used to 

determine the damage state of the element. If the parameter is equal to 1, it 

indicates that the element enters the damage state; The SDEG index is the 

damage factor D, which is used to measure the degradation degree of the 

stiffness and strength of the material. This index is 1, indicating the complete 

loss of the stiffness and strength of the material, which can basically be 

regarded as the fracture of the material. 

Fig. 9 and Fig. 10 shows the structural damage development distributions 

of the two models with increasing time in dynamic time history analysis are 

given. From Fig. 9 it can be seen that the damage of the weld model first appears 

in the weld area. With the passage of time, the damage area will expand 

circumferentially along the weld, and the damage at the weld is particularly 

obvious. The DUCTCRT index of the damage state will be further increased on 

the original basis. With the passage of time, the DUCTCRT index of the weld 

area will reach 1, and most of the structure will be damaged. The damage is 

concentrated in the weld area. From Fig. 10 it can be seen that due to the large 

change of section stiffness the dynamic buckling damage is easy to occur. With 

the passage of time, the structural damage area gradually expands, and the 

damage is mainly concentrated at the connection of tower section. The damage 

location of the structure is basically consistent with the buckling failure location. 

 

  
(a) Damage position of weld model at 

10s 

(b) Damage position of weld model at 

15s 

  

(c) Damage position of weld model at 

20s 

(d) Damage position of weld model at 

25s 

Fig. 9 Development of damaged parts of weld model 

 

  

(a) Damage position of no weld model at 

10s 

(b) Damage position of no weld model at 

15s 

  

(c) Damage position of no weld model at 

20s 
(d) Damage position of no weld model at 

25s 

Fig. 10 Development of damaged parts of no weld model 

 

In terms of the damage development speed, the weld of the weld model 

enters the damage state fastest, mainly because a certain plastic strain has been 

accumulated at the weld, so it can enter the damage state faster. 

In order to compare the influence of welds on the degree of structural dam-

age, Fig. 11 shows the comparison of structural damage factor SDEG under 
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different models. There are obvious differences in structural damage at the weld. 

According to the damage factor SDEG index, the stiffness and elastic modulus 

of the weld model are completely degraded along the weld at 25 seconds, which 

can be approximately considered that the structure is cracked, while the material 

is not completely degraded without the weld model at 25 seconds. 

 

 
(a) Damage degree of model structure without weld at 25s 

 

(b) Damage degree of weld model structure at 25s 

Fig. 11 Comparison of damage degree 

 

4.2. Stiffener damage development 

 

  
(a) Damage position of stiffener at 10s (b) Damage position of stiffener at 15s 

  
(c) Damage position of stiffener at 20s (d) Damage position of stiffener at 25s 

Fig. 12 Stiffener damage development 

 

Fig. 12 shows the development of stiffener damage with the increase of 

load time history in the weld model. It can be seen from the figure that the dam-

age of stiffener is mainly concentrated in the connection position of tower, and 

there will be no damage in other positions. With the increase of wind load time 

history, the deformation and damage of stiffener also increase. At 25s, the 

DUCTCRT value of tower structure reaches 1, while the stiffener is only 0.185, 

indicating that the damage degree of tower is much greater than that of stiffener 

at the same time. Considering that the size of the stiffening rib under this stiff-

ening scheme is small, the stiffening effect on the tower is not obvious. 

 

5.  Conclusions 

 

With the aim to investigate the dynamic load carrying capacity and the col-

lapse failure mechanism of wind turbine tower with assembled internal stiffen-

ing , this paper analyzed the influence of weld by multi-scale modeling, com-

bined with the plastic damage theory of steel materials. The following points 

were concluded: 

1) The damage position of weld model and non weld model is basically the 

same as that of structural dynamic buckling failure. The damage of weld model 

is mainly concentrated in the area near the weld, and the damage of non-weld 

model is mainly concentrated in the position where the variable section stiffness 

of tower is discontinuous. 

2) With the increase of wind load time history, the area of structural damage 

area also increases gradually. The weld model develops along the weld circum-

ferential direction, and the damage at the weld develops the fastest. The non- 

weld model shows irregular damage development at the discontinuity of struc-

tural stiffness, and the damage degree of the weld model is greater than that of 

the non weld model at the same time. 

3) The stiffener at the connection of tower and tube will be damaged first, 

and the rest will not be damaged. With the increase of wind load time history, 

the deformation and damage of stiffener will also increase. At the same time, 

the damage degree of stiffener is much less than that of tower and tube. 
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