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ABSTRACT

ARTICLEHISTORY

In this paper, the joint parameters derived from testing the new fully-bolted core tube beam-column joint were utilized in
the finite element analysis of the complete frame structure. The static elastic-plastic time-history analysis of 8, 12, 16, and
20-story steel frames with the braces was carried out. By comparing the maximum inter-layer displacement angles in the
X and Y directions when the frame yielded, the rationality of the brace arrangement and the applicability of the new fully -
bolted core tube beam-column joints in the multi-story and high-rise steel frames were confirmed. After dividing the
range of damage values for the steel frame with the new fully-bolted core tube beam-column joint, the seismic fragility
and collapse resistance of the steel frame with the new fully-bolted core tube beam-column joint of different stories were
analyzed. The results show that it is important to note that when the number of stories is low, the probability of each stage
of the structure being exceeded is high. However, as the number of stories increases, the impact on the probability of the
structure being exceeded gradually decreases. Under the action of a large earthquake peak acceleration, the exceedance
probability based on a two-parameter damage index is higher than that based on a single-parameter damage index. This
indicates that during the large deformation stage of the structure, the influence of cumulative damage on the evaluation of
structural performance cannot be ignored. The steel frame of multi-story and high-rise buildings with new joints may be
in a serious damage stage under rare earthquakes, and it is possible to collapse under the action of great earthquakes. In
addition, the ACMR value of the structure under the action of rare earthquakes meets the evaluation criteria, while the
ACMR value under the action of great earthquakes does not meet the requirements. Therefore, in practical engineering, it
is necessary to take seismic strengthening measures to ensure that the structure has sufficient safety reserves against
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collapse during earthquakes.
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1. Introduction

The layered assembled steel frame structure has received extensive
attention because the individual components of the structure can be extensively
prefabricated in the factory, leading to a more conducive environment for
achieving efficient and rapid assembly goals. With the development of society
and economy, multi-story and high-rise buildings have gradually become an
important carrier of urban economic activities. However, the force situation of
the multi-story and high-rise steel frame joint during earthquake is quite
complex. Therefore, it is necessary to make a reasonable seismic evaluation of
the seismic performance of multi-story and high-rise layered assembled steel
frame.

Following the Northridge earthquake and the Osaka earthquake, fragility
damage was observed in a majority of the conventional steel frame beam-
column joints, prompting numerous scholars to initiate research on enhancing
welded joints [1-3]. There is still a risk of weld fracture, even though the
enhanced joints show excellent seismic performance. As a result, researchers
have gradually advanced the concept of fully bolted joints. Using fully bolted
joints can significantly increase the ductility, plastic deformation and energy
dissipation capacities of the joint, while also reducing seismic damage from
bolt slippage.

Based on this, Shahidi et al. [4] studied the influence of the bolt
arrangement on the seismic performance of ConXL joints by numerical
simulation. The results show that when the bolt is close to the outer edge of the
joint plate, the axial stress of the bolt rod is very large. The closer the bolt is to
the flange of the beam, the shear of the bolt rod is generated due to the increase
of the slip of the end plate of the beam. The seismic performance of the joint
with bolts installed in the middle of the gusset plate is good, and the joint with
two rows of bolts on each gusset plate has better seismic performance than the
joint with one row of bolts. Lee et al. [5] proposed a modular joint with brace,
in which the beams and columns are connected by welding and the modules
are connected by connecting plates. The test results show that this joint has
good seismic performance. Wang et al. [6] conducted low cyclic loading tests
on square steel tube column and H-shaped steel beam joints connected with
through bolts. The results show that the seismic performance of the joints with
such bolt is better, and it is pointed out that for the unfilled steel tube column,
the column wall will have symmetrical concave buckling phenomenon.
Hosseini et al. [7] proposed a ring-hoop joint. Through finite element analysis
of 18 models with this joint, the optimal design parameters of the joint were
obtained. Compared with the short connecting plate, using a longer connecting
plate at the beam end to connect to the gusset plate can achieve better joint

performance. Liu et al. [8-10] developed a a modular beam-column bolt joint.
Their tests demonstrated that the joint has excellent seismic performance.

Seismic fragility is essential for evaluating the seismic reliability of
structures, improving their seismic design, preventing earthquake disasters,
performing follow-up maintenance, and strengthening structures after an
earthquake. Lv et al. [11] used the Incremental Dynamic Analysis (IDA) to
evaluate the seismic fragility of a non-standard high-rise building. They
determine the probability that a structure will surpass its limit state. The results
show it can be used to determine the damage and loss of structures in
earthquakes. Pushover and IDA were performed on steel frames by Fanaie et al.
[12] and Mohebi [13] et al. They classified the limit states based on the
damage index as a performance level indicator. The limit state correction
coefficients of the structure were finally got. Accounting for random ground
motion and structure uncertainty, Pandikkadavath et al [14] analyzed the
seismic fragility of the structure. Correction coefficients for the response
discounting parameters for the seismic design of enhanced structures were
obtained. The collapse probability and anti-collapse reserve coefficient of the
structure were quantitatively evaluated by Wang et al. [15] through IDA
analysis of a steel frame supported by multi-layer beams with varying joint
stiffness. Li et al. [16] used the seismic risk theory to conduct probabilistic
seismic demand analysis for structures. The probability of structural
earthquake occurrence and the characteristics of structural seismic response are
determined.

Currently, the traditional column-through-structure is the main focus of
research efforts on the seismic fragility of steel structures. However, there is a
lack of extensive research on steel frames with layered assembled connections.
Today, the fully bolted joint design concept is more sophisticated [17-20], but
there are problems that complex joints are not easy to quickly assemble and
simple joints don’t have good seismic performance. To address these issues, A
novel fully-bolted core tube beam-column joint was proposed and
subsequently subjected to quasi-static tests. In order to explore the
applicability and feasibility of this kind of joints applied to the middle and
high-rise frame, the joint test parameters were introduced into the whole frame
structure. Four braced steel frame models with the new joint with total stories
of 8, 12, 16, and 20 were established by SAP2000 for static elastic-plastic time
history analysis and incremental dynamic analysis. The damage value range of
the frame with the new joint was re-divided. The plastic angle distribution and
collapse resistance of the frame models with the new joint were obtained. The
feasibility and effectiveness of the new joint applied to the multi-story and
high-rise steel frame have been systematically evaluated, which serves as a
reference for evaluating the seismic performance of similar structures.
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2. Joint test and simplified mechanical model
2.1. Joint test

The seismic performance of the entire structure may be affected by the
loading characteristics of the connections between the steel frame beams and
columns, as they are the main transmission part of the structure. A new fully
bolted core tube joint (XJD) is designed based on the concept of energy
dissipation-seismic reduction. The traditional column-through joint (CJD) is
used as the control group, and the quasi-static test is carried out on the new and
traditional joint [21]. CJD (Fig. 1a) was the commonly used beam-column
joint. XJD consists three components: a square steel tube column, an H-shaped
beam and a core tube joint.

Column Column

Weld

Column flange
Cover plate
1 _Connection plate

Beam

Core tube joint ~ @ Beam

Connection plate Cover plate

@ (b)

Fig. 1 3D diagram of test joints. (a) CJD. (b) XJD

The CJD and XJD are both constructed as steel frame beam-column joints.
The primary difference between two types of joints is XJD by practice. Unlike
the CJD, it disconnects the column at the floor connection and establishes
connections between the upper and lower columns and beams using a
connecting plate located on the column base within the joint domain. This
innovative design allows for a layered assembly technique to be implemented.
The CJD design features that the column is through, and is connected by
setting a connecting plate welded to the column wall at the beam-column
connection. This design carries the risk of weld cracking during an earthquake.
Through a comparison of the test results from the two kinds of joints, the
XJD’s enhanced seismic performance can be better demonstrated. Fig. 2
displays the test-loading device and the layout of the site.

] Reaction beam

The test of fully-bolted joint

Horizoatal MTS
actuator

T

Support rod

Hinged
support

Fig. 2 The test-loading device and the layout of the site. (a) Test-loading device. (b)
Layout of the site

The test results showed that in comparison to the CJD, the XJD exhibited
a 471.39% increase in total energy consumption, a 27.52% increase in ductility
coefficient, a 20.35% increase in yield load, and a 38.56% increase in ultimate
load. It could be seen that the XJD’s seismic performance was obviously better
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than the CJD.

2.2. Simplified mechanical analysis model

Joint differences between steel frame and reinforced concrete frame
structures These joints are not fully bonded. A welded joint is called a rigid
joint, and a bolted joint is called a flexible joint. The research suggests that
because of the still existing some rotational stiffness in welded or bolted joints,
they cannot be easily classified as either rigid or flexible joints. In this paper,
the Bjorhovde [22] and Eurocode3 [23] procedures are used to determine the
XJD’s and CJD’s properties. The Mraio and 6raio are calculated and presented
in Fig. 3.

It can be seen from Fig. 3 that the Eurocode3 method has a larger range.
The Myatio-Oratio curves for XJD and CJD are fall within the range of semi-rigid
joints based on the Eurocode3 method. Based on the Bjorhovde method, CID’s
Mratio-Oratioc  CUrve is classified as semi-rigid. Similarly, the semi-rigid
classification also applies to the first half of XID’s Myatio-Gratic CUrve. The
increase in the angle of rotation of the two joints may be due to bolt slippage or
weld cracks, resulting in a gradual increase in the bending moment at the end
of the beam. This causes the joints to exhibit a semi-rigid joint performance.
The XID’S Myaiio-bratio CUrve keeps to increasing, indicating that the bending
capacity is excellent. The curve of Matig-Oratic in CJID initially increases and
then decreases. It can be caused by the reduction in bending capacity during
plastic deformation due to weld cracking and column wall buckling. According
to Bjorhovde’s method, the XJD will remain in the semi-rigid region of the
joint during both the plastic and the elastic-plastic deformation stages,
although it exhibits rigid joint properties in the later stages of loading due to
the continued plastic deformation. According to the two methods for the
classification of joint properties, XJD and CJD are considered to be semi-rigid
joints.

o8l Rigid boundary 10}
.o
o e
Rigid boundary
s 08 ey
207 ./ 7 A\u 2 o
= 't / £ 06 A A
§ ,” = -pd /{, \ .
04 /
o, i
o~ —e—xuD| 04 » —e—XiD
‘«' ——cip 0 ——cip
0.2
[ o} ¥
/ Flexible boundary A Flexible boundary
0.0 L L L L o

0 e L L L L
00 04 08 12 16 20 000 025 050 100 125 150

0.75
Oratio Oratio

(a) Bjorhovde method (b) Eurocode3 method

Fig. 3 Connection property calculation results

It has been discovered that both XJD and CJD are types of semi-rigid
joints. On the basis of the code GB50017-2017 [24], the rotational angle of the
beam-column semi-rigid connection will change when subjected to bending
moment, but its rotational stiffness is restrained. To simulate the semi-rigid
joint using the nonlinear connector, it is essential to choose a suitable M-6
model. The M-@ curve of the tested joints was subjected to dimensionless
processing, taking into account the impact of specimen parameters. It was then
fitted using the trilinear model. The equation used for fitting is presented in
Table 1. The comparison between the normalized joint test M-6 curve and the
fitted M-6 curve is shown in Fig. 4. Based on Fig. 4, it is clear that the M-0
curve closely matches the curve obtained from the test when fitted using the
trilinear model. This makes it appropriate for simplifying joint calculations.

Table 1
Tri-linear fitting equations for normalized M-6 curves of joints
Folded line segment XJD cJD
OA M/M.. =18380/ g, M/ .. =13636/ ¢,
AB M/ = 0385+06240/ 5 M/, = 0292+06896/ ..
BC M/, = 1061 M/m. =1722-07310/ 5.,

Note: Mmax is the bending moment corresponding to the ultimate load, and 6nax is the rotation angle corresponding to the ultimate load.
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P e Testresult 10F | e Testresult
I— Fitting curve| — Fitting curve|

@ (b)

Fig. 4 Compare Joint Test and Fitted M-6 Curve. (a) XJD. (b) CJD

The semi-rigid connection is simulated using the kinematic restoring force
model, and the hysteresis model is shown in Fig. 5. Using the method
described above, the FEA models for the new joint and the traditional joint are
created in SAP2000. The simplified analysis model is illustrated in Fig. 6.

Load

Bending moment

o Shear =
™~ ! 1
o Connecting spring AN
Us =Uy=Uz=0 1
Rx=0,URz=0 b
Axial force

Fig. 6 Simplified mechanical analysis model

In simplified joint analysis, the beam is represented as a bar element
connected to two zero-length rotational springs at the bar ends. The axial and
shear deformations of the end torsion springs are not considered, and only their
bending deformations are taken into account. Rigid blocks were attached to
both ends of the column. These were used to apply loads or set boundary
conditions. Both an axial load and a cyclic load have been subjected to the top
of the column. The boundary conditions of the numerical model were identical
to those of the test joint. At the bottom of the column, three directions of
translation were limited, while at the top of the column, translation in the Y
direction was limited. The beam ends were restrained to avoid out-of-plane
instability in all directions besides the X-direction. The characteristic points in
the fitted M-0 curve are defined within the kinematic restoring force model’s
corner spring unit. The column is subjected to a concentrated load N and a

reciprocating load P. Based on the test conditions, the model constraints are set.

The XJD initial torsional rigidity (K;) link spring is 3.4x10* kN m/rad. The
XJD initial torsional rigidity (K2) link spring is is 3.0<10* kN /rad. Fig.7
compares the results obtained using the simplified model and the joint test.
Based on Fig. 7, it is evident that the M-0 curve of the joint between the
test and the simplified model exhibits a strong correlation. XJD and CJD had
an ultimate bending capacity of 200.59 kN m and 152.89 kN m, respectively,
according to the test results. Using the simplified model, the ultimate bending
capacities of XJD and CJD were calculated as 213.68kN m and 139.28kN m,
respectively. The errors between the test results and the simplified model
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calculation results were 6.53% and -8.9% respectively, both percentages were
below 15%. This demonstrates that the simplified model is highly accurate for
joint simulation and can be used for further analysis of the overall model.

200 -

== Test 2001 [T “Test
—— Simplified model —— Simplified modell

100 -

-100

-0.10 -0.05 o. 60 o. ‘05 0.10 -0.10 0. ‘05 0 210 o. 55 0.10
6
@ (b)

Fig. 7 Compare simplified model calculations and test results. (a) XJD. (b) CID

3. Static elastic-plastic time-history analysis
3.1. Design basic parameters

The steel frame structures were situated in an area characterized by a
seismic intensity of 8. Design basic ground motion acceleration is 0.2g. Site
classification is I, Site characteristic period (Tg) is 0.40s. Site roughness is
class C. The design considers a floor dead load of 4.0 kN/m? and a live load of
2.0 kN/m?2, The beam was assigned a line load of 10 kN/m. The snow load on
the roof was taken as 0.5 kN/m?. The wind load was taken as 0.3 KN/m2,

3.2. Finite element Model

Four steel frame structures are designed by PKPM as the calculation
models, of which the stories are 8, 12, 16, and 20, respectively. In combination
with Reference [25], the inverted V-shaped center brace is arranged in the steel
frame structures. The size of the structural members is shown in Tables 2 to 5.
The actual layout is shown in Fig. 8. Subsequently, the models are established
by SAP2000, with the joint parameters referencing the simplified mechanical
model mentioned earlier. The foundation is consolidated. The spring element
was placed at the fracture of the beam-column joint. The initial stiffness and
M-6 curve eigenvalues of both the XJD and CJD were defined into the spring
element. The load cases were set as gravity load conditions and pushover load
conditions. Nonlinear Static Analysis was selected as the type of structural
analysis. The geometric nonlinearity is set to P-4 nonlinearity. The initial
condition of the pushover load case is relay nonlinear. The loading option is
displacement control. The displacement type is selected to monitor the
displacement, and the displacement target value is 0.04 times the building
height. The coefficients of plastic hinge setting from the end points of the
structural components were 0.1 and 0.9, respectively. PMM hinge was used for
columns, M hinge was used for beams and P hinge was used for braces.

28800

18000

(@) (b)

Fig. 8 Steel frame layout. (a) Plan layout. (b) Elevation layout

Table 2
8-story component size parameters
Model Material Components Section
Corner column 1~8 stories: 0500%18
Middle column 1~8 stories: 0550x30
8-story Q235

Beam

Brace

1~8 stories: H400>200>8>13
1~8 stories: H175>90>5>8
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Table 3
12-story component size parameters.
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Section

Model Material Components
Corner column 1~6 stories: 0500x18; 7~12 stories: 0500x16
Middle column 1~3 stories: 0700%30; 4~6 stories: 0650x30; 7~12 stories: 0600%26
12-story Q355
Beam 1~6 stories: H600>200x10x15; 7~12 stories: H600>20010x15
Brace 1~12 stories: H300x150>6.5>9
Table 4
16-story component size parameters
Model Material Components Section
Corner column 1~8 stories: 0500x18; 9~16 stories: 0500x16
A 1~3 stories: 0650%30; 4~6 stories: 0600%28; 7~9 stories: 050030
Middle column X i
16-story Q355 10~12 stories: 0500x28; 13~16 stories: 0500%x26
Beam 1~8 stories: H500>200>9x14; 9~16 stories: H450>200>9x%14
Brace 1~16 stories: H350%<175x7x11
Table 5
20-story component size parameters
Model Material Components Section
Corner column 1~35 stories: 0500%30; 6~10 stories: 0500%30; 11~20 stories: 0500x24
. 1~3 stories: 0850%30; 4~6 stories: 0750%30; 7~9 stories: 0650%30; 10~15 stories: 0500%26; 16~18
Middle column . .
stories: 0500%22; 19~20 stories: 0500x18
20-story Q355 . . .
Beam 1~5 stories: H500>200>9x14; 6~10 stories: H450>200>0x14; 11~15 stories: H500x150x<10x16; 16~20
stories: H450><150>9%14
Brace 1~20 stories: H400>200>8x13

3.3. Distribution of plastic hinges

The distribution of the interlayer displacement angle and the plastic hinge
for the four models at different stages are shown in Figs. 9 to 13. Specifically,

(a) indicates the plastic hinge first appears in the brace. (b) indicates the plastic
hinge first appears in the beam. (c) indicates the plastic hinge first appears in
the column. (d) indicates the plastic hinge distribution of the structure when
the  maximum inter-layer  displacement angle reaches  1/50.

Fig. 9 8-story

@

(b)

b

cp

© @

Fig. 10 12-story
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Fig. 13 Distribution of interlayer displacement angle. (a) 8-story. (b) 12-story. (c) 16-story. (d) 20-story

The distribution of inter-layer displacement angle is presented in Fig. 13.
According to the analysis of the distribution of plastic hinge and inter-layer
displacement angle in each stage of the steel frame structure, the plastic hinges
first appear in the brace, then in the beam, and finally begins to develop on the
column. In addition, before the interlayer displacement angle reaches 0.02 rad,
most of the braces and beams have entered the stage of plastic deformation
development, and the steel frame presents the fortification requirement of
"strong column and weak beam" before the failure of the braces and beams,
which conforms to the seismic design concept of the steel frame structure.
Moreover, when the inter-layer displacement angle reaches 0.02 rad, only the 1
to 3 story middle columns of the 8-story structure have plastic hinges, while
the 16-story and 20-story structures show plastic hinges only in the middle
columns of the bottom story and all the columns of the 12-story structure are
still in the elastic deformation stage. These mean that four models are in
accordance with the idea of “capacity design”. The selection of structural
components is appropriate and the arrangement is reasonable. It also means
that it is conservative to use the elastic-plastic inter-layer displacement angle
of 1/50 as the collapse criterion of the steel frame structure with the new
jointed.

3.4. Pushover curves

The response spectrum in SAP2000 is the ATC-40 [26] response spectrum.

The parameters Co and Cy need to be changed to make the structure
calculation conform to the Chinese code. Ca and Cy can be calculated by Eqg.
(1) and Eq. (2), respectively.

N, = 2:5C, @D

T, Ts=cv/2-5CA 2
where, nomax 1S the maximum value of the horizontal seismic influence
coefficient. The site characteristic period Ty is 0.4 s. For an 8-degree frequent
earthquake, 7720max = 0.16, and Ca = 0.064, Cy = 0.064 can be obtained through
calculation. For an 8-degree rare earthquake, 720max = 0.9, and Ca = 0.36, Cy =
0.36 can be obtained through calculation.

In the pushover analysis results, the top displacement, spectral
displacement, base shear and spectral acceleration at the performance point can
be directly viewed to evaluate the seismic performance of the structure. as
shown in Fig. 14. The performance point is located at the intersection of the
capability spectrum curve and the demand spectrum curve in the same
coordinate system. The performance point can be expressed by spectral
displacement and spectral acceleration, and the top displacement and base
shear at the performance point can be further obtained by Eq. (3) and Eq. (4).
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V =a,GS, &)

D=y XS, (@5)

Where a,is the mass participation coefficient, y,is the participation coefficient,
and X, is the vertex amplitude. Because the high-rise steel frame structure is
generally dominated by the first vibration mode during the earthquake, only
the an, ynand X, under the first vibration mode is taken.

When the displacement demand of the structure under the seismic
fortification level is less than the structure’s actual seismic displacement
response, The point where the capacity spectrum and demand spectrum curves
intersect will be visible, indicating that the structure is considered to be safe
and reliable. Conversely, if the displacement demand exceeds the actual
seismic displacement response of the structure, resulting in no intersection
between the two curves, the structural performance point does not exist,

suggesting that the structure is not safe and reliable at this time. Its seismic
performance does not meet the basic requirements and the seismic fortification
goals. In such cases, it becomes necessary to either redesign or reinforce the

structure.
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Fig. 15 Capacity spectrum curve. (a) 8-story. (b) 12-story. (c) 16-story. (d) 20-story

From Fig. 15, it can be seen that under the action of frequent and rare
earthquakes, each model has performance points in the X and Y directions. It
means that the structure meets the requirements of seismic fortification and is
in the safe state. Additionally, the higher the structural stiffness, the lower the

Table 6
Spectral acceleration and spectral displacement (performance points)

ductility and performance level. Under the action of earthquake, as the number
of stories increases, the spectral acceleration at the performance point

decreases while the spectral displacement increases.

X direction
Stories

Y direction

Spectral acceleration /g

Spectral displacement /mm

Spectral acceleration /g

Spectral displacement /mm

8 0.071 32.27

12 0.066 33.45
Frequent earthquake

16 0.062 47.00

20 0.059 58.40

8 0.461 184.03

12 0.381 187.23
Rare earthquake

16 0.353 283.50

20 0.332 327.42

0.078
0.070
0.063
0.060
0.463
0.395
0.361
0.352

24.96
25.16
41.01
51.18
161.56
162.95
229.73
286.73

Table 6 shows that under the action of frequent earthquakes, the X-
direction spectral displacement of 8-story, 12-story, 16-story, and 20-story
models is 29.29%, 32.95%, 14.61%, and 13.91% higher than that of Y-
direction, respectively. Similarly, Under the rare earthquakes, the X-direction
spectral displacement of 8-story, 12-story, 16-story, and 20-story models is
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13.91%, 14.90%, 23.41%, and 14.19% higher than that of Y-direction,
respectively. The vibration characteristics of each model in the X direction are
larger than those in the Y direction. However, the small difference in the
spectral displacement between the two directions, which means that the mass

distribution of the structure in the X and Y directions is

uniform.
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Fig.15 shows the base shear-top lateral displacement curve of the model.
The corresponding top displacement and base shear of the structural
performance points provided in Table 7. Notably, all the curves have obvious
inflection points. The X-direction base shear of each model is greater than the
Y-direction base shear due to the enhanced X-direction lateral stiffness
resulting from the central brace. As the number of structural stories increases,

214

the top lateral displacement and base shear also increase. At the performance
point of the structure, the base shear in the Y direction is larger than that in the
X direction, while the top lateral displacement in the Y direction is smaller
than that in the X direction. This indicates that the vibration characteristics of
the structure in the Y-direction are smaller than those in the X-direction during
the earthquakes.

Table 7
Base shear and top lateral displacement (performance point)
X direction Y direction
Stories
Top lateral displacement /mm Base shear /kN Top lateral displacement /mm Base shear /kN
8 41.99 292.33 35.08 345.73
12 43.61 341.37 3741 486.62
Frequent earthquake
16 61.83 552.07 52.98 765.24
20 76.86 641.06 66.24 922.61
8 238.54 1570.08 209.41 2085.79
12 244.26 1901.26 209.05 2694.82
Rare earthquake
16 347.02 3076.24 297.10 4242.52
20 433.13 3583.59 373.26 5141.77

According to Table 7, under the action of frequent earthquakes, the top
lateral displacement in the X-direction of the 8-story, 12-story, 16-story, and
20-story models is 16.46%, 14.22%, 14.31%, and 13.82% higher than those in
the Y-direction, respectively. Under the action of rare earthquakes, the top
lateral displacement in the X-direction of the 8-story, 12-story, 16-story, and
20-story models is 12.21%, 14.41%, 14.38%, and 13.82% higher than the top
lateral displacement in the Y-direction, respectively. Thus, there is not a
significant difference in the lateral displacement between the two directions of
the structure under the action of frequent and rare earthquakes.

3.5. Yield displacement angle

The double broken line energy equal area method can be employed to
determine the yield point of a structure if the load-displacement curve obtained
from pushover analysis does not exhibit a clear yield point. The theoretical
model for this method is shown in Fig. 17. The yield point of the structure is
defined based on two calculation principles. Firstly, the deformation should be
consistent with the energy dissipation, meaning that the area enclosed by the
curve is equal to the area enclosed by the double broken line (Sog = Soase).
Secondly, the double broken line and the curve are infinitely approximated,
and the value that satisfies m = S; + S, + S; is minimized. The yield point of the
structure is the intersection point C when the above principles are satisfied.

Load A

D E

0
1y v Displacement

Fig. 17 Double broken line energy equal area method
Except for the 8-story model, the other models have obvious points of

contraflexure, i.e., the 12-story, 16-story, and 20-story models all have
structural yield points, according to the structural base shear and top lateral

identify the yield point of the 8-story model. The top lateral displacement and
base shear corresponding to the yield point of the structure are given in Table 8.
The inter-layer displacement angle when the structure yields is shown in Fig.
18.

From Table 8 and Fig. 18, it can be observed that the base shear increases
with the height of story, but the difference between the base shear in the X and
Y directions of the structure is small. Compared with the X-direction, the Y-
direction base shear of the 8-story, 12-story, 16-story, and 20-story models
increased by 13.97%, 9.82%, 7.98%, and 7.31%, respectively. When each
model yields, the top lateral displacement in X direction is greater than that in
Y direction. Compared to the Y-direction, the top lateral displacement in the
X-direction of the 8-story, 12-story, 16-story, and 20-story models decreased
by 2.38%, 1.69%, 1.16%, and 1.91%, respectively. The difference between the
X and Y directions of the model is small, and the influence of the second-order
effect of gravity on the two directions is not greatly different. When the
structure yields, the maximum inter-layer displacement angles of the 8-story
model in both X and Y directions are 1/64. For the 12-story model, the
maximum inter-layer displacement angles in the X and Y directions are 1/79
and 1/82, respectively. For the 16-story model, the maximum inter-layer
displacement angles in the X and Y directions are 1/82 and 1/83, respectively.
For the 20-story model, the maximum inter-layer displacement angles in the X
and Y directions are 1/73 and 1/74, respectively. When the structure reaches
the yield point, the maximum inter-layer displacement angle in both directions
is close, indicating that the structural quality distribution is uniform and the
brace arrangement is reasonable.

When the structure yields, the top displacement angles of the 8-story
model in X and Y directions are 1/160 and 1/196, respectively, and the change
rate is 22.50%. The top displacement angles of the 12-story model in X and Y
directions are 1/450 and 1/353, respectively, and the change rate is 21.56%.
The top displacement angles of the 16-story model in X and Y directions are
1/505 and 1/388, respectively, and the change rate is 23.17%. The top
displacement angles of the 20-story model in X and Y directions are 1/438 and
1/350, respectively, and the change rate is 20.01%. The top inter-layer
displacement angle of the 8-story model is the largest, while that of the other
models is small. The reason is that when the structure yields, all the braces of
the 8-story model appear plastic deformation, while the upper braces of the

- o A A 40P other  models are still in the elastic deformation state.
displacement curves in Fig. 16. Thus, the method described above is utilized to
Table 8
Base shear and top lateral displacement when the structure yields.
X direction Y direction
Stories . .
Top lateral displacement /mm Base shear /kN Top lateral displacement /mm Base shear /kN
8 278.17 2642.70 284.8 2273.48
12 341.88 3491.32 347.67 3148.52
16 418.50 5304.63 423.37 4881.23
20 551.64 6505.99 562.15 6030.40
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3.6. Determination of performance level

The classification of the performance level of the structure and the
determination of its failure state are the key parts of the structural probabilistic
seismic capacity analysis. Currently, the main division ideas are based on four
performance levels and five failure states. Numerous researchers have
conducted quasi-static and shaking table tests on the assembled beam-column
joints or frames. Through these tests, the damage development mechanism of
the assembled joints is clarified, and the cooperative working ability and
damage situation between the joints and other components are understood
when applied to the whole frame structure.

In the quasi-static test [27-32], the existing prefabricated beam-column
joints did not show the phenomenon of sudden fracture at the joint area or the
member, and all of them showed a ductile failure. When the rotation angle of
the joint is loaded to 0.02 rad, the specimens are no obviously deformed. When

Table 9
Structural performance level division

the joint is destroyed, the minimum rotation angle is 0.04 rad and the
maximum rotation angle can reach 0.09 rad, showing a good seismic
performance. The shaking table test of assembled steel frame structure is less
carried out due to its less equipment and limited conditions. Based on the
completed shaking table test, the inter-layer displacement angle of assembled
steel frame structure [33-35] can reach 1/20 when it is destroyed, which is
much higher than the limit of elastic-plastic inter-layer displacement angle of
steel frame. Therefore, this paper selects the interlayer displacement angle of
1/25 (when the rotation angle of the joint is 0.04rad) as the collapse critical
value of the fabricated steel frame structure for further research.

Referring to the above research content and the Chinese code GB/T
38591-2020 [36], the failure state of the fully bolted assembled steel frame
structure is divided into five damage states, and the corresponding four damage
limit states are Slight, Moderate, Severe, and Collapse, respectively. The
macroscopic description is shown in Table 9.

Damage states Beams and columns

Braces Non-bearing components

No damage Free from damage

Slight damage Slight deformation occurs at some joints.

Moderate Damage Less plastic deformation occurs at the joints.

Severe damage deformation in the joints.

Collapse More beams and columns are severely damaged

More beams and columns are severely damaged and there is obvious plastic

Some slight damage Some slight damage

Some damage Less slight damage or some obvious damage

Less damage More obvious damage

More damage Large severe damage

Large damage More than large severe damages

Note: Some-Less than 10%, Less-10%~30%, more-30%~50%, large-more than 50%.
3.7. Determination of structural performance level limit value

For frame structures with layered properties, the maximum interlayer
displacement angle (ISDA) is commonly used to quantify and determine the
damage state. The code [37] provides a reference range for the maximum
interlayer displacement angle as a quantitative damage index for the damage
limit state.

Although the code gives the damage value interval with the maximum
inter-layer displacement angle as its index, there are empty intervals and
overlaps in each damage value interval. It is not conducive to the subsequent

analysis of structural fragility. To address this, the yield displacement angle
obtained from the structural pushover curve can be used as the base value and
adjusted by multiplying the coefficients of 1, 3, 7, and 10 respectively to obtain
the damage values corresponding to different damage states [38]. In this paper,
the mean value of the displacement angle in X and Y directions when the
structure yields are multiplied by the coefficients to obtain the damage value of
the inter-layer displacement angle of each damage state ISDA-1. The ISDA-1
is divided by the structural collapse critical value of 0.04 rad to obtain the
structural damage value D1, as shown in Table 10.

Table 10
Performance level damage value interval based on yield displacement angle
Damage states No damage Slight damage Moderate damage Severe damage Collapse
ISDA-1 <0.0033 0.0033 ~ 0.0066 0.0066 ~ 0.0132 0.0132 ~ 0.033 >0.033
Damage value D1 <0.08 0.08 ~ 0.25 0.25~0.58 0.58 ~0.83 >0.83

Based on the development of the plastic hinge in structural components,
the maximum inter-layer displacement angle (ISDA-2) of the brace, beam, and
column in the model are obtained when the damage rate reaches 10%, 30%,

and 50%. Similarly, the structural damage value D1 is achieved by dividing
ISDA-1 by the structural collapse critical value of 0.04 rad, as shown in Fig.
19.
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Fig. 19 Damage value distribution. (a) 8-story. (b) 12-story. (c) 16- story. (d) 20-story

From Fig.19, it can be seen that the development trend of the component
damage rate in each model is similar. The brace is first damaged and then
rapidly reaches 50% damage rate. The development time of the beam and
column from 10% damage rate to 30% damage rate is longer, while the beam
and column will soon enter the 50% damage rate stage after reaching the 30%
damage rate. When the damage rate of the column is 30%, the beam has
reached half of the damage probability. Furthermore, when the damage rate of

Table 11
Performance level damage value interval based on component damage rate.

the column reaches 50%, the maximum inter-layer displacement angle is
higher than the collapse limit of 0.04 rad, which further reflects the capability
design idea of “strong column and weak beam”. Combined with the
performance level of structural divided above, the 10% damage rate of the
brace, 10% damage rate of the beam, 30% damage rate of the beam and 30%
damage rate of the column are proposed as the limits of structural performance
level, as shown in Table 11.

Damage states

No damage Slight damage Moderate damage Severe damage Collapse
ISDA-2 <0.004 0.004 ~ 0.0085 0.0085 ~ 0.023 0.023 ~ 0.0330 >0.035
Damage value D2 <0.10 0.10~0.21 0.21~0.58 0.58 ~0.88 >0.88

To better improve the damage value of the assembled steel frame for the
based-on performance design, referring to the structural damage value interval
obtained by the existing researchers on the fragility of steel structures, and
taking into account the analysis of the yield displacement angle and the

Table 12
Definition of damage value range of the frame

damage rate of the components, The table 9 and Fig.20 presented in this
section shows the range of damage values corresponding to each performance
level.

Damage states No damage Slight damage Moderate Damage Severe damage Collapse
Damage value 0~0.10 0.10~0.25 0.25~0.60 0.60 ~ 0.85 >0.85
No damage Slight damage | Moderate damage | Severe damage Collapse
LS1 LS2 LS3 LS4

Fig. 20 Frame structure performance levels and corresponding damage states

4. Structural incremental dynamic analysis
4.1. Seismic demand parameters

The peak ground velocity (PGV) is selected as the ground motion intensity
parameter (IM). Seismic demand indicators mainly include the strength,
stiffness, deformation, and energy consumption etc. Among these indicators,
the inter-layer displacement angle (IDSA) is the most widely used. IDSA is
used as the overall damage index of the structure, and the single-parameter
damage model is established. However, the structure will have cumulative
damage under load, and the single-parameter damage model cannot take into
account the impact of cumulative energy consumption on the seismic
resistance of the structure. Therefore, this paper uses the single-parameter
damage model based on the maximum interlayer displacement angle and the
two-parameter damage model based on the interlayer displacement angle and
energy dissipation to evaluate the seismic performance of the structure.

The single-parameter damage model based on interlayer displacement
angle is shown in Eq. (5).

D, = (5)

O

In this equation, dp represents the structure’s seismic demand, while 3¢
represents the structure’s seismic capacity. For the purposes of this paper, 5c is

assumed to be 0.04.
The single parameter damage model based on energy dissipation is shown
in Eq. (6).

E.

D. = (6)
E.
2% W, f 0. +w,.f )F,

E.= - ™

Mc,D,

in which Ep is the structure’s energy consumption demand; and Ec is the
structure’s energy dissipation capacity. n is the number of stories of structure.
np and n;, is the number of beams and braces in each story, respectively. Fp is
the story energy dissipation parameter coefficient. &; is the cumulative plastic
rotation angle, which is taken as 0.23. C, is the earthquake influence
coefficient. Dy is the structural yield displacement.

The two-parameter damage model based on the interlayer displacement
angle and energy dissipation, as shown in Eq. (8)

D.=aD,* BD. (8)

In which a and B express the weight combination coefficient, with 0=0.3 and
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B=0.7, respectively. [39].

4.2. Ground motion selection and amplitude modulation

The ground motion is random, and it is necessary to select a large number
of seismic waves when the IDA is carried out. Generally, 10 to 20 seismic
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waves can be selected to avoid the randomness of ground motion, making the
structural seismic demand analysis more accurate. According to the ground
motion selection principle of ATC-63 [40], 15 seismic waves that meet the
requirements of epicentral distance and wave velocity range are selected in the
PEER ground motion database, as shown in Table 13 and Fig. 21.

Table 13

Ground motion records

Number Name Gauging point Seismic level PGA(g)
1 San Fernando LA-Hollywood Stor FF 5.69 0.22
2 Friuli, Italy 8014 Forgaria Cornino 6.50 0.36
3 Westmorland Westmorland Fire 5.90 0.37
4 Morgan Hill Gilroy Array #4 6.19 0.22
5 Superstition Hills El Centrolmp 6.54 0.36
6 Superstition Hills Poe Road 6.54 0.47
7 Loma Prieta Gilroy Array #3 6.93 0.56
8 Loma Prieta Gilroy Array #4 6.93 0.42
9 Landers Yermo Fire Station 7.28 0.25
10 Northridge Beverly Hills—Mulhol 6.69 0.44
11 Northridge Canyon Country-WLC 6.69 0.40
12 Northridge LA-Hollywood Stor FF 6.69 0.24
13 Kobe, Japan Shin-Osaka 6.90 0.23
14 Kocali, Turkey Duzce 7.51 0.32
15 Chi-Chi, Taiwan CHY101 7.62 0.44

— = Code response spectrum
—— Average response spectrum|

Seismic influence coefficient a

3
Time (s)
Fig. 21 Seismic wave response spectrum

The average response spectrum values of 15 seismic waves are in good
agreement with the standard response spectrum values, which is suitable for
structural analysis. The PGA of the selected seismic waves is adjusted to 0.07g,
0.2g, 0.3g, 0.4g, 0.5¢, 0.6g, 0.7g, 0.8g, 0.9g, 1.0g, 1.1g, and 1.2g respectively,
and IDA is carried out on the high-rise steel frame model with the new fully-
bolted core tube beam-column joint.
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4.3. IDA results

When the interlayer displacement angle exceeds 0.04 rad, it is considered
that the structure has a large plastic deformation and a tendency to collapse.
From Fig. 22, it can be observed that the collapse probability of the model
decreases with the increase of stories under the action of 8 degrees rare and
great earthquakes. Except for the 8-story model, which has a collapse
probability of 2/15, the collapse probability of other models is 0 when
subjected to the rare earthquakes. The collapse probabilities of the 8-story, 12-
story, 16-story, and 20-story models under the action of great earthquakes are
4/15, 3/15, 2/15, and 1/15, respectively. The intensity of the seismic wave Scp
is 0.837 g, 0.991 g, 0.976 g, and 1.054 g for the 8-story, 12-story, 16-story, and
20-story models, respectively, when the collapse probability of the structure is
50%. The higher the intensity of the seismic wave Scp, the lower the risk of
structural collapse. However, the Scp does not increase with the increase of
stories, which is contrary to the fact that the collapse probability decreases
with the increase of stories. Therefore, further analysis and judgment are
required to determine whether the collapse performance of the structure can be

evaluated solely based on the inter-layer displacement angle.
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Fig. 22 IDA results. (a) 8-story. (b) 12-story. (c) 16-story. (d) 20-story

5. Seismic fragility analysis
5.1. Seismic fragility expression

The seismic fragility curve is a plot of the probability of failure as a

function of the parameter of the seismic intensity. It can be an objective
reflection of the analysis results and is mainly used for the evaluation of the
seismic performance of the structures [41]. The structural seismic demand Dg
and seismic capacity Ce follow to the normal distribution, and from Eq. (9), the
failure probability function Ps is determined:
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According to the HAZUS specification [42], the / 4,7 Value equals to

D)

0.5 when the ground motion parameter is selected as PGA; y is the

performance level damage limit.

Table 14
Seismic demand parameters for the structure
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5.2. Seismic demand probability

The relations among the structural seismic demand parameters and the
ground motion parameters follow the power exponential function. [43]. To
capture this relationship, the logarithm of PGA and D are determined,
respectively, demonstrated in Fig. 23. The IDA results are in regression. Both
probabilities for the seismic demand of the structure are given in Table 14.

Frame Damage index Regression equation

Do In(p,) = 0.8954 In(PGA) - 0.1799
8-story

Dc In(p,) = 0.8897 In(PGA) - 0.1481

De In(p,) = 0.9707 In(PGA) - 0.2636
12-story

De In(p,) = 0.9572 In(PGA) - 0.2439

Do In(p,) = 0.9675 In(PGA) - 0.2855
16-story

De In(p,) = 0.9463 In(PGA) - 0.2524

Do In(p,) = 0.9187 In(PGA) - 0.3091
20-story

Dc In(p,) = 0.8889 In(PGA) - 0.2875
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5.3. Seismic fragility analysis

By substituting Eq. (5) to (8) into Eq. (9), the fragility expressions of the
structure based on Dy and Dg can be obtained respectively. The resulting
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fragility curves are shown in Fig. 24. Considering the unit conversion, the peak
acceleration corresponding to the 8-degree rare earthquake and the 8-degree
great earthquake is 0.408g and 0.633g, respectively.
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g. 24 Fragility curve comparison. (a) 8-story. (b) 12-story. (c) 16-story. (d) 20-story
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From Fig. 24, the change trend of the fragility curve according to the
single-and two-parameter damage index is similar. When using D, as the
seismic demand index, during 8-degree rare earthquake, the probability of each
model exceeding the LS1 and LS2 limit states is greater than 65%, the
probability of exceeding the LS3 limit state is between 10% and 20%, and the
probability of exceeding the LS4 limit state is less than 5%. Under the action
of 8-degree great earthquake, the probability of each model exceeding the LS3
limit state is between 32% and 44%, while the probability of exceeding the
LS4 limit state is about 15%, except that the 8-story model reaches 23.63%.
This suggests that the structure may be in a moderate damage state under the
action of rare earthquakes, and may be in a severe damage state with the
possibility of collapse under the action of great earthquakes.

When taking Dg as the seismic demand index, during 8-degree rare
earthquake, the probability of each model exceeding the LS1 and LS2 limit
states is greater than 60%, the probability of exceeding the LS3 limit state is
between 10% and 15%, and the probability of exceeding the LS4 limit state is
less than 5%. Under the action of 8-degree great earthquake, the probability of
each model exceeding the LS3 limit state is between 34% and 45%, and the
probability of exceeding the LS4 limit state is range from 15% to 25. The
model will have a moderate damage state under the action of rare earthquakes,
and at the most it will be in a severe damage state. Moreover, the possibility of
collapse of the structure under the action of a great earthquake increases.

Regardless of whether Dy or Dg is used as the seismic demand index. The
effect of the number of stories on the probability of structural failure decreases
as more stories are added. When the structure is in the limit state of LS3 and
LS4, the exceedance probability according to the two-parameter damage index
is lower than that according to the single-parameter damage index under the
action of the small earthquake peak acceleration. Under the action of the large
earthquake peak acceleration, the exceedance probability according to the two-
parameter damage index is higher than that according to the single-parameter
damage index. It shows that the influence of cumulative damage on the
evaluation of structural performance cannot be ignored, especially at the stage
of large deformation of the structure. Simply using the maximum inter-layer
displacement angle as the damage index will ignore the damage due to plastic
deformation of the structure.

6. Analysis of seismic collapse resistance of structure

Although the fragility analysis can provide the structure’s collapse
probability during the earthquake, it is crucial to evaluate the structure's
collapse resistance considering the impact of ground motion and structural
uncertainty. The evaluation method of structural performance according to the
collapse margin ratio (CMR) through the nonlinear time history analysis of the
structure during the earthquake, after considering the influence of the
uncertainty coefficient fror and the spectral shape factor SSF on the CMR, the
adjusted collapse margin ratio (ACMR) is obtained. The ACMR is used to judge
whether the collapse resistance of the structure meets the demand and evaluate
whether the structure meets the collapse performance requirement.

The CMR is often used to describe the relationship between the
fortification demand of structure and the collapse resistance, also known as the
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structural collapse reserve coefficient, see Eq. (10).
S
CMR = (10
S

where Scr is the spectral acceleration corresponding to median collapse
capacity, Sur is the spectral acceleration of the rare earthquake and the great
earthquake.

Since many factors affect the structural collapse resistance, including the
dimension of structural member, structural ductility, and structural effect
coefficients, resulting that the CMR cannot adequately reflect the structural
collapse resistance. The collapse resistance of the structure is highly sensitive
to the spectral characteristics of the ground motion. In order to ensure the
rationality and accuracy of the structural collapse performance evaluation, the
spectral shape factor SSF is introduced to adjust the CMR. The expression of
the ACMR is Eq. (11)

ACMR = a x SSF x CMR D

in which, « is the model coefficient, and the planar and spatial models take 1.0
and 1.2, respectively.

SSF = exp[,(£.(T) - &(T))] 12

where f; is the spectrum characteristic influence coefficient; ;(T) is the
spectral shape expectation value, taking as 1.45 in this paper; g(1,) is the
value of the spectral shape character, when T,<<0.5, ¢(1 ) =0.6, when T;>1.5
N, &(1,) =0; when 0.5<T:<1.5, &(T,) =0.6>(1.5-T).

The spectrum characteristic influence coefficient can be determined by Eq.
(13) and Eq. (14)

A,

u == (13
A,

B.=017x(u-1)" (14

where 4, is the structural ultimate displacement; 4, is the structural yield
displacement; s the structural effective ductility, when u.<< 8, o= 1, and
when pc> 8, uo=8.

The models in this paper are all spatial models, so the model coefficient a
is 1.2. The ACMR of each model is shown in Table 15. The ACMR of the
model increases with the increase of the structural stories under the 8-degree
rare and great earthquake. When the structure is subjected to the rare and great
earthquakes, the average ACMR of the model is 3.67 and 2.37, respectively.

Table 15
The average ACMR of the structures
ACMR
Stories &(Tz) yn SSF
Rare earthquake Great earthquake

8 0.24 0.1719 1.231 3.03 1.95
12 0 0.1898 1.317 3.81 2.45
16 0 0.1823 1.303 3.82 2.46
20 0 0.1807 1.299 4.02 2.60

Average 3.67 2.37

Since there are some differences between the numerical model and the
actual structure, the differences are due to the uncertainty of the structure itself.
And the ACMR of the structure still does not consider this problem. To make
the evaluation results more accurate, the FEMA [44] considers various
uncertainties and proposes the structural uncertainty coefficient fror to
evaluate the degree of agreement between the numerical model and the actual
structure. The numerical model is divided into four categories: excellent, good,
general, and very poor. Then, the allowable values of ACMR under different
collapse probabilities are given according to the structural uncertainty
coefficient fror.

The allowable collapse probability of the structure under rare earthquakes

is 10% (ACMR10%) according to the FEMA evaluation criteria for structural
collapse resistance. In general, each group of structures should meet this
requirement. However, since the collapse probability of some single structures
may exceed this limit, the collapse probability of a single structure should not
exceed 20% (ACMR20%). Based on this, in view of the uncertainty of the
structure, the allowable value of the average ACMR for each group of
structures is ACMR10%, that is, ACMR>ACMR10%. The allowable value of
the ACMR for a single structure is ACMR20%, that is, ACMR>4ACMR20%. If
the structure meets the above two evaluation criteria, the steel frame with the
new fully-bolted core tube beam-column joint is considered to have good
seismic performance and collapse resistance. According to the above analysis,
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the analysis results of the simplified mechanical model of the new fully-bolted
core tube beam-column joints adopted in this paper are consistent with the
experimental data, but there are still some differences. And the actual
deformation of the new joints is not fully considered by the simplified
mechanical model. The numerical model also does not fully consider the
connection structure between the actual floor slabs and brace and the main
component, so the quality of the numerical model is defined as general.
According to the results of static elastic-plastic analysis, the four models
designed in this paper have the ductile failure mode of “strong column and
weak beam”, which meets the seismic fortification requirements of the
specification and reflects the idea of “structural capacity design”. Therefore,
the structural design quality is at a good level. Considering the influence of the
reduced scale effect of the previous test joints, there is a certain gap with the
actual structure. Thus, the quality of the structural and component test data is
identified as good.

Based on the above analysis, the allowable ACMR value of the new fully-
bolted core tube joint steel frame after considering the structural uncertainty is
shown in Table 16.

Table 16
Structure ACMR allowable value
Structure and component test data quality Good
Structure design quality Good
Numerical model quality General
Prot 0.75
ACMR5% 3.43
ACMR10% 2.61
ACMR15% 2.18
ACMR20% 1.88
ACMR25% 1.66

Note: ACMR5% is the structural collapse margin ratio when the collapse
probability is 5%, and so on.

Combined with Table 15 and Table 16, the collapse resistance of the new
fully bolted steel frame is evaluated. Under the action of rare earthquakes, the
average ACMR of the model is 3.67, which is greater than the ACMR10%
allowable value of 2.61, that is, it meets the ACMR>ACMR10%. The ACMR
values of each model are greater than the ACMR20% allowable value of 1.88,
which satisfies the ACMR,>ACMR20%. The test results show that the steel
frame with the new joint is capable of withstanding rare earthquakes as
required by code [45].

Under the action of great earthquakes, the average ACMR value of the
steel frame model is 2.37, which is between the allowable values of ACMR10%
and ACMR20%, it does not meet the evaluation requirements. However, the
ACMR values of each model are greater than the ACMR20% allowable value,
which satisfies the ACMR;>=ACMR20%. The ACMR value of the 8-story model
is the smallest. This may be due to the relatively strict seismic measures for the
high-rise structures and relatively loose seismic measures for the low-rise or
multi-story structures in the code of China. Therefore, when the new joint is
applied to the actual project, some seismic strengthening measures should be
taken to ensure that the safety reserve for the collapse resistance of the new
fully-bolted assembled joint steel frame structure under the action of great
earthquake is sufficient. In conclusion, the new joints are suitable for the multi-
story and high-rise steel frame structures, and the steel frame with the new
joint in this paper meets the seismic fortification requirements of the code.

7. Conclusions

The models for multi-story and high-rise steel frames with new joints have
been identified, and the static elastic-plastic time-history analysis was carried
out to confirm the rationality of the support arrangement and the applicability
of the new joints. After defining the damage value under each damage state,
the seismic fragility and collapse resistance of the steel frame models with new
joint of different stories were analyzed. The main conclusions can be
summarized as follows.

(1) The steel frame structure with new fully-bolted core tube beam-column
joint meets the requirements of seismic fortification under the frequent and
rare earthquakes. The maximum inter-layer displacement angle in both
directions is close, indicating that the mass distribution of the structure is
uniform, and the brace arrangement in this paper is reasonable.

(2) The plastic hinge development order of each model is brace-beam-
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column. When the inter-layer displacement angle of the structure reaches 0.02
rad, most of the braces and beams of each model have plastic hinges, and some
of the middle columns in the bottom story enter the plastic deformation stage,
indicating that each model conforms to the idea of “capacity design”. The new
joints are suitable for multi-story and high-rise buildings with the proper
component selection and arrangement.

(3) The performance level of the assembled steel frame structure is re-
divided. Based on the structural yield displacement angle and the component
damage probability, the damage value interval of the new joint steel frame
structure is determined to be [0.1, 0.85].

(4) Under the 8-degree rare earthquakes, the steel frame structure with
new fully-bolted core tube beam-column joint may be in the severe damage
stage at most, while under the 8-degree great earthquakes, the steel frame with
new fully-bolted core tube beam-column joint may collapse. This emphasizes
the significance of considering cumulative damage during the evaluation of
structural performance, particularly in the large deformation stage.

(5) The ACMR values of the steel frame structure with new fully-bolted
core tube beam-column joint meet the evaluation criteria under the rare
earthquakes, However, under the great earthquakes, the ACMR values do not
meet the evaluation criteria. Therefore, in practical engineering, certain seismic
strengthening measures should be taken to make the structure have sufficient
safety of collapse resistant under the great earthquakes.
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ABSTRACT
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The present study experimentally investigates the effects of the relative stress amplitude and the relative nominal
maximum stress on the fatigue life of Q460C steel fillet weld cruciform joints. An ellipsoidal fracture model proposed by
the first author is used as the criterion of crack tip cracking and fatigue crack instability propagation. Theoretical
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calculations and numerical simulations were employed to analyze the fatigue crack initiation and propagation in the fillet

weld cruciform joint. In addition, the fatigue crack initiation life, stable propagation life and total fatigue life were
predicted using a unified fatigue life calculation model proposed by the first author. The calculation results reveal that the
proposed unified fatigue life calculation model yield accurate fatigue life estimations, with errors ranging from —12.8% to
—0.4%. Conversely, the calculation errors of the fatigue life formulas recommended in GB50017-2017, Eurocode3, and
AISC360 range from —64.4% to —8.0%, —72.5% to —29.1%, and —49.4% to +30.7%, respectively.
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1. Introduction

Recently, high-strength steels have been increasingly used in civil
engineering owing to their superior mechanical properties, including strength,
ductility, toughness and fatigue. Welding stands out as the primary method of
connecting steel structures, valued for its ease of fabrication and reliability in
service. However, there are unavoidable defects and inherent residual stresses
in the weld metal and heat-affected zone. Consequently, the welded joint may
be vulnerable to fatigue damage under fluctuating loads. This has lead many
researchers to study the fatigue properties of high-strength steels and their
welded joints over the last several decades [1-16].

Many scholars have delved into the fatigue life calculation methodologies.
Avraujo et al. [1] proposed a new multiaxial fatigue model for fatigue strength
estimation of high-strength steels with an average error not exceeding 16 %.
Skriko et al. [2, 3] found through experiments that the current fatigue design
codes and guidelines were applicable, albeit with somewhat conservatism, in
assessing the fatigue strength of longitudinally loaded welded joints and fillet
weld joints made of ultra-high-strength steel. The fatigue test results of high
strength steel and its welded joint, investigated by Tong et al. [4, 5], indicated
that high frequency loading tends to underestimate fatigue life, and fatigue
strength of high strength steel surpasses that of ordinary steel. Wang et al. [6]
presented a reliable high-cycle fatigue life assessment method for Q460D steel
welded cruciform joints based on a unified crack growth approach. Lv et al. [7]
found that the unified crack growth approach is able to provide a reliable
fatigue life assessment for Q460C steel notched plates through fatigue tests
and numerical simulations. Jie et al. [8] conducted experimental and numerical
investigations on the fatigue properties of inclined cruciform joints with
artificial pits, illustrating that the pitting corrosion damage reduces
fatigue strength, but specimens without and those with smaller corrosion pits
exhibited similar fatigue strengths at 2 million cycles. The pit depth and radius
are the main parameters affecting the relative hot spot stress concentration
factor. Guo et al. [9] proposed a fatigue reliability assessment method for the
orthotropic steel deck based on a comprehensive vehicle load model and
probabilistic multi-scale finite element analysis.

Additionally, the fatigue resistance of structural steel has been studied.
Lipidnen et al. [10] conducted fatigue test on component-sized hot-dip
galvanized S960 cut edges and longitudinal welds, revealing that the surface
quality has the most significant influence on the fatigue life after microscopic
liquid metal embrittlement at the cut edges. Ahola et al. [11] experimentally
investigated fatigue strength of non-load-carrying transverse attachment joints
fabricated with single-sided fillet weld using of S355 and S1100 steel grades,

and evaluated a fatigue life improvement technique for these joints comprising
the use of a curved plate edge shape in the attachment. Yue et al. [12] carried
out indoor acetic salt spray accelerated corrosion tests and high-cycle fatigue
tests on Q690E high-strength steel and Q690gENH high-strength weathering
steel. Their findings indicated that, under the same stress range, the fatigue life
decreases with the increase of corrosion time. Sui et al. [13] studied the high-
cycle S-N characteristics and fatigue cracking behaviors of 42CrMo steel with
two different fine/coarse-grain tempered sorbite/bainite microstructures
(FGM/CGM), and concluded that fatigue strength is greater for FGM than for
CGM. Zhang et al. [14] performed microstructure characterization and fatigue
crack propagation tests on the gradient surface-modified layer of high-strength
steel. Their study demonstrated that increasing the depth of the surface-
modified layer results in a decrease in yield strength and kernel average
misorientation value, while the equivalent grain size of the slatted martensite
structure and the number of the large-angle boundaries increase. Fang et al.
[15] studied the crack-propagation mode and stress characteristics of stop-
holes after drilling through fatigue tests and numerical simulations. The results
indicated that stop-holes tend to crack in advance of the original crack
reaching the edge of hole, with two cracks will propagating in opposite
directions at a rapid rate until they meet. Drilling ahead of the crack increases
the stress intensity factor at the crack tip by 15%, accelerating crack
propagation and weakening the arresting effect. Yamada et al. [16] developed
a technique, called impact crack closure retrofit (ICR) treatment, involving the
closure of fatigue cracks by inducing plastic yielding at plate surface
near fatigue cracks. Fatigue tests on various welded joints demonstrated
how applying the ICR treatment improved fatigue life in the cracked welded
joints.

The total fatigue life is typically determined by summing the initiation life
and stable propagation life of fatigue cracks, excluding consideration the
transient instability propagation life. Methods such as the Neuber model [17]
and its modified versions, based on the local stress-strain, as well as the
fracture mechanics principles such as the Paris-Erdogan law [18] and its
modified forms, are commonly utilized. However, inconsistencies arise
between the fatigue crack initiation life calculation based on the Neuber model
and the fatigue crack propagation life calculation based on the Paris-Erdogan
law due to differences in the definition of damage between these approaches.

Owing to the inadequate research on the limit states of fatigue crack
initiation, propagation, and fracture in high-strength steels and their welded
joints, current standards like China's code GB50017-2017 [19], AISC360 [20],
and Eurocode3 [21] employ the allowable stress method and stress amplitude
criterion to estimate fatigue life of high-strength steels and their welded joints.
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These standards and previous studies fail to distinguish between fatigue crack
initiation and propagation, despite variations in crack propagation rates before
and after initiation in high-strength steels and their welded joints.

Fillet weld cruciform joints are largely used to connect beam webs and
ribs in steel beam bridges. Utilizing high-strength steel in steel bridges allows
for the design of smaller and thinner components, leading to steel savings and
improved bridge aesthetics. The total fatigue life was divided into fatigue
crack initiation life and fatigue crack stable propagation life. The ellipsoidal
fracture model proposed by the first author [22] was employed as the criterion
for determining crack tip cracking and fatigue crack instability propagation.
Theoretical calculations and numerical simulations of fatigue cracking in the
fillet weld cruciform joint were performed. Utilizing findings from literature
[23, 24], the calculation model for fatigue crack initiation life and fatigue
crack propagation life of Q460C steel fillet weld cruciform joints were derived,
and the total fatigue life was obtained, leading to more accurate fatigue life
calculations. The accuracy of the unified fatigue life calculation model was
evaluated in comparison to the fatigue life formulas recommended in
GB50017-2017, AISC360, and Eurocode3.
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2. Fatigue tests of Q460C steel fillet weld cruciform joints
Fig. 1 shows the fillet weld cruciform joints using manual arc welding

with Q460C steel and E5516-gas welding rods, according to GB50017-2017.
The processed fillet weld cruciform joints are shown in Fig. 2.
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Fig. 1 Geometrical dimensions of the Q460C steel fillet weld cruciform joints

Fig. 2 Specimens of Q460C steel fillet weld cruciform joints

The measured length of the fillet weld (l.), leg size (hs), and loading
parameters of each specimen are presented in Table 1. The effective bearing
area of the fillet weld, denoted as Ac., is equal to the fatigue fracture area (As),
thus A=Aew=0.7hsxd,,. Additionally, f,s and f., are the yield strength of the
Q460C steel and the ultimate strength of the fillet weld, respectively. The
maximum fatigue load (Pmax) is calculated as Ap>omx=50>8>omay, While the
minimum fatigue load (Pmin) is expressed as 400>omin, Where A, is the cross-
sectional area of the steel plate. It should be noted that the fatigue failure of
the Q460C steel fillet weld cruciform joint is essentially a fracture problem
under cyclic stress loading. In order to make the physical meaning of the
parameters (omax, omin, Ac) Clearer, the loading parameters in this paper are
defined as the ratio of the loading stress to the fracture strength of the fillet

weld, namely omax/faw, omin/fan, and Aoffry, as opposed to the ratio of the loading
stress to the yield strength of the fillet weld, oma/fyw, omin/fyw, and Aoffyw.
Tensile testing reveals that the fillet weld undergoes neck contraction upon
reaching its ultimate strength f., while the fracture strength fy, is challenging
to measure directly. Given that the mechanical properties of the fillet weld
beyond its ultimate strength bear limited engineering significance, this paper
conservatively approximates fu~fuw. Consequently, the loading stress
parameters are expressed as omax/fuw, omin/fuw and Ao/fyy.

The mechanical properties of the Q460C steel and the fillet weld
measured by the material properties test are listed in Table 2, including f,
(yield strength), f, (ultimate strength), &, (yield strain), ¢, (ultimate strain), E
(Young's modulus), and y (Poisson's ratio).

Table 1

Geometrical and loading parameters of the Q460C steel fillet weld cruciform joints

Specimen lw ht Aew omaxlfys ominlfys Aolfys Prmax Prmin omax/fuw ominlfuw Aolfun
No. (mm) (mm) (mm?) (kN) (kN)

FWJ1 49.6 6.3 220.99 0.70 0.20 0.50 151.42 43.26 0.47 0.13 0.34
FWJ2 50.1 6.2 219.67 0.60 0.10 0.50 129.79 21.63 0.40 0.07 0.34
FWJ3 49.4 6.4 223.59 0.50 0.00 0.50 108.16 0.00 0.34 0.00 0.34
FWJ4 49.6 6.1 213.97 0.40 -0.10 0.50 86.53 -21.63 0.27 -0.07 0.34
FWJ5 49.7 6.3 221.44 0.30 -0.20 0.50 64.90 —43.26 0.20 -0.13 0.34
FWJ6 50.2 6.4 227.21 0.60 0.20 0.40 129.79 43.26 0.40 0.13 0.27
FWJ7 49.6 6.5 228.01 0.50 0.10 0.40 108.16 21.63 0.34 0.07 0.27
FWJ8 50.1 6.2 219.67 0.40 0.00 0.40 86.53 0.00 0.27 0.00 0.27
FWJ9 49.7 6.3 221.44 0.30 -0.10 0.40 64.90 -21.63 0.20 -0.07 0.27
FWJ10 49.8 6.1 214.84 0.20 -0.20 0.40 43.26 —43.26 0.13 -0.13 0.27
FWJ11 49.9 6.5 229.38 0.60 0.30 0.30 129.79 64.90 0.40 0.20 0.20
FWJ12 50.3 6.4 227.67 0.50 0.20 0.30 108.16 43.26 0.34 0.13 0.20
FWJ13 49.5 6.1 213.54 0.40 0.10 0.30 86.53 21.63 0.27 0.07 0.20
FWJ14 50.1 6.3 223.22 0.30 0.00 0.30 64.90 0.00 0.20 0.00 0.20
FWJ15 49.6 6.2 217.48 0.20 -0.10 0.30 43.26 —21.63 0.13 -0.07 0.20
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Table 2

Materials properties of the Q460C steel and the fillet weld

Materials fy (MPa) fu (MPa) &y (%) &u (%) E (GPa) u
Q460C steel 540.8 629.0 0.032 14.0 202.6 0.28
Fillet weld 719.2 802.2 0.041 15.8 206.8 0.27

The fatigue test of the Q460C steel fillet weld cruciform joint was carried
out in compliance with China's code GB/T 3075-2008 [25]. The test setup, the
fatigue crack initiation and propagation during the fatigue test, and fractured
specimens are shown in Fig. 3. One end of specimen was fixed to the bottom
fixture of a fatigue tester named SUNS890-500, while the other end was
subjected to cyclic loading. Strain gauges (model: BX120-3AA) are pasted on
both ends of the fillet weld, as shown in Fig. 3b, to collect the variation of
strain along the loading direction of the weld root of the fillet weld with the
number of cyclic loading. When the cracks initiated at the weld root of the
fillet weld, the strain data would grow rapidly until the data overflowed.
Therefore, loading was suspended before the strain data overflowed in this

Strain

paper. A 150-fold scale microscope (precision: 0.01mm) was used to observe
the fatigue crack initiation length (a=0.05mm) at the weld root of the fillet
weld, and the number of cyclic loadings at this time N; was recorded.
Subsequently, loading continued until the macro fatigue fracture of the
Q460C steel fillet weld cruciform joint occurred.

The fatigue test results reveal that the fatigue crack initiates from the weld
root at one end of the fillet weld, traverses the width of the effective bearing
section of the fillet weld, and propagates along the length of the fillet weld to
the other end within the effective bearing section. The effective bearing
section of the fillet weld eventually experiences fatigue fracture.

Fig. 3 Test setup and fatigue fracture of the Q460C steel fillet weld cruciform joints: a) Test setup; b) Crack initiation and propagation; c) Specimens A1-A16; d) Fatigue fracture

The fatigue crack initiation life (N;;), the total fatigue life (Ns,), the fatigue
crack stable propagation life (Ns,=N:—Ni,) obtained from fatigue testing, and
the calculated fatigue life (Nt s, Nf ey, and Nt aisc) based on Egs. (1)~(3)
recommended in GB50017-2017 (specimen type Z8: C,=0.72x10%, f,=3),
AISC360, and Eurocode3, respectively, for each specimen are presented in
Table 3. The errors between the calculated fatigue life (Nr g, Nt e, @nd Nt aisc)

and the tested total fatigue life (N;), are denoted as ecg-, €gut, and €aisc-t,
respectively. The Egs. (1)~(3) are presented below:

IgN¢ce=—3.0lgAc+11.8573 @

IgN¢£,=—3.0lgAc+12.0100 @
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IgN¢ aisc=—3.0lgAg+11.7444 )

It is noted that the left side of Egs. (1)~(3) is a dimensionless number,
while the dimension of the right side is MPa, resulting in a dimensional
discrepancy between both ends of Egs. (1)~(3).

Table 3 reveals that the fatigue crack initiation life, the stable propagation
life, and the total fatigue life of the Q460C steel fillet weld cruciform joint
decrease with increasing omax and Ao. As the nominal maximum stress and the
stress amplitude rise, the stress at the weld root of the fillet weld increases,
resulting in elevated fatigue crack initiation and propagation rates, leading to
reduced fatigue crack initiation life, stable propagation life, and total fatigue
life. Therefore, the influence of the stress amplitude and the nominal
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maximum stress should be considered in the fatigue life calculation of the
Q460C steel fillet weld cruciform joint. The ratio of the fatigue crack initiation
life to the total fatigue life ranges from 0.43 to 0.54.

The fatigue lives calculated by Egs. (1) and (2) recommended in
GB50017-2017 and AISC360 are too conservative for all specimens, with
calculation errors ranging from —64.4% to —8.0% and —72.5% to —29.1%,
respectively. Furthermore, the fatigue lives calculated by Eqg. (3)
recommended in Eurocode3 are conservative for some specimens (Ao/f,,<0.34
and oma/fuw<0.34) and unsafe for others (Ao/fu> 0.34 Oromax/fiw=>0.34). The
overall calculation error exhibits a range of —49.4% to +30.7%.

Table 3

Fatigue test results of the Q460C steel fillet weld cruciform joints

Specimen Ni Nt Npt Nit/Nrt Nt.cs €cB-t Nr.aisc €AIsC-t Nt eu €Eut
No. (cycles) (cycles) (cycles) (cycles) (%) (cycles) (%) (cycles) (%)
FWJ1 17000 39600 22600 0.43 36415 -8.0 28079 -29.1 51758 +30.7
FWJ2 19500 42400 22900 0.46 36415 -14.1 28079 —33.8 51758 +22.1
FWJ3 23300 46600 23300 0.50 36415 —21.9 28079 —39.7 51758 +11.1
FWJ4 29300 53100 23800 0.55 36415 —31.4 28079 —47.1 51758 —2.5
FWJ5 36900 61400 24500 0.60 36415 —40.7 28079 —54.3 51758 —15.7
FWJ6 38500 98700 60200 0.39 71123 —27.9 54842 —44.4 101090 +2.4
FWJ7 43600 104600 61000 0.42 71123 —32.0 54842 —47.6 101090 -3.4
FWJ8 56400 118400 62000 0.48 71123 —39.9 54842 —53.7 101090 —14.6
FWJ9 73500 136700 63200 0.54 71123 —48.0 54842 —59.9 101090 —26.0
FWJ10 92200 156700 64500 0.59 71123 —54.6 54842 —65.0 101090 —35.5
FwWJ11 106200 307800 201600 0.35 168588 —45.2 129995 —57.8 239622 —22.2
FWJ12 121100 325500 204400 0.37 168588 —48.2 129995 —60.1 239622 —26.4
FWJ13 152100 359600 207500 0.42 168588 —53.1 129995 —63.9 239622 —33.4
FwWJ14 195200 406600 211400 0.48 168588 —58.5 129995 —68.0 239622 —41.1
FWJ15 257100 473300 216200 0.54 168588 —64.4 129995 —72.5 239622 —49.4

The fatigue properties of Q460C steel fillet weld cruciform joints surpass
those of ordinary steel fillet weld cruciform joints. The fatigue crack initiation
rate is lower than the fatigue crack propagation rate in the Q460C steel fillet
weld cruciform joint. Achieving accurate fatigue life calculations for these
joints entails separately calculating fatigue crack initiation life and stable
propagation life. However, Egs. (1)~(3) recommended in GB50017-2017,
AISC360, Eurocode3 are formulated based on fatigue test data of ordinary
structural steel fillet weld cruciform joints, lacking differentiate between
fatigue crack initiation life and stable propagation life.

3. Unified fatigue life calculation model

The fatigue failure of the Q460C steel fillet weld cruciform joint is a
process where repeated loading initiates an crack at the weld root of the fillet
weld, which then extends and closes until the fatigue fracture due to
insufficient net cross-section strength. Therefore, under normal circumstances,
the fatigue failure of the Q460C steel fillet weld cruciform joint can be divided
into three stages: fatigue crack initiation, stable propagation, and instability
propagation.

In this study, the progression of the fatigue crack in the Q460C steel fillet
weld cruciform joint, from initiation to stable propagation and then to
instability propagation, is considered as a continuous, progressive, complete,
and unified failure process in this paper. Therefore, it is reasonable to express
the fatigue crack initiation life and stable propagation life as functions of the
initiation size and stable propagation length of fatigue crack, respectively.

Wang [23] assumed that the fatigue crack initiation rate increases with the
number of load cycles, and proposed a model to calculate the fatigue crack
initiation life by integrating the fatigue crack initiation rate.

Ni=(aiz)" 4
Wang [24] proposed a fatigue crack stable propagation life calculation
model based on the assumption that the fatigue crack stable propagation rate

increases with the number of load cycles.

Nsp= (asplfsp)ll%p (5)

The unified fatigue life calculation model is derived from Egs. (4) and (5).
N=NitNop=(i/ &)+ (spl Eop) V1 ®)

where N, N, and Ny are dimensionless numbers that denotes the fatigue crack
initiation life, stable propagation life and the total fatigue life, respectively.
The parameters a; and as, are the initiation size and stable propagation length
of fatigue crack, respectively, measured in millimeters (mm). Additionally, &
and &, are measurements related to the fatigue crack initiation mode and
stable propagation mode, respectively, with dimensions in mm. #; and 7, are
dimensionless numbers.

It is noted that both ends of Egs. (4)~(6) are expressed as dimensionless
numbers.

4. Unified fatigue life calculation of the Q460C steel fillet weld cruciform
joints

The fatigue failure process of the Q460C steel fillet weld cruciform joints
of is divided into three stages: fatigue crack initiation, stable propagation and
instability propagation. Correspondingly, the fatigue fracture area, Ay, can be
divided into fatigue crack initiation area, A; (where Ai=a;>h.=0.05>0.7h;, with
a; representing the fatigue crack initiation size and h, denoting the width of the
effective bearing section of the fillet weld), stable propagation area, As,, and
instability propagation area, Aj,. Thus, As can be expressed as the sum of A;,
Asp, and Ajp, given by the equation A=Ai+Ag+Aip.

The total fatigue life, N;, can be divided into two distinct components:
fatigue crack initiation life, N;, and stable propagation life, Ng,. Given the brief
duration of fatigue crack instability propagation life, it is not incorporated into
this division. Therefore, the relationship is expressed as Ni=N;+Ngp.

4.1. Calculation of fatigue crack stable propagation life

According to the fatigue crack stable propagation life calculation model
suggested by Eq. (5), the parameters &, and s, are determined based on the
fatigue crack stable propagation length, as, and its corresponding fatigue
crack stable propagation fatigue life, Ngp.
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4.1.1. Calculation of fatigue crack stable propagation length

The fatigue crack instability propagation area can be obtained from the
stress field within this area by employing the ellipsoidal fracture model
proposed by the first author [22] as the criterion for fatigue crack instability
propagation. Experimental findings reveal that the fatigue crack in the Q460C
steel fillet weld cruciform joints traverses the width of the effective bearing
section of the fillet weld. Consequently, the fatigue crack stable propagation
area, Ap=ArAs—Ai—Ai, can be used to calculate the fatigue crack stable
propagation length, ag=Ag/he, Where Ao is the area of initial defect. Upon
examination of the tested specimens, no initial defects were identified, leading
to the conclusion that Ag=0.

Wang [22] proposed an ellipsoidal fracture model coupled with an
ellipsoidal yield model based on the assumption that fracture strength and
yield strength of structural steel are equal when subjected to triaxial equal
tensile stresses. This model is represented by Eqgs. (7) and (8):

(Gl 1)+ (oml0)?=37,2 %
Tseq”+(om/0)*=37,” (©)
2(1+ «f1+9 2
where Q= \?{(_1(_ 2:)) , Ty = 3 \/5(? f, . r can be derived from
£, f r1f1+9q2 ) )
f, ~ f, = W . Oseq, Om, Ty, Tu, fr, and f, are the von Mises equivalent

stress, mean stress, shear yield strength, uniaxial ultimate strength, uniaxial
fracture strength, and uniaxial yield strength, respectively.

4.1.1.1. Theoretical calculation of fatigue crack stable propagation length

Fig. 4 shows the fatigue fracture model of fillet weld in the Q460C steel
cruciform joint. The normal stress and shear stress at the effective bearing
section of the fillet weld are given as follows:

07 =NIAp 1= 1.414P sl AR 1c )
O3S tin0x= 1814 100P rmaxl 4Aip e (10)
6,0 (11)
72 =VIAp =1 414P ol AP c (12)
on=(0x+0y+0,)/3=1.414(1+100) Prmax/ 12Aip 1 (13)

Oy =\l(0,~0,) +(0,~0,)" +(0, ~0,) +62,]/ 2
=212~ 244, +8% Py 14A, (14)

where p, is the Poisson's ratio of the fillet weld.
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Fig. 4 Fatigue fracture model of fillet weld

The instability propagation area of the fatigue crack can be determined by
substituting Egs. (13) and (14) into Eq. (8), and the equation is rewritten as
follows:

_ 92 (4 — 1, +4) + (4, +D)*12 P,
Ajpm (15)
' 6\/§qwrwrwv

The parameters in Eq. (15) are calculated according to the tested material
properties of the fillet weld listed in Table 2 as follows: gw~1.30,
7yw~428.65MPa, and ry~1.12.

The instability propagation area, the stable propagation area, and the
stable propagation length of the fatigue crack are calculated theoretically as
follows:

Asp,tc:Af_Ai_Aip,tc (16)
asp,ct:Asp,ct/ he @17

4.1.1.2. Numerical calculation of stable propagation length of fatigue crack

The finite element model of specimen FWJ2 employed to simulate the
loading process of fatigue testing, constructed using a three-dimensional solid
element Solid95 in ANSYS finite element software, is shown in Fig. 5. The
first author [26] has verified the effectiveness of Solid95 for modeling fatigue
crack propagation. A total of 60,289 elements and 193,567 nodes were
modeled for mesh division. In alignment with the fatigue test methodology,
the loading process entailed fixing one end while applying fatigue load to the
other end.

The two horizontal steel plates and one vertical steel plate are bonded
together by four fillet welds using the “GLUE” command in the ANSYS
software to ensure a consistent deformation at the fused section between the
fillet weld and the plate. At one edge of fillet weld in the finite element model,
a column crack with a vertically penetrating semi-ellipsoidal cross section is
implanted. The area of the semi-ellipsoid is denoted as Ai+Ag, With a semi-
long axis defined as a.=ai+asyc, and a semi-short axis defined as b.=0.05a,, to
simulate the theoretically calculated initiation and propagation length, ai+as
and initiation and propagation area, A + Agc, Of the fatigue crack in the fillet
weld cruciform joint.

1= =& 1

Fig. 5 Finite element meshes of specimen FWJ2

The ellipsoidal fracture model suggested by Eq. (7) was employed as the
cracking criterion of the crack tip, while the "XFEM" module within the

ANSYS finite element software was utilized to simulate the propagation and
fatigue failure of the fatigue crack.
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The fatigue cracking diagram of specimen FWJ2, obtained through The fracture index, Iy, and the yield index, |y, are calculated using Egs. (7) and
numerical calculation, is presented in Fig. 6, accompanied by the (8), respectively, as follows:
corresponding stress field on the instability propagation area of fatigue crack. I, :\/(o-seq It +(0,/q,) /’\/§TW, 1= O'feq +(o,19,) /\/§Tyw .

S, Mises

(Ft9: 75%)
+7.386e+02
+6.770e+02
+6.155e+02

+1.847e+02
+1.231e+02
+6.156e+01
+1.156e-02
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Fig. 6 Numerical calculated stress on the instability propagation area of fatigue crack in specimen FWJ2: a) Overall Mises equivalent stress; b) Mises equivalent stress; c) The first stress

o1; d) The second stress a2; ) The third stress o3; ) The distribution of relative stress; g) The distribution of stress ratio, the fracture index, Ir, and the yield index, ly.

Fig. 6a~e visually shows a high stress concentration at the crack tip. The om/0seq, ranges from approximately 0.22 to 0.61, while stress constraint
peak values of the relative stresses, o1/fyw, oa/fyw, Oseq/fyw, and ow/fyw, are all coefficient along the length of the butt weld, o./0:, varies from about 0.11 to
located at the crack tip, as shown in Fig. 6f. As can be seen from Fig. 6g, on 0.67. Additionally, the stress constraint coefficient along the thickness of the

the instability propagation area of fatigue crack, the stress triaxility ratio, butt weld is very small at this time. This suggests the presence of significant
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constraint stresses on the instability propagation area of the fracture crack,
particularly at the crack tip and along the length of the fillet weld. The
instability propagation area of the fatigue crack has all entered the yield
regime (l,>1.0) and is on the verge of experiencing tensile transient fracture
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4.1.2. Calculation of fatigue crack stable propagation life

The instability propagation area, Aj, stable propagation area, Ag, and
stable propagation length, as,, of fatigue crack in the Q460C steel fillet weld
cruciform joints, obtained from the numerical calculation, are listed in Table 4.

(1=1.0).

Table 4

Fitted parameters of fatigue crack propagation life calculation formula
Specimen Nsp.t As Aup Asp asp Nsp Sp Ssp Ep0.95 Nspe espct
No. (cycles) (mm?) (mm?) (mm?) (mm) (10, mm) (10°,mm) (cycles) (%)
FWJ1 22600 220.99 74.81 146.18 32.8 3.18 5067.1 0.003 5217.5 20804 =79
FWJ2 22900 219.67 64.12 155.56 355 3.18 5067.1 0.003 5217.5 21320 -6.9
FWJ3 23300 223.59 53.43 170.16 37.6 3.18 5067.1 0.003 5217.5 21711 -6.8
FWJi4 23800 213.97 42.75 171.23 39.7 3.18 5067.1 0.003 5217.5 22084 -7.2
FWJ5 24500 221.44 32.06 189.38 425 3.18 5067.1 0.003 5217.5 22563 =79
FWJ6 60200 227.21 64.12 163.09 36.0 3.19 220.8 0.002 225.7 56608 -6.0
FWJ7 61000 228.01 53.43 174.57 38.0 3.19 220.8 0.002 225.7 57547 -5.7
FWJ8 62000 219.76 42.75 176.93 40.4 3.19 220.8 0.002 225.7 58652 -5.4
FWJ9 63200 221.44 32.06 189.38 425 3.19 220.8 0.002 225.7 59616 =57
FWJ10 64500 214.84 21.37 193.46 44.8 3.19 220.8 0.002 225.7 60626 -6.0
FWJ11 201600 229.38 64.12 165.27 36.0 3.20 4.1 0.002 4.2 197960 -1.8
FwJ12 204400 227.67 53.43 174.23 385 3.20 4.1 0.002 4.2 202247 -1.1
FWJ13 207500 213.54 42.75 170.80 39.6 3.20 4.1 0.002 4.2 204036 -1.7
FwWiJ14 211400 223.22 32.06 191.16 429 3.20 4.1 0.002 4.2 209241 -1.0
FWJ15 216200 217.48 21.37 196.11 447 3.20 4.1 0.002 4.2 211986 -1.9

The fatigue crack stable propagation life calculation model, as presented
in Eq. (5), is derived by applying a double logarithm transformation to both
sides of the equation.

IgNsp=(19as,=19&5p)11sp (18)

The fatigue crack stable propagation life, N, and stable propagation
length, ag, are listed in Table 4. The fitted fatigue crack stable propagation life

1gN,, = 0.31511ga,, + 3.8736
RE=0.9667

. 1gN,y 505 = 0.31511ga,, +3.8697
435 poooTe R7=09667

1.5 .52 154 156 158 1.6 .62 1.64
lgay,

@
5.34

calculation formulas of specimens FWJ1-FWJ5, FWJ6-WJ10, and
FWJ11-FWJ15 are derived accordingly (Fig. 7).

1gN,=0.3151lgas,+3.8736 (19)
1gN,=0.3148lgas,+4.2885 (20)
1gNs,=0.3133Igas,+4.8157 (21)
4.82
1g)V,, = 0.3148lgay, + 4.2885
4.81

R*=10.9908 s

= " lgN, 05 = 0.3148lga,, + 4.2852
~ R'=0.9908

1.54 1.56 1.58 1.6 1.62 1.64 1.66
lgay,

(b)

r
lgNg,

12N, = 0.3133ga,, + 4.8157

.
— 7 IgNyppes =0.31331gay, + 4.8123

R>=0.9745

R2=0.9745

5.29 . !
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1.6 1.62 1.64 1.66
lgag,

()
Fig. 7 Fitted fatigue crack stable propagation life calculation formula: a) Specimens FWJ1-FWJ5; b) Specimens FWJ6—FWJ10; and c¢) Specimens FWJ11-FWJ15

Table 4 presents the parameters &, and #s, of the fatigue crack stable
propagation life calculation formulas of specimens FWJ1-FWJ15, fitted from
Egs. (19) to (21).

The 1.645 times standard deviation, s, corresponding to the fatigue crack
stable propagation life of each parameter group was introduced into Egs. (19)
to (21). Subsequently, the fatigue crack stable propagation life, Ny, and stable
propagation critical length, ag, listed in Table 4, were refitted according to Eq.

(18) to obtain the green dashed line equations in Fig. 7. The fitting fatigue
crack stable propagation life calculation formulas for specimens FWJ1—-FWJ5,
FWJ6—-WJ10, and FWJ11-FWJ15, with a confidence level of 95%, were
obtained as follows:

IgNg,=0.31511gag,+3.8697 (22)
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IgNg;=0.3148ga,,+4.2852 (23)

IgN¢=0.3133ga,+4.8123 (24)

The parameters o Of the fatigue crack stable propagation life
calculation formulas for specimens FWJ1-FWJ15, fitted from Eq. (22)—(24),
are listed in Table 4. It can be seen that the parameter o095 increases as
Aolfy increases, and the parameter 75, = 3.18—3.20. In this paper, the
parameter s, is conservatively taken to be 3.19.

When Adlff,, = 0, it is a static loading condition, and the fatigue crack
stable propagation life Ny, tends to infinity. According to Eq. (5), when Ng;=co,
&p,0.95=0.

6000
£ o5 = 2X 10X (Ad/fy )25
Csp,0.95 Wuw
5000 R*=10.9986 ?
!
= 4000
=] ,'
%, 3000 ;
El /
«E 2000 ’
’
1000 -7
- -
0 ey
02 025 0.3 035
A0/f

Fig. 8 Fitting function for the parameters &.0.05 and Ao/fuw

A fitting function for the parameters &p005 and Aoffy with the minimum
variance, as shown in Fig. 8, is given by:

Eposs =2x10° x (Ac ) £, )% (25)

Substituting Eq. (25) into Eq. (5) and considering 7s,=3.19, the fatigue
crack stable propagation life calculation formula of the Q460C steel fillet weld
cruciform joints can be expressed as follows:

a, ];119

N =
*® [2 x10°x(Ac [ £, )%

(26)

4.6
12V, = -0.626 712 [z - Oma)] + 4.1914
< R*=0.9972
4.5
44
=
&b R
43 =
1gNi 005 = -0.626718[ 010 (firsOma)] +4.1809 S
> — 0977
42 R>=0.9972 B
4.1

07 06 05 -04 03 02 -01 0
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The calculated fatigue crack stable propagation lives according to Eq. (26)
are presented in Table 4, with a calculation error ranging from —7.9% to
—1.0%. The overall calculation results are relatively safe and reliable.

4.2. Calculation of fatigue crack initiation life

The fatigue crack initiation life of the Q460C steel fillet weld cruciform
joints, as listed in Table 3, increases as oma/fuw and Ao/f,,, decrease. According
to Eq. (4), the parameter #; is related to the shape of the specimen and is thus
independent of oma/fuw and Aolff,,. Therefore, the parameter & is related to
Omaxdfuw and Ac/fuw.

When oma/fun=1.0, the fillet weld directly fractures, resulting in the
fatigue crack initiation life Ni=0. According to Eq. (4), when Ni=0, & = oo.
Conversely, when om.=0, implying no tensile stress in the fillet weld, the
fatigue initiation life Nj=co. According to Eq. (4), when Ni=c0, &=0.

Referring to the fatigue crack stable propagation length, as,, calculated by
Egs. (9) to (17), being a linear function of oma/fuw, @ function of the

parameters & and omax/fuw, Satisfying the above conditions, is constructed as
follows:

o !f (o]

uww ~ Omax

=k
I @n

where k; is an undetermined coefficient.

Substituting Eq. (27) into Eq. (4) to then taking the logarithm of both
sides simplifies the analysis:

logN; = [—Iog(%) +loga; —logk]/ 7, (28)

uw max

The experimental data for the fatigue crack initiation life, Nj;, and the

ratio omax/(fuw—omax) are fitted according to Eq. (28), depicted by the red solid
line in Fig. 9.

1gNi=—0.626719[0max/ (fuw—0max)]+4.1914 (29)
1gNi=—0.62031g[Gmax/ (fuw—0max)]+4.4764 (30)
1gNi=—0.617719[0max/ (fuw—0max)]+4.9141 (31)
5
1gMV; = -0.62031g [0/ (O] + 44764
1o R*=10.9899
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R =0.9899
45
1 0.8 0.6 0.4 02 0
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Fig. 9 Fitted fatigue crack initiation life calculation formula: a) Specimens FWJ1-FWJ5; b) Specimens FWJ6—FWJ10; c) Specimens FWJ11-FWJ15

According to Egs. (29) to (31), with the fatigue crack initiation length
a;=0.05mm, the fitted parameters k; and #; are listed in Table 5.

Incorporating 1.645 times standard deviation, s;, corresponding to the
fatigue crack initiation life, into Egs. (29) to (31), and the fatigue crack
initiation life, Ni, and the ratio oma/(fuv—0omax), Were refitted according to Eq.

(27) to obtain the green dotted line equation in Fig. 9. Thus, the fatigue crack
initiation  life  calculation formulas of specimens FWJ1-FWJ5,
FWJ6—FWJ10F8, and FWJ11-WJ15, with a 95% confidence level, were
obtained as follows:
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1gN;i=—0.62671g[0masx! (fuw—0max)] +4.1809 (32) The parameters kioos, derived from Egs. (32) to (34), are listed in Table
4. It can be seen that kiogs decreases as Aoff,, decreases. The parameter #;
IgN;i=—0.62031g[omax/ (fuw—0max)] +4.4532 (33) exhibits minimal variation, ranging from 1.60 to 1.62. In this paper, #; is
conservatively taken to be 1.62.
IgN;i=—0.617719[omax! (fuw—0max)] +4.9016 (34)
Table 5
Fitted parameters of fatigue crack initiation life calculation formula
Specimen Nit ki Kio.05 Nic €ic-t Nrt Nr.c fct
No. (cycles) n (108, mm) S (108, mm) (cycles) (%) (cycles) (cycles) (%)
FWJ1 17000 1.60 102.5 0.006 106.6 14237 -16.3 39600 35041 -115
FWJ2 19500 1.60 102.5 0.006 106.6 16863 -135 42400 38183 -9.9
FWJ3 23300 1.60 102.5 0.006 106.6 20164 -135 46600 41875 -10.1
FWJi4 29300 1.60 102.5 0.006 106.6 24567 -16.2 53100 46651 -12.1
FWJ5 36900 1.60 102.5 0.006 106.6 30985 -16.0 61400 53547 -12.8
FWJ6 38500 1.61 30.4 0.014 33.1 37027 -338 98700 93635 -5.1
FWJ7 43600 1.61 30.4 0.014 33.1 44274 +1.5 104600 101821 -2.7
FWJ8 56400 1.61 30.4 0.014 33.1 53943 4.4 118400 112595 -4.9
FWJ9 73500 1.61 30.4 0.014 33.1 68034 7.4 136700 127649 —6.6
FWJ10 92200 1.61 30.4 0.014 33.1 91869 -0.4 156700 152495 -2.7
FwJ11 106200 1.62 55 0.008 5.8 102068 -39 307800 300028 -2.5
FWJ12 121100 1.62 55 0.008 5.8 122045 +0.8 325500 324292 -0.4
FWJ13 152100 1.62 55 0.008 5.8 148697 —2.2 359600 352733 -1.9
FwWJ14 195200 1.62 55 0.008 5.8 187540 -39 406600 369782 —2.4
FWJ15 257100 1.62 55 0.008 5.8 253245 -15 473300 465231 -1.7
I\(N_he_n_ A-U/f“vl";o' '\rle_piesen;ing ad_static I(I)Eading4cond(ijti02n7, andhthe 'Laiigue N, <[ a ]éﬂ . a, _ ]ﬁ 37)
Eirz;:(;ﬁltlatlon ife Ni=+co. According to Egs. (4) and (27), when Ni=t+oo, 5.45x10° x (Ac/ £, ) x( Ufa; ) 2x10° x(Ac ! f,,)

The relationship between kioos and Ac/f,, can be fitted using the data in
Table 5, and the function should satisfy the boundary condition ki os|sstuw=0=0.
The fitted function is shown in Fig. 10.

ki‘o,95=5.45><.|.076><A0'/fuw 57 (35)
120
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Fig. 10 Fitting function of the parameters kio.95 and Ac/fuw

Substituting Eq. (35) into Eq. (27) and (4), and setting #7;=1.62, the fatigue
crack initiation life calculation formula of the Q460C steel fillet weld
cruciform joints is derived as follows:

1

a ]m

Ni :[ .
5.45x10° x (Aa/ f,,)>" x(

o : (36)

fuw ~ Omax
The calculated fatigue crack initiation lives according to Eq. (36) are
listed in Table 5, with a calculation error ranging from —16.3% to +1.5%.

4.3. Unified fatigue life calculation
Substituting Egs. (26) and (36) into Eqg. (6), the unified fatigue life

calculation formula of the Q460C steel fillet weld cruciform joints is obtained
as follows:

The calculated total fatigue lives according to Eq. (37) and the
corresponding calculation errors are listed in Table 5. The calculation error of
Eq. (37) is from —12.8% to —0.4%, demonstrating that the calculation
accuracy of Eq. (37) is better than that of Egs. (1) to (3) recommended in
GB50017-2017, AISC360, and Eurocode3.

5. Discussion

The ellipsoidal fracture model suggested by Eq. (8) serves as the criterion
for crack tip cracking and instability propagation of fatigue crack. However, it
is important to note that this model is specifically designed for isotropic
structural steels characterized by equal tensile and compressive strengths.
Therefore, the fatigue life assessment method presented in this paper, along
with the fatigue initiation life calculation model, stable propagation life
calculation model, and the total fatigue life model suggested by Egs. (4) to (6),
for the Q460C steel fillet weld cruciform joint, are only applicable to isotropic
structural steels with uniform tensile and compressive strengths. They may not
be applicable to engineered materials with different tensile and compressive
strengths.

6. Conclusions

Fatigue tests were carried out on the Q460C steel fillet weld cruciform
joints. The fatigue crack initiation length was obtained from the experimental
analysis. The ellipsoidal fracture model was used as the crack tip cracking
criteria and the instability propagation criterion of fatigue crack, and
theoretical calculations and numerical simulations on the fatigue crack
propagation in the fillet weld cruciform joint were employed. The fatigue life
of the fillet weld cruciform joints was evaluated using the unified fatigue life
calculation model and the fatigue life formulas recommended in GB50017-
2017, Eurocode3, and AISC360. The following conclusions could be drawn:

1. A fatigue crack initiates at the root of the fillet weld due to the presence
of a high stress concentration, and then fatigue fractures occur at the effective
bearing section of the fillet weld.

2. The fatigue crack initiation life, N;;, stable propagation life, Ny, and
total fatigue life, Ny, of the fillet weld cruciform joint decrease as the relative
stress amplitude, Acffuw, and the relative nominal maximum stress, omax/fuw,
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increase. The ratio of the fatigue crack initiation life to the total fatigue life
ranges from 0.43 to 0.54.

3. The fatigue life formulas recommended in standards such as GB50017-
2017, AISC360, and Eurocode3 are evaluated. The analysis revealed notable
discrepancies between the calculated and tested fatigue lives, with calculation
errors ranging from —64.4% to +30.7%. Specifically, the recommended
formulas tend to be overly conservative, resulting in substantial
underestimation of fatigue life.

4. The unified fatigue life calculation model provides more accurate
predictions for the fatigue crack initiation life, stable propagation life, and
total fatigue life of the fillet weld cruciform joint. The calculation errors
associated with this model range from —16.3% to +1.5%, —7.9% to —1.0%, and
—12.8% to —0.4%, respectively, indicating its superior performance compared
to the recommended formulas.
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ABSTRACT

ARTICLE HISTORY

The shear performance of three concrete-filled steel tubular (CFST) composite columns was investigated via single-point shear
tests, considering shear-span ratios of 0.75, 1, and 1.5. The findings indicated that the failure mode of the CFST composite
column transitioned from oblique compression shear failure to localized shear failure in the joint areas as shear-span ratio
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decreased. An extended analysis of the parameters was carried out utilizing the ABAQUS finite element model. The analysis

indicates that the ultimate shear resistance capability of steel-concrete composite columns increases with the rise in the strength
of the batten concrete, the batten concrete thickness-to-span ratio, and the outer diameter of column limbs. However, it
decreases with an increase in shear-span ratio. The accuracy of the calculation methods for existing similar structures was
assessed, and based on the force transmission mechanism of CFST composite columns, theoretical and simplified calculation
methods were proposed that meet engineering precision requirements. Consequently, this method offers a valuable theoretical

reference for engineering applications.

Copyright © 2024 by The Hong Kong Institute of Steel Construction. All rights reserved.
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1. Introduction

Concrete-Filled Steel Tubular (CFST) composite columns consist of steel
tube concrete limbs and concrete strips. In comparison to the steel-filled tubes
of lattice columns, the higher stiffness of concrete strips in CFST composite
columns leads to superior mechanical performance [1-4].

Currently, scholars have gradually conducted research on CFST
composite columns and similar structures. Ou et al. [5] performed a
comparative investigation into the axial and eccentric compression behavior of
CFST composite short columns in contrast to lattice short columns. The
findings unveiled the superior compressive strength, flexural rigidity, and
load-carrying capability of CFST composite columns when juxtaposed with
lattice columns. Furthermore, it was observed that the load-carrying capability
of CFST composite columns exhibited constancy irrespective of variations in
eccentricity ratio and slenderness ratio.

Xiong et al. [6-8] utilized double-layer parallel steel plates as connecting
plates, conducting axial compression and lateral loading tests on equal or
unequal limbs. The results indicated that compared to CFST columns with
single steel plate connections, the double-plate CFST columns exhibited
significantly improved load-carrying capability, stability, and lateral stiffness,
demonstrating excellent deformation resistance capabilities.

Yong et al. [9] conducted pseudo-static tests on Reinforced Concrete (RC)
frame-truss composite walls (FTCW). The results revealed that the most
effective way to augment the load-bearing capability of RC frame-FTCW is
by increasing the number of internal filled FTCW, followed by increasing the
reinforcement ratio of the frame columns. The impact of escalating axial
compression ratio, concrete strength, or introducing angle steel to the internal
diagonal bracing in FTCW on the load-bearing capability is relatively
negligible.

Quasi-static and quasi-dynamic tests were conducted on CFST composite
columns by Yadav et al. [10-12], demonstrating their excellent seismic
performance and complete hysteretic curves, which were similar to those
observed in lattice columns. Nevertheless, the failure mode of the composite
columns underwent a transformation, marked by the occurrence of concrete
slab cracking and steel tube tearing.

Zhou et al. [13] undertook a seismic performance investigation involving
six composite shear walls. The investigation explored the impact of axial load
ratio, load eccentricity on the ductility and stiffness. Building upon these
findings, Zhou introduced a shear force calculation methodology aligned with
the precision criteria of engineering standards.

Zhang et al. [14] conducted a seismic performance study on five precast
concrete-encased carbon fiber reinforced CFST composite walls with twin
steel tube connections. The findings indicated that optimizing the wall with
C100 steel fiber-reinforced high-strength concrete, as opposed to the reference

wall using C80 concrete, led to improvements in structural load-bearing
capability, deformation characteristics, and energy dissipation capability. The
incorporation of bottom dual-layered steel plates to the high-strength concrete
web constrained the web, augmenting deformation capability, while alleviating
stiffness degradation and enhancing reparability.

CFST composite columns are frequently employed as bridge piers in
various bridges across China [15-18]. However, these bridge piers are
susceptible to shear failure induced by seismic events or collisions with
vehicles or vessels. Therefore, the investigation of the shear behavior of CFST
composite columns is of paramount importance [19]. Currently, scholars both
domestically and internationally focus their research on CFST composite
columns and similar structures primarily in terms of axial compression, lateral
loading, and seismic behavior. The research on the shear performance of CFST
composite columns and similar structures is relatively lacking, and the
theoretical studies in this area are not comprehensive enough.

Wang et al. [20] compares RC filled CPSW with different connectors and
axial compression ratios to RC shear walls. The results indicate a significant
enhancement in shear capability for CPSW with CFSTs as boundary elements,
compared to RC shear walls. Additionally, the study proposes a shear ultimate
load-bearing capability calculation method that aligns with engineering
precision requirements.

Liao [21] conducted theoretical derivations on the shear capability of
CFST lattice columns. Based on the mechanism that the filled tube would not
fail before the CFST lattice column, a shear capability calculation method
applicable to lattice columns was proposed.

Nevertheless, the established shear capability calculation methods for
analogous structures may not be universally applicable to CFST composite
columns. Consequently, this paper entailed tests and analyses on three CFST
composite columns with varying shear-span ratios. Subsequent to this,
experimental data-validated finite element models were employed to conduct
parameter expansion analyses. The purpose of these analyses was to examine
the impact of various structural parameters, including the shear-span of ratio,
thickness span ratio, batten concrete strength, and the outer diameter of the
column limb, on the shear performance. Additionally, an evaluation of the
accuracy of existing shear capability calculation methods for similar structures
was conducted. Based on the force transmission mechanism of CFST
composite columns, a study on the shear capability calculation methods for
CFST composite columns was also undertaken.

2. Experimental program

2.1. Specimen design
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The dimensions of the standard test specimen were established Derived
from the lower half of the pier of the Ganhaizi bridge in Sichuan Province,
specifically, the CFST composite columns. The dimensions were as follows:
the column steel pipe measured 114 mm>2 mm, the longitudinal steel batten
pipes were 48 mm>2 mm. The specimen’s height was 1500 mm. The centroid
of the column limb was located 300 mm from the longitudinal axis, while the
batten pipes were spaced 150 mm vertically. The transverse batten consisted
of a reinforced concrete slab with a width of b and thickness of 50 mm. This
slab had embedded steel bars with diameters of 6 mm, spaced 50 mm
vertically and 60 mm transversely. The transverse and longitudinal
reinforcements of the reinforcement mesh were connected by binding, and the
reinforcement mesh was attached to the column limbs via a connecting steel
plate. The CFST composite column’s shear-span ratio was adjusted by altering
the height of the concrete batten b, with heights of 1000 mm, 750 mm, and
500 mm corresponding to shear-span ratios of 0.75, 1, and 1.5, respectively.
The detailed diagram and specific parameters can be found in Fig. 1 and Table
1, respectively.
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(b) Schematic diagram of test loading

(c) Field diagram of test loading

Fig. 1 Detail drawing of test loading device and specimen size

Table 1
Details of specimens

Specimen  Height  Shear-span batten plate Shear-span Ve-china/K Vesimplity

number H/mm a/mm  widthb/mm  ratio 2 VieslkN N /kN
$1-2-0.75 1000 0.75 621.6 1005.0 651.6

S2-3-1 1500 750 750 1 508.8 7537 5163
$3-2-1.5 500 15 359.1 5025 3810

where S stands for the specimen, and the following values indicate the specimen type;
A=alb, stands for shear-span ratio a and batten plate width b; Specimens are numbered
according to specimen type - physical symbol of shear-span ratio - shear-span ratio value.
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2.2. Material characteristics

The concrete and steel properties were tested according to the “Standard
for test methods of mechanical properties on ordinary concrete” and “Metallic
materials-Tensile testing Part 1: Method of test at room temperature”, and the
results are illustrated in Table 2.

Table 2
Material characteristics
. Elastic modulus Poisson's
Material E/GPa fy. f/MPa fi/MPa ratio 4
Steel pi
; eel pipe . 206 235 390 0.283
(columnar limb and batten pipe)

steel bar 198 321 519 0.3
Concrete 25.0 201 178 0.2

(core concrete and batten concrete)

2.3. Loading method and instrumentation

The experiments were conducted on a 10000 kN hydraulic press at Fuzhou
University. The test specimens were positioned on two support devices, with a
steel block attached to the upper part of the specimen serving as the loading
devices. During the tests, the specimens were subjected to loading through the
upper loading device. The loading device and specimen size are illustrated in
Fig. 2.

Initially, load control was implemented, employing a loading increment of
25 kN. Each successive load stage endured for a duration of 2-3 minutes to
meticulously observe and document the mode and crack condition of the
specimen. Subsequently, displacement loading, progressing at a rate of 0.2
mm/min, was employed until reaching the peak of the load curve, equivalent to
0.7 times the anticipated shear capability derived from the finite element
method. Upon reaching this juncture, the loading procedure was terminated.

The arrangement of deformation measuring points is illustrated in Fig.
1(b). Displacement gauges were strategically located at both supports and the
mid-span to monitor and document specimen deflection. Axial strain gauges
were applied to the steel tube and concrete batten at the mid-span's bottom to
gauge bending strain. Additionally, strain gauges were installed horizontally,
vertically, and obliquely along the line connecting the loading point and
supports on the concrete batten to measure shear strain.

3. Experimental results
3.1. Failure mode

In the initial loading phase, no noticeable alterations were detected on the
specimen surfaces. Nevertheless, with the growing load, a multitude of slender
and compact inclined cracks emerged in the concrete batten located between
the loading point and the supports. These cracks exhibited an escalation in both
width and quantity as the load intensified. Upon reaching its peak, the rate at
which cracks widened and multiplied experienced a sudden acceleration,
leading to continuous peeling off of the concrete at the loading point in the
sectional specimens. As a result, the load could not be further increased,
indicating that the composite column had reached its ultimate shear capability.

The ultimate failure mode diagram for each specimen is presented in Fig. 2.
The concrete batten exhibited numerous diagonal cracks. In test S1-2-0.75,
where the shear-span ratio was minimal, the concrete batten near the loading
point experienced tearing, while severe crushing and peeling off of concrete
occurred at the junctions of reinforcement and upper column limbs. Test S2-2-1
and S3-1-1.5, which had larger shear-span ratios, exhibited more diagonal
cracks than test S1-1-0.75, albeit with less pronounced local failure
characteristics of concrete spalling at the loading point or supports. The
observed phenomenon suggests a shift in the failure mode of the CFST
composite column from oblique compression shear failure to localized shear
failure in the joint areas, correlating with a decrease in shear-span ratio.

(a) S1- 1-0.75
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(c) S3-1-15

Fig. 2 Failure diagram of specimen

3.2. Load-deflection curve

The load-deflection (N-f) curve depicted in Fig. 3 for tests conducted
under various shear-span ratios illustrates that, initially, the deflection of the
middle span exhibited an approximately linear relationship with the load. This
behavior indicates that the specimens were in the elastic stage during the early
loading phase. Subsequently, prior to reaching 0.8 times the peak load, the
deflection of the mid-span exhibited a nonlinear increase with the rising load,
signaling the transition of the specimens into the elastic-plastic stage. After
the load reached the peak value, the load will enter the stage of load-bearing
capability decline. In the process of testing, the main failure mode of S2-7-1
and S3-1-1.5 was oblique compression and the shear capability decreased
slowly, which showed the high residual load-bearing capability and ductility
of these specimen. However, the capability of specimen S1-1-0.75 decreased
rapidly because it suffered local shear failure.
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Fig. 3 Load-deflection curve

The load-deflection curves show that the initial slope and peak load of the
curves were larger when shear-span ratio of the composite columns was
smaller but the shear stiffness and ultimate shear capability were higher.
Taking S3-1-1.5 as the benchmark, the shear stiffness of S2-1-1 and S1-2-0.75
was increased by 237.5% and 462.5%, respectively and the shear capability of
these specimens was increased by 28.9% and 57.5%, respectively.

3.3. Load-shear strain curve

The shear deformation at the midspan of the concrete batten was
characterized by the most representative abdominal shear strain, and the
load-strain curves are depicted in Fig. 4. The shear strain curves of the CFST
composite columns exhibited linearity with the load during the initial loading
stage, corresponding to the elastic stage of the specimens. In contrast, the
shear strain curves of the concrete batten displayed a nonlinear relationship
with the load, reaching approximately 0.8 times the peak value, marking the
transition of the specimens into the elastic-plastic stage.

The shear strain curves of the specimens increased rapidly while the load
approached the peak value, which indicated that the cracks of the concrete
batten were in the unstable stage, and the shear deformation increased
obviously. The shear force of specimens S2-1-1 and S3-1-1.5 can still be
transferred from the column limb to the batten slab, although the force transfer
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mechanism of specimen S1-7-0.75 changes. Due to the tearing of the joints
between the upper concrete batten and the CFST limbs, the shear force of
specimen S1-1-0.75 could not be transferred; therefore, the shear strain curve
rebounded.

800

Load N/kN
.
2

200

0¥ . ‘ . ‘ .
0 1000 2000 3000 4000 5000  GOOO

Shear strain &/ue

Fig. 4 Load-shear strain curve

4. Numerical simulation analysis
4.1. Establishment of the model

Finite element simulation is a widely adopted method for simulating the
stress and deformation behavior of structures under varied conditions, allowing
for the convenient analysis of diverse structural parameters. Software
applications, including but not limited to ABAQUS, ANSY'S, and MARC, have
significantly augmented theoretical analysis and engineering practice related to
these structures. Owing to the relatively high production difficulty and testing
costs associated with the experimental model of steel tube concrete composite
columns, further exploration of the structure's failure mechanisms and
governing physical laws is warranted. ABAQUS software was employed to
carry out simulation and analysis of the composite column. It was observed that
the contribution of the transverse reinforcement pipe to the overall shear
capability of the composite column was marginal. To enhance computational
efficiency, a half-model of the steel tube concrete composite column structure
was simulated, as depicted in Fig. 5.

Fig. 5 Finite element test model

To simulate realistic boundary conditions, a vertical Z-directional load is
applied to the composite column from the upper loading device. The
displacements in the X and Y directions of the loading device are constrained.
Additionally, both bottom supports of the lower two support devices are set as
fixed.

The connection between the upper loading device and the lower support
devices with the steel tubes employs a surface-to-surface contact approach,
designating the loading apparatus or support devices as the primary face and
the steel tubes as the secondary face. Normal contact is specified as "hard
contact,” and tangential contact is modeled using the Coulomb friction model
with a friction coefficient set to 0.15 [1].

The interface between the core concrete enclosed by the steel pipe utilizes
a surface-to-surface contact approach, designating the steel pipe as the primary
face and the core concrete as the secondary face. The normal contact is
characterized as "hard contact," and the simulation of tangential contact
employs the Coulomb friction model with a friction coefficient established at
0.6 [18]. The linkage between the batten concrete and the steel pipe is classified
as "Tie," and the batten steel bars are situated within the "embedded region™ of
the batten concrete.

To more precisely replicate mechanical responses, including tensile
cracking and concrete material crushing within steel tube concrete, researchers
both at home and abroad frequently adopt the concrete damage plasticity model.
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Following comparative calculations across different constitutive models, the
selection ultimately favored the constrained concrete constitutive model
proposed by Liu Wei, as delineated in Eq. (1).

o=0y[25 ()] (O<e<s)
& &
PR p— (e > )

60 l?,__l 2.+ AEL
AL+ "
. &, = &, +800&£°2
&, =1300+12.5f

B =05x(2.36x10°)02 09 (£)°5 > 012

o, = f,

The upper loading device and the two lower support devices are both
represented as rigid body elements. The batten concrete was simulated using
C3D8 solid elements, while the batten reinforcement was represented by
T3D2 truss elements. The steel pipe was modeled using S4 shell elements. The
damage plastic model was used for the battened concrete and core concrete,
and the steel material was characterized using a bilinear elastic-plastic
constitutive model [22], as shown in Figs. 6 and 7.

a
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£

Fig. 6 Constitutive model of concrete

o

Fig. 7 Constitutive model of steel

4.2. Model validation

Comparisons between the calculated curves and experimental curves are
presented in Fig. 8. The calculation curves closely align with the test curves,
demonstrating a substantial overlap. It is noteworthy that only in the case of
test S1-2-0.75 did the ultimate load-bearing capability precede the simulation;
nevertheless, the initial loading phase exhibited good concordance between the
test and calculation curves.

—— MI1(=075)
—o— MG-i-1
—— M8-i-1.5
s, —e— §1-3-0.75
—— §2--1
o —v— 83415

Deflection f/mm

Fig. 8 Load-deflection comparison diagram of test and simulation

The discrepancy observed in S1-1-0.75 can be attributed to the higher
strength of the connection between the simulated finite element column limbs
and the concrete batten, as compared to the actual specimen. Thus, shear
failure under oblique compression was the failure mode rather than local shear
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failure. The results of the deviation analysis indicate the imperative need to
enhance the connection between the column limbs and concrete batten,
especially in cases with a small shear-span ratio. Furthermore, the results
suggest a good correlation between the simulation and experiments, allowing
for further parameter analysis based on this FEM.

The deviation analysis results show that it is necessary to strengthen the
connection of the column limbs and concrete batten with a small shear-span
ratio and indicate that the simulation could provide a reasonable estimation of
the shear process of composite columns if the composite columns were
inclined to experience compression shear failure.

4.3. Stress analysis

Display the stress maps for the principal tensile and compressive stresses
of concrete and steel in Figs. 9 and 10, respectively.
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(b) steel pipes and concrete batten

Fig. 9 Direction of principal compressive stress

Lower pipe

(b) steel pipes and concrete batten

Fig. 10 Direction of principal tensile stress
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In addition to the stress flow disorder at the loading point and the supports,
the distribution of the principal compressive and tensile stress in the other
areas of the upper and lower steel pipes presented good regularity, which
could connect with the stress distribution of the concrete batten well,
indicating that the shear force could transfer between the steel pipe and the
batten plate concrete.

The main pressure and tensile stress flow of the concrete in pipes were
relatively disordered due to the circular action of steel pipes. According to the
load path method, the main compressive stress area in the same direction was
equivalent to the compression bars and the main tensile stress area in the same
direction was equivalent to the tension bars. In this way, the strut-and-tie
model of composite columns was formed.

Table 3
Basic parameters of finite element analysis

236

In this model, the concrete diagonal strut was equivalent to the pressure
bars of the strut-and-tie model and the shear force of the upper and lower steel
tubes was transferred to the supports through the concrete diagonal struts. The
tension side of the CFST acted as tension bars, ensuring equilibrium with the
horizontal force exerted by the diagonal compression bars.

4.4. Parameter analysis

With the verified FEM, the strength of the batten concrete f; (20 MPa ~ 50
MPa), shear-span ratio of the batten concrete 1 (0.5~1.75), the thickness span
ratio of the concrete batten t/L (0.033~0.073) and the outer diameter of the
column limbs D (90 mm~240 mm) were analyzed. The parameters of each
FEM are illustrated in Table 3.

Specimens The strength of batten plate  The width of barren Shear-span  The thickness of Thickness span The outer diameter of

Veem Ve-chinal KN Ve-simple/KN

number concrete/MPa plate b/mm ratio 1 batten plate t/mm ratio to/L column limbs D/mm
M1 30 1000 0.75 50 0.033 114 721.2 1005 651.6
M2-fc-30 20 1000 0.75 50 0.033 114 565.2 670 547.7
M3-fe-40 40 1000 0.75 50 0.033 114 838.8 1340 739.1
M4-fc-50 50 1000 0.75 50 0.033 114 920.8 1620 816.2
M5-2-0.5 30 1500 0.5 50 0.033 114 1028 1507.5 922.1
M6-2-1 30 750 1 50 0.033 114 527.6 753.75 516.3
M7--1.25 30 600 1.25 50 0.033 114 457.2 603 435.1
M8-2-1.5 30 500 15 50 0.033 114 385.6 502.5 381.0
M9-4-1.75 30 428 1.75 50 0.033 114 345.2 430.14 342.0
M10-2-2 30 375 2 50 0.033 114 316 376.87 313.3
M11-t¢/L-0.040 30 1000 0.75 60 0.040 114 788 1206 764.7
M12-t./L-0.047 30 1000 0.75 70 0.047 114 891.6 1407 877.9
M13-t¢/L-0.053 30 1000 0.75 80 0.053 114 994.8 1608 991.0
M14-t;/L-0.06 30 1000 0.75 90 0.06 114 1107.2 1809 1104.2
M15-t/L-0.067 30 1000 0.75 100 0.067 114 1171.2 2010 1217.4
M16-tc/L-0.073 30 1000 0.75 110 0.073 114 1301.6 2211 1330.5
M17-D-90 30 1000 0.75 50 0.033 90 640.4 - 610.2
M18-D-120 30 1000 0.75 50 0.033 120 688.4 - 664.7
M19-D-150 30 1000 0.75 50 0.033 150 784 - 749.5
M20-D-180 30 1000 0.75 50 0.033 180 888 - 870.3
M21-D-210 30 1000 0.75 50 0.033 210 1020 - 1032.6
M22-D-240 30 1000 0.75 50 0.033 240 1245.2 - 1241.4

In Table 11, specimen Model M1 is designated as the standard model with
a concrete strength of 30 MPa, a concrete batten height of 1000 mm, a
concrete batten thickness of 50 mm, and an outer diameter of column limbs
measuring 114 mm. The corresponding load-deflection curves are depicted in
Fig. 11.

Fig. 11(a) shows the load-deflection curves of CFST composite columns
with different strengths of the concrete batten f.. With increasing f;, the
ultimate shear capability of the composite columns increased obviously while
the shear stiffness changed little. The model with f; of 20 MPa was taken as
the benchmark, and with increases in f. from 20 MPa to 50 MPa in steps of 10
MPa, the ultimate shear capability of each step was increased by 39 kN
(27.6%), 29 kN (16.3%) and 21 kN (9.8%). This analysis indicates that the
reinforcement effect of increasing concrete strength on the ultimate shear
capability of composite columns diminishes as the concrete strength rises.
This observation suggests a nonlinear relationship between concrete strength
and ultimate shear capability.

Fig. 11(b) illustrates the load-deflection curves of CFST composite
columns with different shear-span ratios 1. With decreasing A, the ultimate
shear capability of CFST composite columns increased obviously while the
shear bearing stiffness changed little. The model of 4 value was equal to 2 was
taken as the benchmark, and with decreases in A from 2 to 0.5 in steps of 0.25,
the ultimate shear capability of each step was increased by 7 kN (9.2%), 10 kN
(11.7%), 18 kN (18.6%), 18 kN (15.4%), 48 kN (36.7%) and 77 kN (42.5%).
The analysis revealed that the impact of the shear-span ratio on the shear
capability of CFST composite columns intensifies as shear-span ratio

decreases. This observation suggests a nonlinear relationship between
shear-span ratio and shear capability.

Fig. 11(c) reveals the load-deflection curves of CFST composite columns
with different thickness span ratios of the concrete batten t/L. With increasing
t/L, the ultimate shear capability and the shear stiffness of the composite
columns increased. The model with a t/L value of 0.033 was taken as the
benchmark, and with increases in t/L from 0.033 to 0.073 in steps of
approximately 0.07, the ultimate shear capability of each step was increased by
17 kN (8.5%), 26 kN (11.6%), 26 kN (10.4%), 28 kN (10.2%), 16 kN (5.5%)
and 33 kN (10.0%). This analysis indicates that the impact of the thickness
span ratio on the shear capability of CFST composite columns remains
relatively constant with variations in the thickness span ratio. This suggests an
almost linear relationship between the thickness span ratio and shear capability.

Fig. 11(d) shows the load-deflection curves of CFST composite columns
with different outer diameters of column limbs D. The figure indicates that
with increasing D, the ultimate shear capability of composite columns
increased obviously. The model with a value of D of 90 mm was taken as the
benchmark, and with increases in D from 90 mm to 240 mm in steps of 30 mm,
the ultimate shear capability of each step was increased by 12 kN (7.0%), 24
kN (12.2%), 26 kN (11.7%), 33 kN (12.9%) and 56 kN (18.1%). This analysis
reveals that the impact of the outer diameter of column limbs on the shear
capability of composite columns becomes more pronounced with an increase in
the outer diameter of the column limbs. This observation suggests a nonlinear
relationship between the outer diameter of column limbs and shear capability.
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Fig. 11 Load-deflection curves of CFST composite columns

5. Analysis of shear bearing performance

5.1. Accuracy evaluation of existing calculation methods

Fig. 12 CFST shear wall structure

1: End post; 2: Wall; 3 : Distributed reinforcement
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Currently, there is a scarcity of research on the calculation methodology
for the shear capability of CFST composites, both domestically and
internationally. The “Technical specification for steel tube-reinforced concrete
column structures” delineates a structure akin to that of a CFST shear wall,
comprising a combination of a concrete-filled steel tube and a concrete shear
wall, as depicted in Fig. 12.

The shear capability calculation method of this structure is illustrated in Eq.
(1). This formula was used to calculate the CFST composite column, and the
computed result was juxtaposed against the experimental value (finite element
result), as illustrated in Fig. 13.

V, <0.258, f.b,h,, @)

Ve: the calculation value of the shear capability of the shear wall structure; fc: the
compressive strength of the shear wall concrete; bw: the thickness of the shear wall; hwo:
the height of the shear wall; fc: when the concrete strength is below 50 MPa, it is 0.5;
when the concrete strength is above 80, it is 0.8.
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Fig. 13 Comparison diagram of formula calculation value and test value

Fig. 13 shows that although the CFST shear wall structure is very similar
to the CFST composite column, the unique reinforced concrete outer layer of
the shear wall structure will provide additional shear capability. Therefore, the
calculation value obtained by this method is generally larger than the test value
(finite element value), and this method is not suitable for the calculation of
composite columns.

Investigation into the calculation methodology for the shear resistance
capability of composite columns constitutes a crucial element in the safety
assessment and structural design of such composite structures. By
understanding the structural carrying capability under shear loads, adjustments
to the dimensions, material selection, and construction methods of the
structure can be made based on the calculated results. Therefore, it is
necessary to design a calculation method that meets engineering precision
requirements.

5.2. Calculation method

The test results in Section 1.4 are now analyzed. Firmly connecting the
CFST column limbs with the concrete batten split the concrete batten was into
several diagonal compression members, and the composite column reached the
ultimate shear capability due to the diagonal compression shear failure of the
concrete batten.

Due to the limited dataset available for analysis, this study exclusively
focused on investigating the shear failure of the concrete batten in CFST
composite columns, specifically identifying the failure mode as diagonal
compression shear failure. The discussion of localized shear failure in joints
has been reserved for subsequent research endeavors.

In alignment with the principal stress direction determined through the
stress analysis in Section 2.3, the distribution of the principal stress direction in
the concrete batten demonstrated a noteworthy regularity when the CFST
composite column exhibited shear failure under oblique compression.
Moreover, it was assumed that the diagonal compression bars formed during
this failure mode could be considered parallel. Further in-depth exploration and
discussion on this topic are anticipated in future studies.

Considering the restraint and load transfer effect of CFST on the concrete
batten, the concrete batten and the lower concrete-filled steel pipes can be
regarded as the strut-and-tie model of concrete beam shear failure [22], as
illustrated in Fig. 14.
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Fig. 14 Mechanism of shear capability of composite columns

1:Upper concrete-filled steel tubular columnar limb; 2:Secondary pressure bars;
3:Concrete batten plate; 4:Main pressure bar; 5:Lower concrete-filled steel tubular
column limb

This model is different from the previous strut-and-tie model. The main
compression bar connecting the loading center and the reaction center of the
bearing can transfer the force. At the same time, due to the constraint of the
CFST column at the bottom, the parallel secondary compression bars of the
concrete batten can also transfer the force.

The composite column model was slightly different from the previous
strut-and-tie model. The main compression bars connecting the loading point
and the supports in the concrete infix plate can transmit force. Due to the
component force of the top column limb and the restraint of the bottom
column limb, the parallel secondary compression bars of the concrete batten
can also transmit force [23].

Based on the strut-and-tie theory and the analysis of the influence of
different outer diameters of column limbs D on the shear capability of
composite columns in Section 2.4, the shear capability of CFST composite
columns cannot be ignored.

Consequently, the culmination of the ultimate shear capability in the
composite column is attributed to the collaborative effects of the main
compression bars and secondary compression bars within the concrete batten,
along with the CFST column limbs. The mathematical expression for
calculating the shear ultimate load-bearing capability of CFST composite
columns is delineated in Eq. (2).
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Vret: the shear force transferred by the main compression bars;Vrc2: the shear force
transferred by the secondary compression bars; Vcrst: the shear force transferred by the
CFST column limbs.

5.3. Main compression model of the concrete

A full-length diagonal crack manifested along the line extending from the
loading point to the supports, signifying the failure of the main compression
bars. The main compressive stress diffused in the middle of the concrete
batten, and the shape of the main compressive bars was similar to a bottle
shape, as illustrated in Fig. 15.

——=— Pull bar

Pressure bar

Fig. 15 Strut and tie model of main strut
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In the CFST composite column, the failure of the main compression bars
of the concrete batten was caused by the pull rod of the strut-and-tie model
reaching the ultimate tensile capability.

The total shear force of the bottle-shaped compression bar model was
defined as Vrci. According to the analysis results of the strut-and-tie model in
reference, the load-bearing capability of this part can be calculated by Egs.

(3)-6).

VRCl = gb f[tc @)
& tanw
£ =1.3-0.075b/t, (0.6<¢& <1) 4)
£ = ! (05<¢, <1 ®)
o 25-2 *

& : the impact of height thickness ratio on tensile strength of the concrete batten; & : the
influence coefficient of shear-span ratio on shear transfer path; fi: the axial tensile
strength of the concrete batten and can be calculated by 0.4f°° ;f: axial compressive
strength of the concrete batten;b: the width of the concrete batten; tc: the thickness of the
concrete batten; w: the diffusion angle of the main compression bars and compression
bars with the shear force transferred indirectly; 4: shear-span ratio.

5.4. Secondary compression model of the concrete batten

The simplified model of the diagonal compression field of the concrete
battened secondary compression bars is illustrated in Fig. 16. Through the
equilibrium condition, the derivation of the calculation method for the
load-bearing capability of the secondary strut is encapsulated in Eq. (6):

-

Fig. 16 Diagrammatic diagram of calculation of diagonal compression field model
of secondary compression bar

Ve, = ft.bhcosp/sing ©)

@: the angle between secondary oblique pressure bars (zones) and horizontal direction in
baroclinic field model, and it has a value of 45< oc: the compressive stress of the
secondary oblique pressure bars (zones) in the baroclinic field model; ot : the tensile
stress between each diagonal compression bars(zones).

5.5. Calculation method for the shear capability of CFST column limbs

The shear capability calculation method for CFST column limbs, as
detailed in references [24-25] and expressed in Egs. (7)-(8), was employed. The
computed shear capability of the column limbs was then juxtaposed with the
shear capability of the concrete batten. The comparison included experimental
and finite element values, and the results are depicted in Fig. 17.

VuCFST = 071 fsc A§c (7)

f=1547f %=
a, +1 @®)
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Fig. 17 Comparison chart of concrete filled steel tubular shear without reduction

Based on the examination of the test failure phenomenon and the findings
illustrated in Fig. 17, it was observed that upon reaching the ultimate shear
capability, the concrete batten exhibited cracking and crushing, while the
CFST column limbs did not reach the shear limit. This observation suggests
that the shear capability of the CFST column limbs was not fully utilized.
Consequently, a reduction factor is incorporated into the calculation method
for the ultimate shear capability of column limbs in composite columns, as
delineated in Egs. (9)-(10).

Verst = MV cest )

=Veesr IVyersr (10)

Vucrst : the shear capability of CFST; fo : the shear strength of CFST; As: the sectional
area of CFST; asc: the steel ratio of CFST; fs: the design value of compressive strength
of steel; x : the reduction factor of the shear capability of CFST column limbs, which can
be calculated by Eq. (9); Vcrst: obtained by extracting the finite element values of the
shear capability of the column limbs.

The shear capability of CFST column limbs has a high correlation with
the outer diameter of the limbs D. With an increase in D, the reduction factor
1 decreases, which indicated that the effect of D should be considered in the
calculation of g, as illustrated in Fig. 18.
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Fig. 18 Regression analysis of shear capability reduction factor

Through the regression analysis of D and g, the relationship between
them was calculated by Eq. (11).

1 =1.358x107*¢ x D'7® (11)

5.6. Simplified calculation method

According to the American ACI code, if the main compression bars occur
at the same time as the secondary compression bars, the minimum angle
between the compression bar and the pull rod is 25°and shear-span ratio
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should be less than 2. If shear-span ratio was more than 2, then no main
compression bars occurred in the concrete batten of the CFST composite
column. The load was mainly transferred by the secondary compression bars.
Therefore, the calculation method introduced in this study is applicable for
cases in which shear-span ratio should be less than 2, as illustrated in Eq. (12).

_ fitbhcosg, N &,
sing, S, tana

V,

ft.bh+0.71uf A (1< 2) (12)

C

Eqg. (12) is too tedious to apply to engineering applications; therefore, this
paper carries out a simplified analysis of this formula. Eq. (9) and Eq. (12)
show that parameters f;, t. and h were common between the calculation
methods for the shear capability of the shear force Vrc: transmitted by the
main compression bars and the shear force Vrc, transmitted by the secondary
compression bars. After extracting the common factors, the following Eq. (13)
can be obtained.

Ve =Vecr Vo +Verst

-,
sing, & tana

=xfth+0.71uf A, (1<2)

)ftbh +0.71uf A, (13)

A good linear relationship is observed between « and /, as illustrated in
Fig. 19. A regression analysis was performed, and the relationship between x
and Z is illustrated in Eq. (14)

3.0

w27t 5

24 L L L L L
0.4 0.8 1.2 1.6 2.0

A

Fig. 19 Regression analysis of parameters of practical calculation formula

x=(0.151+2.47) (14)

5.7. Verification of the calculation method

The parameters setting and shear capability of the tests and simulation
models involved in this paper were illustrated in tablel and table 3. The
calculated values obtained according to the calculation method in this paper
are compared with the test values or simulation values of similar structures of
many scholars, as illustrated in Fig. 20.

Comparisons between the calculated value and the experimental value
(Simulation value) are illustrated in Table 2 (Table 3) and Fig. 20. The figure
shows that the discrete points composed of the test value (finite element value)
and the calculated value obtained by the strut-and-tie theory calculation
method and the simplified practical calculation method basically fell near the
straight line of V=V, (Veem) and the deviation was generally controlled within
10%.

The data presented in Tables 2 and 3 demonstrate that the average ratios
between the test values and the calculated values obtained through the
strut-and-tie theory calculation method and the simplified practical calculation
method are 1.007 and 1.038, respectively. Their respective standard deviations
are 0.023 and 0.020. These results indicate a close agreement between the
theoretical and simplified calculation values with the test values, underscoring
the high accuracy of the proposed methods in this paper.

This paper introduces theoretical and simplified calculation methods that
meet engineering precision requirements. These methods allow designers to
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adjust the dimensions, material selection, and construction methods of the
structure based on the calculation results, thereby reducing engineering costs.
Simultaneously, in the simplified calculation method, the complexity of the
calculations is reduced through a fitting process, resulting in models that are
easier to understand or analyze. While ensuring the safety of structural design,
this significantly enhances the efficiency of load-bearing capability
calculations.
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(b) Comparison of simplify calculation methods

Fig. 20 Comparison diagram of formula calculation value and test value

6. Conclusions

This study encompassed shear performance tests of CFST composite
columns with varying shear-span ratios, finite element expansion parameter
analyses, and an investigation into the load-bearing capability calculation
method. The key findings are summarized as follows:

(1) The shear failure mode of CFST composite columns falls into two
categories: shear failure under oblique compression and localized failure. The
former is typic ally characterized by multiple shear diagonal cracks in
concrete battens, more common in composite columns with larger shear-span
ratios. The latter is typified by concrete spalling at the junctures of column
limbs and concrete battens, often observed in composite columns with smaller
shear-span ratios and a less firm connection between column limbs and
concrete battens. The load-deflection curves of CFST composite columns are
segmented into three stages: elasticity, plasticity, and declining load-bearing
capability.

(2) The FEMs constructed in this study accurately simulated the entire
shear failure process of CFST composite columns. The findings demonstrated
that the shear capability of CFST composite columns escalates with the rise in
batten concrete strength and thickness span ratio. Nevertheless, augmenting
the outer diameter of the column limbs leads to a more pronounced
enhancement in the shear capability of composite columns. Notably,
composite columns demonstrate an increased shear capability when the
shear-span ratio is minimized, contingent upon a robust connection between
the column limb and batten. Therefore, enhancing the thickness span ratio of
the batten concrete or the outer diameter of the column limbs can optimize the
shear performance of CFST composite columns.
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(3) Based on the analysis of CFST composite columns and the strut-and-tie
model of the batten concrete, the ultimate shear capability of CFST composite
columns is provided by the primary and secondary compression bars of the
concrete batten and the CFST column limbs. Additionally, the reduction factor
of CFST column limbs was calculated. Ultimately, the theoretical and
simplified practical calculation methods, more accurate than the existing
calculation methods for similar structures, were established. The deviation in
these two calculation methods can be confined to within 10%, rendering the
proposed method a reliable reference for the engineering application of CFST
composite columns.
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ABSTRACT

ARTICLE HISTORY

The semi-rigid bolt-column (BC) joint, which is a component of large-span single-layer reticulated structures, demonstrates
a considerable application potential. In this study, the BC joint is innovatively modified using two flanges, one web and two
additional high-strength bolts. The comparative analysis between the original and improved joints reveals a notable
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enhancement in bending performance, including 62.59% increase in initial rotational stiffness, 116.82% increase in initial

yield moment, and 87.57% increase in ultimate moment. Subsequently, a total of 66 finite element (FE) models of the
improved BC joint, incorporating varying parameters such as bolt diameter, bolts' vertical distance, flange thickness, front
plate thickness, and column node thickness, are conducted to systematically evaluate its bending performance. Furthermore,
the effect of axial force on the bending performance is discussed. Finally, a bilinear model is developed to predict the

moment-rotation relationships of improved BC joint.
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1. Introduction

The reticulated shell, a common form of large-span structures, is widely

applied in large public buildings such as terminals, stadiums and exhibition halls.

However, the application of assembled reticulated shells is limited in
engineering due to the assumption of ideal hinges for assembled joints despite
their advantages including convenient and high-precision construction and
reasonable force. In reality, most of the joints exhibit bending performance and
semi-rigid features.

As research progresses, an increasing number of scholars have discovered
the semi-rigid behavior of assembled joints. Ma et al ! and Fan et al ¥
introduced a new type of semi-rigid connection known as the bolt-column joint,
enabling efficient connections with members of H, I, and rectangular section. A
series of experimental and numerical tests were conducted by Ma [Z to
investigate the impact of geometric parameters on the mechanical performance
of the joint. Based on Eurocode 3 (EC3) component method, a trilinear
mathematical model was developed for predicting its the moment-rotation
relationship. Fan ) utilized optimization analysis in FE models to determine the
rotational dimensions of BC joint components, following the principle of 'strong
connection and weak plate. However, the BC joint proposed by them, despite its
merits, exhibits structural deficiencies in cone head design. The limited bending
performance of this joint may constrain its application.

In addition, Han et al ™ proposed both theoretical and practical equations
to calculate the initial stiffness of welded hollow spherical joints, while also
presented a mechanical model that considers the joint's stiffness characteristics.
Comparison with experimental results showed an average difference of 8% for
the mechanical model's prediction of the load-rotation curve's initial slope, and
an average error of 7% for estimating the ultimate bearing capacity. Yan et a/ ¥
presented a comprehensive investigation of the welding process involved in
connecting hollow spherical joints to pipes, with a specific focus on the welds.
This study included an analysis and summary of the distribution pattern and
specific mode of residual stress in these joints, while also parametrically
investigating how variations in joint configuration dimensions impact the
distribution of welding residual stress. Mashrah et al ' proposed two novel types
of socket joints: a steel dovetail joint without teeth pattern and a steel dovetail
joint with teeth pattern. Experimental and numerical tests were conducted to
investigate the bearing capacities and failure modes of these new joint systems
under axial tensile loads. According to Fan et al ], numerical simulations can
provide valuable technical guidance for the design and application of bolt-ball
joints and other semi-rigid joints, through comparison between a three-
dimensional solid model generated using the ANSYS package and experimental
results. Additionally, tests were conducted to examine the mechanical behavior
of socket joints and bolt-ball joints. The findings indicated that the initial
bending stiffness of these joints is influenced by axial compressive force, while
its impact on the bending moment capacity varies across different joint types.
Yu et al M investigated the impact of different parameters related to the bolt-ball
joint, such as bolt size, initial tightening force, thickness of cone tail wall and

sleeve, on its ability to withstand bending; also the study developed a power
function model to establish the relationship between moment and rotation for
the bolt-ball joint. Xue et al 1% investigated the bending performance of the
threaded-sleeve connection through experimental methods and finite element
models; additionally, this study proposed a mechanical model based on the
Kishi-Chen power model to predict its moment-rotation behavior. Ma et al 4
demonstrated the impact of joint stiffness on the seismic behavior of semi-rigid
single-layer reticulated shell structures, considering both initial imperfections
and progressive material degradation. Shan 12 investigated the failure modes
and maximum load-bearing capacities of hub-shaped inlay joints under different
loading conditions, confirming that the minimum cross-section could serve as a
suitable substitute for determining their load-bearing capacities. Han et al 3
have proposed a novel Assembled Hub (AH) joint that incorporates two unique
connection types, and also presented theoretical solutions for the elastic stiffness
and bearing capacity of this innovative joint system using the component method.
Zhang et al B investigated the impact of size parameters on the bending
stiffness and torsional stiffness of hub-shaped inlay joints. The failure
mechanisms of the joint were examined under various stiffness conditions, and
a moment-rotation relationship model for the joint was derived using regression
analysis. Golea et al ™ introduced a novel analytical approach utilizing the
component method, which was verified by conducting five physical experiments.
By incorporating additional analytical equations to characterize fundamental
elements of steel joints, this proposed approach expanded the scope of the
component method to encompass strain-hardening and ductility considerations
in components. The conventional aluminum alloy Temcor joint was enhanced
by Ma et al 58 through the incorporation of a central hollow hexagonal prism
and several front bolts. The study utilized FE models to explore the optimal
parameters of the joint, taking into account factors such as the number and
placement of front bolts, bolt-hole deviation, pretension force in bolts, thickness
of the front plate, and heat-affected zone resulting from welding operations.
Feng et al ™% presented a novel type of bolted connection known as the Ring-
sleeve joint, which was specifically developed for single-layer reticulated shells.
To investigate the mechanical characteristics of this joint, prototype static
experiments and numerical analyses were conducted under various load
conditions such as bending moment, shear force, and axial force. The results
indicated that the joints exhibited three different failure modes depending on the
ratio between bolt bearing capacity and tube bearing capacity. An advanced
form of the Aluminum Alloy Temcor joint system, referred to as the Aluminum
Alloy Penetrating joint, was introduced by Ma et al 2%; and the joint's resistance
to rotation was evaluated through an out-of-plane static flexural test. Moreover,
the mechanical behavior of T-stub aluminum joints 2?2, MERO ball joints %
24 aluminum alloy gusset joints 2%, and K-joints made from CHS aluminum
profiles % has been comprehensively investigated in previous studies.

To enhance the bending performance of the BC joint, a novel cone structure
is incorporated into the joint design. Firstly, the FE model of BC joint is
validated using an existing model. Then the bending performance between the
BC joint and the improved one is compared. Secondly, a parametrical study is
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conducted to elucidate the general law of the improved BC joint's bending
performance. Its moment-rotation curves and failure modes are obtained and
discussed. Finally, a bilinear model of the moment-rotation relationship is

developed and validated.

2. The modeling and verification of BC joints

2.1. Modeling

The BC joint is comprised of a hollow column node, a cone component, and
two bolts with high strength, in which the cone consists of five components: a
front plate, a middle plate, two side plates, and an end plate. The configuration
of BC joint is depicted in Fig. 1. In this paper, the BC joint connecting

(a) Components of
OBC joint

Middle plate
ide plate

&1
I Side plate

AHigh-strength bols::>

(b) Connecting one

242

rectangular member is simulated with C3D8R solid element in ABAQUS

software package. The analysis of a single bar is conducted based on the

structural symmetry and load conditions, as depicted in Fig. 2. In terms of
material properties, Q235 steel is used for the cone part and member, while 40Cr
steel and 45Mn steel is employed for high-strength bolts and column node
respectively, as listed in Table 1. The contact pairs in the setting are defined as
follows [!): binding ties are applied to the surface between bolts and column node,
self-contact is considered between bolts and front plate, while surface-to-surface
contact is utilized for all other interfaces. As for contact properties, normal
direction employs hard contact and tangent direction adopts Coulomb friction
with a coefficient of 0.3. The loading surface is selected to be the end face of the
member and fixed constraint is used for the cross section of the column node in
order to prevent rigid body displacement during the analysis process.

(c) Connecting six
members

Fig. 1 The configuration of BC joint

Side plates

Column node
Front plate

Fixed constraint

High-strength

bolts and gaskets

Loading surface
Rectangular member

End plate

Middle plate

Fig. 2 The FE model of BC joint

Table 1

Material properties of components '3}

Yield strength

Material fy ( N/mmz)

Components

p
Young’s modulus Poisson’s ratio

E(N/mm?) u

Tensile strength

f, (N/mm?)

304
235
269
975
355

Side and middle plates
Front and end plates Q235 steel

beam

40Cr steel

45Mn steel

Bolts and gaskets

Column node

0.33
0.33
0.33
0.33
0.29

207848
210000
205569
213302
210000

456
235
407
1171
355

2.2. Verification

In order to verity the reliability of numerical tests in this paper, FE model is
established based on the specific specimen sizes and loading conditions from
previous tests and numerical models from Ma et a/ "* and Fan et al . The
dimensions of the components are specified as follows: the column node has an
outer radius 150mm with a thickness of 50mm; the front plate is 30mm thick
and the rear plate is 20mm thick; the side plates and middle plate both have a
thickness of 6mm; bolts with a diameter of 24mm are spaced at vertical interval
of 78mm and subjected to a pre-tightening force of 225 kN. Additionally, load

is applied at the member’s end.
The bending moment-rotation curve of the BC joint is depicted in Fig. 3,

illustrating its main features such as initial rotational stiffness ( Si ), initial yield
moment ( M ) and ultimate moment (M, ). Once M is reached, the joint

transitions into the plastic yield phase; when reaching M » » failure is deemed to
occur. Moreover, the moment and rotation are exerted from the section between
rear plate and member.

s,

MI(N-m)

My | ! i

@/rad

Fig. 3 Main features of the M-® curve
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The bending moment-rotation curve from Ref. [1] and numerical result
obtained in this study are compared in Fig. 4. The main indexes of these curves
are shown in Table 2. It can be observed that the moment-rotation curve from
the FE model is in good agreement with the one from Ref. [1] in the inelastic
stage, but exhibits a slight deviation in the elastic stage. The initial stiffness,
initial moment and ultimate moment deviates by 7.06%, 1.93% and 0.92%
respectively, all within an error margin below 10%. It can be seen that the FE
model in this paper exhibits effectiveness in representing the real bending
behavior of the BC joint.

3. Development of improved BC joint and comparison on original BC
joint

3.1. The improved BC joint

The Mises stress contour diagram in Fig. 4 reveals that BC joint fails due to
the formation of plastic hinge in side plates, which precedes the yield failure of
bolts; additionally, a significant yield area is observed in side plates and a small
one is seen in bolts, indicating the underutilization of the material properties of
bolts. These findings reveal the deficiencies in current dimensions and structural
arrangement of BC joint.

To enhance the bending performance of BC joint, modifications are made
by the removal of side plates and middle plate and the addition of flanges and
web, namely rotating the cone part of BC joint. Furthermore, two additional
bolts are included to ensure superior mechanical performance in cases where
joint failure occurs due to bolt damage. Based on the material properties and
contact pairs in Section 2.1, the finite element model of improved BC joint is
established in ABAQUS package, as shown in Fig. 5.

Front plate

.

Column node

Fixed constraint

Lower flange

243
25
—a— Ref. [1]
—o— FE model

20 L £,>304MPa; Side plate yields

S, Mises,
(Avg: 75%)

Column node and End-cone

High-strength bolts

w |

0 1 1 1 1 1 J
0.00 0.01 0.02 0.03 0.04 0.05 0.06
@ (rad)

+765¢+01
+5.95¢401

Fig. 4 Moment-rotation curves comparison between Ref. [1] and FE model in this study

ﬁ?i:fiidexes of bending moment-rotation curves of Ref. [1] and FE model
Model S, (kN-m/rad) My (kN-m) M, ( kN-m)
Ref. [1] 2062.86 8.79 22.81
FE model 1917.19 8.62 22.60

Top flange

End plate Loading surface

v

Web Rectangular member

High-strength
bolts and gaskets

Fig. 5 Arrangement of the improved BC joint

(a) Axonometric view
of improved BC joints

(b) Top view of
improved BC joints

140 20

7
T
\
57

120

57 6,

(c) Axonometric view of
cone part

(d) Side view of cone part

(e) Top view of cone part

Fig. 6 Detailed dimensions of improved BC joint
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Fig. 7 Moment-rotation curves of the improved and the original BC joints

3.2. Comparative analysis of bending performance between the improved and
the original BC joints

To compare the bending performance of the improved BC joint with the
original one, a numerical model of the improved BC joint with dimensions and
loading condition of Section 2.2 is established. The specific parameters of the
joint are as follows: flange thickness is 6mm; inner diameter of column node is
100mm; outer diameter of front plate is 180mm; bolt diameter is 24mm; vertical
distance between bolts is 78mm. The pre-tightening force of bolts is taken as

Table 4
Detailed dimensions of the numerical models
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225kN and other parameters are shown in Fig.6.

The moment-rotation curves of BC joint and improved BC joint, and the
stress distribution of the column node, cone part and bolts of the improved BC
joint are shown in Fig. 7. It can be observed that the improved model exhibits a
substantial enhancement in initial bending stiffness, initial moment and ultimate
moment compared to the original model.

Careful examination for stress contour diagram reveals minor separation
between the column node and the cone part, remarkable yield and deformation
of the flanges and notable increase in stress distribution within the bolts. It
indicates that the novel designed structure demonstrates superior utilization in
material properties. In addition, Table 3 lists the key joint bending indexes of
both the joints, it can be seen that improved BC joint exhibits 62.59% increase
in initial rotational stiffness, 116.82% increase in initial yield moment, and 87.57%
increase in ultimate moment.

Table 3
Main indexes of bending performance of the original and improved models
Model S; (kN-my/rad) My (kN-m) M, ( kN-m)
Original 1917.19 8.62 22.60
model
Improved 3117.11 18.69 42.39
model

4. Parametric study on bending performance of improved BC joint

In present section, the numerical models of the improved BC joint are used
for parametric studies, taking into account bolt diameter, bolts’ vertical distance
and flange thickness, front plate thickness and column node thickness. The
specific geometric dimensions are shown in Table 4. Additionally, the effect of
axial force on the bending performance of improved BC joint is discussed in the
end of this section.

Bolt diameter Vertical distance of bolts Flange thickness Front plate thickness Column node thickness
Beam section (mm) d (mm) Li(mm) t (mm) t, (mm) t, (mm)
0160x120x16x16 21,24,27,30 78 6,8,10,12,14,16 30 50
0160x120x16x16 24 72,78,84 6,8,10,12,14,16 30 50
0160x120x16%x16 24 78 6,8,10,12,14,16 20,25,30,35 50
0160x120x16%x16 24 78 6,8,10,12,14,16 30 30,40,50

4.1. Effect of bolt diameter and flange thickness on the bending performance of
the improved BC joint

The moment-rotation curves and stress distribution of joints with bolt
diameter 21, 24, 27 and 30mm, and flange thickness 6, 8, 10, 12, 14 and 16mm
are depicted in Figs. 8-9. The influence of bolt diameter and flange thickness on
the bending performance of joints is analyzed specifically.

The observation reveals that, with a constant bolt diameter and an increasing
flange thickness, the ultimate moment of joints exhibits a significant increase
with a gradually diminishing rate, while its initial bending stiffness demonstrates
a slight enhancement. Additionally, as the flange thickness increases, there is
continuous development in terms of the yield area and deformation of bolts, as
well as the separation between the cone part and column node.

Taking the joints with bolt diameter of 21mm as an example, the failure
modes of improved BC joint is discussed as follows. When t, <8mm, severe
deformation occurs in both front plate and flanges before separation occurrence
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=
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between cone part and column node is clear. The plastic hinge formation during
first half of cone part results the failure of joints. When 8mm<t, <12mm,
front plate and compression flange still experience significant damage and the
separation between front plate and column node is apparent, which means tensile
bolt's surface deformation greatly increases. Hence, joints fail due to
simultaneous yielding among front plate, flanges and bolts. When t, >12mm,
the deformation of flanges is small, and the joints damage attributed to the tensile
failure of bolts.

The Mises stress contour diagrams of joints with different bolt diameters
show that the yield area of front plate decreases gradually by increasing bolt
diameter. It can be attributed to the fact that bolts share more bending moment,
and the bending performance of flanges is made better use of. In the case where
flange thickness (such as t, =8mm and t, =12mm) remains constant, as the
bolt diameter increases, so does the ultimate moment. However, when
d > 27mm , bolt diameter affects the moment-rotation curves slightly.

t;=8mm t,=10mm t1=12mm

ti=14mm

ti=l6mm

(a) Bolt diameter 21mm
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(d) Bolt diameter 30mm

Fig. 8 Moment-rotation curves and stress distribution of joints with different bolt diameters and flange thicknesses
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Fig. 9 Moment-rotation curves with flange thicknesses of 8mm and 12mm and different bolt diameters

4.2. Effect of vertical bolt spacing and flange thickness on the bending
performance of the improved BC joint

For the improved BC joint, three bolts’ vertical distances, 72, 78 and 84mm,
and six flange thicknesses, 6, 8, 10, 12, 14 and 16mm, are considered in the
examination. Figs. 10-11 show the moment-rotation response and stress
distribution at the column node, cone part and bolts of joints. It can be concluded
that the general law of change in the moment-rotation curve and stress
distribution of joints is similar to the Section 4.1 by increasing flange thickness.

From the stress distribution of joints, it can be observed that the stress
reduction occurs in bolts with increasing vertical distance of bolts; meanwhile
the separation between column node and front plate narrows. It indicates that
increasing vertical distance of bolts can enhanced the bending performance of
joints. Furthermore, as flange thickness (take t =8mm and t =12mm as
examples) stay the same, by increasing bolts’ vertical distance, the ultimate
moment enhances stably; however, it exhibits little influence on initial bending
stiffhess.
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Fig. 10 Moment-rotation curves and stress distribution of joints with different bolts’ vertical distances and flange thicknesses
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Fig. 11 Moment-rotation curves with flange thicknesses of 8mm and 12mm and different vertical distances of bolts

4.3. Effect of thicknesses of front plate and flange on the bending performance
of the improved BC joint

The front plate thickness of 20, 25, 30 and 35mm and the flange thickness
of 6, 8, 10, 12, 14 and 16mm are considered in numerical models. Moment-
rotation curves and stress distribution of joints are shown in Figs. 12-13. In the
figures, the bending performance increases significantly with increasing flange
thickness while keeping a constant thickness of front plate. However, when
t,> 25mm, the flange with thickness over 14mm makes a small influence on
the curve. Beyond that, the change rule of stress variation of joints is similar to
Section 4.1.

Contrasting the stress distribution of the joints with different thicknesses of
front plate, it can be observed that the stress and deformation of flanges increase
significantly with an increasing thickness of the front plate, and the separation
between column node and cone part decreases noticeably. The stress on bolts
increases with a thicker front plate when t, <30mm, but it decreases when
t, >30mm . Plastic hinge of the flanges is the main failure mode for the joints
with front plate thickness of 35mm, except for joints with flange thickness of
16mm. What’s more, when flange thickness (for example, t =8mm and
t, =12mm)) is unchanged, the ultimate moment of joint increases apparently and
there is a great improvement when t, >30mm .
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Fig. 12 Moment-rotation curves and stress distribution of joints with different front plate’s and flange’s thicknesses
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Fig. 13 Moment-rotation curves with flange thicknesses of 8mm and 12mm and different thicknesses of front plate
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4.4. Effect of thicknesses of column node and flange on the bending performance
of the improved BC joint

In this section, three column node thicknesses (30, 40 and 50mm) and six
flange thicknesses (6, 8, 10, 12, 14 and 16mm) are taken into account. Moment-
rotation curves and Mises stress contour diagrams are as shown in Figs. 14-15,
it can be seen that when t, >40mm , by increasing flange thickness, the change
law in moment-rotation curves and stress variation is similar to Section 4.1.
However, the law differs when t, <40mm . In this condition, flanges with
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thickness over 10mm affect the moment-rotation curve slightly; moreover,
careful observation for the stress distribution of joints reveals that the failure
modes of joints are the same as t, >8mm : a large area of column node yields,
resulting in a plastic hinge and then joint fails. The stress of bolts decreases for
the reason that the formation of plastic hinge in column node occurs before full
utilization of bolts. Therefore, column node with a thickness less than 40mm
should be avoided. Additionally, by increasing the thickness of column node,
little change occurs in the moment-rotation curve and stress distribution of joints,
except for joints with column node thickness of 30mm, as shown in Fig. 15.
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Fig. 14 Moment-rotation curves and stress distribution of joints with different column node’s and flange’s thicknesses
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Fig. 15 Moment-rotation curves with flange thicknesses of 8mm and 12mm and different thicknesses of column node

4.5. Effect of axial force on bending performance of the improved BC joint

Taking improved BC joint with d=24mm, L,=78mm, #,=10mm, #,=30mm
and ,=50mm as instance, the effect of axial force on its bending performance is
discussed in present section. The characteristics for the bending performance of

improved BC joint with prescribed axial force is illustrated in Fig. 16. In the
figure, 77, represents the ratio of the prescribed axial compression to the

ultimate axial compression of joint; 7, represents the ratio of the prescribed

axial tension to the ultimate axial tension of joint. Through numerical axial force
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tests on improved BC joint, the values of ultimate axial force are obtained: the
ultimate axial compression is 1213.23 kN and the ultimate axial tension is

1277.57 kN. In addition, K(J Im)/K(J ini) ( K(J mu)/K(oj,ini) ) represents the
ratio of initial stiffness of joints subjected to prescribed tension (compression)

to that of joints without prescribed tension (compression); MS‘ / MS

( Ml:k / MS ) represents the ratio of ultimate bending moment of joints

subjected to prescribed tension (compression) to that of joints without prescribed
tension (compression).
The observation of this figure demonstrates that the axial compression
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exhibits positive effect on the bending performance when 7, < 0.3, while it
reveals negative effect when 7, >0.3. When 7. <0.7, a significant
enhancement occurs in the initial bending stiffness, while the initial elastic stage

of the joint exhibits obvious decrease. In addition, with increasing 77, , the

stress of both bolts and tensile flange shows remarkable decline, while the
compressive flange exhibits the opposite trend.

For joints with prescribed tension, it demonstrates stable decline in bending
performance as 1, increasing; in addition, an increasing deformation is
observed from the tensile bolts and tensile flange when joint reaches its ultimate
moment.

' Kl inif KGiny
K/ Ky
MMM

MM,

33

)

e

e

6

e
w

Ratio of initial stiffness or ultimate bending

0.0

0 0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8
n,or 1,
(b) Variation of initial stiffness and ultimate moment

Pa;Yield

n=0.8

i s

aY Max +1.17e+3 Max:+1.17e+3 Max:+1.17e+3 Max:+1.17e+3

=

(c) Mises stress contour diagrams at ultimate moment. (Unit: MPa)

Fig. 16 Characteristics for bending performance of improved BC joint with a prescribed axial force

5. Bilinear model of improved BC joint
5.1. Establishment method of bilinear model

Analyzed as before, the moment-rotation curve of the improved BC joint
has obvious feature of bilinear model, which is mainly affected by bolt diameter,
vertical distance of bolts, flange thickness and front plate thickness. As shown
in Fig. 17 " assuming that there is a yield moment M, = aM,, (@ is yield
coefficientand M, isultimate moment), & can be calculated through energy
equivalence method, namely that the area enclosed by moment-rotation curve is
equivalent to the one by bilinear model. In addition, S; represents initial
bending stiffness and ¢, represents the rotation corresponding to ultimate
moment.

Based on the FE models in Section 4, the bilinear model characteristics (a,
@y, S; and M,) of improved BC joint are obtained and listed in Table 5. From
the values of §; and M, in the table, it can be seen that the improved BC joint
is a typical semi-rigid joint.

Actual curve
M, | \ _____

all,

Bilinear model

0 Pu

Fig. 17 Bilinear model

Table 5
Bilinear model characteristics of improved BC joint
d(mm) L, (mm) t,(mm) t,(mm) a o,(rad) S; (kN-m/rad) M, (kN)

21 78 6 30 0.859 0.092214 3545.33 42.37
21 78 8 30 0.856 0.102434 3689.27 48.29
21 78 10 30 0.865 0.118382 3841.79 51.94
21 78 12 30 0.883 0.123509 3997.48 54.06
21 78 14 30 0.888 0.117440 4103.98 55.39
21 78 16 30 0.875 0.101047 4202.85 57.06
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24 78 6 30
24 78 8 30
24 78 10 30
24 78 12 30
24 78 14 30
24 78 16 30
27 78 6 30
27 78 8 30
27 78 10 30
27 78 12 30
27 78 14 30
27 78 16 30
30 78 6 30
30 78 8 30
30 78 10 30
30 78 12 30
30 78 14 30
30 78 16 30
24 78 6 20
24 78 8 20
24 78 10 20
24 78 12 20
24 78 14 20
24 78 16 20
24 78 6 25
24 78 8 25
24 78 10 25
24 78 12 25
24 78 14 25
24 78 16 25
24 78 6 35
24 78 8 35
24 78 10 35
24 78 12 35
24 78 14 35
24 78 16 35
24 7 6 30
24 7 8 30
24 72 10 30
24 72 12 30
24 72 14 30
24 7 16 30
24 84 6 30
24 84 8 30
24 84 10 30
24 84 12 30
24 84 14 30
24 84 16 30

250
0.867 0.092504 2513.08 42.39
0.856 0.108057 3510.78 49.62
0.891 0.134250 3680.57 52.90
0.892 0.137729 3836.38 55.72
0.899 0.154670 3961.81 58.38
0.900 0.148507 4033.45 59.98
0.828 0.046217 3391.20 41.17
0.860 0.117756 3644.73 51.84
0.886 0.156922 3839.87 56.74
0.882 0.163122 3983.61 60.20
0.883 0.162713 4109.55 63.10
0.885 0.126968 4424.97 63.37
0.854 0.081558 3494.01 43.56
0.866 0.117656 3707.75 51.65
0.868 0.142283 3948.51 57.26
0.861 0.193856 4090.67 62.34
0.864 0.181614 4238.92 66.44
0.886 0.135286 4331.03 66.91
0.842 0.087007 3051.73 36.45
0.846 0.129976 3273.38 41.77
0.862 0.138057 3458.09 44.20
0.874 0.157939 3595.02 46.44
0.861 0.161989 3744.34 49.58
0.849 0.146848 3879.15 51.70
0.870 0.087249 3221.83 39.91
0.862 0.117193 3456.11 45.74
0.877 0.132965 3635.20 48.68
0.891 0.151936 3770.84 50.87
0.887 0.156999 3850.80 53.26
0.883 0.141736 3943.42 53.67
0.785 0.073870 3491.49 47.73
0.793 0.091521 3651.87 59.49
0.841 0.125197 3830.72 68.44
0.868 0.102371 4021.64 71.17
0.894 0.099549 4137.07 73.77
0.904 0.096214 4236.78 75.77
0.860 0.082017 3162.17 41.43
0.868 0.109751 3387.19 47.52
0.882 0.124530 3555.81 50.70
0.903 0.151873 3682.95 53.16
0.905 0.154575 3786.76 54.99
0.906 0.151191 3887.88 56.64
0.850 0.081156 3371.43 43.45
0.863 0.100055 3478.70 50.88
0.873 0.127490 3779.49 55.85
0.893 0.153872 3927.23 59.07
0.893 0.138919 4071.05 61.35
0.896 0.125525 4166.97 63.68

5.2. The fitting of key parameters

Yield coefficient (a), initial bending stiffness (S;) and ultimate bending
moment (M,,) are nonlinearly fitted respectively with Eq. (1), and the ultimate
rotation (¢,,) is nonlinearly fitted with Eq. (2). The independent variables of the
fitted formulas are bolt diameter, bolts’ vertical distance, flange thickness and

front plate thickness. The values of fitted coefficients are obtained and shown in
Tables 6 and 7.

The predicted values are obtained by using the fitted formula, and then
scatter diagram (Fig. 18) is plotted with true value as x-axis and the predicted
value as y-axis. It can be observed that the points basically fall on the ideal fitting
line. It indicates that the fitted formula can accurately calculate the main
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parameters of the bilinear model, with 1.30% deviation in the yield coefficient,
2.57% deviation in the initial stiffness, 3.82% deviation in the ultimate moment

_ (cd+cl +ct + C4tz)6'B + (Gt +citit, +cet, Ly +G,Ld )3 T

251

and 8.65% deviation in the ultimate rotation. A Cp 2)
. i (@LtL)" (dLtL)"
+C,L, +Ct +c,t,)%
y= G el (:3t1ce 2] ¢ (1
(dLtt,)
Table 6
Specific values of fitting coefficients of a, S; and M,
y G C, Cs Cy Cs C ¢
a +1.466e-5 -1.344e-5 +2.132e-4 -9.195e-5 5.000 -2.128e+0 +8.820e-1
K +3.145e+2 +3.327e+2 +1.202 et+2 +3.656e+2 1.000 -1.143e-1 +1.124e+7
M, -5.423e-3 +4.560e-3 -1.274e-2 +1.424e-2 1.000 -1.310e+0 +3.508e+7
Table 7
Specific values of fitting coefficients of
G C, Cs C, Cs C G G C Cy
+9.181e-3 +1.635e-2 -2.258e-2 +2.347e-2 +5.573e-1 +4.891e-2 -2.993e-2 +8.314e-4 -5.001e-3 +1.276e-1
- ) ) o
s I vy In summary, the moment-rotation curve of improved BC joint can be
L 97 & Actual value vs. Predicted value o, 4 . . :
™ el ; ".“,'_ determined according to Egs. (1)-(2) and Tables 6-7, provided that the bolt
k) - . . .
S ose % e I diameter, vertical distance between bolts, flange thickness, and front plate
T':w‘ T':m_ 'f-r:'" . thickness of the joint are known. Fig. 19 presents a comparison of moment-
g 3l . ’,}' . rotation curves obtained from the finite element model and the fitted bilinear
ol & el model. It is evident that the bilinear model accurately represents the stiffness and
. == ldeal fit line maf bending capacity, aligning well with the numerical findings. Hence, it can be
it ¢ Actuslvalue vs. Predicted value || | inferred that utilizing the bilinear model as a preliminary estimation for
e e e predicting the moment-rotation curve of the enhanced BC joint would serve as
(a) Yield coefficient (b) Initial stiffness a rel?a.ble refefepce. . . .
Additionally, it is worth noting that the proposed bilinear model is developed by
g nonlinear fitting, without any derivation of theory. Thus, its application is
T At rotrmtvine e | 0 vt e Protted e constrained by the considered geometrical parameters in Table 5, namely bolt
; (3PP e i 3. diameter from 21-30mm, bolts’ vertical distance from 72-84mm, flange
£l '_:,',s" . P thickness 6-16mm and front plate thickness from 20-35m.
E AT Eau 6. Conclusions
Ea . ad E
o 1R
s R RO e . ..
w , At ase] The present study proposes a novel structure for the traditional BC joint and
" K |- ‘ wll’ . I . conducts a comparison on bending performance between the original and the
Actual value Actual value ) improved joints. Subsequently, parametric investigation of the improved joint

(¢) Ultimate bending model

(d) Ultumate rotation

Fig. 18 Scatter diagram of comparison between actual values and predicted values
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Fig. 19 Comparison of the moment-rotation relationship between bilinear and actual

models

5.3. Validation of the fitted bilinear model

including 66 models is conducted in which different parameters, such as bolt
diameter, bolts’ vertical distance, flange thickness, front plate thickness and
column node thickness, are varied. In addition, the effect of axial force on the
bending performance of the joint is also discussed. Finally, the bilinear model of
the improved BC joint is established and verified based on FE models. The main
conclusions in this paper are summarized as follows.

(1) Compared with traditional BC joint, the improved BC joint exhibits a
significant improvement in bending performance including 62.59% increase in
initial rotational stiffness, 116.82% increase in initial yield moment, and 87.57%
increase in ultimate moment.

(2) The general laws that geometric parameters affect the bending
performance are obtained from parametric study.

(1) The ultimate moment of joints increases remarkably with a gradually
decreasing rate as the flange thickness increases, while the initial bending
stiffness experiences a slight increase. Three different failure modes are
observed with the progressive increment in flange thickness: (I) the plastic hinge
formation in first half of cone part results the failure of joint; (II) joint failure
occurs due to simultaneously yielding among front plate, flanges and bolts; (IIT)
joint failure occurs due to the tensile failure of bolts.

(i1) The ultimate moment of the joint increases as the bolt diameter increases,
while a slight decrease occurs in the yield area of the front plate and a relatively
significant one for bolts. When d >27mm, the bolt diameter has little effect
on the moment-rotation curve.

(iii) The bending performance of joints can be enhanced by increasing the
vertical distance between bolts, and a gradual increase in the vertical distance
between bolts leads to a stable improvement in the ultimate moment of joints
and a reduction in bolt stress.

(iv) As the thickness of the front plate increases, there is a corresponding
increase in the ultimate moment of joints, accompanied by an increase in stress
and deformation of flanges. Except for joints with a flange thickness of 16mm,
the failure mode remains consistent for joints with a front plate thickness of
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30mm: both flanges form plastic hinges, resulting in the failure of joint.

(v) The moment-rotation curve remains little change when the thickness of
the column node exceeds 40mm. When the thickness is less than 40mm, flanges
with thicknesses over 10mm slightly affect the bending performance of the joint,
and the failure modes of such joints are that the entire area of the column node
yields. Therefore, it is recommended to have a thickness greater than 40mm for
the column node.

(3) When axial compression is small, it exhibits positive effect on the
bending performance of improved BC joint; however, the axial tension
demonstrates negative influence on the bending performance consistently.

(4) A bilinear model is developed by incorporating parameters including
bolt diameter, bolts’ vertical distance, flange thickness, and front plate thickness.
Comparative study demonstrates that the model can accurately predict the
bending behavior of the improved BC joint.
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ABSTRACT

ARTICLE HISTORY

Experimental research and numerical analysis are carried out on weather-resistant steel beam-to-column connections to
investigate their mechanical properties in corrosive environment. Experiments of typical beam-to-column connections
under normal condition and total corrosion condition are carried out respectively, and mechanical indexes such as failure
mode, bearing capacity, deformation performance, and local plastic development of beam-to-column connections are
compared and analyzed. Through collection and statistics of the monotonic tensile test data of weather-resistant steel, a
calculation method of the constitutive relationship of weather-resistant steel under corrosion conditions is proposed.
Accordingly, the numerical analysis of the weather-resistant steel beam-to-column connections is carried out. The results
show that deformation and bearing capacities of weather-resistant steel beam-to-column connections decrease with the
accumulation of corrosion-induced mass loss. The bearing capacity loss approximately changes in proportion to the
corrosion mass loss (1:1), while deformation capacity loss of specimens (specifically referring to the ultimate
displacement and ductility factor) is four times as much as the corrosion mass loss. In addition, the local corrosion of
upper flange weld of the weather-resistant steel beam-to-column connection has the most significant effect on the
deterioration of the mechanical properties of the connection. As the local corrosion zone is far away from the column, the
deterioration effect of local corrosion on the beam upper and bottom flange tends to decrease.
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1. Introduction

Under the background of advocating green and low-carbon construction,
developing high-performance steel structures has become an important part to
help the low-carbon transformation of the construction industry and the
construction of low-carbon cities. As a typical connection of high-performance
steel structures, the investigation of the mechanical properties of
weather-resistant steel beam-to-column connections holds significant
theoretical and engineering importance.

Weather-resistant steel is based on ordinary steel by adding a small
amount of Cu’, Cr”, Ni%, Mo", and other alloying elements to form a dense
and stable protective layer on the surface of steel matrix, so as to have
excellent resistance of atmospheric corrosion. The corrosion resistance of
weather-resistant steel can reach 2~8 times® that of ordinary steel, which can
effectively mitigate the corrosion of steel structures. Collecting atmospheric
exposure corrosion test data from typical test stations in China, Fig.1 shows the
comparison of corrosion resistance performance between weather-resistant
steel and ordinary steel. It can be seen that the corrosion resistance of
weather-resistant steel is notably superior to that of ordinary steel. Especially
with increase of corrosion time, this advantage becomes more and more
obvious. In addition, weather-resistant steel not only has the recycling
characteristics of ordinary steel but also can realize the application of coating

(a) Schematic diagram of National Sliding Centre

Fig. 2 Application example of weather-resistant steel in China:

At present, there have been some related studies on weather-resistant steel.
FAN et al., Chen W J et al.’, and Gao et al.’ studied the corrosion behavior and
morphology of corrosion products of ordinary carbon steel and
weather-resistant steel in coastal atmospheric environment through cyclic

(b) Application area of weather-resistant

free in actual engineering construction, which avoids the environmental
pollution caused by spraying anti-corrosive coating. Based on the advantages
mentioned above, weather-resistant steel has been popularized in some
construction projects (see Fig.2) and has a very broad application prospect.
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Fig. 1 Corrosion resistance performance of weather-resistant steel and ordinary steel

- < %

(c) Construction of
weather-resistant steel frame

steel

National Sliding Centre

dry-wet tests. They found that the corrosion rate of weather-resistant steel
presents a trend of first fast and then slow, and the corrosion rate is lower than
that of ordinary carbon steel. Zong et al.’ and Guo et al’ studied the
degradation law of monotonic tensile properties of weather-resistant steel after
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corrosion and quantified the effect of corrosion mass loss on the deterioration
of steel strength. Wu et al.” studied the mechanical properties of Q355 NHD
weather-resistant rolled H-section steel component, and they proposed the
partial coefficient of resistance and the design value of the strength for the
corresponding component. Su et al.’ and Zhang et al.’ carried out high-cycle
fatigue tests on weather-resistant steel after corrosion, and found that the
corrosion pit could easily cause local stress concentration, which significantly
reduced the fatigue resistance of weather-resistant steel. Hu et al.” and Albrecht
et al.’ studied the mechanical properties of welded joints of weather-resistant
steel, and they found that the strength matching degree of base material and
welding material and the pitting corrosion at the welding location would affect
the corrosion resistance of welded joints of weather-resistant steel. Tao et al.’
found that the roughness and treatment method of weather-resistant steel plate
surface have a significant influence on the mechanical properties of bolted
joints. In general, present researches on weather-resistant steel primarily
centers on factors such as alloying element ratio, corrosion resistance of steel,
and post-corrosion mechanical properties of steel components, etc. There are
few researches on the connection of weather-resistant steel, which needs to be
explored.

In this paper, experimental research and numerical analysis are carried out
to investigate the mechanical properties such as failure mode, bearing capacity,
and deformation capacity of weather-resistant steel beam-to-column
connections in corrosive environment. The calculation method of material
constitutive model of weather-resistant steel is proposed, and based on this, the
influence law of corrosion mass loss and local corrosion location on the
mechanical properties of weather-resistant steel beam-to-column connection is
explored. The research of this paper is helpful to lay a foundation for
improving the seismic design method of high-performance steel structures,
which can give full play to the corrosion resistance of weather-resistant steel.

2. Experimental study

| | | | — A
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S
Bottom fixed position - 5]
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2.1. Specimen design

To explore mechanical properties of weather-resistant steel
beam-to-column connections, specimens are designed and made. Fig. 3 shows
configuration details of the specimen. The column of the specimen is steel tube
with square section, and the sectional dimension Axbxt is
200mmx200mmx14mm. The beam of the specimen has H section, and the
sectional dimension Axbxtext,, is 300mm*x200mmx10mmx10mm. The beam is
connected to column by a cantilever beam segment, and the cantilever beam
segment is connected to the column by welding. The beam flange is connected
with the cantilever beam segment by welding, and the beam web is connected
with the cantilever beam segment by connecting plates and high-strength bolts.
Stiffeners are arranged at the joint connection position in the column. Both
ends of the column are fixed on the reaction frame to prevent sliding and
out-of-plane deformation. The steel used in the specimens is weather-resistant
steel Q355NH produced by Angang Group, and the bolts are high-strength
grade 10.9 bolts (M24) made of weather-resistant steel. According to JGJ
82-2011, the test specimens are assembled and connected.

Two specimens are tested (named LZ-1 and LZ-2), and the difference is
corrosion time. The corrosion time of LZ-1 is 0, and the corrosion time of
LZ-2 is 360 hours. According to the “Corrosion tests in artificial
atmospheres-Salt spray tests”(GB/T 10125-2021), specimen LZ-2 is corroded
in Durability Laboratory at Tongji University. Fig. 4 shows the corrosion
process of specimen LZ-2. After the specimen of weather-resistant steel
beam-to-column connection is assembled, corrosion experiment is conducted
in a specific corrosion environment. The corrosion solution used here is 5%
NaCl salt solution, characterized by a pH range between 6.5 and 7.2. Fig. 5
shows the appearance of LZ-2 after corrosion. As shown in this figure, the
corrosion products are attached to the specimen LZ-2, and the LZ-2 presents
reddish brown in the whole body, which is global corrosion. Viewed from the
naked eye, the distribution of the corrosion pit is relatively uniform, which
shows the typical characteristics of corrosion for the weather-resistant steel.

y =10

(=3

P=3 (=]

a = =10
=14 |« 200 > ‘ 200
Column section Beam section

55 80 55
T

(]

c o |2

(=] ~
z o o =
o O |—

=10 190

Connecting plate

Fig. 3 Configuration details of the specimen (unit: mm)

(a)Corrosion test chamber

(b)Specimen placement

(c)Bolt hole protection (d)Corrosion completion

Fig. 4 Corrosion process of the specimen LZ-2
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Fig. 5 LZ-2 appearance after corrosion

Fig.6 shows the arrangement of measuring points of the specimen. The
displacement meters are used to measure the global deformation and the local
deformation development is measured by strain gauges. The loading mode of
LZ-1 and LZ-2 is the same. Both specimens carry out monotonic loading at the
beam end, and the distance from the loading point to the column edge is
1100mm. When the specimen is unable to bear the load due to obvious failure
or the beam end load drops to less than 85% of the peak load, the experiment is
stopped.
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Fig. 6 Arrangement of measuring points of the specimen
2.2. Analysis of experimental results

2.2.1. Failure phenomenon

255

Fig.7 and Fig.8 show the failure phenomenon of LZ-1 and LZ-2,
respectively. As shown in these figures, LZ-1 and LZ-2 have the same failure
mode. With the increasing load, the beam-to-column connections are affected
by the bending moment. The upper flange of beam is under tension, and the
bottom flange of beam is under compression. The crack and final failure
position of the specimen occurs on the beam’s upper flange close to the edge of
the column. The crack initiates at the position of flange end. Subsequently, the
crack quickly penetrates along the through-thickness direction of the flange
and expands towards to the beam web.

(b) Specimen damage

Fig. 7 Failure phenomenon of LZ-1

(c)Local damage

Fig. 8 Failure phenomenon of LZ-2
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2.2.2. Load-displacement curve

Fig.9 illustrates load-displacement curves for LZ-1 and LZ-2 in the
experiment. Firstly, the displacement increases linearly as the load increases.
Subsequently, there exists an inflection point on the load-displacement curve,
which indicates that the specimen has yielded. As displacement continues to
increase, the specimen’s load increases to the maximum, and peak load of
LZ-1 and LZ-2 are 186kN and 175kN, respectively. Finally, large plastic
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deformation causes specimen’s damage and cracking, leading to degradation of
loading capacity. By comparing the two specimens’ experimental
load-displacement curves, it is evident that their curve forms are consistent.
Under the influence of corrosion, compared with LZ-1, LZ-2’s bearing
capacity decreases by 6% and the deformation capacity decreases by 31.48%.
Logically, for the weather-resistant steel beam-to-column connection under
total corrosion, the negative effect of corrosion on the deformation is more
significant, which should be paid attention to in practical construction.

2.2.3. Local deformation development

Fig. 10 shows the relationship between the strain gauge value and the
specimen load, which represents the local strain development of the specimen.
Throughout the loading process, the specimen’s local plasticity mainly
develops at beam flange, and the strain at beam web is generally in an elastic
state (FB1~FB6). The beam upper flange is continuously under tension, and
the strain values are all positive. The plastic development of beam upper flange
near column (SY1, SY2, SY3) is the most significant. The beam bottom flange
is continuously under compression, and the strain values are all negative. The
plastic development of the beam bottom flange near the column (XY1, XY2,
XY3, XY4) is significant, especially at the edge position of the flange (XY1
and XY4). The reason for the above result is that the edge position of the beam
bottom flange is not constrained by the web and thus is prone to local buckling
under compression, which leads to large plastic deformation at that position. In
general, the local plastic development degree of LZ-2 is larger than that of
LZ-1, due to the influence of corrosion.
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Fig. 10 Local strain development (-1 represents LZ-1, and -2 represents LZ-2)

3. Numerical analysis
3.1. Finite element model

Fig.11 shows the specimen’s finite element model utilized in ABAQUS
platform. The specimen is simulated using solid element C3D8R. Considering
calculation accuracy and efficiency, the key area of the specimen conducts
mesh refinement. The simulation accurately replicates the practical experiment
in terms of the specimen's actual size, boundary conditions, and loading mode.
As shown in this figure, the fixed constraint is used as the boundary condition

Fixed constraint of
column end

Mesh
: refinement

Loading
point

Out-of-plane
constraint

to simulate the constraint condition of column ends. Out-of-plane constraints
are added in simulation to avoid the beam torsion. The "dumbbell" model is
used to equivalent the actual high-strength bolt, and the preload is applied
according to the actual test value. Considering the post-assembly interactions
between components, friction coefficient of contact between bolt rod and bolt
hole is 0.01, and the friction coefficient of contact between bolt cap and steel
plate is 0.05. In addition, the cubic solid element is used to simulate the
welding line, which is helpful to describe the mechanical behavior and failure
state of beam-to-column connections.

Solid element of
welding line

Preload of
bolts

Fig. 11 Finite element model

(0.2, 1,0)
(0.002, f,,) (0, 0.85f )
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(0.0)

Strain

Fig. 12 Schematic diagram of weather-resistant steel constitutive model
3.2. Material model

To facilitate parametric analysis and mechanical property analysis of
weather-resistant steel beam-to-column connections, a calculation method of
the constitutive model of weather-resistant steel under different corrosion
conditions is proposed. The proposed method transforms the complicated
corrosion morphology modeling into a material physical model to
approximately consider the corrosion’s effect on mechanical properties of steel.
In this calculation method, the trilinear model is used to describe the
weather-resistant steel’s stress-strain relationship under normal condition, and
the stress-strain relationship of weather-resistant steel under corroded
condition is formed by appropriate adjustment of this model. Fig. 12 shows the
schematic diagram of weather-resistant steel constitutive model under normal
and corroded conditions. In this figure, solid line represents the constitutive

model of the uncorroded weather-resistant steel, which is determined by four
coordinate points. Four coordinate points are (0, 0), (0.002, f), (0.2, fi), and
(do, 0.85f10), respectively. Dash line represents the constitutive model of
corroded weather-resistant steel, which is also determined by four coordinate
points. Four coordinate points are (0, 0), (0.002, £;), (0.2ka, fi), and (9, 0.851,),
respectively. fy, fuo and Jdp can be obtained by monotonic tensile test of
weather-resistant ~ steel under normal condition. Considering the
time-consuming and high cost of corrosion tests, it is necessary to establish a
relationship between mechanical properties of corroded steel and those under
normal conditions, so as to obtain f;, f, and J more conveniently and quickly.

Table 1 lists mechanical parameters of weather-resistant steel under
normal and corrosive conditions. Sources of data include monotonic tensile
tests of weather-resistant steel Q355NH’, Q355NHD", Q345CNH’, and HPS
485W?°. To further quantify the corrosion’s influence on mechanical properties
of weather-resistant steel, data are normalized and corrosion reduction factors
are introduced. The corrosion reduction factor of weather-resistant steel is
determined by the ratio of the post-corrosion value of a mechanical parameter
to the corresponding normal value of the mechanical parameter, which is
shown as follows:

k,=1,/f, )
k, =1,/ fy @)
k=1, f,/f,f, ©)
k,=816, “)

where &y« k,~ k- ky are corrosion reduction factors of steel yield strength,
tensile strength, yielding-to-tensile ratio, and elongation, respectively. fo and f;
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are yield strength of weather-resistant steel under uncorroded and corroded
conditions, respectively. fio and f, are tensile strength of weather-resistant steel
under uncorroded and corroded conditions, respectively. Jy and J are
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elongation of weather-resistant steel under uncorroded and corroded conditions,
respectively.

Table 1
Mechanical parameters of weather-resistant steel under normal and corrosive conditions
Steel type Corrosizr(lyxsass loss Yiel(d 1vilt)r:)ngth Tensi(ll\e/[;t;?ngth Yielding-to-tensile ratio Elor(logA)a;tion
0 430.50 607.00 0.709 24.45
Q355NH 1.501 419.33 594.00 0.706 23.68
1.553 417.00 592.67 0.704 25.15
1.867 404.33 580.33 0.697 24.62
0 398.09 523.04 0.761 33.73
Q355NHD 5.203 375.70 515.09 0.729 23.77
6.658 369.34 506.25 0.729 22.67
0 588.53 859.6 0.685 /
4.619 583.3 884.7 0.659 /
4.500 534.8 834.3 0.641 /
Q345CNH
5.736 548.5 838.1 0.654 /
5.806 547.8 829.4 0.660 /
6.732 533.9 820.1 0.651 /
0 578.9 858.4 0.674 /
4.467 524.7 820.2 0.639 /
6.154 537.4 829.5 0.648 /
HPS 485W
6.196 549.3 830.4 0.661 /
6.601 526.1 827.9 0.635 /
6.288 534.1 835.1 0.639 /
Considering the existing difference of corrosion environment in k, =—5.65977+1 ®)

experiments of different types of weather-resistant steel, corrosion mass loss
rather than corrosion time is used to quantify the corrosion degree of
weather-resistant steel. According to experimental data, corrosion reduction
factors and corrosion mass loss have a linearly negative relationship, which is
shown as follows:

k, =—-1.0947 +1 (5)

k, =-0.4728;+1 (6)

k =-0.73237 +1 Q)
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(c) Expression of k

Fig. 13 shows the expressions of corrosion reduction factors, which can be
used to obtain and predict the constitutive model of weather-resistant steel
under corrosion conditions. In the corrosion mass loss range of 0~7%, the
corrosion-caused deterioration degrees on mechanical properties of steel from
high to low are elongation, yield strength, yield-to-tensile ratio, and tensile
strength. For example, at a corrosion mass loss of 0.07, the elongation, yield
strength, yield-to-tensile ratio, and tensile strength of weather-resistant steel
are 0.604, 0.923, 0.949, and 0.967 times of that of non-corroded steel,
respectively. Due to the limitation of test data, the rule of performance
degradation of other corrosion mass loss is worthy to be further studied.
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Fig. 13 Expressions of corrosion reduction factors of mechanical parameters
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To describe the specimen’s damage process, ductile damage model’ is
introduced to the material model in simulation, which is shown as follows:

£ de”
Wp :.[0 & (T) ©)
T=0,/0, (10)
. :(0-14'0:;’24“73) an
O, = %(0-1_02)2"'(0-2_63)2"'(0-3_61)2] (12

where g(’)) lis critical value of equivalent plastic strain. T is stress triaxiality,

which can show the element’s stress-state. wp is a state variable that
monotonically increases with plastic deformation, serving as an indicator for
the initiation of damage. o1, 02, and o3 are element’s three principal stresses. om
and o are mean stress and Mises equivalent stress, respectively. Damage
initiation of the element in the simulated specimen occurs when the state
variable accumulates to 1 throughout the loading history.

3.3. Simulated results

S, Mises

(Avg: 75%)
289.67
253.46
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Fig.9 shows experimental and simulated load-displacement curves of LZ-1
and LZ-2. The experimental and simulated results exhibit similarity in several
aspects, encompassing the curve shape, loading capacity, deformation
performance, and capacity degradation. The error of loading capacity between
experimental and simulated results is less than 4%. Fig.14 shows the local
plasticity development of the specimen. As shown in this figure, the large
value of Mises stress and plastic strain of the specimen is located in the beam
upper flange close to the column, indicating that the local plasticity is mainly
developed in that location. According to the stress triaxiality nephogram, the
beam upper flange of the specimen is continuously under tension, while the
beam bottom flange is continuously under compression. Some elements of the
beam upper flange are under multi-directional tension state (7>1/3, and 1/3
represents that the element is under unidirectional tension). Based on damage
initiation criterion’, the critical value of equivalent plastic strain 85 : is
relatively small with the increase of the value of 7 (when 7>1/3), and thus the
damage is more prone to occur at the location where under multi-directional
tension state. Fig.15 shows damage development of the specimen. The damage
occurs at the beam upper flange end near the column, and the continuous
accumulation of damage results in the cracking of the specimen. From these
figures, we can see that the load-displacement curves, plasticity development,
and the damage mode of experimental and simulated results are highly similar,
showing a good accuracy of the finite element model. Therefore, the numerical
simulation can effectively capture the mechanical performance of the
weather-resistant steel beam-to-column connection, establishing a foundation
for subsequent research on parameter analysis.

Detail view

(a) Mises stress nephogram

PEMAG
(Avg: 75%)

Detail view

(b) Strain nephogram

TRIAX
(Avg: 75%)

(c) Stress triaxiality nephogram

Fig. 14 Local plasticity development of the specimen
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1. Original state 2. Damage initiation

3. Damage development

4 Final state

Fig. 15 Damage development of the specimen

4. Parametric analysis
4.1. Effect of corrosion degree

To further understand the influence regularity of corrosion on mechanical
properties such as bearing capacity and deformation capacity of
weather-resistant steel beam-to-column connections, corrosion mass loss is
taken as variables (0, 0.01, 0.02, 0.03, 0.04, 0.05, 0.06, 0.07) to analyze the
performance of specimens under total corrosion conditions. Fig. 16 shows
specimens’ simulated results of load-displacement curves under different
corrosion mass losses. The shape of load-displacement curves of specimens is
similar, which partly indicates that the failure modes of specimens under
different corrosion mass losses are similar. As the corrosion mass loss
increases, there is a tendency for the bearing capacity and deformation capacity
of the specimen to decrease.

Based on specimens’ load-displacement curves, yield load F,, peak load
Fp, ultimate load F, (85% of the peak load), and their corresponding
displacements (including yield displacement 4,, peak displacement A4, and
ultimate displacement 4,) are obtained, as shown in Table 2. The ductility
factor i can be obtained by 4./4,. Fig. 17 shows the effect of corrosion degree
on specimen loading capacity. It can be seen that the value of Fy, F,, and F,
decrease with increase of corrosion mass loss which is in the range of 0~7%.
Moreover, load loss rate of specimens exhibits a proportional variation with
the corrosion mass loss, maintaining a 1:1 relationship. For example, the
specimen with a corrosion mass loss of 7% will have a loading capacity loss of
about 7% compared to that without corrosion. Fig. 18 shows the effect of
corrosion degree on specimen deformation capacity. There is little change in 4,
with the increasing corrosion mass loss, while 4,,, 4,, and u decrease with the
increasing corrosion mass loss in the range of 0~7%. Moreover, the
deformation capacity loss rate of specimens (specifically referring to 4, and x)
is four times as much as corrosion mass loss. For example, the specimen with a

200 corrosion mass loss of 7% will have a deformation capacity loss of about 28%
pacity
compared to that without corrosion.
160 - n Table 2
—0 Mechanical parameters of weather-resistant steel beam-to-column connections
T - .
=120 + 1% Corrosion Yield point Peak point Ultimate point Ductility
E 2% mass loss factor
_5/ - 3% n FykN  Aymm  Fo/kN  An/mm FJ/kKN  Aymm u
§ 80 4% 0 168.60 632 18368 2202 15556 6455 1021
""" 5% 1% 16715 633 18105 2452 15865 6000 947
6%
40+ | R 2% 16076 570  177.02 2135 16251 5258 922
'.I e 3% 161.18 5.81 176.60 22.40 161.85 51.55 8.87
N 0 12 14 16 18 20 22 M
0t L L L L L L 4% 159.16 5.69 177.69 24.75 160.00 50.05 8.79
0 10 20 30 40 50 60 70
Displacement (mm) 5% 158.44 5.81 173.37 24.90 158.90 50.00 8.60
6% 157.44 6.00 171.40 23.26 148.98 48.85 8.14
Fig. 16 Simulated results of load-displacement curves
7% 156.28 6.05 170.81 23.88 145.65 44.96 7.43
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Fig. 17 Effect of corrosion degree on specimen loading capacity



Yue-Dong Wang et al.

261

11} -
1.0} é°
N

°—op
= 09} \n\
S O—o—__
g o8p —%—y @O
= X
2 —m— Yield displacement o
© 0.7 . *
a) —o— Peak displacement

0.6 |-| —*— Ultimate displacement
—o— Ductility factor

05 1 1 1 1 1 1 1 1

0.32F
0.28 -
0.24 -
020 X
0.16
012+

1:4 line

on loss rate

1:1 line

A Yield displacement

X Ultimate displacement
A Ductility factor

Deformat
o
b

0.04 -
0.00

0 1% 2% 3% 4% 5% 6% 7%
Corrosion mass loss 7

(a) Relationship of deformation and corrosion mass loss

0.00 0.05 0.10 0.15 0.20 0.25 0.30
Corrosion mass loss

(b) Relationship of deformation loss rate and corrosion mass
loss

Fig. 18 Effect of corrosion degree on specimen deformation capacity
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Fig. 19 Degradation of connection stiffness

To investigate the impact of corrosion degree on the connection stiffness
of specimens, Fig. 19 shows the results of degradation of connection stiffness.
¢ is the stiffness degradation coefficient, which is used to indicate the degree of
stiffness degradation for the specimen. The calculation of this coefficient is
Equation (13) and (14). The small value of & represents the large degradation.

= =

K, = - (13)
2
=gt (14)

where Ki is secant stiffness at the i-th level of loading, Fij is the peak force
during the j-th cycle at i-th level of loading, and di] is the horizontal
displacement during the j-th cycle at the i-th level of loading. The specimen’s
secant stiffness decreases as the rotation angle increases. The reduction of &
shows a slow-fast-slow trend. For beam-to-column connections with different
corrosion degrees, their shape of stiffness degradation curves are

approximately the same. In general, the large value of corrosion mass loss
leads to relatively severe stiffness degradation.

4.2. Effect of local corrosion location

Due to different architectural forms and environmental conditions, apart
from total corrosion, local corrosion is also a common type of corrosion in
practical structures. Considering the randomness of local corrosion locations,
the influence of local corrosion at different locations on mechanical properties
of specimens is investigated. Local corrosion locations are W(see Fig.20),
FS(see Fig.24), and FX(see Fig.28). W represents the location of welding line
of beam and column, which includes W1(welding line of beam upper flange
and column), W2(welding line of beam bottom flange and column), and
W3(welding line of beam web and column). FS represents the local zone on
the beam upper flange. Distance between the center of FS and the column end
are 0.25h(h is the height of beam), 0.5k, 0.75h, 1.0k, 1.25h, 1.5k, 1.75h, and
2.0h, respectively, corresponding to FS025, FS050, FS075, FS100, FS125,
FS150, FS175, and FS200. FX represents the local zone on the beam bottom
flange. Distance between the center of FX and the column end are 0.25x(% is
the height of beam), 0.5h4, 0.75h, 1.0h, 1.25h, 1.5h, 1.75h, and 2.0k,
respectively, corresponding to FX025, FX050, FX075, FX100, FX125, FX150,
FX175, and FX200. The area of the local zone is 150mm X b (b is the width of
beam). The constitutive relationship model of weather-resistant steel
corresponding to the corrosion mass loss of 7% is taken as material properties
of the local corrosion zone, and the numerical simulation analysis of specimens
under different local corrosion conditions is carried out.

Fig. 21 shows the specimens’ load-displacement curves in the condition of
local corrosion of W. Local corrosion of W has a significantly negative effect
on the mechanical performance of weather-resistant steel beam-to-column
connection. Compared with total corrosion, local corrosion of W has limited
influence on the bearing capacity of specimens, but more influence on the
deformation of specimens. Fig. 22 shows the loading and deformation capacity
of specimens in the condition of local corrosion of W. The local corrosion of
W1 has the largest influence on the deterioration of mechanical properties of
the specimen. With reference to non-corroded specimens, the local corrosion of
W1 can lead to a 5% reduction in loading capacity and a 56% reduction in the
deformation capacity of specimens, which should be paid significant attention
to in practical engineering. Fig. 23 shows the connection stiffness of specimens
in the condition of local corrosion of W. The local corrosion of W1 has the
relatively large negative influence on the specimen’s rotational stiffness.

Fig. 20 Schematic diagram of local corrosion location of W (red represents corrosion)
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Fig. 23 Connection stiffness of local corrosion of W
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Fig. 22 Loading and deformation capacity of local corrosion of W

Fig. 25 and Fig. 29 show the specimens’ load-displacement curves in the
condition of local corrosion of FS and FX, respectively. Fig. 26 and Fig. 30
show the load capacity of specimens in the condition of local corrosion of FS
and FX, respectively. In these figures, local corrosion of FS and FX both have
a similarly negative effect on the bearing performance of weather-resistant
steel beam-to-column connection. Under the condition of local corrosion of FS,
the deterioration effect on the bearing capacity comes from tensile damage of
steel. Under the condition of local corrosion of FX, the deterioration effect on
the bearing capacity comes from the likely local buckling of steel plate. When
the distance between the center of local corrosion zone (FS or FX) and the
column end is 0.25~0.75 times the beam height, the deterioration effect of
local corrosion on the bearing capacity is relatively more significant, which is
related to the plastic hinge length at the beam end of the beam-column
connection (generally 0.5 times the beam height). Moreover, the closer
distance between center of the local corrosion zone and column end, the more

FS125 FS150

significant effect of local corrosion on the deterioration of bearing capacity.
For example, for specimens of FS025 and FXO025, the bearing capacity
decreases by about 4%. When the distance between the center of the local
corrosion zone (FS or FX) and column end is larger than 1.25 times the beam
height, there will be no effect on the mechanical behavior of the specimen.

Fig. 27 and Fig. 31 show the connection stiffness of specimens in the
condition of local corrosion of FS and FX, respectively. In these figures, local
corrosion of FS and FX both have a similarly negative effect on the stiffness
degradation of weather-resistant steel beam-to-column connection. The
deterioration effect of FS corrosion on the rotational stiffness comes from the
tensile damage of beam’s upper flange, while the the deterioration effect of FX
corrosion on the rotational stiffness comes from the likely local buckling of
beam’s bottom flange. In general, the near distance between the center of local
corrosion zone (FS or FX) and the column end results in the relatively severe
stiffness degradation.

FS175

Fig. 24 Schematic diagram of local corrosion location of FS (red represents corrosion)

FS200
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Fig. 27 Connection stiffness of local corrosion of FS

Fig. 28 Schematic diagram of local corrosion location of FX (red represents corrosion)
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Fig. 31 Connection stiffness of local corrosion of FX

5. Conclusions

Experiments and numerical analysis are carried out on weather-resistant
steel beam-to-column connections to investigate the mechanical properties in
the corrosive environment. The main findings and conclusions are summarized
as follows:

(1) Experimental results show that the
beam-to-column connection under condition of total corrosion has similar
failure mode and plasticity development of the connection under the normal
condition. The local plasticity and initial cracking of the specimen mainly
develop on beam’s upper flange near column end, and the beam web is in an
elastic state. Under the same loading condition, the plastic development degree

weather-resistant  steel
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of specimens after total corrosion is higher than that of specimens without
corrosion.

(2) Mechanical parameters of weather-resistant steel (including yield
strength, tensile strength, yield-to-tensile ratio, and elongation) have a linearly
negative relationship with corrosion mass loss. Accordingly, a calculation
method of the constitutive model of weather-resistant steel under different
corrosion conditions is proposed. Using this method, the mechanical
performance and damage development can be truly described.

(3) Under the condition of total corrosion, the bearing capacity,
deformation capacity and connection stiffness of weather-resistant steel
beam-to-column connections decrease with the increase of corrosion mass loss
in the range of 0~7%. The bearing capacity loss of specimens is approximately
in the same proportion as the corrosion mass loss (1:1), while the deformation
capacity loss of specimens (specifically referring to the ultimate displacement
and ductility factor) is four times as much as corrosion mass loss.

(4) The local corrosion of W1 of the weather-resistant
beam-to-column connection has the most significant effect on the deterioration
of the mechanical properties of the connection. With reference to non-corroded
specimens, the local corrosion of W1 can lead to 56% reduction in deformation
capacity of specimens, which should be paid significant attention to in
practical engineering.

(5) When the distance between the center of local corrosion zone (FS or
FX) and the column end is 0.25~0.75 times the beam height, the deterioration
effect of local corrosion on the bearing capacity is relatively more significant,
and closer distance results in more deterioration of bearing capacity. When the
distance between the center of the local corrosion zone (FS or FX) and the
column end is larger than 1.25 times the beam height, there will be no effect of
local corrosion on the mechanical behavior of the specimen.

steel
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ABSTRACT

ARTICLEHISTORY

Due to the rapid development of cold-forming technology, the application of cold-formed steel members with square
hollow sections (SHS) and rectangular hollow sections (RHS) in constructing steel structures is increasingly developing.
For practical application, it is of great significance to study the ultimate behavior of cold-formed SHS and RHS steel
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tubes with different plate thicknesses systematically. In this paper, finite element models considering initial geometric

defects, residual stress, and cold-formed effect were established and validated against available test data. Parametric
analysis was then conducted considering various width-to-thickness ratios of flange and web and axial force ratios. The
influences of the parameters on the ultimate capacity, failure mechanism, and stress development were carefully explored
using the results of parametric analysis. The effective plastic width method (EPM) was introduced to calculate the
ultimate capacity, taking strain hardening, interactive effect of the plates, and local buckling into account. Finally, the
accuracy of EPM was verified through comparison with current specifications and parametric analysis results.

Copyright © 2024 by The Hong Kong Institute of Steel Construction. All rights reserved.

KEYWORDS

Ultimate capacity;
Cold-formed SHS and RHS;
Effective plastic width method;
Parametric analysis;
Interactive effect of plates

1. Introduction

Cold-formed square hollow sections (SHS) and rectangular hollow
sections (RHS) are widely utilized due to their excellent rigidity, corrosion
resistance, fire protection, and manufacturing efficiency ™. With improvement
in the cold-forming process, the thickness of cold-formed SHS and RHS has
been significantly extended, even reaching 25 mm 24, Therefore, the research
on the bearing capacity of cold-formed SHS and RHS steel members has
recently received extensive attention, especially on those members composed
of relatively thick sections 51,

Numerous researchers have engaged in studies to validate the accuracy of
the ultimate capacities computed for cold-formed SHS and RHS members
according to the Chinese design standard GB50018-2002 19 (abbreviated as
GB50018) and the European code EC3-part1-1 ! (abbreviated as EC3). It is
noted that the current GB50018 is applicable to members with a thickness
ranging from 2 to 6 mm. Wu et al. @ and Shen 1*¥! demonstrated that the
predictions from GB50018 for the compressive capacity of the members
within the specified thickness range were conservative. Li et al. 4, Wen et al.
51 and Hu et al. 29 indicated that the applicability of GB50018 to steel
members with a thickness beyond 6 mm was still controversial. Regarding
EC3, Wang et al. “ and Ma et al. 1821 showed that EC3 was risky for slender
sections but prudent for compact ones. Nseir 2! also reported that the section
classification limitations in EC3 were not directly applicable to cold-formed
steel members. Moreover, the calculation method of EC3 would lead to
discontinuity in the bearing capacity of the sections classified as classes 2 and
3 by neglecting the partial plastic development in class 3 sections. Therefore,
conducting a thorough study on the ultimate bearing capacity of cold-formed
SHS and RHS steel members is necessary.

Many researchers have investigated the bearing capacity of cold-formed
SHS and RHS steel tubes experimentally and numerically. For the ultimate
compressive capacity, Hou 22 conducted experimental tests and finite element
(FE) simulations to obtain the axial compressive capacity of thick-walled
columns, and proposed modified formulas for calculating the bearing capacity.
Li et al. ™I carried out reliability analysis based on experimental tests and FE
analyses, subsequently recommending appropriate partial resistance factors
and strength design values for Q235 and Q345 steels. Yao et al. [ stated that
GB50018 could be used to design members with a plate thickness of less than
2 mm. In another work, Wen et al. *® conducted axial compression tests on
thick-walled members, proposed methods for calculating the section yield
strength considering the cold bending effect, and demonstrated that GB50018
was conservative. Through experimentation and numerical simulation, Ma et
al. 829 proposed an improved direct strength method to calculate the ultimate
bearing capacity for high-strength members.

The ultimate capacity of members under combined compression and
bending is primarily based on testing or numerical simulation considering
eccentric compression. Nseir Y conducted experiments and FE studies on
cold-formed SHS and RHS steel tubes under various loading conditions and
proposed an overall interaction method. Yun and Gardner 1?/ developed a
continuous strength method suitable for thick-walled members. Deng ! also
proposed a continuous strength method for thin-walled members. Ma et al. 2
%] studied the bearing capacity of high-strength members under eccentric
compression and revealed that the predictions of the current specifications
were 13%-21% lower on average. In addition, Li et al. ?1 experimentally
examined high-strength, thin-walled members under axial compression and
showed that the influence of the interactions of the plates on the compressive
capacity should not be ignored. Chen et al. 2 2% proposed a formula for
calculating the constraint coefficient of the plates and critical stress when
reaching buckling. Wu et al. #? determined the stress redistribution of the
compressive plate at the ultimate moment and analyzed the plate group effect
after the buckling of the rectangular tube. However, these calculations were
complex and not easy to use.

Chen et al. B% introduced the effective plastic width method (EPM) to
estimate the ultimate capacity of H-section members subjected to combined
compression and bending around the strong axis. This approach was later
expanded by Cheng et al. B! to calculate the bearing capacities of H-section
members with combined compression and bending. Shi et al. * then utilized
EPM to assess the bearing capacity of cold-formed SHS members. EPM
operates on the premise that the entire effective section can achieve plasticity,
enabling the calculation of the ultimate capacity according to the given stress
distribution of the section at the limit state. Compared with other methods,
EPM can better consider the influence of interactive effect, local buckling of
plates and the strain hardening of section. Furthermore, EPM's applicability is
not confined by the classification of sections, leading to more precise and
straightforward calculations. Consequently, employing EPM for calculating
the ultimate capacity of cold-formed SHS and RHS steel pipes is considered
practical and effective.

Considering the research conducted so far, the study of the bearing
capacities of cold-formed SHS and RHS steel tubes under compression and
combined compression and bending is found to be inadequate. The current
computational methods suffer from inadequate consideration of plastic
development of section and strain hardening, as well as the interactive effect
of plates, resulting in inaccuracies in bearing capacity calculations. Therefore,
this paper aims to propose a comprehensive method for calculating the
ultimate capacity of members subjected to combined compression and bending
based on EPM, taking into account the above aspects.

This paper studies the ultimate capacity of cold-formed SHS and RHS
steel members under axial compression and combined compression and
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bending, covering different width-to-thickness ratios of the flange and web.
The failure mechanisms of members under axial compression and combined
compression and bending are summarized, and the stress development law
during the loading process is revealed. The EPM for calculating the ultimate
capacity taking into account the interactive effects of the plates is also
established.

2. Establishment and verification of FE models
2.1. Establishment of FE models

The detailed modeling procedure can be referred to Shi et al. 2. Fig. 1
depicts the FE simulation of the members considering three loading modes,
where w and A respectively represents the axial and lateral displacement of the
column top, respectively, and | represents the column length. In this paper, the
eccentric compression loading mode (Fig. 1b) is used to verify the developed
FE model, while the cantilever bending mode (Fig. 1c) is used for parametric
analysis. The geometric definition of the section is shown in Fig. 2. The
element type of the FE model is S4R shell element, and the mesh size
settlement and boundary conditions are illustrated in Fig. 3. In parametric

N
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(a) Axial compression

(b) Eccentric compression
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analysis, the first buckling mode (the most unfavorable mode) with an odd
number of buckling waves along the length of the column is selected to
simulate the initial geometric imperfection, and the amplitude of the defect is
taken as min (B/200, H/200) 3. During the FE model verification, the
measured data on material properties and residual stresses are incorporated as
inputs. The material model proposed by Gardner and Yun B4 is employed for
conducting parametric studies. This model assigns distinct stress-strain
characteristics to the corners and flat plates of a structure respectively,
deliberately excluding the extension of corner material characteristics. It
enhances the Ramberg-Osgood model by integrating findings from extensive
material property tests on various cold-formed sections with a range of yield
strengths and thicknesses. It is adept at accounting for the diverse strengths,
thicknesses, and shapes of cold-formed steels, as well as the cold-formed
effect of sections 224%2), as illustrated in Fig. 4. For parametric analysis, the
longitudinal bending residual stress model proposed by Somodi and Kovesd ¥
is applied to assess the impact of residual stress on the component behavior
19637 as depicted in Fig. 5. This model, validated by tests on both thin-wall
and thick-wall cold-formed steel, is noted for its broad applicability and
conservative nature due to its assumption of significant longitudinal residual
stress amplitudes.

(c) Combined compression and bending

Fig. 1 The loading modes

Fig. 2 The geometric dimensions of the section

EHHH plate

....... corner

u=y=
x Yy

0=0=0

U =U=u-=
Xy

0=0=0
y 'z

(a) Members subjected to axial compression and eccentric compression

B e

5 corner

(b) Cantilever members subjected to combined compression and bending

Fig. 3 Mesh generation and boundary conditions
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Fig. 4 The material properties
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Fig. 5 The residual stress model
2.2. \erification of FE model test results, depicted in Figs. 6-8. The comparison results indicate that the FE
model can accurately simulate the failure modes, ultimate capacities, and
In this paper, existing experimental data were summarized to verify the overall trend of the members' behavior throughout the curve. Slight differences
FE model. The basic information of the test specimens is shown in Table 1, in N-w curves can result from dimensional errors and alignment errors, among
where Ny ot and N, g are the ultimate capacities obtained by test and FE other factors. Thus, the model could accurately simulate the compressive and
simulation respectively. The failure modes, load-displacement curves (N-w) bending behavior of cold-formed SHS and RHS members.
and ultimate capacity of the FE model were extracted and compared with the
Table 1
Basic information of specimens
Reference Specimen number Steel B(mm)  H(mm) ¢ : € N (kN) Ny re N /I'N
(mm) (mm) (mm) u,test (kN) u,test u,FE
Stub_200 %100 x4 100 201 3.7 600 0 761 741 0.974
Stub_220 %120 %<6 120 221 5.9 600 0 1648 1627 0.987
Stub_200 %200 x5 201 200 4.7 600 0 1296 1307 1.008
Stub_200 =200 =<6 200 200 5.9 600 0 1957 1934 0.988
LC2_200 <200 x5 200 201 4.9 700 77 816 816 1.004
Nseir (24 S355
LC2_200 <200 <6 200 200 6.1 700 72 1179 1150 0.976
L.C2_200 <100 x4 101 200 4.0 700 60 597 613 1.027
LC2_220 %120 %6 121 219 6.3 700 67 1160 1133 0.977
LC4_200 <100 x4 200 101 4.1 700 35 471 459 0.975
LC4_220 %120 <6 220 120 6.2 700 40 972 963 0.991
SC1 Q345 140 140 10.0 820 0 2650 2631 0.993
SC2 Q345 150 150 8.0 850 0 2466 2547 1.033
Hou 22 SC3 Q235 200 200 8.0 1000 0 2807 2754 0.981
sc4 Q235 200 200 12.0 1000 0 3606 3824 1.040
SC5 Q345 200 200 16.0 1000 0 5873 5876 1.000
SHS-100-100-4 101 101 3.6 405 0 660 659 0.998
SHS-60-60-3 60 60 2.8 245 0 249 247 0.992
Gardner et al. (3% RHS-60-40-4 Q235 60 40 4.0 245 0 370 349 0.943
SHS-40-40-4 40 40 338 165 0 256 245 0.957
SHS-40-40-3 40 40 2.8 165 0 224 215 0.960




Shuo Ren et al. 269

N

Reference Specimen number Steel B(mm)  H(mm) (n;[m) (mlm) (nfm) Ny est (KN) (kul;lF)E Nyest / Nure
250 250 9.3 910 0 3600 3550 0.986
250 250 9.2 910 0 3725 3905 1.048
. 250 250 9.2 910 0 3650 3588 0.983
Hu et al. Q345
300 200 9.2 909 0 3490 3586 1.028
300 200 9.3 912 0 3350 3257 0.972
300 200 9.2 909 0 3340 3257 0.975
690 152 152 8.0 498 0 3734 3757 1.006
Sunetal. [ 350 152 152 13.0 500 0 3873 3817 0.985
350 152 152 6.4 600 0 1711 1739 1.017
. 250 250 9.0 500 0 2820 2874 1.019
Chen Q235
300 200 8.0 500 0 2430 2344 0.965
) 250 100 8.0 500 0 1860 1886 1.014
Gao Q235
200 200 8.0 500 0 2320 2225 0.959
(a) Stub_200 %200 x5 (b) SC5 (c) LC2_200 =200 x5
Fig. 6 Comparisons of failure modes of typical members (2122
1500 600
tub 200%200%5 900 - LC2_200%200%5 LC4 200x100x4
= s .
~ - # -
T~ m——— 400 Sao
21000 E 600 | é ~
g = 300 = 200
500 o test I ""Ebst I - - -~ test
Abaqus 0 | ) : . aqus —— Abaqus
O L L O L L
0 5 10 15 R 0 4 8 12
w/mm w/mm
(a) Stub_200 %200 =524 (b) LC2_200 %200 x5 21 () LC4_200 <100 x4 [21]
Fig. 7 Comparison results of N-w curves
6000
< Nseir?) 2.3. Settings of parametric studies
sook | ™ Hou®™ . . )
@ Gardner et al.® In order to explore the influences of the axial force ratio (n) and the
® HuetalH width-to-thickness ratios of the flange (7¢) and web (%,) on the ultimate
4000 | A Sunetal! capacity of the cold-formed SHS and RHS members, the parameters of
& Chen? specimens with different combinations of r¢, r;,, and n were analyzed in this
g Gaol®3! paper. The definitions of the parameters are shown in Table 2.
=3000f —
3 Table 2
2000k Definitions of parameters
Parameter e Tw a n
| I . ] b h h N
1000 Mean:0.993 Definition r=— r,=— o =— n=—
Cov :0.001 te, te, b N,
Go 10'00 ’0'00 %oloo 40'00 50'00 2000 Note: & = ,/f,/235, is the steel grade correction factor. Ny, = Afy, indicates

N AN

utest’

the yield axial load.

Fig. 8 Comparison results of ultimate capacities from tests and FE models
The settings of parametric studies are tabulated in Table 3. H = 300 mm, |
= 3H =900 mm, and r = 1.5t are consistent for all the parametric models. By
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changing the section thickness t, flange width B and axial pressure force N, the
combinations of r;, r,, and n are realized. Finally, 1336 FE models were
obtained by parameter grouping, which include most of the cases that may
occur in engineering and some cases that are impossible to occur but can be
used as a comparison group in this study. In parametric analysis, the yield
strength £, and ultimate tensile strength f; of the flat are 355 MPa and 442
MPa, respectively. For the corner, f, = 444 MPa and f, = 523 MPa. The
axial compression member was named C-a-r; (C indicates axial compression),
and the member subjected to combined compression and bending was labeled
BC-a-r; (BC denotes combination of compression and bending).

Table 3

Parameter settings of sections

Parameter Value
Te 10 15 20 25 30 35 40 45 50 55 60 65 70 75 80 85 90 95 100 105
a 112515 1752 225 25 275 3
n 0010203040506 0708 0.9

270

3. Results of FE modeling
3.1. Failure modes

3.1.1. Members under axial compression

Under axial compression, two distinct types of failure modes are
commonly observed in the members: (1) the whole section of the member can
reach the yield stress at the ultimate state, i.e., fully plastic failure (PF) and (2)
local elastic-plastic buckling failure (EF).

Fig. 9 shows the failure process of typical members C-1-20, C-2.5-20, and
C-2.5-40, including the Mises-stress nephogram at two critical states, the
dimensionless load-displacement curve, and the mean stress development
process at critical states, through which the development mechanism of local
buckling and bearing capacities of the components with different failure
modes are studied. The ultimate state refers to the moment when the member
reaches ultimate capacity, and the final state refers to the moment when the
bearing capacity drops to 80% of the ultimate capacity. The occurrence of
local buckling is determined when mean stress (o) reaches its maximum value.

7, ultimate

t.: final

S f,: ultimate

[T [ T Pa)

0.0V I 1

' l
0 1 2 3 364 5 6

0.0

0 112 3
(11) Load-displacement curve Wit

--wh=04

whne=1.0
——whin=1.3
“-whe=3.0

(iii) Cross-sectional mean stresses

10 00,00

-1.0 0.0 1.0
ol X
71,0%

2.0
(iii) Cross-sectional mean stresses

50 60 009,010
ag:ﬁ%}l_o <

-2.0
(iii) Cross-sectional mean stresses

(a) C-1-20 (PF)

(b) C-2.5-20 (EF)

(c) C-2.5-40 (EF)

Fig. 9 Failure process of typical axial compression members

According to Fig. 9(a), C-1-20 occurs PF. The mean stress has reached the
yield stress when w/w, = 2.0, and the bearing capacity can further increase
due to the cold-formed effect and strain hardening. When w/w, = 3.6, slight
plastic local buckling deformation is developed in the middle of plate, and the
total stress of whole section reaches the maximum bearing capacity. At the
final state, the section exhibits significant plastic deformation, but the decrease
in bearing capacity is minimal, indicating that such sections possess excellent
bearing capacity and ductility. According to Figs. 9(b) and 9(c), C-2.5-20 and
C-2.5-40 experience EF, and the ultimate capacity of such members cannot
reach the yield-bearing capacity. More specifically, at the ultimate state of C-
2.5-20 (w/w, = 1.3), the stress in the middle of the web begins to decrease,
demonstrating that elastic buckling occurs on the webs. While for C-2.5-40, at
the ultimate state (w/w, = 1.2), both the flange and the web experience elastic
local buckling. Compared with C-2.5-20, the web of C-2.5-40 undergoes
severe local buckling at an earlier stage and has a more restricted critical
buckling stress.

Therefore, the buckling degrees of plates in members subjected to axial
compression is directly related to their width-to-thickness ratios. The higher

the width-to-thickness ratio, the earlier local buckling occurs and the smaller
critical local buckling stress. With the increase of the width-to-thickness ratios
of the flange and web, the failure mode changes from PF to EF, and the
bearing capacity and ductility also decrease.

3.1.2. Members under combined compression and bending

Despite the aforementioned failure modes for members under
compression (PF and EF), members subjected to combined compression and
bending exhibited elastic local buckling under axial pressure yet retained a
degree of bending capacity due to post-buckling strength, leading to a
compressive buckling failure (CB). Fig. 10 shows the failure mode process of
typical components, namely, BC-1.25-40-0, BC-1.25-60-0.2, and BC-2.5-60-
0.4, where M, and My, are the bending moment of edge yield and full-section
plastic considering the axial pressure, respectively, and 4, is theoretical edge
yield displacement. The failure mechanism and bearing performance of the
members can be thoroughly examined through the analysis of bearing
capacities of the components and changes of mean stress.
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Fig. 10 Failure process of the typical members subjected to combined compression and bending

For BC-1.25-40-0, with relatively small flange width-to-thickness and
aspect ratios, the whole section can develop plasticity at the ultimate state,
allowing the ultimate capacity to reach M,,.. BC-1.25-60-0.2, with relatively
large flange width-to-thickness and aspect ratios, the elastic local buckling of
the compressive flange and web occurs before the ultimate state. Its ultimate
capacity reaches M, but is less than M, . For BC-2.5-60-0.4, with large
width-to-thickness ratios and axial force ratio, after the local elastic buckling
occurs under axial pressure force, the local buckling of the compressive flange
and web is further developed under the bending moment, while the local
buckling of tensile flange tends to decrease. The ultimate capacity and
ductility of this type of section are substantially limited, resulting in an
ultimate capacity that is lower than M.

Since the stress condition at the ultimate state is a direct reflection of the
ultimate capacity of section, the stress at the ultimate state of typical section is
extracted and compared to investigate the influence of various parameters on
the ultimate capacity, as depicted in Fig. 11 and Fig. 12 according to the axial
force ratio and plate width-to-thickness ratio, respectively. It is evident from

Fig. 11 that the axial force ratio has little effect on the stress distribution of the
compressive flange, but has significant effects on the web. Fig. 12(a) shows
the stress distribution of the four members with the same flange width-to-
thickness ratio and axial force ratio but different web width-to-thickness ratios,
where it is observed that the specimens with larger web width than thickness
have less web stress at the ultimate state. The interactive effect of plates,
specifically, the smaller the width-to-thickness ratio of web, the greater
constraining effect on the compressive flange with a similar 7, leading to an
increased stress in the compressive flange, is verified under this loading
condition. Similarly, Fig. 12(b) shows that the stress of compressive flange
decreases gradually at the ultimate state with an increase of the flange width-
to-thickness ratio. It was shown that the smaller the flange width-to-thickness
ratio, the more significant constraining effect on web, resulting in higher stress
on the web. To sum up, the combination of n, r¢,and r, exerts complex
interactive effects on the failure modes and ultimate capacities of the members
under any of the loading conditions discussed in the paper.

90 00 10 10 00 1o 9% T10 00 1.0 10 00 1.0 9 000 10 10 00 1o 9
2.0 2.0 O
P opoppbotr® ] ~§ Mo oo sy % | 10 "é‘ 0¥
0-0-0-0-0-0-0-0-0-0-0-0 |sssssss=asaal
0.0 OD-O-OOO00000 1 (.0 0.0
(8  BC-2.5-40-0 (b)  BC-2.5-40-0.2 (c)  BC-2.5-40-0.4

Fig. 11 Effects of the axial force ratios on stress distribution
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(b) Effects of 7, on stress distribution.

Fig. 12 Effects of width-to-thickness ratios of webs and flanges

3.2. Ultimate capacity

3.2.1. Ultimate compressive capacity

As depicted in Fig. 13(a), the dimensionless ultimate compressive
capacity N, /N, represents the plastic development degree at the ultimate state.
N,/Ny, decreases with an increase of width-to-thickness ratio of the flange as

1.40
1.2
1.20
1.0
1.00
0.8
3,.
= 0.6 0.800
o4 0.600
0.2
- 0.400
0.0
0
0.200

150
100 399 250 200

(@)  Relationship between Ny/Ny, r¢,and r;,

well as aspect ratio. The members with N, /N, >1, as ranged with the orange
area in Fig. 13(b), can achieve the full-section plasticity with certain
strengthening. While for the members with N,/N, <1, as listed in the yellow
area in Fig. 13(b), partially plastic effective sections can be reached at the
ultimate state, providing a theoretical basis for the model of the axial
compressive stress distribution of EPM.
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(b) Projection of the three-dimensional diagram

Fig. 13 The dimensionless ultimate compressive capacity

3.2.2. Ultimate bending capacity
As shown in Fig. 14, M,/M,. reflects the degree of the plasticity
development of different sections at the ultimate state. M, /M,,. decreases with
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an increase of ¢ and r,,. When r¢ is small, M,,/M, enlarges with an increase
of n. When rrand r,, are large, raising n enhances the local buckling of the
plates, so M, /M, declines with an increase of n.
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(d) Critical width-to-thickness ratio assembly curve

Fig. 14 Dimensionless ultimate bending capacity

Projecting the assembly curve of M, /M. = 1 in Figs. 14(a)—(c) onto the
x-y plane, as shown in Fig. 14(d), shows that the critical ¢ and r,, continuously
decrease with raising n. Below the critical curve, M, /M, > 1, implying that
the member can develop full-section plasticity and even play the role of strain
hardening at the limit state. When the combination point is above the critical
curve, M, /Mp. <1, indicating that the section can only develop partial
plasticity at the limit state. This provides a theoretical basis for the stress
distribution model of EPM under combined compression and bending.

4. Effective plastic width method

This section extends the application of EPM to calculate the ultimate
capacities of cold-formed SHS and RHS members applicable to members
within ¢ <105, @ = 1-3, and n = 0-0.9.
4.1. Ultimate compressive capacity

Due to different ¢ and r,, values, the buckling degrees of the plates differ
at the ultimate state. Thus, different stress distribution models are provided by
distinguishing the fully and partially effective sections, and the formulas for
calculating the ultimate compressive capacity are proposed using the effective

plastic width and stress enhancement coefficient in this section.

4.1.1. Critical width-to-thickness ratio
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Fig. 15 The relationship between ¢ and r,, when N, /N, = 1

In order to distinguish the fully effective sections from the partially
effective sections, the limit curve in terms of r; and r,, are extracted when
N, /N, = 1 with different aspect ratios in the red dots, as shown in Fig. 15.
and as expressed in Eq. (1):

R, =42-037r, (1)

where R,, is the critical web width-to-thickness ratio of the cold-formed SHS
and RHS members under axial load. When r,, < R,,, as the combination point
is located in the yellow area in Fig. 15, the entire section is effective, and
when r,, > R,,, the section is partially effective.

4.1.2. Stress distribution model of partially effective section

The stress in the middle area of a buckled plate at the ultimate state is
close to zero, which can be regarded as the failure zone. Due to the support
effect of adjacent flanges and webs, the mean stresses in and near the corner
areas are maintained close to the yield stress, which can be regarded as the
effective zones. The assumption is that the effective section and its stress
distribution at the ultimate state are depicted in Fig. 16. Based on the stress
distribution form, Egs. (2)—(6) express the formulas for calculating the
ultimate compressive capacity N,.

N, =2N, +2N, +4N, =2b, -tf, +2h, -tf +4I1f, %)
b, =p.-b ®3)
h=p,-h 4)
p. =135, <1 (5)
Pue =k, 135,07 <1 (6)

where N¢, N,,, and N, are the bearing capacity of a single flange, web, and
corner, respectively; h, and b, are the effective width of the plates,
respectively; [. indicates the centerline length of a corner; pr. and py.
represents the effective width coefficient of flange and web, respectively;
ky,denotes the plate correlation interaction coefficient that considering the
beneficial restraining effect of flange on the web and is expressed by
k, =0.95+0.05¢ .

4.1.3. Stress distribution model of fully effective section

For the fully effective sections, it is assumed that the stress on section o,
is higher than vyield strength to consider the favorable effect of strain
hardening and the cold-formed effect. The stress distribution of the fully
effective section is shown in Fig. 16(c), and its calculation formulas are
expressed in Egs. (7)—(8).

N, =Ac, =A-7,f, @)
7, =1.35-0.003r, —0.008r, >1 ®)

where 7. represents the stress enhancement coefficient under axial
compression.
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Fig. 16 The stress distribution models of the sections under axial compression

4.1.4. Evaluation of stress distribution models

In order to evaluate the calculation model of EMP under axial
compression, the actual stress distribution of the typical model at the ultimate
state is compared with the stress distribution model of EPM, as shown in Fig.
17, where the dotted red line and the dotted green line represent the stress

(b)

Fig. 17 Comparing the model of EPM with the FE results under axial compression

C-1.75-60

4.2. Ultimate bending capacity

In this section, two stress distribution modes under combined compression
and bending are analyzed in detail, and the calculation formulas for calculating
the ultimate bending capacity are proposed.

4.2.1. Stress distribution model of partially effective section

When the cold-formed SHS and RHS members under combined
compression and bending reach ultimate state, different buckling forms and
different development degrees will be generated under different combinations
of r, 1y, and n. It is assumed that the normal stress generated by axial pressure

1 = ow —1 o

3T e ‘ .
be/2 bel2 _|
hel2 G hel2 .
— [ }-
hel2 hel2
+
a o _ =
O,
o[+ ] % o —=—"7 ™
I failure area
=SS area of axial force
[ area of bending moment
(a) Case 1 (b) Case 2

distribution obtained from FEM and EPM, respectively. The axial compressive
stress distribution model of EPM can effectively reflect the trend of the actual
stress distribution and can consider the effects of strain hardening and plate
buckling.

() C-2520

is concentrated at the center of the webs, and with the axial pressure increases,
this normal stress gradually extends to the flanges. In order to simplify the
calculation, the failure zone of the web is assumed evenly distributed on both
sides about the x-axis, and the stress gy, is used to consider the favorable
effect of strain hardening and cold-formed effect. Based on above assumptions,
the stress distribution mode of partially effective section is divided into four
cases according to the different effective sections and axial force ratios, as
shown in Fig. 18. The four stress distribution models proposed take into
account various combination situations of axial compression and bending
moment.

— =To.

| oem— [ | em— [
o s sl
b2 bel2 i bil2 b2 i
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(c) Case 3 (d) Case 4

Fig. 18 Stress distribution models of partially effective sections under compression and bending
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(1) Case 1

When axial force levels are relatively low, compressive stress is only
distributed on the web, i.e., b; < h./2, where b, is the width of the
compressive stress due to the axial pressure distributed on the lower side of
the x-axis, and can be obtained according to the balance of the axial forces. In
this scenario, the compressive plates experience local buckling with the
settlement of the failure zone, while the tensile flange remains fully effective,
as depicted in Fig. 18(a). The formula for calculating the ultimate bending
capacity M, can be obtained by taking the moment of the stress on the section
to the x-axis, as expressed in Egs. (9)—(13).

M, =M, +M; +M,, )
4(R%—r® h(R? —r?
m, =B AR Do, (10)
M, :(be+b)t0'm~% (11)
4 o MRLB
MW—4(2 b)toy, (2 4+2) (12)
_(nl,+b—b)f, 13)

4oy,

where M¢, M,,, and M, are the bending moment components of the flange, web,
and corner, respectively; [, is the centerline length of the entire section.

(2) Case 2

As axial pressure increases, compressive stress extends to the corner zone
but not reaches the tensile flange, that is, h./2 < b, < ho/2 + ., as presented
in Fig. 18(b). The compressive plates experience partially effective due to
local buckling, and the tensile flange is fully effective. Compared with Case 1,
the web in Case 2 is all compressive, and no bending moment is generated by
the webs. Thus, M. is reduced to M/ under the influence of extended
compressive stress.

M, =M, +M, (14)

M =M, —(

wJﬂh(Rz ), (15

where 6 is the radian value of the compressive stress penetrating the corner

b—h, /2

and is expressed in 6 = .
(R+r)/2
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(3) Case 3

As the axial pressure increases, compressive stress is distributed across
the web, corner, and the tensile flange which is b; > h./2 + [, as depicted in
Fig. 18(c). Neither the web nor the corner generates the bending moment
member, and the bending moment is generated by the stress in the top and
bottom flanges. Substituting the formula for calculating b, into Eq. (17) yields
Eqg. (18).

M, =M, (16)
. H
M, = (b, +b+2h, +4l, —4b)to,, > @
H
M, =(2b, +2h, +4l, —nl)to,, Y (18)
(4) Case 4

As axial pressure approaches the ultimate compressive capacity, local
buckling would occur at all the plates subjected to axial pressure and bending
moment, and the failure zone appears, as depicted in Fig. 18(d), where the
effective width of tensile flange is b.,. No bending moment member is
generated by the webs and the corner zones, thus M, = M;. Egs. (20)—(22)
express the calculation process, where My, and Mg, indicate the bending
moment components of tensile flange and compressive flange to x-axis,
respectively. Substituting Eq. (19), the calculation formula for b,, into Eq. (22)
yields the final formula for calculating M,,. The final formula is the same as Eq.
(18), which indicates that the calculation of the ultimate bending capacity in
Case 3 and 4 can be considered in the same case.

_ (Nl +b, —b)f,

19
4o, (19)
H H
(hi - he /2 - lc))to—bc : ? = (beZ - 2bl + he + 2|c)to_bc . ? (20)
H H
My =(b.-20 -1 /2-I)to, = =0 -2 +h s 2oy, @)
. H
M; =My, +M,, = (b, +b,, +2h, + 4l - 4b))to,, 5 (22)

4.2.2. Stress distribution model of fully effective section

When the width-to-thickness ratio of the members is small, the section
can develop full plasticity at the ultimate state. According to different axial
force levels, the stress distribution mode of the fully effective section can be
divided into three cases, as shown in Fig. 19.
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- Area of bending moment
(a) Case 1 (b) Case 2 () Case 3

Fig. 19 The stress distribution models of the fully effective sections under compression and bending
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For the three cases, the ultimate bending capacity is still calculated by the
formula of situations in Figs. 18(a)—(c), by replacing b and h into b, and h,
into the corresponding formulas respectively. The stress distribution mode of
the fully effective section can consider the strengthening effect of the material
and the cold-formed effect of the corner by taking the enhancement of the
section stress into account. The stress distribution model of case 3 can regress
to the stress distribution of the fully effective section in Fig. 16(c), indicating
that EPM stress distribution model of the fully effective section can
completely return the situation of combine compression and bending to the
axial compression situation.
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4.2.3. Evaluation of stress distribution models

In order to evaluate the calculation of ultimate capacity by EPM under
combined compression and bending, the actual stress distribution of typical
models at the ultimate state is compared with the stress distribution models of
EPM, as illustrated in Fig. 20. The EPM model for compression bending stress
distribution can accurately reflect the stress induced by bending moment and
axial force.
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(c) BC-1.75-60-0

(d) BC-2.5-60-0

Fig. 20 Comparing the model of EPM and the FE results under compression and bending

4.2.4. Effective plastic width and stress enhancement coefficient

(1) Effective plastic width

The effective plastic width is a critical parameter of EPM, which not only
reflects the reduction of the bearing capacity caused by local buckling and
interactive effect of plates, but also represents the balance of the effective
section under the simplified plastic stress distribution. It can be obtained by
observing parametric analysis results and summarizing the stress development
law.

The compressive flange is fully compressive at different axial force ratios.
Therefore, it can be assumed that the effective width (b,) of the compressive
flange equals that of the plate under axial pressure, as expressed in Eq. (23).
The calculation formula for fitting the effective width (h,) of the web is
provided in Eq. (24), where p,,;, represents the effective width coefficient of
the web under combined compression and bending (Eq. 25). When the axial
force ratio reaches its maximum allowable value for the section, the member is
infinitely close to the axial compression state, and n can be obtained using Eq.
(26). By substituting n into Eq. (25), pwp, = Pwe Can be obtained, and the
stress distribution and effective width of the section are similar to that of the
axial compression state.

be = Pre b (23)

h,=p,-h (24)
B . n(@+l) o 20 0.1

P = Pue + L (—pfc(kwa°'25+l)) ] (rw s )<1 (25

,& = z(pf“b+pwch)tfy + NC ~ pfcb+pwch _ :ch(ka!025 +1)
Af Af b+h a+1

y y

(26)

(2) Stress enhancement coefficient

When both the flange and the web are partially effective, the increase of
the section stress is not considered, and the section stress equals f;, i.e., gy, =
fy- For members with the fully effective section and effective web, the
favorable cold-formed effect and strain hardening on the ultimate bending
capacity can be considered by the stress enhancement coefficient (1,.). Egs.
(27) and (28) express the formulas for calculating . and oy, respectively.
When the axial force ratio of the member with the fully effective section
reaches the maximum axial force ratio it can bear, that is, n = 1. and 1. =
N, the stress distribution of the section equals that of the fully effective
section under axial compression.

n., «(00-0.5r,)
=n +(1l-—) —— W/ >1q 27
Toe =170 +( c) 1200 (27)

(100-05r,) _,

28
1200 (28)

n
Toe =1 +(1=—)-

c

5. Evaluation of calculation methods of EPM and specifications

This section summarizes the current design methods for calculating
bearing capacities of members in EC3 and GB50018, and the proposed EPM
is compared with the specifications to evaluate its feasibility.

5.1. Evaluation of existing specifications

5.1.1. EC3

The European Code, i.e., EC3, calculates the section bearing capacity
based on section classification according to the width-to-thickness ratios of
plates, adopting different design criteria. The sections are categorized into
classes according to the influence degree of local buckling on bearing capacity.
However, EC3 has following shortcomings when calculating the ultimate
capacity of different sections:

e The ultimate capacities of classes 1 and 2 sections are partially
conservative without considering strain hardening.

* The bearing capacities of sections of classes 2 and 3 are discontinuous
because the partial plasticity of the sections is not considered.

o The calculation process of the section of class 4 is complex, which is
not conducive to the actual operation.

e EC3 is conservative for compact sections but unsafe for slender ones,
and EC3 section classification cannot be directly applied to cold-formed steel
members.

e EC3 follows the principle of single plate when classifying sections,
assuming that the plate is supported on four sides without considering the
interaction between the flanges and webs, and the bearing capacity calculation
is not accurate enough.

5.1.2. GB50018

Code GB50018 is applicable for cold-formed steel members with a plate
thickness ranging from 2 to 6 mm. When calculating the ultimate capacity of
cold-formed SHS and RHS members in code GB50018, the plate failure
caused by local buckling can be well-considered for thin members. However,
the following shortcomings may exist:

e The application scope of the code on thickness is limited. For cold-
formed SHS and RHS members beyond the scope, its application is still
controversial.
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e GB50018 does not consider the development of section plasticity and
dramatically underestimates the ultimate capacity of cold-formed SHS and
RHS members with small width-to-thickness ratios, so the bearing capacity of
cold-formed steel members cannot be fully utilized.

o When calculating the effective width of compression plate, the changes
in interactive effects of plates after buckling are ignored, so the calculation of
the bearing capacity is conservative.

5.2. Comparison of calculation methods

To assess the accuracy of GB50018, EC3, and EPM, their calculation
results of these three methods are compared with parametric analysis results.
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5.2.1. Comparison of ultimate compressive capacity

The ultimate compressive capacities of the members determined by
GB50018 (Nygpsoo1s): EC3 (Nygc3), EPM (Nygpum), and the FE model
(N, rem) are compared in dimensionless terms. The results of different aspect
ratios are shown in Fig. 21. The results of EPM, EC3, and GB50018 are
relatively close to those of the FE model, and GB50018 tends to be the most
conservative method. When the aspect ratio is small, the ultimate compressive
capacity predicted by EC3 is unsafe, and it is close to the FE model results at
aspect ratios higher than 2.25. Both specifications fail to consider the strain
hardening at small width-to-thickness ratios, leading to conservative
calculation results. Nevertheless, EPM aligns most closely with the results
from FE calculations.
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Fig. 21 Comparison of the ultimate compressive capacity of the members

The calculations and simulation results are plotted in Fig. 22. Generally,
more than half of the results of GB50018 fall outside the -10% range of the
diagonal line, indicating that most of the results are conservative. The EC3
calculation method is close to the FE results, and most points fall within the

+10% range of the diagonal line. The proposed EPM is very close to the
diagonal line, and its calculations are accurate. The above conclusions can also
be further confirmed by comparing the results of average value and variance in
Table 4.
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Fig. 22 Evaluation of the ultimate compressive capacity of the members calculated using three methods

Table 4
Comparison of the ultimate compressive capacity calculated using three
methods with respect to the FE result

Nu,EPM / Nu.FEM Nu.GB50018 / Nu,FEM Nu,ECS / Nu‘FEM

5.2.2. Comparison of ultimate bending capacity

The ultimate bending capacities of the members, as determined by
GB50018 (M, gpsoo1s): EC3 (Mykcs), EPM (Mygpy), and the FE model
(Myrem) are presented in a dimensionless form relative to M. and are
illustrated in Fig. 23, categorized according to different axial force ratios.

Average value 0.960 0.813 1.029 EPM and FE results are relatively close, and most EPM points fall below the
. FE results, showing that its calculations are slightly conservative.
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Fig. 23 Comparison of the ultimate bending capacity of the members calculated using EPM, GB50018, and EC3

The calculations and simulation results are plotted in Fig. 24 to directly
examine the deviation degree of the three calculation methods from the FE
model. Table 5 tabulates the average value and variance. According to Fig. 24,

the trend of the calculation results of GB50018 deviates from that of the FE.
Further, the average value of the ratio is the smallest, and the degree of
dispersion is large. EC3 can predict the bearing capacity of members with thin
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plates accurately. Additionally, with an increase of n, the overall prediction is
conservative, and the ratio average is small. The trend of the change in the
overall prediction of EPM is consistent with that of the FE results. When n is
small, it is very close to the FE data, and the prediction is slightly conservative
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at large n values. However, compared with the calculation results of GB50018
and EC3, EPM can provide more accurate results. The average value of the
ultimate bending moment of members calculated by EPM with respect to that
calculated by the FE model, is close to 1.0 with an essentially small dispersion.
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Fig. 24 Evaluation of the ultimate bending moments calculated using EPM, GB50018, and EC3

Table 5
Comparison of ultimate capacities calculated using three methods with the FE
data

MU,EPM / MU,FEM Mu,GBSOOlB / MU,FEM MU,ECS / MU,FEM

Average 0.966 0.879 0.878
n=02 value

Variance 0.003 0.107 0.031

A\‘l’:lrjge 0.860 0.756 0.768
n=04

Variance 0.018 0.110 0.025

Average 0.801 0.527 0.663
n=06 value

Variance 0.029 0.035 0.018

Average 0.719 0.311 0.540
n=08 value

Variance 0.032 0.016 0.006

EPM calculates the ultimate capacity of members based on the actual
stress distribution across the section at the limit state, accurately reflecting the
real stress conditions of the members. At its core, the method equates the
ultimate capacity with the bearing capacity of the effective plastic section.
EPM effectively accounts for strain hardening and cold-formed effects of
classes 1 and 2 sections, allows for the partial plastic development in class 3
sections, and accommodates the local buckling in class 4 sections by
considering the effective plastic width b, and the stress enhancement
coefficient .. This approach overcomes the discontinuities often found in
ultimate capacity predictions and transcends the limitations imposed by
section classification on ultimate capacity. It also considers the influence of
the interactive effect of plates. With its straightforward concept and simple
operation, EPM avoids complex iterations, enabling precise calculations of the
ultimate capacity for cold-formed SHS and RHS steel members without the
need for intricate procedures.

6. Conclusions
In this study, a comprehensive parametric study was conducted on cold-

formed SHS and RHS steel pipes with various combinations of flange and web
width-to-thickness ratios as well as axial force ratios. The research

investigated and analyzed the failure modes and bearing capabilities of these
cold-formed members under compression and combined compression and
bending. Based on the stress distribution of section at the limit state, EPM was
introduced for calculating the ultimate capacity of cold-formed SHS and RHS
members. The prediction accuracy of EPM was assessed alongside current
standards, using FE simulations and experimental data. The key conclusions of
this study are as follows:

e Cold-formed SHS and RHS members exhibit varying degrees of local
buckling at the limit state, influenced by width-to-thickness ratios and axial
force ratios. Buckling severity dictates the failure modes, which for axial
compression, range from the fully plastic failure to local elastic-plastic
buckling failure. Under combined compression and bending, failure modes
include fully plastic failure, local elastic-plastic buckling failure, and
compressive buckling failure.

o Stress distribution at the limit state of member can be categorized into
fully effective section and partially effective section, with corresponding stress
distribution models that more accurately reflect actual stress trends and
account for strain hardening and plate buckling effects.

* Depending on the axial force ratios, partially effective stress distribution
models are classified into four cases, whereas fully effective section models
are split into three. EPM stress distribution model, especially under high axial
force ratios, effectively bridges the gap between combined compression and
bending to axial compression scenarios, allowing the use of identical
calculation formulas, demonstrating significant theoretical value.

o Comparative analysis with FE results and experimental data reveals that
the ultimate capacity predictions by the GB50018 standard are conservative.
In contrast, the compressive capacity predictions by EC3 are slightly unsafe.
The bending resistance predictions by EC3 are relatively precise. However, the
ultimate resistance predictions by EPM are notably more accurate.

e EPM, based on the actual stress distribution at the limit state, closely
reflects the real stress conditions in members, offering accurate predictions of
the ultimate capacities of cold-formed SHS and RHS members. By
considering the effective plastic width and the stress enhancement coefficient,
the method comprehensively addresses strain hardening, cold-formed effect,
and interactive effects of plates, avoiding prediction discontinuities and
making more precise calculations.
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ABSTRACT

ARTICLE HISTORY

Steel angles in transmission towers may experience corrosion in the service life due to bad exposure conditions. However,
limited experimental results are available about the remaining load capacity of corroded steel angles in compression at
present. This paper presents experimental tests, numerical simulations and design method of steel angles with local damages
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at the mid-height or end induced by corrosion. Five groups of steel angles with different depths of local damages at different

locations were tested under axial compression in the experimental programme, and the load capacity and failure mode of

KEYWORDS

steel angles were obtained. Numerical models are developed and validated using test data, and parametric studies are

conducted to investigate the influence of depth and slenderness of steel angles on ultimate load. Moreover, design equations
are developed for locally damaged steel angles, and comparisons with numerical results show yield reasonably accurate
estimations of the ultimate load. Comparisons are also made between the calculated result using the developed equation and
existing design curves in the relevant code to demonstrate the effect of local damage on the buckling coefficient of steel
angles. It shows that the local damage at the mid-height or the end of steel angles could significantly reduce the buckling
coefficient, and therefore, it has to be considered when evaluating the ultimate load of steel angles in transmission towers

in service.

Copyright © 2024 by The Hong Kong Institute of Steel Construction. All rights reserved.
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1. Introduction

Steel structures may be exposed to local or overall corrosion in the whole
service life due to the environmental effects. To evaluate the structural
performance after corrosion, experimental tests have been carried out on
different types of structural steel and its members. At the material level, studies
have been conducted on the residual yield and ultimate strengths of corroded
steel plates [1-3]. Design methods have also been proposed in which the
effective thickness of steel plates could be used to evaluate the ultimate strength
of corroded steel plates [4]. Sarveswaran et al. [5] proposed a computational
method to assess the reliability of corroded steel structural components based
on interval probability theory.

A wide range of experimental tests and numerical simulations have been
conducted to investigate the effect of different types of corrosion on the
behaviour of steel beams in bending. Tang et al. [6] and Wang et al. [7]
measured the geometric characteristics of corroded high-performance steel
beams exposed to different environments using three-dimensional scanning
technology and studied the effects of corrosion on the flexural behaviour of the
beam. They found that existing design method could predict the flexural
capacity of corroded beams conservatively. Peng et al. [8], Zhang et al. [9] and
Chai et al. [10], Liu and Zhang [11], and Zhao et al. [12, 13] systematically
investigated the influences of location and ratio of corrosion on the moment
resistance, buckling and fatigue behaviour of steel beams in bending and
concluded that local corrosion had a greater impact on the flexural stiffness of
beams compared to overall corrosion. Moreover, design equations were also
developed based on experimental results to quantify the moment capacity of
corroded steel beams. Sheng et al. [14] also derived design equations to evaluate
the yield load and ultimate load of rusted H-beams. Based on monotonic tensile
tests on corroded steel beams, Xu et al. [15] obtained the time-dependent failure
probability and reliability index of corroded steel beams using the theory of
probability density evolution. Under reversed cyclic loading conditions, Wang
et al. [16] proposed the skeleton curve and restoring force model, which could
be used to describe the seismic performance of corroded steel frames.

With regard to steel columns, existing research mainly focused on the load
capacity in compression after corrosion. Toledo et al. [17] established the
correlation between residual compressive strength and the severity of corrosion
through experiments and numerical modelling. They proposed an evaluation
equation for residual compressive strength using corrosion damage volume as a
reduction factor. Wang et al. [18] conducted quasi-static tests on seven H-
shaped steel columns exposed to atmospheric corrosion. They observed a
correlation between the cyclic hardening parameter of corroded steel and the
yield-to-tensile strength difference, suggesting the possibility of premature
cracking in different loading stages of corroded columns. Hussain et al. [19]

proposed a new design method for the plastic failure and stability analysis of
single angle members, which simplified the calculation equations for single
angle member in design codes. Zhang et al. [20, 21], Zheng et al. [22] and Nie
et al. [23] studied the seismic performance of corroded steel columns and
proposed a method to predict the ultimate strength of the column under lateral
cyclic loading. Xu et al. [1] investigated the failure modes, lateral load-carrying
capacity, ductility, and energy dissipation performance of H-shaped steel
columns through low-cycle fatigue tests. Even though experimental and
numerical investigations have been widely performed on the ultimate load
capacity and failure mode of corroded steel columns, there is still a lack of study
on the compressive behaviour of steel angles with corrosion, including the
buckling resistance and failure mode. Abdelrahman et al. [24] investigated the
flexural-torsional buckling behaviour of eccentrically loaded members and
established the effective stress-strain relationship for single angle members
through finite element and multiple regression analyses.

This paper presents experimental and numerical studies on the compressive
behaviour of steel angles with simulated local damages induced by corrosion at
the mid-height or end. In the experimental programme, five groups of steel
angles with local damages in different regions were tested in compression, and
the load capacity and failure mode of the angle were obtained and compared to
show the influences of the location and depth of local damage on compression
behaviour. Numerical models were also established and validated against test
data, and were then used for parametric studies on the influence of the
slenderness of steel angles on load resistance. Finally, design equations were
developed in accordance with experimental and numerical results which could
be used to quantify the ultimate load of steel angles with local damages.

2. Experimental programme
2.1. Specimen design

Steel equal angles L125>8 mm with a width of 125 mm and a thickness of
8 mm were used in the experimental programme, as shown in Fig. 1. According
to field observations of transmission towers in service, two different locations
of local damage were determined, namely, either at the mid-height of steel
angles or at the end. A simplified processing method was also adopted to
produce the local damage instead of corrosion. In the method, a local damage
with a length of 260 mm along the height of steel angles was made by grinding
the outer face of the steel angles to a certain depth. Oszvald et al. [25] employed
a mechanical milling process method to simulate corrosion by representing it as
a reduction in thickness. The study established a correlation between the degree
of thickness reduction and the failure modes exhibited by the specimens.
Furthermore, based on the prospective behaviour pattern of b/t, the remaining
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load-carrying capacity of specimens could be predicted. The author also
developed design equations to calculate the remaining load-carrying capacity of
compressed steel angles. Note that the two legs of each steel angle were ground
to simulate the local damage induced by corrosion, whereas the depth of the
local damage varied from 1 mm to 2 mm, as listed in Table 1. Huang et al. [26]
investigated towers in different regions with the service life ranging from 25 to
40 years and found that the net thickness of the most severely corroded steel
angles was 6.41 mm (with the nominal thickness of 8 mm), while at the tower
base, the net thickness of the most severely corroded diagonal angles was only
2.18 mm (with the nominal thickness of 5 mm). Therefore, in this study, a
corrosion thickness of 1 to 2 mm was chosen to investigate the corrosion range
of commonly used steel angles. Thus, a total of five groups of steel angles were
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tested in axial compression, including one group of steel angles without damage,
two groups with local damage of different depths at the mid-height, and two
groups with local damage of different depths at the end. The length of steel
angles was kept at 1150 mm, but pin supports were connected to both ends of
each steel angle using five bolts on each leg, so that axial compression could be
applied to the steel angle. Accordingly, the slenderness of steel angle about the
weakest axis was fixed at 50. Table 1 includes the parameters of steel angles. In
the designation of steel angles, DCN represents the specimen without local
damage, DC-M1 and DC-M2 denote steel angles with 1 mm and 2 mm deep
local damages at the mid-height, respectively, and DC-E1 and DC-E2 stand for
the specimens with 1 mm and 2 mm deep local damages at the end.
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(b) Steel angles with local damage at the mid-height
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(c) Steel angles with local damage at the end

Fig. 1 Details of steel angles in the experimental programme

Table 1
Parameters of steel angles in the experimental programme

Steel angles Cross-section (mm) Damage Location of damage Geometry of local damage (mm) Length (mm)
DCN L125X8 No damage -- - 1150
DC-M1 L125X8 Both legs Mid-height L=260mm, t=1mm 1150
DC-M2 L125X8 Both legs Mid-height L=260mm, t=2mm 1150
DC-E1 L125X 8 Both legs End L=260mm, t=1mm 1150
DC-E2 L125X 8 Both legs End L=260mm, t=2mm 1150

2.2. Tension tests on steel plates

Fig. 2(a) shows the dimension of steel coupons used in tension tests. The
gauge length of steel coupons was 83.8 mm, in which the width of steel was
kept at mm. The thickness of steel coupons remained the same as steel angles,
namely, 8 mm. Three samples were cut from steel angles along the length and

tested in tension. Fig. 2(b) shows the tensile stress-strain curve of coupons. It
can be observed from the figure that steel coupons developed elastic stage, yield
plateau, hardening stage, and finally necking before fracture. The average yield
strength of coupons was 391.4 MPa, and the ultimate tensile strength was 573.7
MPa.

30

20

(a) Geometry and dimensions of steel coupons
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Fig. 2 Typical stress-strain curve of steel angles in tension

2.3. Test setup and loading procedures

After the installation of pin supports at both ends of steel angles, an axial
compression was applied to the steel angle by using a hydraulic compression
machine, as shown in Fig. 3(a). Note that the applied load was in alignment with
the centroid of the steel angles and was measured by a load cell. The lateral

deflections of steel angles were recorded through linear variable displacement
transducers parallel to the legs, as shown in Fig. 3(b). Besides, strain gauges
were also attached to the face of steel angles to measure the longitudinal strain
(see Figs. 3(b, ¢ and d)). Three sections along the height of steel angles were
selected to mount strain gauges, namely, the mid-height and both ends of steel
angles.

2111
2111
LVDT 1
3 — LVDT1
° —
o
- [ :
o
0 4 8 3 6
5 7
4 5
2— — LVDT 2 LVDT 2
o 1
3 N —— LVDT
o ° —— Strain gauge
P
43 2

(b) Layout of strain gauges for angles with local
damage at the mid-height

(a) Test setup and instrumentation

LVDT 2

(c) Layout of strain gauges for angles with local
damage at the end

2111 1
LVDT 1
8 —=—[i6
4 8 5
2
5 5 7 4 3

D
(d) Layout of strain gauges for angles without damage

Fig. 3 Schematic view of test setup and instrumentation

3. Experimental tests and discussions
3.1. Load-deflection curves

Fig. 4 shows the load-deflection curve of steel angle DCN without local
damage. Note that deflections perpendicular to the two legs were measured
using LVDTs. It can be observed from the figure that steel angles started to
deflect with increasing axial compression, but the deflections measured in the
two directions differed greatly from each other due to the presence of initial

imperfections. The lateral deflection increased gradually until the ultimate load
was reached. Following the attainment of the peak load, the lateral deflection
increased rapidly with decreasing load, indicating the failure of steel angles. The
final failure of the steel angles was induced by global buckling in which bending
and twisting were combined. The ultimate load of the steel angle was 441.0 kN,
corresponding to a mid-height deflection of 6.7 mm. It should be pointed out
that the deflection of DCN-1 in direction 2 decreased before the attainment of
the ultimate load, possibly as a result of the twisting of the steel angle during
global buckling.
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Fig. 4 Load-deflection curves of steel angles without local damage
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Fig. 5 Load-deflection curves of steel angles with local damage

Fig. 5 shows the load-deflection curves of steel angles with different depths
of damage at different regions. It can be observed that locally damaged steel
angles began to deflect with the increase in the applied load, and the lateral
deflection at the mid-height increased slowly until the ultimate load of steel
angles was reached. However, apparent differences existed in the overall trend
of load-deflection curves in the two directions, as shown in Figs. 5(a and b),
which might be related to the different angles of bending and twisting when
local buckling occurred in the locally damaged region. Comparisons among
load-deflection curves of steel angles suggested that the ultimate load of steel
angles with different depths of local damage differed greatly from each other.
The ultimate load of DC-M1 with a 1 mm deep local damage was 353.7 kN,
whereas that of DC-M2 was reduced by 18.8% to only 287.1 kN with the depth
of local damage was increased to 2 mm (see Figs. 5(c and d)). Therefore, the
ultimate load of steel angles decreased significantly with the increase of the
depth of local damage at the mid-height.

When the local damage was located at the end of steel angles, similar load-
deflection curves were obtained for DC-E1, as shown in Figs. 5(e and f). The
ultimate load of DC-E1 was 347.7 kN, close to that of DC-M1, indicating that
the location of damage did not have a significant effect on the ultimate load of
steel angles when the depth of the local damage was only 1 mm. If the depth of
local damage at the end was increased to 2 mm, the ultimate load of steel angle
DC-E2 was reduced to 310.4 kN, around 11.7% lower than that of DC-E1.
However, when compared with DC-M2, the ultimate load of DC-E2 was

(b) DC-M1
Fig. 6 Typical failure modes of steel angles in compression

"(a) DCN

3.3. Discussions on test results

Fig. 10 shows the effect of local damage depth on the ultimate load of steel
angles under axial compression. Test results showed that the ultimate load of
the undamaged steel angle DCN was 441.7 kN. When a local damage of 1 mm

(c) DC-M2

roughly 8.1% higher, indicating that a deeper local damage near the end of steel
angles did not decrease the ultimate load of steel angles as much as that at the
mid-height did.

3.2. Failure modes of steel angles

Fig. 6 shows the typical failure modes of steel angles under axial
compression. It can be observed that overall buckling occurred in the steel angle
without local damage (see Fig. 6(a)). The steel angle mainly developed
significant lateral deflections at the initial stage of loading. Once the applied
load reached the peak value, the lateral deflection increased rapidly, and the
steel angle exhibited twisting. However, in addition to overall deflections, local
buckling in the locally damaged region was also observed with regard to steel
angles with local damage, as shown in Figs. 6(b-e). For instance, steel angles
DC-M1 and DC-M2 with local damage at the mid-height showed local buckling
in the proximity of the mid-height. Similar failure modes were also observed
near the end of steel angles DC-E1 and DC-E2. It is observed that the
undamaged steel angle experienced overall buckling. However, in the case of
locally damaged steel angles, the local damage significantly reduced the
resistance at that specific location. During the compression process, the affected
location could develop localised buckling failure due to the increased width-to-
thickness ratio.

(d) DC-E1

depth was produced at the mid-height, the ultimate load was reduced to by 20.0%
t0 353.7 kN, and the value was further decreased to 287.1 kN if the local damage
depth was increased to 2 mm. When the local damage was located at the end of
steel angles, similar conclusions could be obtained when comparisons were
made between the undamaged and damaged steel angles, as shown in Fig. 10.
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It is noteworthy that when the local damage depth was 1 mm, the ultimate loads
of steel angles with local damages at the mid-height and end remained rather
close to each other. Nevertheless, if the depth of local damage was increased to
2 mm, the ultimate load of steel angles with damaged end was 310.4 kN,
considerably greater than that with the local damage at the mid-height. Hence,
when the depth of local damage was 2 mm, it was more detrimental to the
ultimate load of steel angles when it is located at the mid-height compared with
that at the end.

3.4. Load-strain curves

Fig. 7 shows the load-strain relationship of steel angles under axial
compression. It can be observed that steel angle DCN without local damage
developed different longitudinal strain at the mid-height and the end. The
measured strain at the mid-height increased with the increasing axial
compression, as shown in Fig. 7(a). Nonetheless, the compressive strain of M4
and M5 was significantly smaller than that of M8 and M9 due to the bending of
the steel angles about the minor axis. When the axial load approached the
ultimate load, the strain of M4 and M5 gradually changed from compressive
strain to tensile strain, but that of M8 and M9 increased rapidly with the
increasing axial compression. Note that the maximum strain associated with the
load capacity had exceeded the yield strain of steel angles, indicating that the
steel angle failed at the inelastic stage. Different variations of steel strains were
measured at the end of steel angles, as shown in Fig. 7(b). Strains E1 and E2 at
one toe of the angles were compressive and increased rapidly with the
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increasing load. However, strains E5 and E6 at the other toe were rather close
to zero in the whole loading process. Moreover, the peak compressive strain
corresponding to the load capacity was much smaller than the yield strain.
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Fig. 7 Longitudinal strains measured at different sections of steel angle DCN

When the steel angle was produced with a 2 mm deep local damage at the
mid-height, most of the measured strains varied similarly to those of DCN, as
shown in Fig. 8(a). Special attention should be paid to strains M6 and M7 at the
mid-height. During failure of the steel angle, the measured strains M6 and M7
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changed their signs from compression to tension, indicating the local buckling
of the angle at the mid-height accompanying the overall buckling. As for the
strain measured at the end of the steel angle, it was in general similar to that of
DCN, as shown in Fig. 8(b).
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Fig. 8 Longitudinal strains measured at different sections of steel angle DC-M2
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Fig. 9 Longitudinal strains measured at different sections of steel angle DC-E2

When a 2 mm deep local damage was produced at the end, the load-strain
curve of steel angle DC-E2 differed greatly from that of undamaged steel angles,
as shown in Fig. 9. The strain of M3 and M4 was tensile immediately after
loading (see Fig. 9(a)). This phenomenon was induced by the local deformation
near the locally damaged region which eventually developed local buckling.
The measured tensile strain by M3 and M4 decreased during loading, and then
increased rapidly when the ultimate load was reached. Note that strain gauges
M1 through M4 measured compressive strains in the whole loading process, and
the maximum compressive strain measured at the ultimate load was still
considerably smaller than the yield strain. Thus, the locally damage region was
at the elastic stage when the steel angle failed. The measured strain at the end
of steel angles was in general similar to that at the mid-height, as shown in Fig.
9(b), but the strain of E4 and E5 was compressive rather than tensile at the end.

4. Numerical modelling of steel angles

4.1. Establishment of numerical models

Besides experimental tests, numerical modelling is also performed using
ABAQUS [27] to investigate the behaviour of locally damaged steel angles
under axial compression. Fig. 11 shows the numerical model for steel angles. In
the numerical model, solid element C3D8R is used to model the steel angle and
the end plate. The local damage at the mid-height and the end is modelled by
reducing the thickness of the steel angle. To simplify the model, steel bolts
connecting the steel angle and the end plate are neglected, and the two parts are
tied together. Two reference points are defined at both ends of each steel angle
to simulate the pin support. Before simulations, the mesh size is properly
selected so that it will not affect the accuracy of the numerical model. The mesh
size is determined to be 2 mm in the thickness direction and 10 mm along the
height of steel angles.

Fig. 11 Numerical models for steel angles under axial compression

Table 2
Comparison between numerical and experimental ultimate loads
Experimental Numerical Numerical
. value of .
Steel angles value of ultimate X value/experimental
load (kN) ultimate load value
(kN)

DCN 441.0 427.5 0.97
DC-M1 353.7 340.5 0.96
DC-M2 287.1 289.6 1.00
DC-E1 357.4 362.8 1.02
DC-E2 310.4 331.1 1.07

Average value 1.00
Coeff!m_ent of 43%
variation

4.2. Material properties and initial imperfections

The average mechanical properties of steel plates measured through tension
tests are adopted in the numerical model. To simplify the stress-strain curve, a
bilinear stress-strain curve is employed, of which the elastic modulus remains
the same as that measured in the tension tests, and the hardening modulus is
calculated as the slope of the stress-strain curve between the yield and ultimate
stresses. In addition to the mechanical properties, residual stresses in steel
angles are also defined in the numerical model, and the distribution of residual
stress across the section is taken from GB 50017-2017 [28]. Initial geometric
imperfections are also considered. In most design codes, the initial bending of
steel members is assumed to be 1/1000 of the height. This value is also used in
the present study.

4.3. Model validation

Table 2 summarises the comparisons between numerical and experimental
ultimate loads of locally damaged steel angles under axial compression. It can
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be observed from the table that the numerical results are in good agreement with
the experimental results. The average ratio of numerical to experimental results
is 1.00, with a coefficient of variation of 4.3%. Therefore, the numerical model
is capable of predicting the ultimate load of steel angles with good accuracy. In
addition to the ultimate load, the load-deflection curve of steel angles can also
be predicted with reasonably good accuracy using the numerical model. Fig. 12
shows the comparison between numerical and experimental load-deflection
curve of steel angles. Differences exist at the initial stage of loading. The
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numerical load-deflection curve in general overestimate the initial stiffness of
steel angles, as the gap between steel angles and bolts at the top and bottom ends
is not considered in the numerical model. In addition, the steel angles might
have certain initial deformations or geometric defects, resulting in uncertainty
in the location of the largest deflection. However, the presence of gaps between
bolts and holes does not significantly affect the ultimate load. When the ultimate
load is reached, the numerical deflection increases rapidly with decreasing load.
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Fig. 12 Comparisons between experimental and numerical load-deflection curves of steel angles

Fig. 13 shows the failure mode of steel angles using numerical simulations.
Global buckling of the undamaged steel angle DCN can be observed in Fig.

13(a). The maximum deflection of the steel angle occurs at the mid-height due
to the local deformation near the mid-height. The maximum stress appears at
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the angle toe and has exceeded the yield strength of steel angles. When local
damage is produced at the mid-height, stress concentration in the damaged
region can be observed, as shown in Figs. 13(b and c). Eventually, local
buckling of steel angles also takes place in the damaged region, leading to the
significantly greater Mises stresses. It can be seen that the maximum stress of
DC-M1 in the mid-span is 471.0 MPa, whereas that of DC-M2 is 467.7 MPa,
indicating that the maximum stress is not significantly affected by the depth of
local damage. However, the Mises stress in steel angles with local damage at
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the mid-height is also increased as compared with that in the undamaged steel
angle. By contrast, when the end of steel angles is damaged, the region with the
maximum Mises stress gradually moves towards the end, as shown in Figs. 13(d
and e). The maximum local deformation of DC-EL1 still occurs at the mid-height,
whereas that of DC-E2 appears at the end of the steel angle. Note that the
numerical deformation profile of DC-E1 is different from the experimental
observation, as in the numerical model the steel angles and the end plate are tied
together which prevents the development of local deformation near the end.
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Fig. 13 Numerical failure modes of steel angles with damages

5. Parametric study

With the verified numerical model, a series of parametric study was
conducted to investigate the effects of slenderness and local damage depth on
the ultimate load of damaged steel angles, as shown in Figs. 14 and 15. The
three aspect ratios are intended to compare the effects of local damage depth
and slenderness on the ultimate load-carrying capacity of specimens. The
selection of these three aspect ratios is found to reveal underlying patterns
during the analysis. Detailed analyses and discussions can be found in the
following section.

5.1. Effect of slenderness

Fig. 14 shows the effect of slenderness on the ultimate load of damaged
steel angles subjected to axial compression. It can be observed that when the
local damage is located at the mid-height of steel angles, the ultimate load
decreases almost linearly with increasing slenderness from 50 to 100 (see Fig.

14(a)). For instance, for a damage depth of 1 mm, the ultimate load of steel
angles with a slenderness of 50 is 340.5 kN, whereas that of steel angles is
reduced to 209.1 kN when the slenderness is increased from 50 to 100. When
the damage depth is increased to 2 mm, a similar load-slenderness relationship
is obtained for damaged steel angles. However, the slope of the curve is
significantly reduced in comparison with the curve of steel angles with 1 mm
deep local damage. It indicates that when the damage depth is increased from 1
mm to 2 mm, the effect of slenderness becomes less significant. Fig. 14(b)
shows the ultimate load-slenderness relationship when the local damage is
located at the end of steel angles. The overall relationship remains similar to
those with the local damage at the mid-height. However, it should be pointed
out that when the slenderness of steel angles exceeds 50, the ultimate load of
steel angles with 1 mm deep local damage is rather close to that with 2 mm deep
local damage. It is attributed to the fact that with increasing slenderness,
buckling of steel angles dominates in which the local damage at the end plays a
limited part.
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Fig. 14 Effect of slenderness on load capacity of steel angles

5.2. Effect of local damage depth

Fig. 15 shows the effect of local damage depth on the ultimate load of steel
angles. It can be observed that for a given slenderness of steel angles, the
ultimate load of steel angles decreases significantly with increasing depth of
local damage at the mid-height (see Fig. 15(a)). For steel angles with a
slenderness of 50, the ultimate load of the undamaged angle was 427.5 kN,
whereas that of steel angles with a 2 mm deep local damage was reduced by
32.3% to 289.6 KN. Nonetheless, the reduction of ultimate load with increasing
local damage depth becomes less significant when the slenderness of steel
angles was increased from 50 to 100. Fig. 15(b) shows the effect of local damage
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depth on the ultimate load of steel angles when the local damage is located at
the end. In general, the ultimate load of steel angles decreases gradually with
the increase of the depth of local damage at the end when the slenderness of
steel angles is 50. The ultimate load of steel angles with 2 mm deep local
damage is 331.1 kN, 23.5% lower than that of the undamaged member.
Nevertheless, when the slenderness of steel angles is 75 or 100, the effect of
local damage depth on the ultimate load becomes less significant, in particular
when the damage depth at the end is increased from 1 mm to 2 mm. Therefore,
it can be concluded that local damages at the end of steel angles mainly affect
the ultimate load of steel angles with smaller slendernesses.
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Fig. 15 Effect of damage depth on load capacity of steel angles

6. Design equations for steel angles

Existing design methods [29] can calculate the ultimate load or the buckling
coefficient of steel angles under axial compression, but the effect of local
damage at different locations cannot be considered in the design method. In this
section, a set of design equations is proposed to take account of the effect of
local damage on the global buckling resistance of steel angles. In the equation,
the ultimate load of steel angles with local damage can be computed from

F=(1-RnyF, (1)

in which F, is the ultimate load of steel angles without local damage, 7; is the
local damage ratio, R is a reduction factor for the slenderness of steel angles,
and F is the load capacity of locally damaged steel angles.

For steel angles with different depths of local damage, the local damage
ratio is expressed in Eq. (2).

Xz

Ns =+ (2)

_ (1-Dov)x(2Bt—t?)+t2-2Bt

Xz 2t-4B @)

Doy = Ydam )

Veotal

where x, is the equivalent thickness of steel angles after considering the effect
of local damage, t is the original thickness of steel angles, B is the original
width of steel angles, DOV is the volumetric ratio of the local damage to the
whole steel angle, Vy,., is the volume of the local damage, and V. is the
volume of the whole steel angle.

Additionally, the width-to-thickness ratio is a crucial parameter influencing
the stability of structural components. Within the limit of the width-to-thickness
ratio for equal-leg steel angle, a parametric study of the design equation suggests
that b/t may influence x, (the equivalent thickness of steel angles) and
subsequently affect the load-carrying capacity after corrosion. Through the
simplification of x,, it is determined that x, is the product of DOV and t/2.
Therefore, x, is independent of b/t, indicating that b/t does not affect the
proposed design equation.

Experimental and numerical results show that the effect of local damage on
the load capacity is relevant to the slenderness of steel angles. The effect is more
significant when the slenderness of steel angles is small. To determine the
influence of slenderness, expressions are developed through linear regression
for the reduction factor of slenderness, as expressed in Egs. (5) and (6).
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R = —0.030711 + 4.65523 (5)

R =—0.009164 + 1.52063 (6)

in which 2 is the slenderness of steel angles about the weakest axis.

Fig. 16 shows the comparison of the calculated buckling coefficient using
the proposed equations with numerical results and the design curve. The
buckling coefficient and normalised slenderness can be determined from Eqs.
(7) and (8). It can be observed that the calculated result is in good agreement
with the numerical result, but both the calculated and numerical buckling
coefficients of steel angles with local damage at the mid-height are far below
the design curve, as shown in Fig. 16(a), in particular when the normalised
slenderness is small. The difference between the calculated result and the design
curve is reduced with increasing normalised slenderness. Besides, the depth of
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local damage also has a significant influence on the calculated buckling
coefficient. When the depth of local damage is 1 mm at the mid-height, the
calculated result is around 35.0% lower than the design curve. When the depth
of local damage is increased to 2 mm, the calculated buckling coefficient is
further reduced by 41.5% as compared with the design curve.

=£
0= Q)
A |t
A =2x Ey ®)

where ¢ is the buckling coefficient, 1,, is the normalised slenderness, f,, is
the yield strength of steel angles, and E is the elastic modulus of steel angles.
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Fig. 16 Comparisons between calculated buckling coefficient and design curve of steel angles with local damages

Fig. 16(b) shows the comparison of the calculated buckling coefficient
using the proposed equation with the numerical result and design curve. It can
be found that the calculated result agrees reasonably well with the numerical
result, whereas both of them fall far below the design curve. When the local
damage depth is 1 mm, the calculated buckling coefficient is roughly 33.8%
lower than the design curve. If the local damage depth is increased to 2 mm, the
calculated buckling coefficient becomes 35.8% smaller than the design curve.
Furthermore, comparisons can also be made between the calculated buckling
coefficient of steel angles with local damage at the mid-height and the end. In
general, the local damage at the mid-height will have a more significant
influence on the buckling coefficient than that at the end of steel angles.
Therefore, in the design process, considerations should be taken to the impact
of corrosion on the ultimate compressive load-bearing capacity of steel angles.

7. Conclusions

This paper presents experimental and numerical investigations on the
compression behaviour of locally damaged steel angles with equal legs. Five
groups of steel angles were tested under axial compression, in which local
damages of different depths were prefabricated at different locations. The load
resistance and failure pattern of steel angles were obtained through experimental
tests. Besides, numerical models were also established for steel angles.
Parametric studies were also conducted using the verified numerical model to
investigate the influence of local damage depth and slenderness on the ultimate
load of steel angles. Finally, design equations were developed to take account
of the effect of local damages on ultimate resistance. The following conclusions
could be drawn from experimental and numerical studies.

(1) When local damages were located at the mid-height of steel angles, the
ultimate resistance of the angle decreased with increasing depth of local
damages. The ultimate load of the undamaged steel angle DCN was 441.7 kN,
whereas those of steel angles DC-M1 and DC-M2 with 1 mm and 2 mm deep
local damages were 353.7 kN and 287.1 kN, respectively, reduced by 19.9%
and 35.0% as compared with DCN.

(2) For steel angles with local damages at the end, the ultimate resistance
also decreased when the depth of local damages increased from 0 to 2 mm. The
ultimate loads of damaged steel angles DC-E1 and DC-E2 were 357.4 kN and
310.4 kN, respectively, roughly 19.1% and 29.7% lower than that of DCN.

(3) Numerical results showed that the influence of local damages on the
ultimate load becomes increasingly insignificant when the slenderness of steel
angles is increased from 50 to 75. For instance, when the slenderness of steel

angles is 120, a 2.0 deep local damage at the mid-height will only reduce the
ultimate load of the steel angle by 15.6% from 235.9 kN to 199.0 kN compared
with the undamaged steel angle.

(4) A design method is proposed based on the experimental and numerical
results of locally damaged steel angles. In the method, the effect of local damage
is considered by converting it to equivalent overall reduction of the steel angle
thickness, and a reduction factor is defined to reflect the influence of slenderness
on the buckling coefficient of locally damaged steel angles.
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ABSTRACT

ARTICLE HISTORY

GFRP (Fiber Reinforced Polymer) reinforcement material is characterized by high strength and excellent corrosion
resistance, which exhibits promising application prospects in engineering. The GFRP reinforcement for steel -concrete
beams can increase the structural load-bearing capacity and durability. In this study, a refined finite element model of high-
temperature GFRP-reinforced recycled steel-concrete beams was established by using ABAQUS software. The temperature
distribution and residual load-carrying capacity of GFRP-reinforced recycled steel-concrete beams were analyzed, and the
reliability of the model was validated based on the results of full-scale experiments on 16 groups of recycled steel-concrete
beams. By using the validated model, the influence of heating temperature, reinforcement strength, steel strength,
strengthening method, and concrete strength on the residual load-carrying capacity of the structure was analyzed. The stress
patterns and failure mechanisms of GFRP-reinforced recycled steel-concrete beams were also analyzed. As can be seen
from the results, the Type II strengthening method significantly increased the load-carrying capacity of recycled steel-
concrete beams. It was also found that the load-carrying capacity of the tested beams was greatly affected by temperature.
Under the temperature of 200°C and 600°C, the load-carrying capacity of the unreinforced specimens decreases by
approximately 13% and around 25%, respectively. Under the same heating temperature, compared to the unreinforced
specimens, the load-carrying capacity was increased by approximately 10% by using the Type I strengthening method, but
only around 4.7% by the Type II strengthening method. Finally, based on the results of this study and existing relevant
experimental and numerical simulation results, and considering its feasibility and effectiveness, the Type I strengthening
method for reinforced recycled steel-concrete beams was proposed. In general, the research findings of this paper can
provide theoretical support for the design of reinforced recycled steel-concrete beams.
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1. Introduction

Green and energy conservation are increasingly prevailing in the
development of the construction industry. The application of new materials and
new structures can better protect the environment [1-2], and Glass Fiber
Reinforced Plastic Fiber (GFRP) is such a new type of green high-performance
material with prominent advantages of lightweight, high strength, great
corrosion resistance, and easy machinability, which has been widely used in
practical engineering structures [3-5]. Research shows that the compressive
strength and elastic modulus of recycled aggregate concrete (RCAC) are lower
than that of ordinary concrete, while its strength and durability can be improved
by changing the addition method of admixtures. [6-10] Compared to ordinary
reinforced concrete beams, steel-reinforced recycled aggregate concrete
(SRRAC) [11-14] is advantageous in load-carrying capacity and stiffness, which
is mainly due to the mutual restraint and effective force collaboration between
steel and concrete. Moreover, as an environmentally friendly material, recycled
concrete can address the pollution caused by construction waste. The GFRP
reinforcement for recycled steel-concrete beams enhances, on the other hand,
the load-carrying capacity and durability of the structure. However, the high-
temperature caused by fires can deteriorate the GFRP reinforcement,
consequently impacting the overall durability, load-carrying capacity, and even
threatening the structural safety.

Currently, scholars from China and abroad have conducted systematic
studies on the mechanical properties of recycled concrete beams reinforced with
steel at both room temperature and above, including experimental research,
numerical simulations, and theoretical analysis. [15-20] Chen et al. proposed a
new structure of steel-reinforced recycled aggregate concrete (SRRAC), thereby
using the confinement effect of section steel sections to compensate for the
deficiencies of RA [21]. Danying Gao, et al. conducted a four-point bending test
on 13 beams, and found that the shear bearing capacity of recycled aggregate
and steel fiber concrete beams decreased with the increase of the replacement
rate of recycled coarse aggregate. In the meantime, the volume of steel fiber
gradually increases as the score increases. Emmanuel E. Anike et al. [22] found
that the bearing capacity of hybrid beams prepared by conventional methods,
containing 100% recycled aggregate (RA) and 1% steel fiber (SF) is comparable
to that of similar mixtures without SF and the reference. Compared with the
mixture, it has increased by 13% and 8%, respectively. Arash Karimi Pour et al.
[23] studied the influence of simultaneous effects of GFRP and PP fibers on
improving the shear properties of high-strength (HS) recycled coarse aggregate

(RCA) concrete beams. The test was conducted on 36 RC beams fabricated,
showing that as the RCA content increased, PP fibers were more effective in
enhancing the shear properties of GFRP steel-reinforced high-strength concrete
(HSC) beams. Faraz Tariq et al. [24] studied the mechanical properties and
bonding properties of fire-exposed recycled coarse and fine aggregate concrete
(RAC), and provided the load and residual slip as well as bond temperature
relationships and subsequent deterioration based on the test result. A model of
interrelationships was proposed to help in the prediction of the performance of
structural elements made of RAC after exposure to fire or high temperature.
Zongping Chen et al. [25] studied the eccentric compression behavior of
recycled aggregate concrete (RRAC) columns at high temperature by means of
experiments and numerical simulations. They found that temperature is the main
factor affecting the eccentric compression behavior, followed by eccentricity,
and the replacement percentage of RCA. They also proposed an equivalent
model for the residual bearing capacity of RRAC columns. Xue Jianyang et al.
[26] conducted comparative experimental research on ordinary steel-reinforced
concrete beams and steel-reinforced recycled concrete beams, with concrete
strength, shear-span ratio, and replacement of recycled aggregate as
experimental parameters. As can be seen from the study, the two types of beams
exhibited similar load-carrying mechanisms, and the strength reduction of the
steel-reinforced recycled concrete beams was not significant compared to
ordinary steel-reinforced concrete beams. Wu Ping Chuan et al. [27] conducted
static load tests on four groups of steel recycled concrete beams, and observed
the failure modes of the test beams. In the study, the aggregate replacement rate
was found to have little impact on the bearing capacity of the test beams. Chen
Zongping et al. [28] conducted comparative experimental research on steel-
reinforced concrete specimens, focusing on the replacement rate of recycled
coarse aggregate, bonding location between steel and recycled concrete, and the
thickness of the steel protection layer. In the study, they proposed a calculation
and prediction formula for the bonding strength between steel and concrete. Han
Fei et al. [29] carried out flexural performance tests on basalt fiber-reinforced
polymer (BFRP) reinforced recycled concrete beams and ordinary reinforced
recycled concrete beams. It was revealed that BFRP-reinforced recycled
concrete beams exhibited superior ductility and load-carrying capacity
compared to ordinary reinforced recycled concrete beams. In the experimental
research on steel-reinforced recycled concrete beams after exposure to high
temperatures, Chen Zongping et al. considered the heating temperature and
replacement rate of recycled aggregate as experimental parameters, and revealed
the bending failure and damage mechanism of steel-reinforced recycled concrete
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beams after high-temperature exposure. Additionally, they proposed a
calculation formula for predicting the residual load-carrying capacity of steel-
reinforced recycled concrete beams after high-temperature exposure.
Furthermore, scholars from China and abroad conducted experimental studies
and analysis on the mechanical performance degradation of FRP reinforcement
after exposure to high temperatures with substantial research achievements in
this field. For instance, Lu Chunhua et al. [31] conducted experimental research
on the tensile properties of two types of FRP reinforcements (BFRP and GFRP),
and observed the microstructure of the two types of reinforcements after high-
temperature damage using scanning electron microscopy. Based on the
experimental results, they proposed a tensile strength degradation model for both
types of reinforcements in the temperature range of 20-220°C. Gao Yong Hong
et al. [32] analyzed the tensile strength characteristics of GFRP reinforcement
with different steel bar diameters (16mm, 22mm and 25mm) after exposure to
high temperatures, using the steel bar diameter as an experimental parameter.
Based on the relationships established between the ultimate tensile strength,
ultimate elongation, elastic modulus, and temperature, extensive research has
been conducted on the mechanical properties of steel-reinforced recycled
concrete beams under ambient and high-temperature conditions, as well as on
the degradation of FRP reinforcement after high-temperature exposure.
However, the research on high-temperature GFRP-reinforced recycled concrete
beams is limited. To explore the influence of GFRP reinforcement strength and
strengthening methods on the load-carrying capacity of steel-reinforced recycled

(a) 3D structure diagram

Recycled concrete
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concrete beams, a refined finite element model of high-temperature GFRP-
reinforced steel-recycled concrete beams was established by using ABAQUS
software. The accuracy and reliability of the model were validated by the full-
scale experimental results of high-temperature steel-reinforced recycled
concrete beams from both domestic and international sources. Furthermore,
parameter analysis was performed to find out the factors influencing the high-
temperature steel-reinforced recycled concrete beams. The accuracy of the
composite beam design method as specified in GB 50017-2017 [33] “Code for
Design of Steel Structures" was evaluated based on the finite element analysis
results and using the variability analysis approach. Consequently, a design
method considering GFRP reinforcement for steel-reinforced recycled concrete
beams was proposed.

2. Establishment of finite element model
2.1. Overview of the model

Finite element model of GFRP-reinforced recycled concrete beams for
vertical shear performance was established by using ABAQUS software. The
model mainly includes I-shaped steel beams, GFRP reinforcement bars, steel
bars, and concrete beams, etc. The 3D structure of the recycled concrete beams
with I-shaped steel is shown in Fig. 1(a), and the established finite element
model is shown in Fig. 1(b).

Steel

rebar The whole frame

(b) Finite element analysis model of component

Fig. 1 Schematic diagram of steel reinforced recycled concrete beam
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Fig. 2 Interaction and Boundary Condition Setting of GFRP Reinforcement Reinforced Steel Recycled Concrete Beams
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2.2. Element selection and mesh division

The model of GFRP-reinforced recycled concrete beams was established
based on three types of elements, namely, I-shaped steel beams, bearing pads,
and concrete beams, using hexahedral eight-node solid elements (C3D8R). On
the other hand, the longitudinal bars and stirrups were simulated using truss
elements (T3D2). To improve the computational accuracy, during mesh division,
the mesh element size of the concrete beams is set to be up to 15mm, ensuring a
minimum of 4 elements in the thickness direction to satisfy the requirements of
integral calculations, and avoid numerical singularities. The element size of the
steel beams is controlled within 20mm, and that of the steel bars does not exceed
20mm. A "void" operation is performed in the concrete beams to accommodate
the placement of I-shaped steel beams, which enables the interaction of bond-
slip between the steel beams and the concrete beams.

To ensure the smooth introduction of the temperature field ODB file, the mesh
partitioning of the temperature field model and the mechanical model of GFRP-
reinforced recycled concrete beams must be identical.

2.3. Interaction and boundary condition settings

The interaction settings for the components of the GFRP-reinforced
recycled concrete beam model are as follows.

(1) The coupling of degrees of freedom between the steel reinforcement cage
and the concrete beam is achieved through the built-in area command, which
enables them to work together.

(2) Interactions are set at the interface between the steel beam and the concrete
beam to define the bond-slip behavior between them.

(3) Thermal convection and thermal radiation are applied to the surface of the
concrete to simulate heat conduction. The thermal convection coefficient is
set to 25 W/(m?-K), and the thermal radiation coefficient is set to 0.5. The
I-shaped steel beam and the concrete are tied together during the temperature
field analysis to enable heat transfer.

(4) The steel bars are bonded to the surface region of the concrete beam, and
loading is achieved through the coupling of degrees of freedom.

(5) Binding constraints are applied between the steel beam and the loading pad.

The boundary conditions of the GFRP-reinforced recycled concrete beam
test specimen are consistent with that of the experiment, with one end fixed and
the other end hinged. Displacement-controlled loading is applied during the
modeling, and the specific boundary and interaction settings are shown in Fig.

2.

2.4. Material constitutive models

The constitutive models of concrete and steel materials have to be
determined in the finite element model. The specific constitutive models are as
follows.

(1) Constitutive model of concrete: the concrete is modeled by using the
concrete plastic damage (CDP) model, with a Poisson's ratio of 0.2[34]. The
elastic modulus of ordinary concrete is calculated by using the equation
specified in the European Concrete Design Code EC2-2004[33] as follows.

Ec =22 (f/10)*° ()]

where £, represents the axial compressive strength of the concrete.

The E¢ gac model is adopted for recycled concrete, which considers the
replacement ratio (k) and the residual mortar content Ygrym of recycled coarse
aggregates, as described in Reference [35].

EC,RAC:(l - 2/3 . kYRm)EC 2

5004 Q345

0 T T T T T T 1
0.00 0.05 0.10 0.15 0.20 0.25 0.30 0.35

strain ¢
(a) Constitutive Model of Q345 and Bolts
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where Yg,, represents the residual mortar content, which is typically between 30%
and 50% [36]. In the case of unknown residual mortar content, an average value
of 40% can be used. k refers to the replacement ratio of recycled coarse
aggregates.

The compressive stress-strain behavior of recycled concrete and ordinary
concrete is simulated by using the concrete stress-strain model proposed by Xiao
et al. [37], which accounts for the influence of the replacement ratio of recycled
coarse aggregates, as illustrated in Fig. 4. The equation of the model is as follows:

me, + (3 —2m)e,? + (m — 2)e,?

Ox = Ex

(0 <e <1
(6,2 1) @

n(ex—1)2+ey

where €, represents the relative compressive strain of concrete, &, = €./&,

, & refers to the compressive strain of concrete, €, stands for the peak
compressive strain of concrete; g, denotes the relative compressive strength of
concrete, 0, = 0. /f.r» 0. is the compressive stress of concrete, f,,represents
the axial compressive strength of concrete; and m and n are the influence factors
of the replacement ratio of recycled coarse aggregates, which can be calculated
by using the following equation.

m=2.2(0.478k? — 1.231k + 0.975)
n=0.8(7.664k + 1.142) @)

The tensile stress-strain relationship of recycled concrete is similar to that
of ordinary concrete [38], and the concrete tensile stress-strain model proposed
by Xiao et al. [37] is adopted, which is expressed as follows:

Orx = PéE¢x — (p - 1)£té,x (5)

where & ,represents the relative tensile strain of concrete, &, = & — &y,

, & refers to the tensile strain of concrete, &, denotes the peak tensile strain of
concrete; &, stands for the relative tensile strength of concrete, o, =
0t/ fru> O¢ 1s the tensile strength of concrete; and p refers to the ratio of tangent
modulus to secant modulus at the reference point, which can be calculated by
using the following equation:

P =0.007k + 1.190 (6)

47

Fig. 3 Stress-strain curve of concrete
500
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stress /MPa
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(b) Constitutive Model of HRB400 Reinforcing Steel

Fig. 4 Steel constitutive
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2.5. Material constitutive model

The constitutive relationships for steel beams and bolts are shown in Fig.
4(a). The constitutive model for steel beams considers strain hardening at both
room temperature and high temperature, while the steel reinforcement is
calculated by using an ideal elastic-plastic model with the strength values
determined based on the experimental results. The constitutive relationships are
illustrated in Fig. 4(b).

_{Ess £<g,
o=

fy &g =<e¢

®

where f, represents the yield strength of the steel material; E refers to the
elastic modulus of the steel material; and &, stands for the yield strain of the
steel material.

2.6. Model verification

(a) Three-dimensional view of composite beam
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Finite element analysis was conducted on high-temperature recycled steel-
reinforced concrete beams, as shown in [39], and the accuracy and feasibility of
the model were verified by comparing the finite element simulation data with
the experimental data obtained from previous studies.

2.6.1. Existing experimental parameters and results

Existing test results of steel-reinforced concrete composite beams using
recycled materials were collected to validate the accuracy and feasibility of the
finite element analysis. The parameters of the steel-reinforced concrete
composite beam specimens employed in this study were as follows: length of
1100mm, width of 150mm, height of 200mm, protective layer thickness of
25mm, recycled concrete strength grade of C40, Steel type 10, Q345 for internal
steel, longitudinal reinforcement of 14mm-diameter HRB335, stirrups of
6.5Smm-diameter HPB300, temperatures of room temperature, 200°C, 400°C,
and 600°C. Besides, the replacement rates were 0%, 30%, 70%, and 100%. The
detailed cross-section of the test beam is shown in Fig. 5, and Table 1
summarizes the test parameters and results for all specimens.

Ao

110

20

00

.,

1 Po@100

X J \ 2414

(b) Cross-section view at mid-span

Fig. 5 Detailed drawings of the test piece

2.6.2. Finite element model verification

Experimental research was conducted on steel-concrete beams using
recycled concrete under room-temperature and high-temperature conditions, as
shown in the reference [39]. Fig. 6 shows the comparison between the
experimental and finite element results of the load-deflection curves of selected
test beams. The error of simulated ultimate load values of the model created in
ABAQUS ranges from 0.15% to 3.82% compared to the experimental values. It
can be seen from the diagram that the overall distribution of the two curves is
similar, and can be divided into three stages. The load-deflection curve of the

Table 1

steel-concrete beams using recycled concrete, obtained based on the thermal-
structural coupling analysis method, is generally like the experimental curve
with some differences. Overall, the difference between the two curves is within
10%, indicating a good agreement between the experimental results and the
simulated values. The above results indicate that the finite element model can
well predict the flexural performance of steel-concrete beams using recycled
concrete. On this basis, further mechanical performance analysis can be
conducted for GFRP-reinforced steel-concrete beams using recycled concrete.

Major experimental parameters and results of steel-reinforced recycled composite beams

Test specimen number Ko/kN-mm™1 Puw/kN 0 fo/mm Strength grade/MPa T/°C M
SA-T25-0-1 153.8 249.5 2.0 4.06 C30 0
SA-T25-30-2 166.7 257.2 2.0 5.75 C30 30
Room temperature
SA-T25-70-3 200.0 2553 2.0 7.11 C30 70
SA-T25-100-4 160.0 256.7 2.0 2.99 C30 100
SA-T200-0-1 103.4 255.4 2.0 3.39 C30 0
SA-T200-30-2 146.3 230.0 2.0 4.76 C30 30
SA-T200-70-3 171.4 2379 2.0 5.15 C30 20 70
SA-T200-100-4 181.8 263.0 2.0 4.80 C30 100
SA-T400-0-1 136.4 234.0 2.0 4.37 C30 0
SA-T400-30-2 157.9 227.6 2.0 3.50 C30 30
SA-T400-70-3 126.6 242.7 2.0 5.64 C30 0 70
SA-T400-100-4 133.3 248.0 2.0 4.90 C30 100
SA-T600-0-1 92.0 188.4 2.0 4.67 C30 0
SA-T600-30-2 87.0 194.5 2.0 5.85 C30 30
SA-T600-70-3 81.3 202.8 2.0 6.95 C30 o0 70
SA-T600-100-4 88.9 170.0 2.0 4.71 C30 100

Note: The letter group "SA" in the specimen code represents steel-concrete beams, and the letter "T" indicates the heating temperature. Ky refers to the initial stiffness
value of the specimen, and the secant stiffness at P=0.4P, is taken as the initial stiffness of the specimen. 0 represents the shear span ratio, where 6=a/h0, a stands for
the length of the shear span, and hy is the effective height of the cross-section. f, denotes the peak load, and A represents the replacement rate of recycled aggregates.
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Fig. 6 Comparison of section steel recycled concrete beam test and finite element results
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Fig. 7 Temperature field distribution of section steel recycled concrete beams

The temperature distribution of the heated specimen is shown in Fig. 7, as
can be seen, the surface temperature of the steel-concrete beam is higher when
being heated. Due to the low thermal conductivity of concrete, outside-in heat
transfer is relatively slow, exhibiting a significant thermal inertia. Conversely,
steel experiences faster heat transfer.

The simulated results of the specimens are shown in Fig. 8. It can be
observed from Fig. 7(a) to Fig. 7(b) that the steel-reinforced recycled concrete
beams undergo deformation within the plane only without out-of-plane torsional
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deformation. The analysis based on Fig. 8(c) indicates that the failure mode of
the steel-ECC composite beam simulated by using finite element method is
flexural failure. Fig. 8(b) shows that the tensile damage simulated by using the
finite element method reproduces the cracking pattern of the steel-reinforced
recycled concrete beams. Fig. 8(d) illustrates the stress and deformation of the
steel beams and steel reinforcement cages in the finite element model. It can be
concluded that the finite element model can be used to accurately analyze the
failure mode of steel-reinforced recycled concrete beams.
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Fig. 8 Simulation results of section steel recycled concrete beam

3. Parameter analysis
3.1. GFRP reinforcement for tension members

The type I strengthening method involves using GFRP tendons to reinforce
the steel-reinforced recycled concrete beams, with the reinforcement

configuration shown in Fig. 9. The strength of GFRP tendons under normal
temperature and high temperature is shown in Table 2 [40]. Fig. 10(a) shows the
analysis of the load-displacement curves of steel-reinforced recycled concrete
beams with different diameters (4mm, 6mm and 8mm) under a fire temperature
of 600°C, and a replacement ratio of 100%. As can be seen from the diagram,
the curves based on different GFRP tendon diameters are similar at the elastic
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stage. The ultimate load-carrying capacity of the members increases with the
increase of GFRP tendon diameter. Compared to the unreinforced specimens,
the ultimate load-carrying capacity of the 4mm, 6mm and 8mm GFRP tendon-
steel-reinforced recycled concrete beam was increased by 6.38%, 13.03% and
22.35%, respectively. Fig. 10(b) illustrates the analysis of the load-displacement
curves of steel-reinforced recycled concrete beams with different spacing
(50mm, 75mm and 100mm) of GFRP tendons under a fire temperature of 600°C
and a replacement ratio of 100%. By changing the spacing of the tendons, as can
be seen, compared to the unreinforced specimens, the ultimate load-carrying
capacity of the GFRP tendon-steel-reinforced recycled concrete beams was
increased by 4.79% at a spacing of 100mm, 12.80% at a spacing of 75mm, and
16.74% at a spacing of SOmm, respectively.

Fig. 9 Type | reinforcement method
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Table 2
Mechanical properties of GFRP ribs at room temperature and high temperature

Heating temperature/°C Elastic modulus/GPa Tensile strength/MPa

20 328 884.6

50 28.7 774.0

100 24.6 663.5

150 20.5 552.9

200 16.4 4423

250 12.3 331.7
300 8.2 221.2
350 4.1 110.6

3.2. Longitudinal reinforcement with GFRP bars

Type II strengthening method involves the use of GFRP longitudinal bars
to reinforce the steel-reinforced recycled concrete beams. Fig. 11 shows the
analysis of the load-displacement curves of steel-reinforced concrete beams in
different diameters (12mm, 15mm and 18mm) of GFRP bars under a fire
temperature of 600°C and a substitution rate of 100%. As can be seen, in the
elastic stage, the curves based on different diameters of GFRP bars are
essentially the same. For the ultimate load of each component, the increase of
the diameter of GFRP longitudinal bars can increase the ultimate bearing
capacity of the component. Compared to the ordinary specimens, the ultimate
bearing capacity of the steel-reinforced concrete beams was increased by
2.14% with 12mm GFRP bars, 3.89% with 15mm GFRP bars, and 4.67% with
18mm GFRP bars.
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Fig. 10 Parametric analysis of Type | reinforcement method
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Fig. 11 Parametric analysis of Type Il reinforcement method-longitudinal rib diameter

3.3. GFRP strength

Parameter analysis of the ultimate bearing capacity of steel-concrete beams
with different reinforcement material strengths is conducted for Type I and Type
II strengthening methods. The tensile strength of the reinforcement material is
set as the original strength including 1000MPa, 1100MPa and 1200MPa. Fig.
12(a) presents the load-displacement curves of steel-concrete beams with
different strengths of GFRP reinforcement (diameter of 4mm) using Type 1
strengthening method under a fire temperature of 600°C and a replacement ratio
of 100%. In the elastic stage, the curves are generally consistent for different
GFRP reinforcement strengths, and with the increase of GFRP reinforcement
strength, the ultimate bearing capacity of the components increases. Compared
to the specimens with original strength, the ultimate bearing capacity of GFRP-
reinforced steel-concrete beams is increased by 1.97% with 1000MPa, 3.86%
with 1100MPa, and 5.97% with 1200MPa. Fig. 12(b) shows the load-
displacement curves of steel-concrete beams with different strengths of GFRP
reinforcement (with the diameter of 4mm) using the Type II strengthening
method at a fire temperature of 600°C and a replacement ratio of 100%. At the
elastic phase, the curves based on different GFRP reinforcement strengths are
generally consistent, and with the increase of GFRP reinforcement strength, the
ultimate bearing capacity of the components increases. Compared to the
specimens with original strength, the ultimate bearing capacity of GFRP-
reinforced steel-concrete beams was increased by 1.15% with 1000MPa, 2.04%
with 1100MPa, and 3.37% with 1200MPa.
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Fig. 12 Analysis of reinforcement strength parameters

4. Conclusion

In this study, the influence of reinforcement methods and reinforcement
material strength on the ultimate load-carrying capacity of GFRP-steel
reinforced concrete beams was explored, and the load-carrying mode and failure
mechanism of GFRP-steel reinforced concrete beams were analyzed. The
following conclusions are drawn as follows:

(1) In a high-temperature fire environment, there is a noticeable temperature lag
between the interior steel and GFRP reinforcement surfaces compared to the
surface of the steel-concrete composite beams.

(2) A refined GFRP-SARC beam model was established by incorporating
nonlinear material mechanics and bond-slip models for steel-reinforced
concrete beams. The finite element model constructed by using ABAQUS
software can predict the flexural performance of GFRP-steel-reinforced
concrete beams accurately and effectively. Full-scale tests on six composite
beam specimens revealed that the bending load-carrying capacity predicted
by the finite element analysis deviated by an average of approximately 2%
from the experimental results, while the flexural stiffness deviated by an
average of approximately 3%.

(3) The Type I strengthening method significantly improves the load-carrying
capacity of steel-reinforced recycled concrete beams. The load-carrying
capacity of the tested beams is greatly affected by temperature, which is
decreased by approximately 13% after exposure to a temperature of 200°C,
and around 25% after exposure to a temperature of 600°C without
strengthening. After being treated at the temperature of 600°C, the Type I
strengthening method exhibited an average increase in load-carrying
capacity of 10% compared to the unreinforced specimens, while the Type 11
strengthening method showed an average increase of approximately 4.7%.

(4) The Type T strengthening method is a key influencing parameter for the
flexural behavior of steel-reinforced recycled concrete beams. The proposed
Type I strengthening method can significantly enhance the load-carrying
capacity of SARC beams, while providing higher safety reserves.
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ABSTRACT

ARTICLE HISTORY

Discrete screws can introduce discontinuities at the interface of built-up plates, leading to various buckling modes in
cold-formed steel (CFS) built-up plates, namely coordinated buckling and delamination buckling. The impact of these
buckling deformation modes on the stability mechanism of CFS screw-connected built-up plates is significant and cannot
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be overlooked. Consequently, this paper establishes theoretical models for both buckling modes. Analytical solutions for

the critical buckling stress (CBS) of the screw-connected built-up plate under these two modes are derived. The validity of
the buckling modes and the analytical solutions is confirmed through experimental verification. The results indicate that:

KEYWORDS

(1) delamination buckling is invariably a higher-order mode in comparison to coordinated buckling, and as such, only

coordinated buckling is required for calculating the CBS; (2) the CBS calculation method proposed in this paper aligns
more closely with the actual mechanical behavior of screw connections in CFS built-up plates.

Copyright © 2024 by The Hong Kong Institute of Steel Construction. All rights reserved.

Cold-formed steel;

Screwed connection of built-up
plates;

Shear slip;

Coordinated buckling;
Delamination buckling;

Critical buckling stress

1. Introduction

Cold-formed steel (CFS) members are widely used domestically and
internationally due to their flexible forming, simple production process, and
high post-buckling strength. The built-up members assembled using
self-drilling screws are commonly used in engineering circles. The stability of
a single plate has been studied by Timoshenko [1] and the relatively perfect
elastic stability theories have been established [2,3]. The CFS built-up
members are being used to meet the increasing demand for practical projects in
recent years. Self-drilling screws have gradually become one of the primary
methods for connecting composite plates due to their simple construction,
excellent connection stiffness, and high bearing capacity [4-6].

Therefore, scholars have studied the mechanical characteristics of CFS
composite plates [7-9]. The results indicate that the shear capacity of
self-drilling screw groups exhibits a "group reduction effect". Recently, the
influences of screws on the high-strength (G550) CFS members were
experimentally and numerically investigated [10]. Different behaviors that
occur simultaneously in the screw connection test were successfully simulated:
steel plate tearing and pulling out, end plate failure, screw tilting, and fracture.
The shear behavior of the CFS plate connected by self-drilling screws was
studied using experimental, numerical, and analytical models. Three typical
failure modes were identified [11]. A model was proposed and calibrated to
predict the shear deformation of the screw built-up plate. A revised reduction
factor for the bearing capacity is presented based on the Australian Standard.
The shear behavior of self-drilling screw connections in CFS plates was
studied through experiments and numerical analysis. Three typical failure
modes were identified through research, and it was found that these three
failure modes are closely linked to the ratio of screw diameter to plate
thickness [12]. Liu [13] conducted an experimental and numerical
investigation of screwed connections of CFS plates, studying the shear strength
and failure modes of the specimens. A calculation method for determining the
bearing capacity was proposed. Screw connections have been extensively used
in CFS constructions due to their convenient installation and high load-bearing
capacity. A sophisticated finite element model was developed to analyze the
pull-out performance of screw connections. It is indicated that the failure types
of the specimen include screw hole compression failure and screw shear failure
[14].

CEFS is often assembled using screw fasteners because they can be easily
drilled through thin sheets of steel [15-21]. However, individual screws can
cause discontinuities in the interface of the built-up plate. Therefore, the
impact of screws on CFS built-up members cannot be ignored. Ting et al.
[22-24] conducted experimental and numerical simulation studies on the

influence of screw arrangements and screw diameters on the bearing capacity
of various types of CFS built-up members. Owing to the shear action of the
screw [25], the buckling mode and failure type of the built-up part of the
member will change compared to the member without the influence of the
screw. Therefore, screws are an important factor that affects the capacity of the
CFS built-up members. Additionally, the failure mode of the screw will also
impact the ultimate capacity of the built-up member [26,27]. Previous studies
have focused on the mechanical behavior of CFS built-up members. However,
the research on the buckling mechanism and critical buckling stress (CBS) of
composite members in CFS built-up structures is still incomplete.

The most significant feature of the SBP is the discontinuity of the
connection interface. However, due to this structural property, the application
of the small deflection theory in the SBP raises the following two problems
that need to be considered:

(1) There may be either coordinated buckling with the same deformation
direction or delamination buckling with the opposite deformation direction
between each single plate due to the discontinuity of the connection interface
between the SBP. It remains to be studied whether the delamination buckling is
considered when studying the CBS of the SBP.

(2) The discontinuity in the screwed connection may cause the shear
deformation of the SBP during buckling. However, the shear deformation can
also be constrained extent by discrete screw fasteners. While the effects of
shear deformation of the built-up plate and screw constraint are not reflected in
the current design method for the CBS.

Therefore, this paper investigates the instability mechanism of the SBP by
using a four-sided simply supported plate as an example. The SBP in this paper
is extracted from the built-up webs in the CFS back-to-back built-up column,
as presented in Fig. 1(a). The constraint of the flanges on the webs is assumed
to be a simply supported edge. The connection between the column ends and
the end plates through spot welding is also considered a simply supported
boundary condition. Therefore, a screw built-up plate with simply supported
on four sides is established, as shown in Fig. 1(b).

The possible instability deformation modes are analyzed, and the
calculation models of different deformation modes are established by
comparing the various buckling modes between the built-up plate and the
single plate. The analytical expression of the CBS for the built-up plate was
derived considering the effects of different deformation modes on the structural
behavior of the plate. The influence of various deformation modes on the SBP
is then examined to identify the specific instability mode of the built-up plate.
Finally, the discussion explores the influences of boundary conditions on the
instability modes of the SBP.
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Fig. 1 The source of the SBP and the determination of the boundary conditions

2. Buckling deformation modes

To study the deformation modes of the simply supported on four sides SBP,
this paper analyzes the following three cases: (1) SBP may experience
coordinated buckling and delamination buckling, without considering the
coordination action of the plate, as shown in Fig. 2(a). The opposite
deformation occurs at the deformation area within the partial panels for the
delamination buckling mode. (2) When -considering the coordinated
deformation between two single plates, the plates at the opposite deformation

W ) w 4N
gé)ordmated jj
P/\ P;\ P 7 P 7

location of the delamination buckling will compress each other. This
compression causes the bending deformations to cancel each other out,
forming a straight section, as illustrated in Fig. 2 (b). (3) In practice, the plates
at the screw area also have the same deflection direction and dimension out of
plane due to the constraint of screws, as presented in Fig. 2(c). Therefore, it
can be concluded that two main modes of instability deformation occur,
namely coordinated buckling and delamination buckling for the SBP simply
supported on four sides.
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Fig. 2 Deformation modes of the SBP with four edges simply supported. ((a) Without considering the effect of plates; (b) Considering the effect of plates; (c) Considering the effect of

plates and screws)
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3. Buckling modes
3.1. Coordinate buckling mode

3.1.1. Calculation model

A computational model of the CBS for the coordinated buckling
deformation mode is presented in Fig. 3. The model consists of two identical
plates connected by self-drilling screws, as shown in Fig. 3(a). A
micro-element is extracted from the SBP to analyze the buckling deformation

relationship between the upper and lower plates, as presented in Figs. 3(a)-3(c).

Additionally, the overall coordinate system and local coordinate systems are
established in Figs. 3(b)-3(c) to analyze the mechanical behavior between two
individual plates in detail. Figs. 3(b) and 3(c) demonstrate the mechanical

Upper element  (b)

L

ower element

-ﬁ 4
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behaviors of the SBP during buckling in the XOZ plane and YOZ plane,
respectively. At the connection interface for the built-up plate, coordinate
systems x,0,z; and y,0,z; are established for follow-up purposes, as shown in
Fig. 3(b)-3(c). The theoretical derivation can then be developed based on the
energy method. Therefore, the following two basic assumptions are made for
the convenience of the mathematical modeling.

(1) The influence of the size of the screw hole on the stability of the
built-up plate is disregarded because the diameter of self-drilling screws being
much smaller than the plate width.

(2) The constraint of self-drilling screws on the shear deformation of SBP
can be simplified as shown in Fig. 4. The imaginary shear body is only
subjected to shear deformation.

(c)  Shearslip

™

Hypothetical

shear body Shear slip

Note: P is the pressure acting on the middle surface of each veneer

Fig. 4 Mechanism behaviors of the ((a) Micro-element of the SBP; (b) Hypothetical shear body of screws; (c) Shear slip deformation)

3.1.2. The mechanism behaviors of the micro-element
According to Fig. 3 and the assumption (1), the displacement of any point
on the upper element is:

U = Uy —(zl+t/2)2—i) (1a)

Ow
V=V — (7, +t/2)— (1b)
oy

where, u, and v, represent the displacement of the upper element along the
X-axis and the Y-axis directions of the global coordinate system, respectively.
o represents the deflection along the Z-axis direction of the global coordinate
system. z; represents the displacement in the z; direction of the follow-up
coordinate system.

Similarly, the displacement of any point of the lower elements is:

ow
ub:ubO_(Zl_t/Z)a_X (o)

ow
Vb:VbO_(Zl_t/Z)E (1d)

where u, and v, represent the displacement of the lower element along the
X-axis and the Y-axis directions of the global coordinate system, respectively.
The strain of each element is then derived from the formulas (1a) to (1d):

2
&t = Wy -(z+ t/2)8_
ES (20)
2
=0 (3, 41/2)
(2b)
OUy, )
xb — X ( 1 _t/2) 2

(20)

2
gvb:%—(zl—tm)a—?

2d)

where, &x. & and e, &x are the strains of any point of the upper element and
lower element along the X-axis and the Y-axis directions of the global
coordinate system, respectively.

Therefore, the normal stress of the upper and lower elements is obtained
according to Hooke's law [1]:

_E
E (6 +vEy)

O,
(3a)
E
Oy =—— (e +vey)
1- V2 X (3b)
Oxp = 2 (& + ngb)
1-v (3¢)
Oy, = L(8 +Vey)
yb 1- V2 yb xb Gd)

where oy, oy and ow. oy are the normal stresses of the upper and lower body
elements along the directions of the X-axis and the Y-axis of the global
coordinate system, respectively. £ is the elastic modulus. v is poisson's ratio.

3.1.3. Shear strain of the micro-element

The shear strain will be generated under the influence of in-plane shear
stresses based on the mechanical characteristics of the SBP. The deformation
diagram is shown in Fig 5. According to the displacement of each point in Fig
5, the formulas for the shear strain at any point of the upper and lower
elements can be respectively obtained:

2
_au +8vt Oy a"to —2(z,+1/12) 0w

7/ —_—
M ey ax oy "o oxoy )
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My Ny _ Moo, Noo_p, 1 1/2) o

=—+4 =
P = o Tk T oy | ox o0y

(4b)

According to Hooke's law [1], the shear stresses of the upper and lower
elements are follows:

7., =G
xyt = P xyt (50

T =GV
xyb xyb (5b)
where the shear modulus of the material is G=E/2(1+V).

vh

dx

Vi

3 i b'

Vit (vl ay)dy

Ug+(aUy/ ax)dx

Fig. 5 Mechanism model of the shear strain

3.1.4. Shear slip of the connecting interface

In addition to self-deformation, the upper and lower elements also undergo
shear slip deformation at their connection interfaces based on the geometric
relationship shown in Fig. 3. The shear slip deformations can be decomposed
into the shear slip deformation Ax and Ay along the X-axis and Y-axis
directions, respectively.

ow
Ax:Ub| =0 ut|210_(ub0 Uto)**&
(62)
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ow
Ay =Vp|z-0 =Vt |4-0= (Voo —Vio) + ta

(6b)

where 4, and 4, represent the shear slip deformation of the upper and lower
elements along the X-axis and Y-axis of the global coordinate system,
respectively.

3.1.5. Potential energy expression
According to the principle of energy conservation,
equilibrium equation can be established:

the following

J‘O—llglld\/ =Ul +U2 _W
v

@)
where
Uy = [ (080 +0y080 + TV +
Vi
I [(O-xngb +O—yb5yb + Txyb7><yb)dV2 (8a)
V2
U, =S8 Y [ (a2 44 )0A,
i=1 A (Sb)
_c ou 0w, o .0l 0w,
j [25+ (2 1AV, + J[ (S, (80)

where U, represents the sum of the bending potential energy of the two
individual plates in the SBP; U, represents the total the potential energy of
each shear element; W denotes the sum of external potential energy; V; and V>
stand for the volumes of the upper plate and the lower plate; 4 represents the
cross-sectional area of the i" self-drilling screw; o represents the compressive
stress; and n represents the number of self-drilling screws.

The total potential energy expression of the SBP is derived according to
equations (2)~(8).

n=u;+U, -w
au:o 6Ubo Ny aVbO Oy Olpg Npo dxd
)(ay 6y)] [(X )(8y ay)]}><y+
2 2 2 )
”{(a o 0w, 0? 6206 Z) t
12(1 vy oy? ox? ox ay
(1 V) 6Uto Ol Vg autO Ny 6Ubo Vyy Oy | Vo2
H oy (o T I T e S Dy +

n

0w 0wy
fZi{[(ubo—um)H&] (g Vo) + LT IOA, - tH[

xo

i=1 i

The shear slip influence parameters (uvo, Voo, U, Vio) between the two
single plates and the constraint of self-drilling screws (the generalized stiffness
K3) are introduced in the total potential energy equation (9) in this paper. This
can accurately reflect the mechanical characteristics of the SBP.

3.1.6. The critical stress of the coordinated buckling
The boundary conditions of the built-up plate with the four edges simply
supported are as follows [1]:

@) x=0,x=a,y=0,y=b — 0

(10a)

6ut0 6ubo) (aw

)" Jdxdy

’w
-b ayz |x:0,x:a,y:o,y:b =0

(10b)
where D represents the bending rigidity of the plate.

The deflection function [1] that satisfies equations (10a) - (10b) could be
taken as:

w= Alsm( )sm( )

(11a)

The displacement function satisfying the mid-plane boundary condition of
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each single plate is:

ow
Uy = A2 &
(11b)
ow
Uy = Asa_
X (11c)
ow
Vio = AAE (11d)
ow
Vo = A:,E (11e)

where m is the number of the buckling half-wave; 4, 4,. A4;. A4 and As are
undetermined constants.

Substituting equations (10a)~(11e) into equation (9), and then perform the
integration. A linear system of equations about oIT/0A =0, OI1/6A, =0,
OI1/oA, =0, OI1/oA, =0, OIl/OA. =0 is established based on the
principle of stationary potential energy. The condition for the system to have
non-zero solutions is that the determinant of the coefficient matrix of this
equation system is zero. The critical stress for the coordinated buckling of the
SBP is then determined.

7’E t,,
(77

:k—
T = - D)

(12)

ef2 | ; e,/2 '

+

304

where £ is the stability coefficient of the SBP with four edges simply supported;
7 is the thickness reduction coefficient of the built-up plate reflecting the shear
slip deformation and the influence of the self-drilling screw constraint. The
formulas for these two parameters are:

mb a
k=(—+—)°
a mb (13a)
I/r EtJk +16aK, (1—v?)/me,
\]7: EtJk +4aK, (1-v2)/me, (13b)

where a refers to the length of the plate. b refers to the width of the plate. m
represents the half-wavelength of buckling. K; represents the generalized
stiffness parameter that reflects the constraint effect of self-drilling screws. e,
refers to the screw spacing along the length of the plate.

3.2. Delamination buckling mode

The boundary conditions and the plate constraints inside the built-up plate
have a significant influence on the mechanical characteristics of the SBP, as
illustrated in Figs. 6(a)-6(b).

€ ell 2

l' l'

Mm

(a) End buckling

(b) Inside buckling

Fig. 6 Buckling modes of the delamination buckling

3.2.1. calculation model
The calculation model is presented to analyze the mechanics
characteristics of the delamination buckling of the SBP, as presented in Fig. 7.
The compression of each single plate is considered in both models. The
angle and out-of-plane deflection are assumed to be close to "0", allowing for
the further simplification of the complex deformation coordination and
self-drilling screw constraint as the impact of the "boundary constraint

condition" on the stability of the single plate.

Additionally, a critical half-wavelength is selected as the length of the
SBP in the calculation model since the buckling behaviors are closely related
to the buckling wavelength of members [17]. Meanwhile, this section also
needs to meet the assumptions (1) and (2) outlined in Section 3.1.1 for further
analysis.

(a) End buckling

(b) Inside buckling

Fig. 7 Calculation models of the delamination buckling

3.2.2. Potential energy expression

The total potential energy of the delamination buckling of the SBP
consists of two parts: the bending strain energy and the external force potential
energy:

n=2[ e a“’)2+2(1 e )Z—a—“’a—“’]}d xdy-

SNA

crt(—)zdxdy
28 (14)

where the flexural rigidity of the plate D=Ef/12(1-1*); o is the compressive
stress; o is the deflection along the Z-axis.

3.2.3. The critical stress of the delamination buckling
(1) End buckling
The boundary conditions [1] of the model in Fig. 7(a) are as follows:

Oy 0 y1 v=0.y—p =0
x=0,x=4,y=0,y=b (15a)
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pd@ =0
- 2 |x:0 y=0,y=b —

%y c (15b)

0
_i)|x:i =0

0 (15¢)

The deflection function [27] that satisfies equations (17a)-(17¢c) can be
expressed as:

o= Ai[sm(—) + 25|n(—)]5|n( )

(16)

By substituting the equations (15) and (16) into equation (14), the final
buckling stress can be determined through simplification as follows:

o =k = (L2
'121-v?) b (178)

where the stability coefficient k»; is:

(20b* +16b%4% +51%)
8b%1? (17b)

k21 =

it can get the critical half-wavelength as

From this akz /104=0,

follows:

A =[2b~1.41b (170)

According to the influence of the screw spacing, the stability coefficient
kz[ is:

4.5 e >2.82b
K. — 4 2,2 4 17d
21 =1 (320b +64l;)e21 +5e,") 6, <2.82b (17d)
32b%e;

(2) Inside buckling
The boundary conditions [1] of the model in Fig 7(b) are as follows:

a)‘ x=0,x=4,y=0,y=b = 0

(1)
0w
Dozl =0
(18b)
ow
o -0
=0,x=4
X X (18¢)

The deflection function [26] that satisfies the equations (18a)-(18c) can be
expressed as:

w= Aism(—) sm(—)sm( )
19)

Submitting the equations (18)-(19) into the equation (14), the inside
buckling stress can be obtained through simplification as follows:

o =Ky ( )
12(1 ) b (20a)
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where the stability coefficient k»; is:

(16b* +80%4% +31%)
4b212 (20b)

k22 =

From this ok,, /0A =0,

follows:

={16/3b~1.52b

it can get the critical half-wavelength as

(20c)

According to the influence of the screw spacing, stability coefficient k»; is:

5.464 e, >1.52b

Koo = 4 2,2 4

22 (16b +8b2 e12 +3e,") e, <1.52b (20d)
4b“e,

Therefore, from equations (17)-(20), the critical stress of the delamination
buckling of the SBP is:

Our =K, ( )

12(1 v?) b (la)
where the stability coefficient 4> is the smaller of &, and k,,, that is:
Ky =min[ky;, ky, ] @1b)

3.3. Comparison of coordinated buckling and delamination buckling

It can be observed from the instability mechanism that the members
always progress towards the most unfavorable failure mode. Therefore, the
CBS of the SBP should be smaller than the coordinated buckling and the
delamination buckling, that is:

cr_mm[ crl cr2] (22)

where o, represents the CBS of the SBP with the four edges simply supported;
oen denotes the coordinated buckling stress, and o, indicates the delamination
buckling stress.

It can be seen that the buckling deformation mode of the built-up plate
must be determined before calculating the critical stress based on the above
theoretical analysis. It is convenient for calculating the CBS.

Therefore, the thickness reduction coefficient (1) of the SBP in formula
13(b) should be combined with the stability coefficient (k) of the single plate.
The stability coefficient of the SBP with four edges can be determined.

K _(m7b+i)2 7?Et(a/mb+mb/a)+16aK, (1-v?)/me,
* “a mb’ z?Et(a/mb+mb/a)+4aK, (1-v?)/me

(23)

Thatis O = ( )2. Therefore, only k, and ks need to be

ks 12(1 v2) ‘b
compared for the comparison of the CBSes of the coordinated buckling and the
delamination buckling. Variables in & are b and e;. Variables in k5 are b, e;, and
a. Hence, the relationship among the variables b, e, a, and k is discussed. The
three-dimensional relationship of the b/a, ei/a, and k in equations (21b) and (23)
is illustrated in Fig. 8 to explore the determination of the buckling modes that
occur in the SBP. It can be seen from Figs 8(a)-8(b) that the three-dimensional
surface calculated by equation (21b) is always above the three-dimensional
surface calculated by equation (23). In the case of the self-drilling screw
arrangement shown in Fig. 3, the delamination buckling represents a higher
order buckling mode of the coordinated buckling. Therefore, only the
coordinated buckling is considered in the calculation of the CBS of the SBP.
Thus, the CBS of the SBP with four edges simply supported is as follows:
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Ex’ 2y

121-v?) b 24)

Equation(23)
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where £ is the stability coefficient of the single plate [1], and # is the thickness
reduction coefficient of the SBP [5].

(b) Three-dimensional relationships for b/a, ei/a and k at K= 90000N/mm

Fig. 8 Comparisons of the formula (21b) and the formula (23)

4. Reliability study

The SBP in this paper is extracted from the built-up web in the CFS
back-to-back built-up column, as presented in Fig. 1. The constraint of the
flanges on the webs is assumed to be a simply supported edge. The connection
between the column ends and the end plates through spot welding is also
considered as a simply supported boundary condition. Therefore, a screw
built-up plate with simply supported on four sides is set up. This paper not only
investigates the shear slip and screw constraint during the buckling of the SBP
but also lays the foundation for subsequent works on CFS built-up columns.

Aol
b,

Fig. 9 Section diagram of specimens

The CFS built-up columns designed in this paper are divided into two
series based on the different web heights: the 120 series and the 140 series.
There are three different screw spacings for each different length of the CFS
built-up columns. The screw spacing for the 120 series columns is 45mm,
90mm, and 150mm, respectively. The screw spacing for the 140 series
columns is 50mm, 100mm, and 150mm, respectively. A total of 18 specimens
were tested. The measured dimensions of the specimens are listed in Table 1.
The representative positions of cross-sectional geometric dimensions are
shown in Fig. 9, while naming rules for the members are illustrated in Fig. 10.

Built-up ﬁ Specimen number

BLI—[]—A[]

Section type Q \% Screw spacing

Fig. 10 Labeling rule of specimens
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Table 1
The measured dimensions of the tested specimens
Measure o . o S
| i Geometric dimensions/mm Outside diameter/mm Inside diameter/mm
Specimens Part ength/mm
Ls ho by b, dy da t R r
a 367 114 55 54 23 15 1.22 4.0 2.8
B120-45-Al
b 366 1155 54.5 53.5 22.8 14.8 1.18 3.8 2.6
a 376 115 53 52 22 14 121 3.0 1.8
B120-45-A2
b 376.5 115 55 54 23 15 1.18 4.0 2.8
a 369 115 54 53 22.5 14.5 1.21 35 2.3
B120-45-A3
b 367 116 53 52 22 14 1.19 3.0 1.8
a 362 115 53 52 22 14 1.22 3.0 1.8
B120-90-Al
b 366 115 54 53 225 145 1.22 35 2.3
a 380 116.5 53.5 52.5 22.3 14.3 1.17 3.3 2.1
B120-90-A2
b 376 116 55 54 23 15 1.17 4.0 2.8
a 3725 1155 53.5 52.5 22.3 14.3 1.18 33 21
B120-90-A3
b 370 1155 53.5 52.5 22.3 14.3 1.17 3.3 21
a 367 116 52 51 21.5 135 1.22 25 1.3
B120-150-Al
b 3715 115 54 53 22.5 14.5 1.18 35 2.3
a 375 115 54 53 225 14.5 1.15 35 24
B120-150-A2
b 374 115 56 55 235 155 1.17 45 33
a 364 114 54 53 22.5 14.5 1.22 35 2.3
B120-150-A3
b 362 115 54 53 22.5 14.5 1.17 35 2.3
a 420.5 135 515 52.5 23.3 19.4 1.18 3.3 21
B140-50-A1
b 420 135 51 52 23 19.1 1.19 3.0 1.8
a 420 136 51.5 52.5 23.3 19.4 1.18 3.3 21
B140-50-A2
b 419.5 1355 51.5 52.5 23.3 194 1.20 33 2.1
a 420 136 51 52 23 19.1 1.18 3.0 1.8
B140-50-A3
b 420 1345 52 53 235 19.6 1.20 35 2.3
a 419 135 52.5 53.5 23.8 19.9 1.15 3.8 2.6
B140-100-Al
b 420 135 52 53 235 19.6 1.15 35 2.4
a 420 1355 51.5 52.5 23.3 194 1.16 33 2.3
B140-100-A2
b 415 135 52 53 235 19.6 1.16 35 2.3
a 420 136 51 52 23 19.1 1.22 3.0 1.8
B140-100-A3
b 419.5 135 53 54 24 20.1 1.20 4.0 2.8
a 420 135 52.5 53.5 23.8 19.9 1.17 3.8 2.6
B140-150-Al
b 420 1355 515 52.5 23.3 19.4 1.16 33 21
a 418 138 50 51 225 18.6 1.17 2.5 1.3
B140-150-A2
b 419 136 52 53 235 19.6 1.22 35 2.3
B140-150-A3 a 418.5 138 49 50 22 18.1 1.20 2.0 0.8
b 421 136 50 51 225 18.6 1.17 2.5 13

The buckling characteristics of the test specimens are presented in Fig. 11.
The buckling half-wave gradually appears on the specimen webs as the load
increases. One of the built-up web plates undergoes convex deformation, while
the other undergoes concave deformation. The coordination buckling
phenomenon is becoming increasingly prominent under loading. The SBP

undergoes coordinated buckling.

Additionally, this formula (24) is verified using data from the experiment,

Table 2

Comparison of theoretical and experimental results

as listed in Table 2. The mean and standard deviation (SD) are 1.04 and 0.02,
respectively. It can be seen that the calculated results are in good agreement
with the experimental results. Therefore, it indicates that the study in this paper
is accurate and reliable. In Table 2, o represents the experimental results. o
represents the calculation results. The critical stress (o) is obtained based on
the reverse point of strain, as detailed in the reference [4].

Specimens oen(N/mm?) Oer/(N/mm?) Oere/Ocrt
B120-45-Al 105.74 109.56 1.04
B120-45-A2 105.63 110.41 1.05
B120-45-A3 108.08 111.57 1.03
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B120-90-A1 101.86 104.46 1.03
B120-90-A2 91.27 92.92 1.02
B120-90-A3 93.06 95.57 1.03
B120-150-A1 92,27 97.37 1.06
B120-150-A2 85.34 87.55 1.03
B120-150-A3 92,57 95.21 1.03
B140-50-A1 82.67 85.12 1.03
B140-50-A2 80.96 84.53 1.04
B140-50-A3 82.23 85.34 1.04
B140-100-A1 66.46 70.21 1.06
B140-100-A2 67.90 71.94 1.06
B140-100-A3 74.21 77.97 1.05
B140-150-A1 65.70 69.46 1.06
B140-150-A2 67.10 73.33 1.09
B140-150-A3 72.79 7391 1.02
Mean 1.04

SD 0.02

| B120-45-A1 | B12045-A1 B120-90-A1 | B120-90-A1 B120-150-A1 | B120-150-A1

B140-50-A1  B140-50-A1

Sad T TR T T

(b) 140 series built-up columns

Fig. 11 Buckling characteristics of test specimens

5. The CBS of the SBP with other boundary conditions _ MaX, . 7TY.\o
0= Asm(—)sm(T)
a

Research has shown that the CBS of the SBP is closely related to the (25b)
boundary conditions. These boundary conditions include the fixed at four sides,
the two loading edges with simple support and two non-loading edges with (3) Two loading edges with fixed support and two non-loading edges with
fixed support, the two loading edges with fixed support, as well as two simple support
non-loading edges with simple support. The influence of the boundary
constraint condition on the CBS of the SBP is discussed in this paper. The mx X zy
calculation model for the CBSes of the three boundary conditions of the SBP o= Asin(——)sin(—)sin(—)
still refers to Fig. 1. Depending on the distinct boundary conditions, the a a b (25¢)
displacement function [26] of the SBP can be approximated as follows:
(1) Fixed at four sides The CBS of the coordinated buckling of the SBP can be obtained by
referring to the above theoretical ideas.
. MzX, . 7wX, . T
0= Asm(—)sm(—)sm(Ty)2
a a 2
(25a) ~ Ex? [ntj
=K—| -
(2) Two loading edges with simple support and two non-loading edges with 12(1-v7) b (26)

fixed support
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(1) Fixed at four sides

_ 7°(30*m* +8a’b’m? +18b*m’ +16a" +8a’h” + 3b*)
3(m? +1)a’h? 27a)

k

(2) Two loading edges with simple support and two non-loading edges with
fixed support

_ 16a” +8a%h’m” +16b*m*

k
3m?a’b* (27b)

(3) Two loading edges with fixed support and two non-loading edges with
simple support

2 4 2 2
b*(m® +6m +1)+2+ a

27¢)
a?(m? +1) b2(m? +1)

k=[

It can be seen that the boundary conditions significantly affect the CBSes
for the SBP. It can be proven that delamination buckling is still a higher order
buckling mode of coordinated buckling under these boundary conditions.
Therefore, only the coordinated buckling is considered when calculating the
CBS of the SBP under the specified boundary conditions.

6. Conclusions and discussions

The influences of the coordinated buckling and delamination buckling on
the CBS of the SBP are studied in this paper. The calculation models of the
CBS are established. A calculation method for calculating the CBS of SBP is
proposed. Therefore, the main conclusions can be drawn as follows:

(1) Delamination buckling always represents the higher-order mode of
coordinated buckling when the SBP buckles. Based on the instability
mechanism of the plate, it can be observed that the CBS of the SBP always
consistently shifts towards the most unfavorable mode of development.
Therefore, only the coordinated buckling should be considered when
calculating the CBS of the screw built-up plate.

(2) The shear slip effect and the constraint effect of self-drilling screws are
considered when deducing the CBS of the SBP. It indicates that the CBS is
more accurate and closer to the actual situation of the SBP.

(3) The equation of the CBS for the SBP with four edges simply supported
is derived and validated. However, the accuracy of the equations under
different boundary conditions needs further verification.

(4) In this paper, it is proposed that the generalized stiffness Ki (shear
stiffness) in the equation of the CBS of the SBP represents as the ability to
prevent the sliding deformation of the plates along the connection interface.
However, the theoretical analysis of shear stiffness needs to be further studied
through experiments and theoretical study.
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ABSTRACT
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This paper evaluates the moment-curvature response of steel tube confined reinforced self-stressing steel slag concrete
(STCRSSSC) columns by conducting cyclic loading tests on ten STCRSSSC columns and four steel tube confined
reinforced steel slag concrete (STCRSSC) columns. Four parameters are considered: axial compression ratio, shear-span
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ratio, diameter-thickness ratio, and expansion rate of steel slag concrete (SSC). The results show that the specimens exhibit

a bending failure mode. As the expansion rate of SSC or shear-span ratio increase, the area of the moment-curvature M -¢
hysteretic loops expands, but the slope of the skeleton curve remains basically unchanged. The slope of the skeleton curve

KEYWORDS

rises as the diameter-thickness ratio or axial compression ratio increase. With the reduction of the axial compression ratio

or diameter-thickness ratio, the area of the M-¢ hysteretic loops increases. Based on the experimental results, the
characteristic points of the M —¢ response are identified, and a simplified model is proposed to predict the skeleton curves.
Lastly, a hysteresis rule of the specimens is suggested based on the Clough trilinear degeneration model, and a predicting

model of the M-—¢ response of the specimens is established.
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1. Introduction

Steel tube confined concrete (STCC) columns are widely used in
engineering owing to their significant advantages such as excellent ductility,
high bearing capacity, and convenient construction [1-5]. However, shrinkage
of the concrete core leads to a reduction in the bonding performance between
the steel tube and concrete core, which can significantly weaken the bearing
capacity and safety of the structures [6-7].

To solve the shrinkage problem of the core concrete, self-stressing concrete
is used as an effective solution to balance the shrinkage of the core concrete and
promote collaboration between the steel tube and core concrete [8-9].
Traditional self-stressing concrete is produced by adding expansion agents, and
it has been proven that the bond behavior of self-stressing concrete-filled steel
tubes (SCFST) can be improved by increasing the content of the expansive
agent [10-12]. Subsequently, some scholars carried out a series of further studies
and revealed that SCFST columns exhibit excellent axial compressive behaviors,
flexural capacity, and seismic properties [13-17]. However, the extensive use of
expansion agents in practical engineering applications has resulted in problems
such as high construction costs and preparation complexity.

Steel slag concrete (SSC) is prepared using steel slag as an aggregate, and
appropriate proportions can guarantee the mechanical properties and durability
of SSC [18-22]. It has been proven to have potential for engineering applications
[23-24]. In addition, the volumetric expansion of SCC after hydration is caused
by the presence of free CaO/MgO in the steel slag. This characteristic makes it
possible to satisfy the expansion performance requirements of self-stressing
concrete [25]. Self-stressing steel slag concrete can not only solve the problems
of high cost and complex preparation of traditional self-stressing concrete but
also improve the mass utilization of steel slag.

Combining the advantages of SCFST and the expansion performance of
SSC, Yu et al. investigated the feasibility of preparing self-stressing SSC-filled
steel tubular (SSSCFST) columns. It appears that increasing the expansion rate
of the SSSC may lead to an improvement in both the compression performance
and bond-slip behaviors of the specimens [26-28]. However, current studies on
the behavior of steel tube confined reinforced self-stressing SSC (STCRSSSC)
under different loading conditions are limited.

Seismic performance is crucial for structural applications and designs. In
this study, four steel tube confined reinforced steel slag concrete (STCRSSC)
columns and ten STCRSSSC columns were used. Furthermore, this study
analyzed and discussed the effects of the diameter-thickness ratio, axial
compression ratio, expansion rate of SSC, and shear-span ratio on the seismic
behaviors of the specimens. Finally, an analysis model for evaluating the
M —¢ behavior of STCRSSSC columns is established, which is expected to
complete the elastoplastic seismic response analysis of such composite

structures.
2. Experimental program
2.1. Specimens design

Ten STCRSSSC columns and four STCRSSC columns are presented in this
paper. As shown in Fig. 1, the entire specimen was designed to have an inverted
T-shape. The specimen consisted of a column head, column body, and
foundation. The total height of the specimen was 1600 mm. The height of the
column head was 400 mm. The heights of the column bodies were 400, 600,
and 800 mm. The shear-span ratio, axial compression ratio, diameter-thickness
ratio, and expansion rate of SSC are listed in Table 1.
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Fig. 1 Details of the specimens

As shown in Fig. 1(c), the outer diameter and height of the steel tube were
219 and 470 mm, respectively. To ensure the restraining effect of the steel tube
on the concrete core, the ends of the steel tube were spaced 15 mm apart from
the foundation and column head. The thicknesses of the steel tubes were 2.85,
3.73, and 4.88 mm, respectively. Longitudinal steel bars of the column body
were 4C12 with a longitudinal bar ratio of 1.210%, whereas the stirrups were
A8@150 with a stirrup ratio of 0.022%. Table 1 lists the specific design
parameters.
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2.2. Material properties

2.2.1.SSC

According to references [29-32], the axial and cube compressive strength
of the SSSC are 26.33 MPa and 39.30 MPa, respectively, while the axial and
cube compressive strength of the SSC are 24.41 MPa and 36.44 MPa,
respectively. To determine the expansion rate of the SSC P, , three test blocks
were constructed and tested, as shown in Fig. 2, and the value of P, was
obtained using Eq. (1).

p-L-b )

where L, isthe distance between the two copper heads measured over 90 days,
L, is the initial distance between the two copper heads, and L, =250 mm is
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the reference distance.

Fig. 2 Test specimen used to determine the expansion rate of SSC

2.2.2. Steel tube

Longitudinal and circumferential strains were measured using strain gauges
according to the Chinese code [32]. The material properties are listed in Table
2.

Table 1
Specimen design parameters
Specimen label L (mm) D (mm) t (mm) n, D/t ps P, (x10*)

Al 800 219 2.85 0.2 76.8 1.83 111
A2 800 219 3.73 0.2 58.7 1.83 111
A3 800 219 4.88 0.2 44.8 1.83 111
Al 600 219 2.85 0.2 76.8 1.37 111
A5 400 219 2.85 0.2 76.8 0.91 111
A6 800 219 2.85 04 76.8 1.83 111
A7 800 219 3.73 0.4 58.7 1.83 111
A8 800 219 4.88 0.4 44.8 1.83 111
A9 600 219 2.85 0.4 76.8 1.37 111
Al0 400 219 2.85 04 76.8 091 111
Bl 800 219 2.85 0.2 76.8 1.83 -35
B2 600 219 2.85 0.2 76.8 1.37 -35
B3 400 219 2.85 0.2 76.8 0.91 -35
B4 800 219 2.85 0.4 76.8 1.83 -35

Note: L isthe length of the column, t is the thickness of the steel tube, D is the outer diameter of the steel tube, Dyt is the diameter-thickness ratio, n, is the axial compression

ratio, ny=N,/fA . N, Iisthe designed axial compression strength of the specimen, A, is the cross-sectional area of the column, f; is the compressive strength of the SSC, and 4 is
the shear-spanratio, 1=_r/2D.

Table 2
Mechanical properties of the steel tube

Thickness Yield tensile strength  Ultimate tensile strength  Young’s modulus Longitudinal strain Circumferential strain Initial self-stress

Poisson’s ratio

(mm) (MPa) (MPa) (x10°MPa) (x10°mm) (x10°mm) (MPa)
2.85 308 479 2.00 0.313 3.92 1.93 2.68
3.73 364 495 211 0.271 3.33 1.65 3.03
4.88 335 480 2.06 0.261 2.79 141 3.26

2.2.3. Steel bars
The tensile samples of the steel bars were tested according to the Chinese
code [33] and were listed in Table 3.

Table 3
Mechanical properties of the steel bars

Steel bars Diameter (mm) Yield strength  (MPa) Tensile strength  (MPa) Young’s modulus (x10° MPa)
HPB300 8 308 426 2.01
HPB300 10 313 432 1.97
HRB400 12 439 644 1.98
HRB400 16 451 620 1.95
HRB400 22 438 618 1.94

2.3. Loading protocol and test setup

Fig. 3 shows a diagram of the loading device. A constant axial load and
cyclic lateral loading were applied using a vertical jack and an MTS hydraulic
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actuator, respectively. In this experiment, a displacement-loading control
method was adopted. First, ensure that the test equipment works properly and
that the axial load is applied slowly to the design value. Before the specimen
yielded, a single-cycle displacement with increments of 1 mm was used for

Equalizer beam

Hydraulic jack

Bracket

Pulley
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horizontal loading. After the specimen yielded, the loading mode was switched
to a triple-cycle displacement with increments in integral multiples of the yield
displacement. A specimen was considered damaged when its strength decreased
to 85% of its peak load.

Reaction wall

Reciprocating
actuator

Fig. 3 Test setup: (a) reaction wall, (b) pulley, (c) hydraulic jack, (d) reciprocating actuator, (e) counter-force truss,
(f) specimen, (g) jack, (h) bracket, (i) equalizer beam, (j) portal frame, (k) loading plate, (I) displacement meter, (m) bolt

3. Experimental results
3.1. Failure mode

Bending failure was observed as the typical failure mode of the STCRSSSC
and STCRSSC columns, represented by the crushing of the SSC, yielding of the
steel tubes and stirrups and circumferential tensile cracks in the inner core SSC.
As illustrated in Fig. 4(a), the core SSC was crushed to a height of 0-15 mm,
and circumferential tensile cracks appeared within a height of 15--60 mm from
the bottom of the column. No damage was observed at other positions on the
STCRSSSC columns. However, for the STCRSSC columns, as shown in Fig.
4(b), the degree of SSC crushing was more severe, and the range of heights in
which circumferential tension cracks. Compared to the literature [34], the
failure modes of the specimens were almost identical.

(b) B4 of the STCRSSC column

Fig. 4 Typical failure mode of the specimens

3.2. Hysteresis curve

As shown in Fig. 5, the hysteresis loops of the specimens are saturated and
slightly pinched. The M-¢ hysteresis curves usually have three stages:
elastic response, yielding and failure. The M —¢ hysteresis curves appear to
develop linearly in the elastic stage, with stiffness degradation remaining
basically unchanged, and the hysteretic loops being very small. The hysteresis

curves gradually deviate from the initial linear development as the load
gradually increases. As the specimen enters the yield stage, the hysteresis loop
area increases compared with the elastic stage. In the failure stage, the bow-
shaped hysteretic loop with a slight pinching phenomenon indicates that the
specimen exhibited high seismic performance and energy dissipation.

As shown in Figs. 5(a) and (f), an increase in the axial compression ratio
decreases the plumpness of the M —¢ hysteresis curves and the area of the
hysteretic loops. For example, compared to specimen Al ( n, =0.2 ), the ultimate
moment of specimen A6 (n,=0.4) increased by 17.30%. The reason for this
might be that, with the increase in n, , the axial force at the end of the column
increases. The tensile stress generated by the axial force resisting the bending
moment was enhanced, leading the specimen to resist a higher bending moment.
The ultimate curvature of the M —¢ hysteresis curves decreases when n,
increases, because higher axial forces lead to an increase in additional bending
moments, accelerating specimen damage. The same effect of n, on the
M —¢ hysteresis curves of reinforced SCC-filled circular steel-tube columns
was found by Gong et al. [35].

As shown in Figs. 5(a) and (d), the growth rate of the bending moment
remains essentially unchanged as 4 increases, whereas that of the M —¢
hysteresis curves decreases and the area of the hysteresis loops increases. This
is because as the shear-span ratio increases, the specimen's cross-sectional
deformability increases, resulting in an increase in the specimen's cross-
sectional curvature. This conclusion was also verified by Yu et al. [36], who
demonstrated that the ductility capacity increased with an increase in 2 .

In general, as illustrated in Figs. 5(a) and (b), an increase in D/t
accelerates the growth rate of the bending moment, reduces the area of the
hysteretic loops, and intensifies the pinching phenomenon. Furthermore, the
bending moment of the specimen section decreased, the curvature increased and
the cycle number of the m-—g hysteresis curves decreased before the
specimens failed. The cross-sectional moment of inertia of the core SSSC
increased as D/t increased, whereas that of the steel tube decreased.
Consequently, the overall bending stiffness of the specimens improved, but the
ductility decreased. The increasein D/t produces the same effect on the CFST
[37].

As shown in Figs. 5(d) and (I), the increment in P, results in an
improvement in the bending moment growth rate, an increase in the hysteretic
loop area, and a reduction in the pinching degree. This may be because
increasing P, improves the expansion strain of the SSC under the constraint
of the steel tube, leading to a dense specimen structure and reduced porosity.
Therefore, the deformation resistance and bearing capacity of the specimens
were enhanced. A similar conclusion was drawn by Dai et al. [38]. Meanwhile,
the bond-slip between the steel tube and core SSSC decreased, and the pinching
phenomenon of the M —¢ hysteresis curves was significantly reduced. It is
difficult to control the P, and performance of STCRSSSC in practical
engineering designs and applications, which requires further research.
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3.3. Skeleton curve

The M —¢ skeleton curve can be approximately divided into three stages,
similar to the hysteresis curve shown in Fig. 6. The M —¢ skeleton curves
appeared linear in the elastic phase. Subsequently, with an increase in the
horizontal displacement, the M -g skeleton curves gradually exhibited
nonlinear development, and an inflection point appeared. The slopes of the
M —¢ skeleton curves decreased, and the cross-sectional bending stiffness
gradually degraded in the yield phase, intensifying during the failure stage.

As shown in Fig. 6(a), as n, increased, the peak moment, initial stiffness,
and slope of the M —¢ skeleton curves increased, whereas the ultimate
curvature decreased. In contrast to specimen A5 ( n,=0.2 ), the ultimate
moment of specimen A10 ( n, =0.4 ) increases by 20.25%. Additionally, as the
axial compression ratio decreased, the ultimate curvature increased. This could
be because the core SSSC of the specimen was destroyed when the peak load
was reached, reducing the bending stiffness of the specimens. The degradation
of bending stiffness is significantly accelerated if severe damage is caused to
the SSSC core. The seismic behavior of STCRSSSC columns is more
significantly affected by n, , so further research should be carried out to
propose a more appropriate design value for n, to ensure the safety of
structures in practical engineering applications.

Fig. 6(b) illustrates that the A —-¢ skeleton curve was not significantly
affectedby 1.As 2 increased, the slopesofthe A7 —¢ skeleton curvesand
the ultimate bending moment hardly changed. It can be argued that the cross-
sectional bending stiffness is primarily influenced by the cross-sectional
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moment of inertia and the Young’s modulus of the specimen. The influence of
the 4 on the bending stiffness was not significant when the height of the
specimens was adjusted.

As D/t increases, the slopes of the M —¢ skeleton curves, peak
moment, and initial stiffness increase, whereas the peak curvature decreases, as
shown in Fig. 6(c). The ultimate moment of the specimens increased, and the
ultimate curvature decreased with increasing D/t. Considering specimens Al
and A3 as examples, when D/t was reduced by 41.67%, the ultimate curvature
of A3 was 1.29 times that of Al. This was because the bending stiffness of the
specimens increased, leading to an increase in the load when the specimen was
damaged. The SSSC was significantly damaged, resulting in a decrease in the
bearing capacity of the specimens. The limited value of D/t of STCRSSSC
columns must be further explored to ensure the adequate seismic performance
and economy of the columns.

Fig. 6(d) shows that the slope of the A —¢ skeleton curves increases
slightly, the initial stiffness and yield bending capacity increase, and the
ultimate moment and curvature increase with the incrementin P, . For example,
the ultimate moment of A4 ( P,=11.1x10" ) is 1.50 times that of B2
(P,=-35x10"), and the ultimate curvature is 1.12 times. This may be because
the increasing expansion rate of the SSC enhances the confining effect on the
SSSC, decreases the damage degree of the SSSC, and improves the bending
capacity and ductility of the specimens. The increased ductility of the specimen
was mainly due to the expansion of SSC, even when the steel tube was replaced
with an FRP tube [39].
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Fig. 6 Effects of the studied parameters on the skeleton curves of the specimens
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Fig. 7 Simplified STCRSSSC columns moment-curvature skeleton curve

4. Model for predicting the moment-curvature performance of
STCRSSSC columns

4.1. Prediction of the moment-curvature skeleton curves

Based on the limiting equilibrium principle, a simplified calculation model
for predicting M -¢ skeleton curves was proposed. Subsequently, four key
parameters yield moment ( M, ), ultimate moment ( M. ), yield curvature (¢, ),
and ultimate curvature (4, ) of the M—¢ skeleton curves were determined.
The simplified M — ¢ skeleton curves were determined by connecting the four
key parameters, as indicated in Fig. 7.

4.1.1. Basic assumptions

To establish a prediction model for the moment-curvature performance of
STCRSSSC columns, the following assumptions were made:

(1) The specimen’s cross-section remained plane.

(2) There was no relative slip between the steel bars, SSC, and steel tube.

(3) The effect of core SSSC in the tension zone was not considered.

(4) The longitudinal stress in the steel tube owing to the tensile expansion
of the SSSC was not considered.
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(5) The axial force applied to the section was constant.
(6) The constitutive model described in [40] was assigned to the core SSSC.

4.1.2. Yield moment and curvature
According to reference [40], the yield moment m
Egs. (2).

, can be obtained using

My =1592 1. +0.0037N,r, ~19r.> + 057 f p. Ak, )

where fcef;y denotes the stress of the core SSSC in the compression zone of
the critical section, I, denotes the radius of the core SSSC section, N
denotes the axial compression of the SSSC core, o, indicates the longitudinal
self-stress caused by the initial self-stress, ps represents the steel ratio of the
steel ring, A refers to the cross-sectional area of the column, and fy
represents the yield strength of the longitudinal reinforcement.

The yield curvature can be obtained from Eq. (3).

My @®

s

where ¢, istheyield curvature of the specimen, K isthe sectional bending
stiffness of the STCRSSSC column, K. =Egl., E,_ denotes the section

deformation modulus of the STCRSSSC column, E =1 /s, , &,

designates the longitudinal strain of the specimen, and 7 _ is the sectional

inertia moment of the STCRSSSC column, I, =z(D—-2r.)*/64 .

4.1.3. Ultimate moment and curvature

According to [40], the ultimate moment M, considering the effects of the
axial force, low-cycle reversed loading, and initial self-stress of the core SSSC
on the bending capacity can be expressed as Eq. (4).

M, =1.59f&r.2 —19r.® +0.037No, I, +0.95f A AT, (4)

where f; isthe strength of the confined core SSSCand f;; denotes the actual
strength of the longitudinal reinforcement.

The average strain along the height of the cross-section was linear based on
the plane section assumption. Therefore, the ultimate curvature ¢, is
calculated as follows:

4 o _ £5y (1. COSyg + Iy —M)Eg +mfg ©)
¢ mryEg

_ gsy(rc COSyy + I, —M)

by =— (6)
_ ot B @)
oy T éEsy fsy + Egegy
me (2r. - a)gsy (8)
Esy+Eqy
7 2m-ry
Yo == —arccos ©)
I
4
rg =r—-a (10)

where & is the ultimate strain of the confined core SSSC, &, is the yield
compression strain of the steel ring, Eg is the Young’s modulus of the steel
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tube, M stands for the distance from &y tostrain0, ¢ designates the height
of the core SSSC in the compression zone, y, indicates the center angle of the
core SSSC in the compression zone, Ty is the radius of the equivalent steel ring
of longitudinal reinforcement, and a is the radius of the core SSSC section in
the tensile zone.

4.1.4. Assessment of the proposed skeleton curve prediction model

Fig. 8 compares the proposed M —¢ and experimental M —¢ skeleton
curves. The experimental results were in good agreement with the theoretical
curves, demonstrating the high accuracy of the proposed model.

4.2. Hysteresis rule

Based on the numerical analysis of the M —¢ skeleton curves for each
factor, a Cough trilinear degeneration model was adopted to further analyze the
M —¢ hysteresis rules of the STCRSSSC columns. The parameters were
determined using Eqgs. (11)—(17), as shown in Fig. 9.

Fig. 9 Loading and unloading rules for STCRSSSC columns under cyclic loading

M
S, = Il (11)
M
S,y 12)
2 4,
M, =0.6M, (13)
S, =0112n, + 2.8640, +0.003D/t —1.4431 +0.883 (14)
S4=% (15)
4 \p
S5=5(=-) (16)
#
£ =0.140n, —0.0192—-0.003D/t +0.133, +0.265 17

where S, and S, denote the stiffnesses at the elastic and yield stages,
respectively, M; and ¢ denote the bending moment and curvature,
respectively, S; indicates the stiffness in the third stage, M, represents the
ultimate moment, S, and Sg are the unloading stiffnesses before and after
yielding, respectively, ¢ is the curvature corresponding to the i-th unloading
pointofthe M —¢ curve starting from the yield point,and A isan parameter
relatedto D/t, 4, n,,and the initial self-stress.

4.3. Verification of the model for predicting the moment-curvature response of
the specimens
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Fig. 8 Verification of experimental and theoretical moment-curvature skeleton curves

The predicted hysteresis curves can be obtained by calculating the skeleton
hysteresis relation and the loading-unloading stiffness of
the specimens. As illustrated in Fig. 10, the theoretical curves of the specimens

curves of the 274

agreed well with the test results.

Owing to the limitations of the experimental conditions, the quantity and
level of the studied parameters were limited, and the dimensions of the
specimens were scaled down compared with the columns in the actual project.
In future studies, refined models of full-scale STCRSSSC columns can be built
using finite elements to analyze the performance of STCRSSSC columns under
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more key parameters and complex loads to adapt to actual engineering situations.

Based on the experimental study of specimens with specific stress states

and geometric characteristics, a prediction model is generally proposed, which

has certain limitations in its applicability. However, owing to the randomness

and uncertainty of the seismic action, high discreteness of the crack
development and bond-slip of concrete, and the fact that the errors of the
prediction model are not very sensitive to the results of certain structures, the
calculation of the hysteretic behavior of STCRSSSC columns based on the
simplified model can still achieve satisfactory results.
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Fig. 10 Comparisons between the theoretical and experimental moment-curvature hysteresis curves

Conclusions

This study presents the design and tests of ten STCRSSSC columns and
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four STCRSSC columns under cyclic loading, investigating the effects of
various parameters on seismic performance, including 4,
The conclusions are as follows:

P,, D/t,and n, .
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(1) Bending failure occurred in all the specimens, characterized by
longitudinal steel bar yield. Circumferential cracks were observed in the
non-shear surface at the column bottom, and the core SSSC or SSC was
broken at the column bottom. Plastic deformation of the specimens
before damage to the STCRSSSC column was significant, with evident
signs of failure.

(2)  The specimens exhibited plump hysteresis loops with slight pinching.
With an increase in D/t or n, , the plumpness of the hysteresis curves
and the areas of the hysteretic loops decreased. However, an increase in
A or P, increased the area of the hysteretic loops of the hysteresis
curves.

(3) The M-g¢ skeleton curves are roughly divided into three phases: elastic
response, yielding, and failure. With increasesin D/t, n,,and P, ,the
slopes of the M —¢ skeleton curves increased. The M —¢ skeleton
curves are not significantly affected by 4.

(4) Based on the principle of limiting equilibrium, theoretical calculations of
the corresponding yield and ultimate points of the STCRSSSC column
were performed based on the experimental studies, and the key
characteristic points were connected to a simplified skeleton curve. A
comparison of the experimental skeleton curves with the theoretical
curves indicated that the model was highly accurate.

(5) Based on the Clough trilinear degeneration model, the hysteresis rule of
the M-—¢ relationship of STCRSSSC columns is proposed.
Furthermore, a prediction model for the performance of the STCRSSSC
columns was established and validated.

(6)  The proposed prediction model was applied to the STCRSSSC columns.
Owing to the limitations of the experimental device, the designed
specimen was a third of the actual specimen. Finite element analysis
software was used to further analyze the influence of key factors on the
behaviors of full-scale specimens in a subsequent study.
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