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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

In this study, a finite element (FE) model of a GFRP tube concrete-encased steel composite column (GTCES) with fixed 

ends was established to investigate its dynamic behavior under vehicle collisions, with the accuracy of the FE results was 

verified and calibrated by comparisons with the experimental results. The impact force, lateral displacement, local 

indentation, reaction and inertia force, bending moment and shear force, energy absorption, damage evolution and failure 

model, and GFRP tube confinement effect were analyzed, with the results illustrating that the impact process can be divide 

into three stage. Concrete is an important factor in carrying the impact loads. Subsequently, the influences of the axial for ce 

ratio, concrete strength, encased steel yield strength, steel ratio, and impact velocity on the dynamic behavior of the GTCES 

columns were investigated using parametric experiments. The findings revealed that the peak local indentation decreased 

by 22.78% and the peak impact force increases by 19.49%, respectively, with increasing the axial force ratio from 0 to 0.6. 

When the strength of concrete increased from 30 MPa to 40 MPa, the decreases of peak and residual lateral displacements 

were 23.91% and 25.89%, respectively. Additionally, the more severe damage on the GTCES column was observed at the 

higher impact velocities. 
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1.  Introduction 

 

Fiber-reinforced polymer (FRP) composites have been applied in civil en-

gineering due to their exceptional material qualities, which include high strength, 

superior corrosion resistance, and low self-weight [1-3]. One wide application 

is that the FRP composites as tubes combined with steel and concrete to develop 

new composite constructions, such as FRP-concrete steel double-skin tubular 

columns (DSTCs) [4-8], concrete-filled in FRP tubes with longitudinal steel 

bars and FRP-confined concrete-filled steel tubes(CCFTs) [9-12]. The FRP tube 

serves as a formwork during concrete pouring, and provide a corrosion-resistant 

skin to protect core concrete from corrosion when the composite construction 

serves in corrosive engineering environments. Furthermore, the FRP tubes serve 

as a confinement system that enhances the mechanical properties of the concrete 

[13,14].  

Simultaneously, GFRP tube concrete-encased steel composite columns 

(GTCES), a novel form of hybrid columns [15], are prepared by surrounding 

the encased steel with an outer GFRP tube, which is then filled with concrete. 

The concept of the GTCES column was proposed by Liu, as a rehabilitation 

technique for strengthening the corroded steel members [16]. The corroded steel 

members were enclosed by two semi-circular GFRP tubes, which were then 

filled with lightweight expanded concrete. An axial compressive test was con-

ducted on the composite columns. The composite columns exhibited suitable 

mechanical properties. Since then, a few investigations have been conducted on 

the composite column [17-22]. The investigations revealed that the GTCES col-

umn had a superior mechanical performance under static and seismic loading 

conditions. And axial, flexural and eccentric carrying ability calculation meth-

ods and hysteretic restoring force models were proposed for GTCES columns 

[17,20,22,23]. Thus, GTCES columns have promising applications in vital 

members such as buildings and bridges. 

With the increase in transport accidents, the composite columns may be 

exposed to impact loads from vehicles while in the service. When accidents 

happen, the composite columns is destroyed, causing the structural collapse and 

posing a threat to life safety. Recently, the dynamic behaviors of hybrid com-

posite columns with FRP tubes have been studied. Pham et al. [24] used the 

drop weight tests on a CFTs column to research its axial impact performance. 

These findings presented that the mechanical resistance of columns could be 

enhanced by the outer FRP tube confinement effect. Meanwhile, the axial im-

pact performance of the CFTs column with inner steel spiral reinforcement was 

studied by Huang [25]. The results showed that the inner steel spiral reinforce-

ment improved damage resistance of the CFTs. The lateral dynamic perfor-

mance of the CFTs was also investigated. Wang et al. [26] studied the lateral 

dynamic behaviors of CFTs. They found that the peak displacement of the col-

umn decreased with increasing fiber volume fraction of FRP tubes, due to the 

confinement effect of FRP tube was enhanced. Chen et al. [27] also found that 

improving the confinement effect of FRP tube would lead to a reduction in max-

imum displacement of CFTs. Furthermore, the impact resistance of CFTs would 

be improved with embedding the steel spiral reinforcement [28]. Simultane-

ously, the lateral dynamic performance of DSTCs was investigated and the main 

parameters analysis were conducted. Chen et al. [27] tested and numerically 

simulated DSTCs under the lateral impact loads. These findings indicated that 

the DSTCs exhibited a higher impact resistance with increasing the thickness of 

FRP tube. Abdelkarim et al. [29,30] established the numerical simulation mod-

els for DSTCs under vehicle collisions to study its dynamic responses. The re-

sults demonstrated that the main resistance of DSTCs came from inner steel 

tube and dynamic resistance were affected by the mass and velocity of impactor. 

Wang et al. [31] carried out the test investigations on the DSTCs members to 

explore their dynamic responses. The findings demonstrated that the impact re-

sistance of DSTCs was significantly influenced by the impact velocity. Further-

more, the numerical simulation models were established according to test results 

[31], and the numerous parameter studies were analyzed [32]. Zhang et al. [33] 

studied the response of DSTCs members under impact load. The results re-

vealed that the specimens presented flexural failure and that a large void ratio 

decreased the maximum displacement of members. In summary, the previous 

investigations mainly concentrated on the static and seismic responses of the 

GTCES column and the dynamic behaviors of the CFFs and DSTc members. 

However, the investigations on the impact performance of GTCES columns 

were limited under vehicle collision conditions, thus making it essential to re-

veal its dynamic behaviors.  

In this study, the finite element models of the GTCES columns with fixed-

ends were developed to explore their dynamic behavior under vehicle collisions. 

The simulation results were verified. Subsequently, to reveal the mechanical 

characteristics, failure modes, the role of each component of GTCES column, 

the valid model was employed to perform an analysis on the impact process, 

inertial force, the distribution of bending moment and shear force, the change 

rule of energy dissipation, damage evolution and failure modes and the GFRP 

tube confinement effect were discussed in detailed. Finally, the influences of 

several parameters such as axial force ratio, concrete strength, encased steel 

strength, steel ratio and impact velocity were analyzed to clarify the main pa-

rameters affecting on the lateral impact performance. This study provides a ref-

erence to develop the numerical model of GTCES under the dynamic load and 

reveals its dynamic behaviors. The results offer a reference for anti-impact de-

signs and reinforcement maintenance. 

 

2.  Validation of numerical simulation techniques 

 

2.1. Exiting experiments 

 

The experiments in Ref. [31] were selected to calibrate the accuracy of the 

finite element models of the GTCES under lateral impact. The material compo-

nents of the specimens were FRP tube, concrete and steel, that were identical to 

the GTCES columns. Furthermore, the dynamic performance of the GTCES un-
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der an axial load was studied. The experimental results in Ref. [34] were em-

ployed to verify the modeling technique for coupling the lateral impact and axial 

loads.  

 

2.2. Establishment of finite element model 

 

The finite-element software ANSYS/LS-DYNA was used to simulate the 

specimens subjected to the impact load. The details of the finite element model 

development were presented as follows. 

 

2.2.1. Materials model 

The steel responses in numerical models were evaluated by *MAT_PIECE-

WISE_LINEAR_PLASTICITY model [34], which can be used to define an 

elasto-plastic material, and consider an arbitrary strain rate dependency. The 

strain rate effect on the steel was considered and the dynamic increase factor for 

the steel was employed by the Cowper and Symonds Model [35], as expressed 

in Eq. (1). 

 

DIF = 1 + (
ε̇

𝐶
)
1

𝑝                                                 (1) 

 

where DIF is the dynamic increase factor, which means the ratio between dy-

namic stress and static stress; ε̇ is strain rate; C and p were the strain rate pa-

rameters, and the values of C and p were 40.4 s-1 and 5, respectively [36]. 

The *MAT_CSCM _CONCRETE model (CSCM) was used to characterize 

the dynamic behavior of concrete. And it is a smooth continuous surface cap 

model that effectively considers the strain rate effect on the concrete, and pre-

dicts its hardening, softening and shear damage of the concrete [37]. Besides, to 

prevent computational difficulties with a very low stiffness, the erosion algo-

rithm was used in this material model which was determined by the value of 

maximum principle strain. Referring to Ref. [38], the ERODE was set to 1.08 

to accomplish element erosion. Moreover, many studies have indicated that this 

model can model the nonlinear response of concrete accurately under impact 

load [36,38,39]. 

The FRP material was modeled using *MAT_LAMINATED_COMPO-

SITE_FABRIC which is a damage mechanics-based model that can be utilized 

to simulate composite materials with woven fabrics complete laminates and uni-

directional layers. Many studies have demonstrated that the FRP material shows 

a minor strain rate effect under the impact loading compared with steel and con-

crete [28,32,40]. The strain rate effect on FRP material was neglected in the 

finite element. 

The *MAT_RIGID model is designed to simulate the impactor in this study, 

which can save the computational time and have achieved accurate results in 

previous studies [28,32]. 

 

2.2.2. Contact definition, boundary conditions and applying axial load  

The Contact_Automatic_Surface_Surface algorithm was utilized to model 

the interactions between the different components. The contact algorithm can 

be implemented to treat contact between bodies with dissimilar material prop-

erties. In the contact algorithm, the dynamic and static friction coefficients for 

interface between the steel and concrete were set as 0.5 and 0.6, respectively 

[41]. And for the interface between impactor and FRP tube the dynamic and 

static friction coefficient were taken as 0.25, 0.25 for the interface between the 

FRP tube and concrete [28].  

The keyword *Boundary_SPC_SET was used to establish the boundary 

conditions which were identical to the tests. The coupling of axial force and 

lateral impact can be divided into two phases. Phase I: The end of column was 

exposed to an axial force using a distributed pressure through a dynamic relax-

ation analysis. Phase II: The FE analysis was restarted and a lateral impact was 

applied to the column.  

 

2.2.3. Hourglass type and element type  

The hourglass control type 4 was introduced into the numerical model to 

reduce the hourglass energy effect on the simulation precision [32]. The FRP 

tube was simulated by the Belyschko-Tsay element. The steel, concrete and im-

pactor were simulated using the 8-node solid hexahedron element with single 

point integration algorithm.  

 

2.3. Verification of the FE model  

 

The FEM results were shown in Fig. 1, Fig. 2 and Table 1.  From Fig.1, 

the bending failure mode of the experimental specimens [31,34] was reasonably 

predicted by FE model. From Fig. 2 (a) and Fig. 2 (b), the deviations of peak 

impact force and plateau vale of the impact force between the predictions and 

test results were 5.14% and 10.07% for specimen F3L01, and were 3.15% and 

3.98% for specimen F3M01. The FEM model accurately captured the trend of 

the impact-time history observed in experimental results. Furthermore, the max-

imum displacements of the FEM were lower than the experimental results, with 

the deviations of 13.79% and 12.93%, respectively. This can be attributed to 

that the slippage occurred between the clamping system and specimen [31]. 

Whereas, the specimens were tightly constrained in the numerical model.  

From Fig.2 (c) and Fig.2 (d), the impact force-time histories of the FEM 

fitted the experimental results well. For specimens DBF19 and DBF20, the de-

viations in peak impact force between the simulations and tests were 13.91% 

and 4.21%, respectively. The differences in the impact plateau force between 

the predicted and test results were 11.22% and 3.65%, respectively. Further-

more, the deviations in the maximum displacement between the predicted and 

experimental results were 14.04% and 13.04% for specimens DBF19 and 

DBF20, respectively. 

In general, the comparative analysis demonstrates that the simulation 

method as above can be utilized to simulate the impact responses of a GTCES 

column when the lateral impact and axial load are coupled.

 

 

  

(a) F3L01 (b) F3M01 

  

(c) DBF19 (d) DBF20 

Fig. 1 Failure modes obtained from simulations and experiments 
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(a) F3L01 (b) F3M01 

  

(c) DBF19 (d) DBF20 

Fig. 2 Comparison of time-history curves between simulations and experiments 

 

Table 1  

Comparisons of key results [31,36] 

Specimen Fp 

(kN) 

Fp,FEM 

(kN) 

ΔFp Fplat 

(kN) 

Fplat,FEM  

(kN) 

Δplat 𝛿max  

(mm) 

𝛿max,FEM 

(mm) 

∆𝛿 

F3L01 78.8 74.7 5.14% 34.0 30.4 10.07% 23.4 19.6 13.79% 

F3M01 107.8 104.4 3.15% 36.4 34.9 3.98% 47.1 40.1 12.93% 

DBF19 152.1 131.5 13.91% 60.9 68.3 11.22% 17.8 20.3 14.04% 

DBF20 118.1 116.3 4.21% 62.7 65.0 3.65% 25.3 28.6 13.04% 

Note: Fp and Fp,FEM are the peak impact force of test results and prediction, respectively; Fplat and Fplat,FEM are the impact plateau force of test results and prediction, 

respectively; 𝛿max and 𝛿max,FEM are the maximum displacement of test results and prediction；ΔFp, Δplat and Δ𝛿 are the error of peak impact force, the impact 

plateau force and maximum displacement between test results and predictions, respectively. 

 

3.  FEM simulations of GTCES column 

 

3.1. FEM modeling of GTCES column 

 

Based on the modeling techniques described in the Section 2, a numerical 

simulation model of the GTCES column subjected to lateral impact was estab-

lish, as presented in Fig. 3. In this study, a 1/3 scale model of the GTCES col-

umn with a diameter of 270 mm and a height of 1300 mm and was investigated. 

The dimensions of the column referred to those using in office buildings [42]. 

The dimensions of the encased steel were plotted in Fig. 3. And the GFRP tube 

thickness was 5 mm, with its material properties described in Ref. [43]. The 

yield strength of encased steel was 235 MPa and the compressive strength of 

concrete was 30 MPa. The steel ratio was 3.41%, and axial force ratio was 0.3. 

And the calculated equations of steel ratio and axial force ratio were presented 

in Section 4. The axial force was applied on the column with a dynamic relaxa-

tion analysis in phase I (Fig. 3); In phase II, the freedoms of the column head 

were all fixed, with the stress on each component of the column were initiated 

using a FE analysis restarted. Finally, the impact load was applied on column. 

A 10 t truck was chosen to as a vehicle model to impact the column. The 

vehicle mode was simplified as a flat-head impactor, which considers a rigid 

bumper of a truck and reduces the computational cost in simulations [38]. 

Referring to the [44], the heights of bumper upper and lower flanges of 10 t 

truck from the floor are 770 mm and 650 mm, respectively, when the truck is 

stationary. And the height of impact region was from 216.7 mm to 256.7 mm as 

considering the 1/3 scale model. Therefore, the length and width of the impactor 

were designed to be 280mm and 40mm as considering the diameter of the 

column and the width of the bumper. Referring to the scaling laws in Ref. [38], 

the initial kinetic energy of impactor in a small-scale model would be K3 of 

those in a full-scale model and the K is the scale factor. While the velocity of 

the impactor is independent of scale factor K. Therefore, the impactor mass was 

decreased from 10 t to 0.3704 t by applying a reduction factor of 27 with a scale 

factor K=1/3. The impactor velocity was taken to be 10 m/s (36 km/h) in the 

numerical model, referring to the velocity grade of the vehicle [45].

 

0 5 10 15 20 25 30 35 40
0

20

40

60

80

100
Im

p
ac

t 
fo

rc
e 

(k
N

)

D
is

p
la

ce
m

en
t 

(m
m

)

 Experiment

 Simulation

Time (ms)

0

20

40

60

80

100

0

5

10

15

20

25

30

0

5

10

15

20

25

30

0 5 10 15 20 25 30 35 40 45
0

20

40

60

80

100

120

Time (ms)

 Experiment

 Simulation

0

20

40

60

80

100

120

0

10

20

30

40

50

0

10

20

30

40

50

Im
p

ac
t 

fo
rc

e 
(k

N
)

D
is

p
la

ce
m

en
t 

(m
m

)

0 5 10 15 20 25 30
0

20

40

60

80

100

120

140

160

Im
p
ac

t 
(k

N
)

Time (ms)

 Experiment

 Simulation

0 5 10 15 20 25 30
0

20

40

60

80

100

120

140

160

Im
p
ac

t 
(k

N
)

Time (ms)

 Experiment

 Simulation



Hai-Xia Zhang and Shi-Long Ju  280 

 

1300 

Fixed all the 

degree of 

freedoms

Axial force 

Fixed all the 

degree of 

freedoms except 

axial direction

150 

150 

Impactor

74

126
5

8.4
5

R=130

GFRP tube

Concrete

Encased-steel

Phase I Phase II

Fixed all the 

degree of 

freedoms

Fixed all the 

degree of 

freedoms 

Impact load

Section A-A

336

1084

Section B-B

Impact

side

Profile

side

Back

side

 

Fig. 3 Finite element model of GTCES column under lateral impact (unit/mm) 

 

3.2. Response characteristics 

 

3.2.1. Impact force, lateral displacement, local indication and velocity-time his-

tories 
Fig.4 showed the time-history curves of the impact force, lateral displace-

ment (Position B), local indentation (Position A), velocity of the impactor, and 

velocity of the specimen. The time-histories were observed to consisted of three 

stages. Stage I (impact peak stage): The impactor and specimen were in contact 

at point O, and then the impact force rapidly increased to a peak value (1370 

kN) at point A (1.409 ms); At point A, the lateral displacement was 3.98 mm, 

which was 30.90% of its maximum value. Additionally, the local indentation 

reached the maximum value 7.31 mm. Furthermore, the velocity of the speci-

men increased, due to the total energy transferred from impactor to the specimen 

as the velocity of the impactor decreased. After point A, the velocity of the 

specimen exceeded that of the impactor within a short period, thus indicating 

the specimen and impactor were separated. Which resulted in a sharp decrease 

in impact force until time B. Stage II (plateau stage): After point B, the velocity 

of specimen and impactor remained nearly constant and decreased, and under-

went a small-amplitude oscillation. Additionally, the trend of impact force pre-

sents a relatively constant state. The lateral displacement gradually increased 

and reached its maximum value (12.88 mm) at point B (3.899 ms), indicating 

the ending of plateau stage. Furthermore, the impact force plateau value (Fplateau) 

was typically adopted to evaluate the impact performance of a member and was 

given as Eq. (1) [30,33]. The impact force plateau value of member was 844 kN.  

 

𝐹plateau =
∫ 𝐹(𝑡)𝑑𝑡
𝑡2
𝑡1

𝑡2−𝑡1
                                              (1) 

 

where F(t) was the impact force versus time curves; The t1 and t2 were the time 

points at time B and time C, respectively. 

Stage III (descending stage): The velocities of the impactor and specimen 

were inconsistent in this stage, indicating the impactor and specimen were 

separated. And the specimen gradually bounced back. The impact force of the 

specimen decreased to zero at point D (6.719 ms). Furthermore, the residual 

lateral displacement and residual indentation were 10.62 mm and 4.21 mm, 

respectively. 

 

  

(a) Impact force, lateral displacement and local indication                                            (b) Velocity of impactor and specimen 

Fig. 4 Impact force, lateral displacement, local indication and velocity-time history curves 
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3.2.2. Shear force and bending moment along column height  

The distributions of shear force and bending moment along column height 

were shown in Fig. 5. At 1.409 ms, the maximum shear force (-944.3 kN) and 

bending moment (95.8 kN·m) were observed at column height of 216 mm and 

0 mm, respectively, corresponding to the lower edge of the impact area and 

bottom of the columns. From 1.409 ms to 3.899 ms, the maximum shear force 

remained at the lower edge of the impact area. With the development of impact 

time, the maximum shear force showed a decreasing trend. And the maximum 

bending moment shifted to the top of column. It demonstrated the column 

underwent a redistribution of the internal force. Furthermore, the highest value 

for bending moment showed 9.92% increment as compared to that at 1.409 ms, 

which was different to that of the shear force. This is because that the decrease 

in shear force resulted from the decrease in the impact force and the effect of 

inertia force. However, the lateral displacement of column gradually increased, 

leading to an increment in bending moment. At the end of impact, the largest 

shear force and bending moment appeared at the bottom of column and 

decreased significantly. Furthermore, a larger shear force was mainly 

concentrated in the area extending from the bottom column to impact area. The 

lager shear force area can be as a reinforcing specific region to prevent shear 

failure when GTCES columns subject to lateral impact.

 

  

(a) Shear force (b) Bending moment 

Fig. 5 Distribution of shear force and bending moment along column height 

 

From the above discussion, the maximum shear force and bending moment 

occurred at the lower edge of impact area (Section A-A as shown in Fig. 3) and 

the top of column (Section B-B as shown in Fig. 3) during the impact, 

respectively. Therefore, the two sections were selected to investigate the 

internal force. The shear force and bending moment versus the impact time, as 

shown in Fig. 6. The contributions of different components to withstand shear 

force and bending moment were presented. From Fig. 6(a), the sign of shear 

force remained unchanged in the initial stage owing to that the section A-A was 

near the impact area. Besides, the shear force reached its maximum value (-

990.3 kN) at AB stage. From Fig. 6(b), the bending moment presented negative 

in the initial stage, owing to the stress wave propagation. Then the bending 

moment gradually reached its maximum value (122.2 kN·m) at the initial of 

plateau stage. After the peak point, the shear force and bending moment showed 

downward trends. And the sign of shear force and bending moment changed at 

the end of descending stage due to the deformation of column recovered 

elastically. It can be concluded that the maximum shear force and bending 

moment were -990.3 kN and 122.2 kN·m and occurred at the Section A-A and 

Section B-B, respectively, which can provide a practical design value for 

dynamic shear force and bending moment.

 

 
 

(a) Shear force at section A-A (b) Bending moment at section B-B 

Fig. 6 Shear force and bending moment-time history curves 

 

Furthermore, it can be found the shear force and bending moment were 

mainly withstood by the concrete, followed by the encased steel and GFRP tube. 

For instance, the shares of concrete in carrying the shear force and bending mo-

ment were up to 77.43% and 80.35% at A moment, respectively. During the AD 

stage, the share of GFRP tube and encased steel showed an increment as com-

pared to that in OA stage. This indicated that the section underwent stress redis-

tribution due to the concrete damage and the stress initially borne by the con-

crete transferred to the GFRP tube and encased steel. 

3.2.3. Inertia force 

When the impactor impacted the specimen, the inertia force was induced 

by the acceleration of specimen. The reaction and inertia force were calculated 

with Eq. (2), based on the force equilibrium. 

 

𝐹impa + 𝐹𝑅 + 𝐹I = 0                                             (2) 
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where Fimpa, FR and FI were impact force, reaction force and inertia force, re-

spectively. 

Fig. 7 showed that the inertia and reaction force-time histories. The 

direction of impact force was considered to be positive. Fig. 7(a) showed that a 

time lag of 0.12 ms existed between the occurrence of the impact force and 

reaction force, indicating the response of the supports was delayed. This delay 

was attributed to the time required for the stress wave transfer from the impact 

point to supports. From Fig. 7(b), the trends of reaction and inertia forces were 

similar and the inertia force reached to a peak value at 0.99 ms. Furthermore, 

the inertia force resisted approximately 50% of the impact force in this stage. In 

the AC stage, the reaction force reached to a peak value in positive direction at 

2.97 ms. The effect of inertia force on specimen was weaker than that during 

the OA stage. In the CD stage, the reaction force gradually decreased. Whereas, 

in the opposite direction, the inertia force increased compared to the BC stage 

to balance the force generated by the rebound of specimen. After the impact 

process, the specimen vibrated freely and the reaction force is balanced with 

reaction force. In summary, the influence of inertia force on GTCES column 

was significant in the initial and descending stages.

 

  

(a) Initial stage (b) Full stage 

Fig. 7 Impact force, reaction force and inertia force-time histories 

 

To investigate the influence of inertia force on the shear force and bending 

moment, Section A-A and Section B-B were selected. The internal shear force 

(FC in Section A-A) and bending moment (MC in Section B-B) were obtained 

from FEM results, and the shear force (FF in Section A-A) and bending moment 

(MF in Section B-B) induced by the impact load were calculated using Eq. (3) 

and Eq. (4).  

 

𝐹𝐹 =
𝐹𝑖𝑚𝑝×𝑏

2

𝑙2
                                                   (3) 

 

𝑀𝐹 =
𝐹𝑖𝑚𝑝×𝑎

2×𝑏

𝑙2
                                                (4) 

 

where the a and b were the distance from the center of impactor to bottom and 

top of the column, respectively. And the l was the height of the column. 

Fig. 8 plotted the FC, FF, FC/FF, MC, MF, and MC/MF time history curves. In 

the OA stage, the values of FC and FF were almost identical, and the average 

value of FC/FF was 0.99, as shown in Fig. 8(a). It suggested the inertia force had 

almost no influence on sectional shear force during this stage. In the AB stage, 

FC/FF increased from 1.03 to 1.52. The inertia force contributed to an increase 

in the sectional shear force. In the BC stage, the average FC/FF was 1.55 and 

tended to stabilize. In the CD stage, the value of FC/FF gradually decreased and 

reduced to 1.00 at 5.071 ms, demonstrating that the effect of inertia force on 

sectional shear force gradually decreased. From 5.071 ms to 5.882 ms, the value 

of FC/FF gradually decreased to 0, suggesting that the direction of sectional force 

induced by inertia force was opposite of impact load. After 5.882 ms, the value 

of the impact load tended to be 0 and the sectional shear force changed to op-

posite direction. In this stage, the sectional shear force was balanced with inertia 

force. 

As seen in Fig. 8(b), it was possible to find that in the initial stage, the value 

of MC/MF was negative and the maximum value was -0.029, indicating bending 

moment due to impact load and inertia force were in opposite directions. The 

inertia force had a positive effect on sectional moment. After the initial stage, 

the sign of MC/MF changed and increased to 1.37 at time A. Subsequently, the 

value of MC/MF continued to increase until time B, indicating the inertia force 

increased the MC. In the BC stage, the MC/MF tended to be consistent with an 

average value of 3.91. This phenomenon was similar to the inertia force effect 

on sectional shear force. During this stage, internal bending moment was more 

affected by the inertia force. In the CD stage, the value of MC/MF exhibited a 

downward trend until 4.829 ms, indicating that the effect of inertia force on 

sectional moment decreased. Subsequently, as the impact load decreased, the 

development of sectional moment was mainly driven by inertia force. 

Additionally, the inertia force had a greater effect on the sectional moment than 

the sectional shear force.

 

 
 

(a) FF, Fc and FF/Fc at section A-A (b) MF, Mc and MF/Mc at section B-B 

Fig. 8 Effect of inertia force on shear force and bending moment  
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3.2.4. Energy absorption 

Fig. 9 showed the energy absorption diagram of the column, which were 

obtained from the FEM analysis. During the OC stage, the total absorbed energy 

increased continuously with a decrease in the kinetic energy of impactor, reach-

ing a maximum value at time C. Meanwhile, the kinetic energy of impactor de-

scended to zero. This suggested the kinetic energy of impactor transferred to 

column continuously during this stage. After time C, the kinetic energy of im-

pactor and total absorbed energy showed upward and downward trends, respec-

tively. This is because the column underwent elastic recovery and the movement 

of the impactor reversed to the opposite direction. 

 

Fig. 9 Energy absorption-time history curve 

 

Furthermore, the concrete absorbed a greater proportion of energy than 

other parts during the impact process. At time A, the concrete absorbed 86.81% 

of the energy, whereas the GFRP tube and encased steel absorbed 5.71% and 

7.48%, respectively. And the concrete absorbed the higher energy owing to the 

local damage in impact area, which can be found in the local indentation of the 

column and concrete damage patterns. In addition, the total absorbed energy 

was 8.41kJ which was up to 48.61% of its peak value at this time, indicating 

that almost half of the internal energy was absorbed in this stage and the 

concrete in the impact area played an important role in this. In the AD stage, the 

concrete continued to made a significant contribution to energy absorption. 

Furthermore, the contribution of the encased steel and GFRP tube to absorbed 

energy presented an upward trend in comparison to that during the OA stage. 

This is because that each component of the column underwent stress 

redistribution as the impact developed during the AD stage. 

 

3.2.5. Damage evolution and failure mode 

The damage evolution in the column was plotted in Fig. 10. The damage 

to the concrete and encased steel was described by effective plastic strain. Ma-

trix damage was used to describe damage to the GFRP tube. 

At time A, the matrix damage of the GFRP tube occurred from the bottom 

of column to the impact area. A 45o damage path was formed between the im-

pact side and back side. Additionally, slight damage occurred at the top of the 

column region on the impact side. In Section A-A, the damaged area was above 

75% of the cross section. For the concrete, the cracking was initiated at the bot-

tom of column and the impact area. The damaged area penetrated to the inner 

side of the flange of encased steel in Section A-A. The encased steel between 

the bottom of column and impact area was yielded. And the stress level on the 

web was higher than that on the flange. In addition, the entire cross section of 

the web developed into a plastic state in Section A-A. Furthermore, no damage 

was observed in Section B-B at time A. Subsequently, the matrix damage at the 

top of column and impact area propagated towards the middle of column. The 

more severe matrix damage to the GFRP tube was found between the bottom of 

the column and impact area. And the matrix damage occurred across the entire 

cross section in Section A-A. For the concrete, the damage level at the same 

location more was more severe than that at the time A. In addition, the concrete 

in the top zone of the column was damage on the impact side. The length of the 

damage zone was 19.2% of the height of the column. In Section A-A, the dam-

aged area of the concrete increased compared to that at time A at impact side. 
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Fig. 10 Damage evolution of the column  

 

Furthermore, effective plastic strain area of the encased steel remained constant. 

Whereas, the maximum effective plastic strain value was 0.02945 which in-

creased approximately 1.68 times compare with that at time A. Moreover, the 

GFRP tube and concrete at impact side presented a damage level at Section B-

B. Half of the cross section was almost damage. 

At time C, the matrix damage to the GFRP tube at the top of the column 

was severe. And the damage evolved from the impact side to back side in Sec-

tion B-B. For the concrete, the damage level in the top zone increased. The 

damaged area had expanded to the middle of the column height. And in Section 

A-A and Section B-B, the damaged area increased further. Moreover, the en-

cased steel flanges in the top and bottom zones yielded. A higher effective plas-

tic strain area also concentrated between the bottom surface of column and im-

pact area, and the maximum effective plastic strain was 0.04211. At time D, the 

concrete damage level at the contact surface between the impactor and column 

increased, owing to column rebound. This behavior had a minor influence on 

the encased steel and GFRP tube in terms of damage. Furthermore, the encased 

steel in Section B-B was in an elastic state during the entire impact process.  

Moreover, the more severely damaged area was mainly concentrated at the 
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bottom of the column which was a region of higher shear force, as discussed in 

Section 3.2.3. And the bending moment was observed in this region. Thus, the 

failure model of the GTCES column under lateral impact was flexural-shear 

dominant. 

 

3.2.6. GFRP tube confinement effect 

The above analysis suggested that the GFRP tube made a relatively minor 

contribution to carrying the shear force, resisting the bending moment, and 

absorbing energy. However, the GFRP tube may have made a significant 

indirect contribution to strengthen the impact performance of column. Based on 

this hypothesis, a column without the GFRP tube was simulated under the 

identical conditions. Fig. 11 showed a comparisons of impact force and lateral 

displacement-time histories. The maximum impact force and plateau force of 

the column without a GFRP tube were 1140 kN and 655 kN, respectively. The 

maximum lateral displacement was 17.4 mm. The presence of GFRP tube 

increased the maximum impact force and plateau force by 16.78% and 22.39%, 

respectively. The maximum lateral displacement reduced up to 30.46%. 

Additionally, the column damage was shown in Fig. 12. The concrete damaged 

area was larger than that of column with GFRP tube. This damage was 

significantly more severe. And the area of the encased steel yielded remained 

was almost unchanged. Whereas, the maximum value of the effective plastic 

strain increased approximately 1.07 times compared to the column with GFRP 

tube. Therefore, the GFRP tube can sustain a higher impact force on the column, 

because the GFRP tube confined the concrete, which indirectly improved the 

column’s dynamic resistance. The circular stress of GFRP tube under impact 

was presented in Fig. 13, and was used to investigate the confinement effect that 

benefited from GFRP tube. The GFRP tube was almost in a tensile state along 

the hoop direction, except for a few areas at the bottom and top of column. It 

indicated that the GFRP tube can effectively provide concrete confinement. 

Compared with the column without a GFRP tube, the confinement effect 

reduced the concrete damage level. The location of the more severe concrete 

damage in the column without a GFRP tube coincided with areas where the 

GFRP tube in the GTCES column provided higher confinement effect. 

Furthermore, the circular stress of the GFRP tube was higher in the impact 

region during the plateau stage (Fig. 13 (b) and Fig. 13(c)). It would provide the 

excellent confinement effect for concrete, thus preventing the concrete damage 

and reducing the deformation of encased steel, resulting in higher plateau force 

and lower lateral displacement. 

 

 

Fig. 11 Impact force and lateral displacement-time histories of  

the column without GFRP tube
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Fig. 12 Failure modes of the column without GFRP tube 
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Fig. 13 Stress of the GFRP tube along the circular direction 

 

Table 2  

The results of parametric analysis 

Group 𝑛 fc(MPa) fy(MPa) α v 

(m/s) 

Fp 

(kN) 

Fplat 

(kN) 

∆1max 

(mm) 

∆1resi 

(mm) 

∆2max 

(mm) 

∆2resi 

(mm) 

Axial force 

ratio 

0 30 235 3.41% 10 1180 801 13.81 10.62 8.69 5.12 

0.15 30 235 3.41% 10 1310 802 13.32 10.62 7.61 4.23 

0.3 30 235 3.41% 10 1370 844 12.88 10.31 7.31 4.21 

0.45 30 235 3.41% 10 1400 854 12.63 10.25 7.18 4.22 

0.6 30 235 3.41% 10 1410 868 12.51 10.21 6.71 4.20 

 

Concrete 

strength 

0.3 30 235 3.41% 10 1370 844 12.88 10.62 7.31 4.21 

0.3 40 235 3.41% 10 1520 927 11.52 9.07 6.59 2.83 

0.3 50 235 3.41% 10 1590 998 10.71 8.08 6.81 3.12 

 

Encased Steel 

yield strength 

0.3 30 235 3.41% 10 1370 844 12.88 10.31 7.31 4.21 

0.3 30 355 3.41% 10 1410 874 12.31 9.82 7.33 4.18 

0.3 30 390 3.41% 10 1430 887 12.02 9.41 7.39 4.19 

0.3 30 420 3.41% 10 1440 899 11.83 9.23 7.23 3.57 

Steel ratio 

0.3 30 235 3.41% 10 1370 844 12.88 10.31 7.31 4.21 

0.3 30 235 4.92% 10 1450 932 11.51 9.67 7.22 4.19 

0.3 30 235 6.69% 10 1630 1129 8.58 6.45 6.68 4.15 

 

Impact velocity 

0.3 30 235 3.41% 10 1370 844 12.88 10.31 7.31 4.21 

0.3 30 235 3.41% 15 1700 836 27.81 24.83 11.31 6.71 

0.3 30 235 3.41% 20 2030 797 55.72 51.03 11.32 7.32 

0.3 30 235 3.41% 25 2280 787 85.83 79.91 15.61 7.31 

Note: n was the axial force ratio; fc was the compressive strength of concrete; fy was the encased steel yield strength; α was the steel ratio; v was the impact velocity; 

Fp and Fplat were the impact force and impact force plateau value, respectively; ∆1max and ∆1resi were peak and residual lateral displacement; ∆2max and ∆2resi 

were peak and residual local indentation. 

 

4.  Parametric analysis 

 

The impact response of GTCES column for different influence parameters 

were analyzed in this section. The parameters included the axial force ratio, 

concrete strength, encased steel yield strength, steel ratio and impact velocity. 

The results were listed in Table 2. 

 

4.1. Axial force ratio 

 

Five axial force ratios (0, 0.15, 0.3, 0.45, 0.6) were selected to explore the 

effects of axial force ratio on GTCES column under impact. The axial force 

ratio was calculated by: 

 
𝑛 =

𝑁0

𝑁u
                                                        (5) 

 

where N0 is the applied axial force and Nu is the ultimate axial force of the col-

umn, which was determined as described previously [46]. 

Fig. 14(a) showed the impact force-time histories and impact force values 

under different axial force ratios. The impact force-time histories exhibited the 

same trend. With increasing of axial force ratio, the peak and plateau impact 

force increased. When the axial force ratio ranged from 0 to 0.6, the peak impact 

force increased by 11.01%, 16.10%, 18.64% and 19.49%, indicating that apply-

ing the axial force enhanced the local stiffness of the impact area. The increase 

in plateau force was slight, and corresponding increases of 0.21%, 5.34%, 6.67% 

and 8.33% were observed. Meanwhile, the increase in impact force values was 

small when the axial force ratio exceeded 0.3. 

Fig. 14(b) showed that the lateral displacement-time history curves under 

different axial force ratios. The changing trends of displacement-time histories 

under different axial force ratios were almost identical. Both the peak and re-

sidual lateral displacements exhibited downward trends by increasing the axial 

force ratio. The peak lateral displacements were reduced by 3.62%, 5.79%, 8.69% 

and 9.42%, the residual lateral displacement decreased by 2.75%, 5.51%, 5.96% 

and 6.42%, when the axial force ratio increased from 0 to 0.15, 0.3, 0.45 and 
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0.6, respectively. Furthermore, Fig. 14(c) showed the local indentation-time his-

tories under different axial load ratios. The peak local indentation decreased by 

12.54%, 15.60%, 17.38% and 22.78%, respectively, with increasing axial force 

ratio. The residual local indentation remained relatively unchanged as the axial 

force ratio exceeded 0. 

The damage of column (n=0) at times A and C was presented in Fig. 15. At 

time A, the damage level of each component in the impact area was severe than 

that of the column (n=0.3), as presented in Fig. 15(a). This suggested that 

increasing the axial force ratio enhanced the local stiffness of the impact area, 

thereby contributing to an increase in the peak impact force. At the time C, the 

column (n=0) damage level was much more severe in comparison to that of the 

column (n=0.3), as presented in Fig. 10(d), indicating a higher axial force ratio 

can reduce the damage level of the column during plateau stage, thereby leading 

to higher impact performance. This was owing to that the stiffness of the column 

can be improved by increasing the axial force ratio.

 

  

(a) Impact force (b) Lateral displacement 

- 

(c) Local indentation 

Fig. 14 Impact force, lateral displacement and local indentation-time history curves under different axial forces  
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Fig. 15 Damage evolution of the column (n=0) 

 

4.2. Concrete strength 

 

The effects of three different concrete strengths (30MPa, 40MPa, and 

50MPa) on the impact characteristics of the GTCES columns were explored. 

Table 2 and Fig. 16 showed the numerical simulation results. Fig. 16(a) 

illustrated that the concrete strength significantly affected on impact force. As 

the concrete strength increasing from 30MPa to 40MPa and 50MPa, the peak 

impact force increased by 10.95% and 16.06%, and led to an enhancement of 

9.83% and 18.25% for impact force plateau value, respectively. This 

phenomenon differed from that observed in previous study [32]. Fig. 16(b) 

showed that the peak and residual lateral displacements could be reduced by 

increasing the concrete strength. The peak lateral displacements decreased to 

10.56% and 16.84%, and the decreases of residual lateral displacements were 

14.59% and 23.91%, respectively. Meanwhile, Fig. 16(c) showed that 

increasing the concrete strength can reduce local indentation. The peak local 

indentation was reduced by 9.84% and 6.84%, and the residual local indentation 

was reduced by 32.77% and 25.89%, respectively. Increasing the concrete 

strength is a useful approach to improve the dynamic performance of the 

GTCES.

 

 

  

(a) Impact force (b) Lateral displacement 

 

(c) Local indentation 

Fig. 16 Impact force, lateral displacement and local indentation time history curves under different concrete strengths 
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4.3. Encased steel yield strength 
 

Fig. 17 and Table 2 presented the dynamic responses of the GTCES with 

various encased yield strengths (235MPa, 355MPa, 390MPa and 420MPa). The 

findings indicated the peak impact force increased by 2.92%, 4.38% and 5.11%, 

and the plateau force increased by 3.55%, 5.09% and 6.52%, by increasing the 

encased steel yield strength from 235 MPa to 355 MPa, 390 MPa and 420 MPa, 

respectively. Which indicated that increasing the yield strength of the encased 

steel had a slight influence on the impact force value. The reason for this was 

that the contribution of encased steel to impact resistance was lower. 

Fig. 17(b) showed that the lateral displacement-time histories and its 

characteristic displacement values under different steel strengths. The peak and 

residual lateral displacements were slightly decreased by increasing the yield 

strength of encased steel. When the encased steel yield strength increased from 

235 MPa to 355 MPa, 390 MPa and 420 MPa, the peak lateral displacement 

decreased by 3.91%, 6.25% and 7.81%, and the residual lateral displacement 

decreased by 7.53%, 11.39% and 13.09%, respectively. From Fig. 10(c) and Fig. 

18, as the encased steel yield strength increased, the effective plastic strain of 

the encased steel correspondingly decreased. This demonstrated that increasing 

the encased steel yield strength would produce less plastic deformation and 

more elastic deformation, thereby reducing the residual lateral displacement. 

From Fig. 17(c), the encased steel yield strength had a minor influence on the 

local indentation. This was because that the local indentation was induced by 

concrete deformation.

 

  

(a) Impact force (b) Lateral displacement 

 

(c) Local indentation 

Fig. 17 Impact force, lateral displacement and local indentation time history curves under different encased steel yield strengths 
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Fig. 18 Effective plastic strain of the encased steel at time C (420 MPa) 
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4.4. Steel ratio 

 

The simulation results for the GTCES with varying the steel ratios (3.41%, 

4.92% and 6.69%) were shown in Fig. 19. The steel ratio was determined ac-

cording to the method described in Ref. [22], with the actual dimensions of the 

encased steel considered [47].  

Fig. 19(a) illustrated that when the steel ratio increased from 3.41% to 4.92% 

and 6.69%, the peak impact force increased by 5.84% and 18.98%, respectively. 

This suggested that the local stiffness of the impact area was enhanced by an 

increase in steel ratio. Meanwhile, the enhancements in the impact force plateau 

values were 10.42% and 33.77%, respectively. The steel ratio had a greater 

effect on the impact force plateau value than on the peak impact force. This was 

because that encased steel played a greater role in absorbing energy and bearing 

the load in the plateau stage than in the initial stage, as discussed in Section 3.  

Furthermore, Fig. 19(b) illustrated that the lateral displacement decreased 

as the steel ratio increased. The reductions in the peak lateral displacement were 

10.63% and 33.39%, while the reductions in the residual lateral displacement 

were 8.95% and 39.27%, via increasing the steel ratio from 3.41% to 4.92% and 

6.69%. This was because that the sectional bending stiffness of the column was 

enhanced by increasing the steel ratio. Whereas, the steel ratio contributed 

slightly to reduction in local indentation, as shown in Fig. 19(c). 

 

  

(a) Impact force (b) Lateral displacement 

 

(c) Local indentation 

Fig. 19 Impact force, lateral displacement and local indentation time history curves under different steel ratios 

 

4.5. Impact velocity 

 

Four different impact velocities were considered to explore the impact per-

formance of GTCES column. Fig. 20 exhibited a comparison of the GTCES 

with varying impact velocities. From Fig. 20 (a), when the impact velocity in-

creased from 10 m/s to 15 m/s, 20 m/s and 25 m/s, the enhancements of the peak 

impact force were 24.09%, 48.18% and 66.42%, respectively. It suggested that 

the local dynamic response increased under a higher impact velocity. Neverthe-

less, Fig. 21 showed that the more severe damage occurred on the column in the 

initial stage. This was because a higher proportion of impact energy was ab-

sorbed in this stage. 

Increasing the impact velocity reduced the impact resistance. The impact 

force plateau value showed a minor reduction (6.75%), as the impact velocity 

increased from 10 m/s to 25 m/s. However, this reduction level was not signifi-

cant. A possible reason was that the strength of encased steel and concrete was 

improved owing to the strain rate effect under a higher impact velocity, thereby 

improving their ability to resist the impact load. 

From Fig. 20(b), the increases in the lateral peak displacement were 1.16 

times, 3.33 times and 5.66 times, and the increases in the lateral residual dis-

placement were 1.34 times, 3.81 times and 6.54 times, via increasing impact 

velocity from 10m/s to 15 m/s, 20 m/s and 25 m/s, respectively. And the in-

creases in the peak and residual lateral displacements were significant. This was 

because of the severe damage that occurred in the column during the initial stage 

under a higher impact velocity, which significantly reduced the stiffness of the 

column. In addition, a greater proportion of the impact energy was absorbed 

during the plateau stage, resulting in a more significant deformation of the col-

umn to absorbed impact energy. 

Fig. 20(c) showed that the increases in the local peak indentation were 

54.79%, 55.86% and 1.13 times, respectively, and the increases in the local 

residual indentation were 55.81%, 69.76% and 70.02%, respectively. It was 

evident that the local damage in the impact area was more severe under higher 

impact velocity. Furthermore, the increase in the local indentation was lower 

than that in the lateral displacement. This illustrated that the lateral deformation 

of column contributed significantly to absorb impact energy.
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(a) Impact force-time history (b) Lateral displacement-time history 

 

(c) Local indentation-time history curve 

Fig. 20 Impact force, lateral displacement and local indentation time-history curves under different impact velocities 
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Fig. 21 Damage evolution of the column under the impact velocity of 25m/s (at time A) 

 

5.  Conclusions 

 

The dynamic behaviors of the GTCES column with fixed ends under lateral 

impact load were investigated using a finite element technique in this study. 

According to these findings, it can be concluded as: 

(1) The inertial and reaction force combine to resist the impact, with the 

inertial force resisting approximately 50% of the impact force during the impact 

peak stage. The inertia force increases the sectional bending moment and shear 

force.  

(2) Before the unloading stage, the proportions of the bending moment, 

shear force and energy absorption borne by the concrete are significant and can 

reach over 63%, 75% and 74%, respectively. The GFRP tube as a confinement 

system for the concrete can significantly reduce the damage to the column, 

which indirectly enhances the impact performances of the GTCES column.  

(3) More severe damage concentrates in the area from the bottom of the 

column to the impact region, which is a region of higher shear. The lager shear 

force area can be as a reinforcing specific region to prevent shear failure. The 

failure model of GTCES column was flexural-shear dominant.  

(4) Increasing the axial force ratio can enhance the local stiffness of the 

column, the peak local indentation decreases by 22.78% and the peak impact 

force increases by 19.49%, respectively, with increasing the axial force ratio 

from 0 to 0.6. A higher impact velocity will induce more severe damage in the 

impact peak stage, thus the impact resistance of the column is reduced signifi-

cantly. 

(5) The steel ratio significantly affects the impact resistance of the column, 

followed by the concrete strength and encased steel yield strength. Additionally, 
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increasing the concrete strength can effectively reduce the peak and residual 

local indentations. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

The application and promotion of concrete-filled steel tube (CFST) columns and H-shaped steel beam joints have been 

extensive in structural engineering. To mitigate stress concentration on columns and protect the panel zone from damage, a 

fabricated assembly joint was proposed and investigated. This joint comprises a precast concrete-filled steel tube (CFST) 

column connected to an H-shaped steel beam via an end-plate connection. The joint is assembled conveniently using high-

strength bolts, outer diaphragm, and end-plate. Numerical simulation was employed to investigate the seismic behavior of 

this novel CFST column and H-shaped steel beam joints. Detailed analysis was conducted on failure modes, moment-

rotation hysteretic curves, and skeleton curves of specimens subjected to cyclic loading. The results demonstrated that the 

joint exhibited a full hysteretic curve with excellent seismic performance. Subsequently, a parametric study was conducted 

to explore a wide range of designs. The results revealed negligible pinch effects in the hysteretic curves and demonstrated 

excellent joint energy dissipation capacity. All specimens exhibited ductility greater than 3.5. Increasing the thickness of 

beam end-plate from 12mm to 22mm resulted in a 23.59% increase in initial stiffness but led to a decrease of 13.78% in 

ductility. Connector end-plates with less than 16mm thickness experienced high stress levels. The position of outer 

diaphragm significantly influenced the joint's failure mode. Increasing the axial compression ratio from 0.3 to 0.8 reduced 

the joint's ductility coefficient by 5.2%, suggesting that the axial compression ratio of column limit of 0.7 is recommended 

for design purposes. Furthermore, increasing the linear stiffness ratio of beam-to-column from 0.18 to 0.59 resulted in a 

substantial increase in the maximum moment (108.78%) and initial stiffness (90.3%) within specimens. Finally, the 

reasonable ranges for the thickness of end-plate, the position of outer diaphragm, the axial compression ratio of column, 

and the linear stiffness ratio of beam-to-column are proposed in this study. 
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1.  Introduction 

 

Concrete-filled steel tube (CFST) columns have gained increasing 

popularity in structural engineering due to their advantageous properties of high 

ductility and compressive strength. However, the conventional joint connection 

method for CFST columns to steel beams poses several challenges, including 

reduced production efficiency and difficulties ensuring construction quality. 

Therefore, it is crucial to investigate a rational prefabricated joint configuration 

for the application and advancement of CFST structures. 

Based on the recommended code and specification for CFST column-beam 

joints, various connection forms of CFST column-steel beam composite joints 

have been proposed. Deng [1] introduced a novel joint design connecting the 

CFST column and H-shaped beam by welding a vertical diaphragm to the 

column, thereby enhancing the seismic performance of the panel zone. The 

study investigated various aspects of the joint's seismic behavior, including 

failure modes, hysteretic curves, skeleton curves, and ductility. Behrooz [2] 

proposed a joint connection between a square steel tube column and a steel beam 

using a connector and an end-plate. Both experimental and numerical analyses 

have shown that this joint exhibits a full hysteretic curve. Ansari [3] conducted 

a numerical investigation on stiffener steel beams connected to circular 

concrete-filled steel tube columns under cyclic loading to explore the effects of 

different parameters on connection failure modes. Mou [4] proposed a self-

centering CFST column-to-H-shaped beam joint that exhibited increased 

bending capacity with higher axial compression ratios and width-thickness 

ratios of the steel tube. Tjahjanto [5] investigated the behavior of square CFST 

columns with direct-welded connections, revealing shear fracture in the column 

tube plates caused by high-stress concentration at the beam flange and limited 

joint capacity. Tao et al. [6] conducted an experimental and numerical analysis 

study on the seismic behavior of composite joints comprising CFST columns, 

steel beams, and through-bolt connections. The results demonstrated a 

significant improvement in initial stiffness and ductility. Nie [7-9] performed 

experimental and numerical investigations on the seismic behavior of steel and 

composite beam-to-column joints. The findings from both experiments and 

simulations indicated favorable seismic performance and bearing capacity for 

these joints.  

In the end-plate connection of the composite column, the current research 

trend is to directly weld the end-plate onto the concrete-filled steel tube and 

connect the steel beam with high-strength bolts. Experimental research 

conducted by Wang et al. [10-11] investigated end-plate connections between 

concrete-filled steel tubular columns and steel beams. The results demonstrated 

that these single-sided bolted joints were semi-rigid, exhibiting satisfactory 

ductility according to both American code [12] and Chinese code [13]. Liu et al. 

[14] presented a numerical study on moment-rotational characteristics of joints 

between steel beams and circular tubular columns using reverse channels, 

revealing that all such joints possessed sufficient strength and stiffness to be 

classified as semi-rigid. Málaga [15] performed an experimental study on beam-

to-tubular column connections utilizing combined channel components, 

examining their stiffness, strength, and energy dissipation properties. Lopes [16] 

conducted an experimental investigation into the fire resistance of a frame with 

a U-shaped connection, finding that this type of connection exhibited superior 

ductility. Nie [17-18] proposed an end-plate connection between an H-shaped 

steel beam and weak axis of an H-shaped column using a U-shaped connector; 

results indicated that placing the U-shaped connector in the weak axis formed a 

box-shaped panel zone with increased volume within which shear deformation 

resistance was enhanced. 

There is limited research available on fabricated circular steel tube 

concrete-steel beam joints in current literature. Existing connection methods for 

circular steel tube concrete columns and beams primarily focus on outer 

diaphragm connections, welded connections, and end-plate connections. The 

single connection method exhibits several significant drawbacks. Specifically, 

the welding connection incurs considerable construction costs, and the seismic 

and energy dissipation performance of end-plate connected joints requires 

further improvement. Additionally, the connection between H-shaped steel 

beams and circular steel tubular columns presents challenges due to the non-

uniform outer surface. This paper innovatively integrates outer diaphragm and 

end-plate connections to address these issues.  

The novel joint, which integrates the outer diaphragm, end plate, and 

stiffener, demonstrates significantly improved seismic behavior. These 

components effectively mitigate stress concentration on columns, thereby 

protecting the panel zone from damage. A finite element model (FEM) was 

developed using Abaqus to analyze the novel joint. The comprehensive analysis 

included discussions on failure modes, hysteresis curves, skeleton curves, 

bearing capacity and ductility. Furthermore, parametric investigations were 

conducted to assess the impact of parameters such as beam end-plate, connector 

end-plate, position of the outer diaphragm, axial compression ratio and linear 

stiffness ratio of the beam-to-column on bearing capacity. Based on these 

analytical results, design recommendations were proposed for CFST structures. 

The joint is illustrated in Fig. 1. 
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2.  Design of specimen 

 

The basic specimen was designed following the 'Technical Code for Steel 

Structure of Light-weight Building with Gabled Frames' (GB 51022-2015)  

[19]. M22 high-strength bolts of grade 10.9 were used to connect the column 

and beam, while concrete with a strength grade of C40 was utilized in all 

specimens. The steel used was documented in Q235. The preloading force of 

the bolt was 190 kN. The configuration and dimension of the basic specimen 

are illustrated in Fig. 2. 

 

 

Fig. 1 Connection of the basic specimen configurations 

 

 

Fig. 2 Detail of the BASIC specimen (unit: mm) 

 

3.  Establishment and verification of finite element model 

 

3.1. Constitutive relationship setting and element selection 

 

A double-broken line model was employed to simulate the stress-strain 

relationships of steel and high-strength bolts. The elastic modulus of steel was 

206,000 MPa, with a Poisson’s ratio of 0.3. The yielding strength, ultimate 

strength, and ultimate strain of the steel were determined as 235 MPa, 420 MPa, 

and 0.15 respectively. For the high-strength bolts, the yielding strength, ultimate 

strength and ultimate strain were found to be 940 MPa, 1130 MPa, and 0.10 

respectively.  

Solid elements (C3D8R) were utilized throughout the finite element model 

FEM analysis for all components involved in this study.  

 

3.2. Boundary conditions and interactions 

 

The loading scheme is shown in Fig. 3. The boundary conditions were 

designed to accurately replicate real-world scenarios. Incorrect boundary 

conditions could result in erroneous outcomes. For the BASIC specimen, 

reference points RP1 and RP5 were established at the top and bottom of the 

column, respectively. All degrees of freedom at the top and bottom surfaces of 

the column were coupled with RP1 and RP5, respectively. Additionally, the 

degrees of freedom on the side flange surface of the top column with a length 

of 50 mm were coupled with RP2. Displacement constraints were applied to 

prevent lateral displacement instability during loading by restricting movement 

within 50 mm from the loading point on the side surface of the beam flange. 

'Tie' contact was implemented for welding positions. According to the 

"Steel Structure Design Standard" (GB 50017-2017) [20], the tangential friction 

coefficient between the contact surfaces of the beam, end-plate, and high-

strength bolts was specified as 0.4. For the interface between the steel tube and 

infilled concrete, a frictional contact model with a tangential friction coefficient 

of 0.2 [21] was employed, while hard contact behavior was used in the normal 

direction to accurately simulate realistic contact conditions. 

To ensure that no instability occurred when the axial compression and the 

displacement were applied to the column. X, Y direction displacement 

constraints and X, Z direction rotational constraints were applied to RP1. Y, Z 

direction displacement constraints and X, Z direction rotational constraints were 

applied to RP3 and RP4. X, Y, Z direction displacement constraints and X, Z 

rotational constraints were applied to RP5. The boundary conditions and mesh 

division are depicted in Fig. 4.  

 

 

Fig. 3 Loading scheme (unit: mm) 

 

 

Fig. 4 Boundary Conditions and grid division of the BASIC specimen 

 

3.3. Loading process 

 

The loading process is illustrated in Fig. 5. Initially, a constant axial 

compression load was applied at the top of the column which remained 

throughout the entire loading process followed by low cyclic loading applied to 

RP2 as per American seismic provision ANSI/AISC341-10 [22]. The loading 

control was based on inter-story drift angle criteria until reaching an ultimate 

value corresponding to an inter-story drift angle equaling 0.06 rad.  

 

3.4. Verification of FEM 

 

To validate the feasibility and accuracy of the FEM analysis method 

adopted herein, the first SB-4E model based on reference [23] was established 

using the aforementioned approach. Secondly, FEM results obtained through 
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analysis were compared against experimental findings to verify correctness. The 

experimental setup, loading scheme and detailed information of the SB-4E 

specimen are illustrated in Figs. 6, 7 and 8. The material properties are presented 

in Table 1. The cyclic loading point for specimen SB-4E is located at the beam 

end, and the loading process, as detailed in reference [23], is identical to that 

applied to the specimens shown in Fig. 5. 
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Fig. 5 Loading process 

 

 

Fig. 6 Experimental setup and specimen 

 

 

Fig. 7 Loading scheme of the SB-4E specimen 

 

The failure modes, moment-rotation hysteretic curves, and skeleton curves 

obtained from both FEM analysis and experiments are presented in Figs. 9 and 

10. A comparison between the FEM analysis and test results is provided in 

Table 2. The inter-story drift angle θ and beam moment M are calculated using 

Eqs (1) and (2), respectively [24-25].  

arctan
H


 =

 

(1)
 

 

1M R l=  (2) 

 

Where   represents the horizontal displacement; H represents the height 

from the loading point to the bottom of the column; R1 represents the reaction 

force of the end of the left beam; l represents the distance from the beam end to 

the surface of the connector; Mp represents the plastic moment of the whole 

section of the beam. 

 

 

Fig. 8 Details of the SB-4E specimen (unit: mm) 

 

Table 1 

Material properties of SB-4E 

Element 
Thickness or 

Diameter / mm 

Yield stress 

 / MPa 

Ultimate strength  

/ MPa 

Beam flange & stiffener 8 327.0 480.2 

Beam web & stiffener 6 307.0 410.0 

Beam end-plate 20 262.8 428.0 

Column end-plate 12 270.5 459.7 

High-strength bolt 16 925.0 1147.8 

 

      

(a) Failure mode of the test result             (b) Failure mode of the FEM result 

Fig. 9 Comparison of failure mode 

 

Figs. 9 and 10 demonstrated that the skeleton curves obtained from FEM 

analysis align well with those obtained from experiments. During the 

experiment, significant deformation occurred on the beam flange. In the FEM 

analysis, high-stress regions were concentrated near the beam flange and web 

where stress values reached their ultimate limits.  

Table 2 revealed that there was less than a 5% difference between My and 

Mmax as determined by FEM analysis compared to experimental results. The 
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FEM analysis demonstrated that the failure mode and hysteresis curve obtained 

from the simulation align well with the experimental results, indicating the 

validity and reliability of the FEM model for subsequent analyses. 
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(a) Hysteretic curves 
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(b) Skeleton curve 

Fig. 10 Comparison of hysteretic curves, and skeleton curves 

 
Table 2 

Comparison of FEM analysis and test results 

Loading 

direction 

My / kN·m  Mmax / kN·m 

Test FEM  comparison Test FEM comparison 

+ 69.4 71.1 2.39% 82.7 86.8 4.72% 

− 67.9 70.7 3.96% 82.6 86.5 4.51% 

Note: My and Mmax represent the yielding moment and the maximum moment of the joint, 

respectively. 

 

4.  Seismic behavior of BASIC specimen 

 

To investigate the seismic behavior of specimen BASIC, we analyzed its 

failure mode, hysteretic curve, skeleton curve, and ductility using FEM analysis. 

In this study's approach to damage assessment during the testing phase within 

elastic range was defined as load dropping to below 85% of maximum load 

value. 

 

4.1. Moment-rotation hysteretic curve and skeleton curve 

 

A mesh-sensitivity analysis was performed in the numerical simulations for 

joints to examine the influence of varying mesh sizes on the mechanical 

behavior of the specimens. The mesh-sensitivity analysis is illustrated in Fig. 

11. Considering both the accuracy of the results and the computational cost, a 

40 mm × 40 mm grid was selected for the panel zone, while a 100 mm × 100 

mm grid was chosen for the beam, column, and concrete elements. Fig. 11 

illustrates both the moment-rotation hysteretic curve and skeleton curve for 

specimen BASIC while Table 3 provides corresponding results. 

As shown in Fig. 11 and Table 3, the hysteretic curve of the BASIC 

specimen was full and exhibited no pinching behavior, indicating that strong 

energy dissipation capacity was possessed by the BASIC specimen. The 

hysteretic loop area of the specimen BASIC increased continuously with the 

loading process, indicating that the energy dissipation behavior of the specimen 

was improved. The ductility coefficient of the BASIC specimen was 3.89, 

indicating excellent resistance to deformation under cyclic loading conditions. 

The FEM analysis results were compared with those of the joint proposed 

by Brehooz [2]. Both types of joints exhibited an optimal failure mode by 

positioning the end-plate at the connection, ensuring that the plastic hinge 

formed well outside the panel zone. The presence of the outer diaphragm in this 

study effectively protected the end-plate and column, preventing stress 

concentrations from reaching the yield stress in this critical area. 
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(a) Hysteretic curve  
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(b) Skeleton curve 

Fig. 11 Hysteresis and skeleton curves of the BASIC specimen under varying mesh 

sizes 

 

Table 3 

FEM analysis results of the BASIC specimen 

Mesh size 
My 

/kN·m 

θy 

/rad 

Mmax 

/kN·m 

θmax 

/rad 

Mu 

/kN·m 

θu 

/rad 
μ 

40×40mm 215.8 0.02 244.1 0.05 207.5 0.06 3.89 

25×25mm 215.6 0.02 243.9 0.05 207.3 0.06 3.87 

70×70mm 216.4 0.02 246.9 0.05 209.8 0.06 3.86 

Note: Mu represents the failure moment of the joint. θy, θmax and θu represent the inter-story 

drift angles at the yielding moment, maximum moment, and failure moment, respectively. 

μ represents the rotational ductility coefficient, calculated as μ=θu/θy 

 

4.2. Failure mode and failure process 

 

Fig. 12 illustrates the failure mode and Von Mises stress distribution of the 

BASIC specimen. 

It can be observed from Fig. 12 that plastic hinges formed at the beam when 

the joint was damaged. The outer diaphragm effectively protected the 

connection region between the connector and circular steel tube column, while 

minimal damage occurred in the panel zone, end-plate and high-strength bolts. 

 

5.  Parametric study 

 

The study further investigated various parameters including the thicknesses 

of beam end-plate and the connector end-plate, the position of outer diaphragm, 

the axial compression ratio of the column, and the linear stiffness ratio of beam-

to-column. The detailed parameters and results of specimens is shown in Table 

4 

 

5.1. The thickness of beam end-plate 

 

Three specimens were established for the A series with different 

thicknesses: A-1 (0.55 d0), A-2 (0.73 d0), and A-3 (1.00 d0) where d0 represents 

the M22 bolt diameter. Contours depicting Von Mises stress distribution under 

failure modes for A series specimens are presented in Fig 13 while hysteretic 

curves and skeleton curves are shown in Figs. 14 and 15 respectively. 

As shown in Fig. 13, The failure modes of specimens BASIC and A-3 

exhibited similarities to the BASIC specimen, with plastic deformation 
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occurring at both the beam flange and web, far away from the joint. The stress 

experienced by the beam end-plate was relatively low. In contrast, for specimen 

A-1, under the applied failure load, significant deformation was observed in the 

beam end-plate, accompanied by a concentration of stress at the weld between 

the beam flange and end-plate. 

 

 

    
Joint Connector Bolt group Concrete 

(a) Von Mises stress and strain at yielding load 

    

Joint Connector Bolt group Concrete 

(b) Von Mises stress and strain at failure load 

Fig. 12 Contour of the Von Mises stress and strain of BASIC specimen 

 

Table 4 

The parameters and results of specimens 

Specimen t1 / mm t2 / mm d n k My / kN·m θy / rad Mmax / kN·m θmax / rad Mu / kN·m θu / rad μ 

A-1 12 14 1.00 0.3 0.33 176.0  0.017  235.1  0.060  235.1  0.080  4.71 

A-2 16 14 1.00 0.3 0.33 211.1  0.015  243.9  0.050  207.3  0.059  3.90 

BASIC 18 14 1.00 0.3 0.33 215.8 0.015 244.1 0.050 207.5 0.059 3.89 

A-3 22 14 1.00 0.3 0.33 213.7  0.015  244.7  0.050  208.0  0.057  3.88 

B-1 18 10 1.00 0.3 0.33 183.2  0.016  243.6  0.060  207.1  0.069  4.29 

B-2 18 16 1.00 0.3 0.33 216.2  0.015  244.3  0.050  207.6  0.059  4.02 

B-3 18 20 1.00 0.3 0.33 217.5  0.014  244.7  0.050  208.0  0.058  4.10 

C-1 18 14 0 0.3 0.33 214.3  0.015  243.2  0.050  206.7  0.059  3.84 

C-2 18 14 0.50 0.3 0.33 214.9  0.015  243.4  0.050  206.9  0.059  3.86 

C-3 18 14 1.00 0.3 0.33 215.8 0.015 244.11 0.05 207.49  0.059 3.88 

D-1 18 14 1.00 0.4 0.33 214.4  0.015  244.1  0.050  207.4  0.059  3.88 

D-2 18 14 1.00 0.5 0.33 213.0  0.015  244.0  0.050  207.4  0.059  3.82 

D-3 18 14 1.00 0.6 0.33 211.9  0.015  243.9  0.040  207.3  0.059  3.78 

D-4 18 14 1.00 0.7 0.33 210.8  0.015  243.7  0.040  207.2  0.059  3.76 

D-5 18 14 1.00 0.8 0.33 208.5  0.015  243.2  0.040  206.8  0.059  3.68 

E-1 18 14 1.00 0.3 0.18 143.1  0.015  168.0  0.050  142.8  0.068  4.59 

E-2 18 14 1.00 0.3 0.46 267.8  0.015  320.4  0.050  272.4  0.059  3.87 

E-3 18 14 1.00 0.3 0.59 301.9  0.018  350.8  0.050  304.6  0.059  3.39 

Note: t1 represents the thickness of beam end-plate; t2 represents the thickness of connector end-plate; d represents the ratio of the vertical distance of the outer diaphragm to the height of the 

connector end-plate; n represents the axial compression ratio; k represents the linear stiffness ratio of the beam-to-column.
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(a) A-1 (b) A-2 (c) A-3 

Fig. 14 Hysteretic curves of A series specimen 
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Fig. 15 Skeleton curves of A series specimen 

 

As shown in Figs. 14 and 15, all specimens within the A series exhibited 

full hysteretic curves during loading cycles with similar initial-stage skeleton 

curves. However, the maximum moment slightly increased as a function of 

increasing beam end-plate thickness. Specifically, varying beam end-plate 

thickness from 12 to 22mm resulted in a maximum moment increase of 

approximately 4.1% accompanied by a reduction in ductility coefficient by 

23.5%. Despite this decrease in ductility coefficient values among all joints 

remained above 3.6, indicating satisfactory ductile behavior. The influence of 

the beam end-plate thickness on both the ductility and failure mode of the joint 

was found to be significant, while its effect on bearing capacity was 

comparatively minor. 

To ensure a reasonable formation of the plastic hinge within an acceptable 

range of deformation for the beam end-plate, it is recommended that the 

thickness t1 should exceed 16mm (0.73 d0). 

 

5.2. The thickness of connector end-plate 

 

The thickness of connector end-plate was varied with values of 10mm 

(0.45d0), 16mm (0.73d0), and 20mm (0.91d0). B-1, B-2 and B-3 specimens were 

established correspondingly. Von Mises stress of B series specimens under 

failure mode was shown in Fig. 16, hysteresis curves and skeleton curves were 

shown in Figs. 17 and 18, respectively. 

As shown in Fig. 16, the B-1 specimen failed to form an obvious plastic 

hinge on the beam. The deformation of the joint was primarily concentrated at 

the connector end-plate due to its thinner thickness. Once the thickness of the 

connector end-plate exceeded 14mm, a consistent failure mode was observed 

across all specimens. Plastic hinges formed away from the panel zone in the 

beam while maintaining an elastic state without significant deformation in the 

panel zone itself. Moreover, when surpassing a thickness of 16mm, the end-

plate effectively protected both the column and panel zone, facilitating plastic 

hinge formation in the beam. Varying connector end-plate thickness from 10 to 

20mm resulted in a mere increase of 0.45% maximum moment and a reduction 

of ductility coefficient by 4.6% for specimens."

 

   

(a) B-1 (b) B-2 (c) B-3 

Fig. 16 The contour of the Von Mises stress of B series specimens under failure modes 

 

   

(a) A-1 (b) A-2 (c) A-3 

Fig. 13 The contour of the Von Mises stress of A series specimens under failure modes 
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(a) B-1 (b) B-2 (c) B-3 

Fig. 17 Hysteretic curves of B series specimens 
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Fig. 18 Skeleton curves of B series specimens 

 

As depicted in Figs. 17 and 18, specimen B-1 exhibited incomplete 

hysteretic loops due to the reduced thickness of the connector end-plate. This 

deficiency led to significant deformation of the end-plate during loading, 

insufficient development of plastic hinges at the beam, and suboptimal energy 

dissipation behavior of the specimens. However, when the thickness of the 

connector end-plate exceeded 12mm (0.55d0), all specimens demonstrated 

complete hysteretic loops. Moreover, across all specimens, skeleton curves 

indicated that a connector end-plate thickness exceeding 14mm weakened its 

influence on seismic behavior, thereby satisfying seismic requirements [19]. 

5.3. The position of outer diaphragm 

 

The position of outer diaphragm represents the ratio of the vertical distance 

of the outer diaphragm to the height of the connector end-plate. Three different 

positions of outer diaphragm were considered, namely 0, 0.50, and 1.00. 

Consequently, C-1, C-2, and C-3 specimens were established correspondingly. 

Fig. 19 illustrates the contours of Von Mises stress for E series specimens under 

various failure modes, while Figs. 20 and 21 present hysteretic and skeleton 

curves respectively. 

As shown in Fig. 19, If the outer diaphragm position of the specimen is less 

than 0.50, the connector end-plate would also yield when the joint was damaged. 

If the outer diaphragm position of the specimen was 0.50, the failure mode of 

the joint was similar to that of the basic specimen. When the plastic deformation 

was formed at the beam, there was no obvious deformation in the panel zone. 

Figs. 20 and 21 indicated that C-2 and C-3 exhibit superior energy 

dissipation capacity compared to other specimens, suggesting that the elevated 

position of the outer diaphragm effectively safeguards the column and panel 

zone. This configuration ensured predominantly elastic behavior with minimal 

deformation in both the panel zone and column. Furthermore, as the position of 

the outer diaphragm ascended from the beam flange towards the upper end-plate 

connector, there was a slight increase in maximum load and ductility for this 

specimen. It was recommended that a minimum outer diaphragm position 

greater than 0.5 be adopted to ensure an optimal failure mode for specimens. 

 

   

(a) C-1 (b) C-2 (c) C-3 

Fig. 19 The contour of the Von Mises stress of C series specimens under failure modes 
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(a) C-1 (b) C-2 (c) C-3 (BASIC)  

Fig. 20 Hysteretic curves of E series specimens 



Shao-Feng Nie et al.  301 

 

-0.08 -0.04 0.00 0.04 0.08
-300

-200

-100

0

100

200

300

-0.8Mp

M
 /

 k
N

·m

  / rad

 C-1

 C-2

 C-3

         (BASIC)

+0.8Mp

 

Fig. 21 Skeleton curves of E series specimens 

 

5.4. The axial compression ratio of column 

 

The axial compression ratio of the column was determined following the 

Chinese code [26]. The axial compression ratio 'n' for the concrete-filled steel 

tubular column is calculated using Eq (3). 

 

c c s s

N
n

f A f A
=

+

 (3) 

 

Where N represents the design value of the concentrated load; fc and fs 

represent the design compressive strength of concrete within the column and the 

design compressive strength of steel, respectively; Ac and As represent the 

concrete cross-sectional area and steel pipe cross-sectional area, respectively. 

The axial compression ratio of the column was varied, with values ranging 

from 0.4 to 0.8. Specimens D-1, D-2, D-3, D-4, and D-5 were established 

correspondingly.  

Fig. 22 illustrates the contours of Von Mises stress for the failure modes 

observed in the series of specimens labeled as "D". Additionally, Figs. 23, 24 

and 25 present the hysteretic and skeleton curves respectively. 

 

   

(a) BASIC (b) D-1 (c) D-2 

   

(d) D-3 (e) D-4 (f) D-5 

Fig. 22 The contour of the Von Mises stress of D series specimens under failure modes 
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(a) BASIC  (b) D-1 (c) D-2 
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(d) D-3 (e) D-4 (f) D-5 

Fig. 23 Hysteretic curves of D series specimens 
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(a) M-θ skeleton curves 

Fig. 24 M-θ Skeleton curves of D series specimens 
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(b) P-Δ skeleton curves 

Fig. 25 P-Δ Skeleton curves of D series specimens 

 

As depicted in Fig. 22, an increase in the axial compression ratio from 0.3 

to 0.8 resulted in the formation of plastic hinges at the beam of each D specimen, 

and similar failure modes were observed for all D specimen joints, indicating 

that the axial compression of the column had minimal influence on the failure 

mode. 

The M-θ hysteretic curves of each specimen in the D series exhibited the 

same shape, as depicted in Figs. 23 and 24. During the initial loading phase, 

there was minimal variation in the initial stiffness of the skeleton curve among 

specimens. Furthermore, an increase in the axial compression ratio resulted in 

reductions in both the initial and peak loads of specimens, accompanied by an 

accelerated load reduction rate. As shown in Fig. 25, the P-Δ skeleton curves 

revealed that with increasing axial compression ratio, there were significant 

decreases observed in the initial stiffness, maximum load, and decline rate of 

bearing capacity for each specimen. This phenomenon indicated an enhanced 

second-order effect due to an increased axial compression ratio.  

As the axial compression ratio continued to rise, a gradual decrease was 

observed in ductility for all specimens examined. Specifically, when increasing 

from 0.3 to 0.8, there was only a marginal reduction from 3.88 to 3.81 observed 

for rotational deformation's ductility coefficient—a relatively minor decrease 

overall. It is recommended that designers maintain the axial compression ratio 

below 0.7 to ensure satisfactory ductility behavior within specimens. 

 

5.5. The linear stiffness ratio of beam-to-column 

 

The linear stiffness ratio of beam-to-column 'k' is calculated by Eq (4). 

 

b b c

c b

/

/c

E I l

E I
k

l
=

 (4) 

 

Where EbIb and EcIc represented the elastic flexural rigidity of beams and 

columns respectively. lc represented the vertical distance between the upper and 

lower support centers of the column, and lb represented the horizontal distance 

of the beam. 

The section sizes of the beams were modified to H300 × 150 × 6.5 × 9, 

H350 × 175 × 7 × 11, H450 × 150 × 8 ×13, and H400×200×8×13 for E-1, E-2, 

and E-3 specimens with linear stiffness ratios varying between 0.18 to 0.59 

relative to the column. Fig.26 illustrates the Von Mises stress of the H series 

specimens under failure modes while Figs.27 and 28 depict their hysteretic and 

skeleton curves. 

As depicted in Figs. 26 and 27, for linear stiffness ratios of 0.18, 0.33, and 

0.46 between the beam and column, these specimens exhibited significant 

plastic deformation of the beam flange upon reaching failure load, while 

maintaining low stress levels in the panel zone and column. However, when the 

beam-column stiffness ratio was increased to 0.59, local plastic deformation 

occurred at the connector end-plate during specimen damage. The plastic hinge 

of the beam was located near the beam end-plate but not fully developed. 

Consequently, with a linear stiffness ratio of 0.59, the joint design failed to meet 

seismic design requirements. 

The maximum moment increased by 108.8% as depicted in Fig. 28, while 

the ductility coefficient of specimens decreased by 33.1% when varying the 

linear stiffness ratio of the beam-to-column from 0.18 to 0.59. The maximum 

moment of the beam is significantly influenced by the linear stiffness ratio of 

the beam-to-column, which exhibits a negative correlation with its ductility 

behavior. 

 

   

(a) E-1 (b) E-2 (c) E-3 

Fig. 26 The contour of the Von Mises stress of E series specimens under failure modes 
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(a) E-1 (b) E-2 (c) E-3 

Fig. 27 Hysteretic curves of E series specimens 
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Fig. 28 Skeleton curves of E series specimen 

 

The ideal failure mode of the specimen occurred when the linear stiffness 

ratio of the beam-to-column was below 0.59. To ensure a joint with strong 

bearing capacity and an optimal failure mode, it is recommended to limit the 

linear stiffness ratio of beam-to-column between 0.35 and 0.55. 

 

6.  Conclusions 

 

Based on the finite element analysis of the seismic behavior exhibited by 

the BASIC specimen, a comprehensive investigation is conducted to further 

scrutinize the intricate effects of various parameters. Consequently, meticulous 

examination of these outcomes leads to the formulation of the subsequent 

conclusions. 

(1) The end-plate connection between a steel beam and a circular CFST 

column exhibits excellent rotation and deformation capacity, making it a semi-

rigid joint. By incorporating stiffeners and an outer diaphragm in the panel zone, 

the plastic hinge can be effectively relocated away from the panel zone, thereby 

preventing stress concentration on the end-plate. The failure mode of the BASIC 

specimen satisfies the principle of ‘strong joints and weak members’. 

(2) The seismic behavior of the joint is influenced by the thickness of the 

beam end-plate. Optimal end-plate thickness not only maximizes the load-

bearing capacity of bolts and end-plates but also ensures superior joint ductility. 

The position of outer diaphragm significantly impacts the failure mode of the 

joint. The ductility of the joint decreases as axial compression ratio increases. 

When the linear stiffness ratio of beam-to-column is less than 0.59, specimens 

exhibit high bearing capacity and good ductility. 

(3) The proposed parameter values are as follows: the thickness of beam 

end-plate should exceed 16mm, and the thickness of connector end-plate should 

be greater than 12mm. The position of outer diaphragm should be above 0.5. 

The axial compression ratio of the specimen is limited to 0.7. It is recommended 

that the linear stiffness ratio of beam-to-column falls within a range of 0.35 to 

0.55. 

(4) The joint proposed in this paper integrates the outer diaphragm with 

bolts, significantly enhancing construction efficiency and reducing costs. These 

advantages will be further investigated in subsequent research. The findings 

presented in this paper provide a theoretical foundation for engineering 

applications.  

 

Notations 

 

N - The design value of the axial load 

Δ - The horizontal displacement 

H - The height from the loading point to the bottom of the column 

R1 - The reaction force of the end of the left beam 

l - The distance from the beam end to the surface of the connector 

Mp - The plastic moment of the whole section of the beam 

My - The yielding moment of the joint 

Mmax - The maximum moment of the joint 

θy - The inter-story drift angle under the yielding moment of the joint 

θmax - The inter-story drift angle under the maximum moment of the joint 

M - The beam moment 

θ - The inter-story drift angle 

Rki - The initial stiffness 

Mu - The failure moment of the joint 

θu - The inter-story drift angle under the failure moment of the joint 

μ - The rotational ductility coefficient 

t1 - The thickness of beam end-plate 

t2 - The thickness of connector end-plate 

d - The position of outer diaphragm 

n - The axial compression ratio of column 

k - The linear stiffness ratio of beam-to-column 

Ac - The concrete cross-sectional area. 

As - The steel pipe cross-sectional area 

EbIb - The elastic flexural rigidity of the beam 

EcIc - The elastic flexural rigidity of column 

lc - The vertical distance between the upper and lower support centers of the 

column. 

lb - the horizontal distance of the beam. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Refined finite element models of a single frame comprising a modular steel structure–cold-formed steel wall (MSS-CFSW) 

with semi-rigid connections were established using connector parameters calibrated based on shear tests of self -drilling 

screw connections, then verified against existing test results. The influence of the vertical inter -module semi-rigid 

connection and steel frame stiffness on the cyclic behavior of the single MSS-CFSW frame was subsequently analyzed. 

The shear test results indicated that the direction of load relative to the plate edge significantly affected the shear 

performance of self-drilling screw connections near the edges. The model analysis results indicated that increasing the 

rotational stiffness and moment capacity provided by the semi-rigid connections increased the initial stiffness of the frame 

by 31.5% and its shear capacity by 20.2–79.4%; these connections restrained the single frame prior to yielding, but their 

effects could be disregarded afterwards. Increases in ceiling beam stiffness, floor beam stiffness, and column stiffness 

increased the shear capacity of the frame by 14.0–41.0%, 15.8–61.1%, and 2.2–6.5%, respectively, and its initial stiffness 

by 8.1–25.8%, 9.7–21.1%, and 9.9–25.4%, respectively. Finally, the semi-rigid connections were considered equivalent to 

rotational springs to derive an equation for the shear capacity of a single MSS-CFSW frame with semi-rigid connections 

and verify it against the numerical simulation results. 
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1.  Introduction 

 

Given the increasing prominence of uneven construction quality, low 

efficiency of on-site construction, and serious environmental pollution at 

construction sites, the traditional construction industry has begun to shift 

towards industrialization by developing prefabricated buildings. The modular 

steel structure, which comprises the highest proportion of prefabricated 

components, is among the most critical approaches for realizing construction 

industrialization [1]. 

The walls of a modular steel structure unit are not only a prerequisite for 

prefabricating its interior but also serve as major lateral resistance members. 

Given that container construction was a predecessor of modular building 

systems, a great deal of research on module unit walls has focused on corrugated 

steel plates. Ding et al. [2,3], Dai et al. [4], and Liu et al. [5] conducted quasi-

static tests on one-story and two-story single-span modular steel structures 

infilled with corrugated steel plate shear walls (CSPSWs), which significantly 

improved the lateral resistance of modular steel structures. However, the shear 

stiffnesses of the vertical inter-module connections can be relatively small [6], 

resulting in a potential mismatch between the stiffness of the module unit and 

its connections that causes damage to the overall structure. Furthermore, as an 

independent room, the module unit must provide certain functions such as heat 

preservation, heat insulation, and sound insulation. However, CSPSWs cannot 

provide these functions and are difficult to combine with other materials. In 

addition, the welding of CSPSWs to beams and columns is time-consuming and 

labor-intensive, making their installation inconvenient during assembly. 

The cold-formed steel wall (CFSW) is composed of framing members 

connected to wallboards by self-drilling screws. Notably, the interior of a CFSW 

can be filled with relevant functional materials such as thermal insulation 

materials, and both the CFSWs and steel frame of a module unit can be 

standardized, produced simultaneously, and assembled in the factory. 

Furthermore, piping can be pre-embedded inside the CFSW as required, 

allowing for the full preparation of module units for decoration, plumbing, and 

electrical requirements. Factory-prefabricated CFSWs can not only be rapidly 

assembled and erected with high construction quality but are also easy to 

dismantle and reassemble—a critical characteristic of modular steel structures. 

Therefore, Wang et al. [7,8] proposed the modular steel structure infilled with 

cold-formed steel walls (MSS-CFSWs). Fig. 1 shows the novel connection 

applied between the CFSW and steel frame using high-strength bolts to join 

connector angles to frame-welded connector plates and self-drilling screws to 

fix tracks to the connector plates. Test results have confirmed the effectiveness 

of this connection. 

 

(a) 

  

(b) (c) 

Fig. 1 Configuration of the novel connection: (a) configuration diagram; (b) beam 

connection; (c) column connection 

 

The unique construction method associated with modular steel structures 

makes the vertical inter-module connections a critical focus of research. These 

connections must not only ensure convenience but also provide reliable force 

transmission. Researchers have accordingly proposed the use of non-welded, 

interlocking, post-tensioned, and plug-in self-locking inter-module connections 

[9-14]. As these semi-rigid connections are different from the semi-rigid beam–

column joints of traditional steel structures, research into their influence on 

overall structural performance has been necessary. Chua et al. [15] proposed a 

horizontal spring model for inter-module connections and reported that the 

connection modeling method had a significant impact on the performance of the 
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overall structure. Investigations using finite element (FE) models have 

determined that the horizontal stiffness of the vertical inter-module connections 

had the greatest impact on structural performance [16], deformation was 

frequently concentrated in the vertical inter-module connections, the modules 

remained in the elastic stage, and their displacements were extremely small [6]. 

Wang and Su [17] derived theoretical equations for the critical buckling load of 

columns in sway modular steel structures with semi-rigid connections and 

conducted numerical simulations indicating that the critical buckling load 

increased with increasing connection rotational stiffness. Indeed, previous 

studies have indicated that the effects of vertical inter-module semi-rigid 

connections should be considered when studying the cyclic behavior of a single 

MSS-CFSW frame. However, owing to test limitations, the boundary conditions 

of the specimens evaluated in references [7,8] were all hinged; thus, the results 

did not fully reflect the cyclic behavior of a single MSS-CFSW frame. 

Numerical simulations based on refined FE models can improve and 

expand upon experimental research. A critical aspect of any refined FE model 

for a single MSS-CFSW frame with semi-rigid connections is the method 

employed to simulate the self-drilling screw connections. Huang [18], Xu [19], 

and Yu [20] used nonlinear spring elements to effectively simulate self-drilling 

screw connections and the corresponding shear performance of the CFSW. The 

parameters of these elements were generally determined through shear tests of 

actual self-drilling screw connections. Buonopane et al. [21] conducted 

numerical simulations indicating that the shear force acting on self-drilling 

screws can be decomposed into components parallel and perpendicular to the 

plate edge; the test observations presented in reference [7] confirm this 

conclusion. However, previous evaluations of self-drilling screw connection 

shear performance have typically only applied shear force perpendicular to the 

plate edge. For example, Hao et al. [22], Li et al. [23], and Ye et al. [24] found 

that, in addition to the wallboard material, a larger distance from the screws to 

the plate edge increased the shear capacity of the connection. Furthermore, Han 

[25] evaluated two self-drilling screw connection specimens loaded in shear 

perpendicular or parallel to the plate edge and reported different shear 

performances. 

Therefore, this study conducted shear tests on self-drilling screw 

connections and employed the results to develop a refined FE model of a single 

MSS-CFSW frame in ABAQUS. This model was validated against previous test 

results, then applied to evaluate the effects of the vertical inter-module 

connection rotational stiffness and moment capacity as well as beam and 

column stiffnesses on the cyclic behavior of the frame. Finally, a method for 

calculating shear capacity of a single MSS-CFSW frame considering the semi-

rigid connections was derived and validated against the model results. 

 

2.  Shear tests on self-drilling screw connections 

 

2.1. Specimens 

 

Shear tests were conducted on self-drilling screw connections to inform the 

simulation of their behaviors and determine the parameters of the connector unit. 

Three types of self-drilling screw connection specimens were designed using 

different connected plate configurations with the dimensions shown in Fig. 2. 

These connection specimens joined gypsum or oriented strand board (OSB) to 

a cold-formed steel plate (CFSP) loaded perpendicular or parallel to its edge 

(Figs. 2(a) and (c)) with distances from the screws to the plate edge e of 15 mm, 

125 mm, and 155 mm. The CFSP was 1.0 mm thick with lengths of L1 and L2 at 

the loaded and fixed ends, respectively; the length of the gypsum or OSB was 

Lb, its width was Wb, and its thickness was 12 mm. When the shear force was 

parallel to the plate edge, the constraint effect of the wallboard far from the plate 

edge on the self-drilling screw connection was considered by taking the Wb of 

the wallboard as (e+200) mm. A single self-drilling screw was used to connect 

the wallboard to the CFSP at the loaded end, whereas three self-drilling screws 

were used for the connection at the fixed end to avoid damage there. 

Furthermore, a single-screw CFSP to CFSP connection was evaluated as shown 

in Fig. 2(e). 

 

 

  

(a) (b) 

  

(c) (d) 

 
 

(e) (f) 

Fig. 2 Connection details: (a) connection diagram and (b) test setup for shear 

perpendicular to the plate edge; (c) connection diagram and (d) test setup for shear 

parallel to the plate edge; (e) connection diagram and (f) test setup for CFSP self-

drilling screw connection (units: mm) 

 

Table 1 

Shear test specimen parameters 

Specimen Number e (mm) 
L1 

(mm) 

L2 

(mm) 

Lb 

(mm) 

Wb 

(mm) 

G-V-15 3 15 190 265 235 150 

G-V-115 3 115 290 265 335 150 

G-V-160 3 160 335 265 380 150 

G-H-15 3 15 250 265 295 215 

G-H-115 3 115 250 265 295 315 

G-H-160 3 160 250 265 295 360 

OSB-V-15 3 15 190 265 235 150 

OSB-V-115 3 115 290 265 335 150 

OSB-V-160 3 160 335 265 380 150 

OSB-H-15 3 15 250 265 295 215 

OSB-H-115 3 115 250 265 295 315 

OSB-H-160 3 160 250 265 295 360 

S-SPC-25 3 25 - - 300 50 

 

All connections were made using 4.8 mm diameter self-drilling screws. The 

specimen parameters are shown in Table 1. Each connection type was evaluated 

using different connection materials and e values, and a group of three 

specimens was tested for each configuration. In the specimen group 

nomenclature, the first value denotes the connected materials as OSB–CFSP 

(OSB), gypsum board–CFSP (G), or CFSP–CFSP (S); the second value 

indicates the connection type with shear acting on the screws perpendicular to 

the plate edge (V), parallel to the plate edge (H), or on a single self-drilling 

screw steel plate connection (SPC); and the third value denotes the distance 

from the screws to the plate edge. 

The self-drilling screw connection shear tests were conducted using a 20 

kN microcomputer-controlled electronic universal testing machine for loading 

and data collection as shown in Fig. 2. Each specimen was subjected to a 

displacement-controlled loading rate of 1 mm/min until it was damaged. 

 

2.2. Failure modes 

 

The failure process of each shear specimen was directly related to its 

wallboard type, e value, and applied shear direction. Five failure modes were 

observed, as shown in Fig. 3: plate edge bearing failure (mode B), screw pull-

out failure (mode P), plate side pull-out failure (mode SP), OSB delamination 

tearing failure (mode T), and hole bearing failure (mode HB). 

The failure modes of each specimen are reported in Table 2. When e was 

small (15 mm), the plate edge was prone to cracking under the compression 

applied by the screw, and the specimens failed owing to damage to the plate 

edge and side. The specific type of damage depended on the shear direction: 

when the shear was perpendicular to the plate edge, the specimens exhibited 

plate edge bearing failure; when the shear was parallel to the plate edge, the 

specimens failed through the thickness of the plate along its side. In contrast, 
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when e was large (125 mm and 155 mm), the plate edge exerted a strong 

restraining effect on the screw hole, and the specimens were damaged when the 

self-drilling screws pulled out of the plate regardless of shear direction. 

 

   

(a) (b) (c) 

  

 

(d) (e)  

Fig. 3 Typical failure modes: (a) plate edge bearing; (b) screw pull-out; (c) plate side 

pull-out; (d) OSB delamination tearing; (e) hole bearing 

 

Table 2 

Characteristic values of shear test specimen skeleton curves 

Specimen 

Elastic point Peak point Failure point 
Failure 

mode δ é 

(mm) 

P é 

(kN) 

δ ḿ 

(mm) 

P ḿ 

(kN) 

δ ú 

(mm) 

P ú 

(kN) 

G-V-15 0.135 0.128 1.141 0.323 1.384 0.162 B 

G-V-125 0.491 0.195 6.128 0.487 14.871 0.243 P 

G-V-155 0.528 0.206 5.332 0.516 12.786 0.257 P 

G-H-15 0.643 0.198 4.266 0.494 9.320 0.248 SP 

G-H-125 0.857 0.209 6.545 0.523 12.580 0.267 P 

G-H-155 0.320 0.281 4.760 0.491 11.935 0.246 P 

OSB-V-15 1.330 0.756 6.269 1.892 10.628 0.946 B 

OSB-V-125 2.339 0.968 12.074 2.422 18.889 1.211 P 

OSB-V-155 1.740 0.903 11.351 2.259 13.856 1.195 P 

OSB-H-15 2.007 0.887 8.750 2.217 13.181 1.108 T 

OSB-H-125 1.509 0.888 9.606 2.221 13.883 1.111 P 

OSB-H-155 1.542 0.984 13.024 2.461 17.898 1.230 P 

S-SPC-25 2.876 2.929 11.703 7.319 14.478 3.708 HB 

 

2.3. Load–displacement responses 

 

Fig. 4 shows that the load–displacement curves for each group of specimens 

exhibited obvious ascending and descending segments, but the initial stage of 

each ascending segment followed an oblique straight line. The curves exhibited 

strong nonlinearity and the test data possessed a certain degree of discreteness 

owing to differences among the densities of the boards and specimen fabrication 

characteristics. The decrease in relative strength from steel to OSB and gypsum 

board caused the specimen shear capacities to decrease from the S series to the 

OSB series, then the G series. Notably, each curve for the S series specimens 

rapidly decreased after reaching its peak, indicating poor ductility resulting from 

the compression failure of the hole wall; the elastic modulus and stiffness of the 

connection rapidly decreased once the steel plate entered the plastic stage. 

The point with the highest load in the curve was the peak point, and the 

load and displacement at this point were the peak load P ḿ and peak 

displacement δ ḿ, respectively. The elastic point was identified at 0.4P ḿ in the 

ascending segment of the curve, and the corresponding load and displacement 

were the elastic load P é and elastic displacement δ é, respectively; thus, P é = 

0.4P ḿ. To comprehensively reflect the shear performance of each specimen, 

the point corresponding to 0.5P ḿ in the descending segment of the curve was 

taken as the failure point; that is, the failure load P ú = 0.5P ḿ, and the 

displacement at this point was defined as the failure displacement δ ú. The 

average test results for the three specimens of each group are listed in Table 2 

as the characteristic values of the load–displacement curve for that specimen. 

When the shear was perpendicular to the plate edge, the specimen failure 

mode changed from plate edge bearing failure to screw pull-out failure as e 

increased and the shear capacity increased accordingly. Once e exceeded a 

certain value, the failure mode and shear capacity remained unchanged. Clearly, 

e had a significant influence on the shear capacity of the G series specimen but 

a relatively small influence on that of the OSB series specimen. When the shear 

was parallel to the plate edge, e had little influence on the shear capacity and 

peak displacement of any specimen. 

When e was small, the change in the direction of shear relative to the plate 

edge was typically accompanied by a change in the failure mode. Furthermore, 

the shear capacity of the specimen under shear parallel to the plate edge was 

superior to that under shear perpendicular to the plate edge. When e was large, 

the specimen exhibited screw pull-out failure when subjected to shear in either 

direction and there was no significant change in the corresponding shear 

capacity. 

A refined FE model of a single MSS-CFSW frame specimen was 

established by simplifying the experimentally obtained load–displacement 

curves for the self-drilling screw connections using a multilinear model with 

reference to [18], as shown in Fig. 5. The peak points in Fig. 4 divide each curve 

into ascending and descending segments. The initial stage of the ascending 

segment of each curve was approximated by a diagonal line, but as the damage 

to the connection specimens intensified, the later stage of the ascending segment 

exhibited obvious nonlinearity and required a different slope; the elastic point 

was used to demarcate between these two stages. The overall slope of the 

descending segment was fairly consistent and was approximated as a single 

diagonal line with the failure point as its endpoint. Thus, the elastic point, peak 

point, and failure point were used as the characteristic points of the simplified 

model.  
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Fig. 4 Curves of the shear test specimens: (a) G-V-15; (b) G-V-125; (c) G-V-155; (d) 

G-H-15; (e) G-H-125; (f) G-H-155; (g) OSB-V-15; (h) OSB-V-125; (i) OSB-V-155; 

(j) OSB-H-15; (k) OSB-H-125; (l) OSB-H-155; (m) S-25 

 

 

Fig. 5 Simplified load–displacement curve model for self-drilling screw connections 

 

3.  FE modeling 

 

3.1. Single-frame substructure of the MSS-CFSW 

 

A short-span single frame from a prototype MSS-CFSW structure was 

taken as the target substructure. Three full-scale specimens of this substructure 

were previously designed for cyclic loading tests: two single MSS-CFSW 

frames and one single steel frame [7]. A refined FE model of specimen MSS-

CFSW-1, shown in Fig. 6, was established and validated in this study to 

investigate the cyclic behavior of a single MSS-CFSW frame with a four-sided 

connection between the CFSW and steel frame. The specimen details, material 

properties, test setup, and loading protocol are detailed in reference [7]. The 

boundary condition of the MSS-CFSW substructure should be semi-rigid, but 

the existing test setup could not impose the appropriate rotational constraints. 

Instead, hinge constraints were applied to the top and bottom of each 

substructure specimen during physical testing with reference to related research 

[2-5]. The cyclic behavior of a single MSS-CFSW frame under semi-rigid 

constraints was subsequently analyzed in this study using the refined FE model. 

 

3.2. Model construction 

 

3.2.1. Constitutive model 

The steel constitutive model comprised a kinematic hardening model 

following the von-Mises yield criterion. This model considers the Bauschinger 

effect, which to some extent influences the performance of steel under cyclic 

loading. The material properties of the steel in specimen MSS-CFSW-1 were 

determined by tensile coupon tests as listed in reference [7]. 

Although gypsum board and OSB are anisotropic materials, studies in 

reference [18] indicated that both can be assumed to be isotropic in FE models. 

The stress–strain relationship of the wallboard was described using an ideal 

elastic–plastic model following the von-Mises yield criterion. The elastic 

modulus and static bending strength of each wallboard type were determined in 

previous three-point bending tests [26]. The elastic modulus and bending 

strength of the OSB were 2347 MPa and 19.8 MPa, respectively, and those of 

the gypsum board were 2391 MPa and 2.1 MPa, respectively. The Poisson's 

ratios of the OSB and gypsum board were both 0.2 [27]. 

 

(a) 

 

(b) 

 

(c) 

Fig. 6 Details of specimen MSS-CFSW-1: (a) steel frame; (b) framing; (c) 

wallboards (units: mm) 

 

3.2.2. Element types and meshing 

The components of the refined FE model included two columns, one ceiling 

beam, and one floor beam as well as the necessary cover plates, connector plates, 

connector angles, angle stiffeners, tracks, studs, strips, and wallboards. As the 

dimensions of the tracks, studs, strips, and wallboards were much smaller in the 

thickness direction than in the other directions, they were modeled using S4R 

shell elements. The remaining components were modeled using C3D8R solid 

elements with the mesh divided into two layers along the component thickness. 

A mesh refinement investigation was conducted to ensure accuracy and 

computational efficiency. The results indicated optimal element sizes for the 

column, ceiling beam, floor beam, cover plates, and angle stiffeners of 70 mm, 
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80 mm, 80 mm, 25 mm, and 20 mm, respectively; the element sizes for the 

remaining components were all 50 mm. Local refined element meshes of 30 mm 

and 20 mm were used within 300 mm of the connection regions at the column 

ends and beam ends, respectively. The final FE mesh results are shown in Fig. 

7. 

 

 

Fig. 7 Mesh and boundary conditions of refined FE model 

 

3.2.3. Interactions 

As there was no significant slip between connected components [7,8], 

computational efficiency was improved by removing the high-strength bolts 

from the refined FE model and not considering the self-drilling screw 

connections between the connector angles and tracks or between end stud webs. 

Instead, a tie constraint was applied to the contact surface between each 

connector angle and connector plate and each connector angle and track. 

Furthermore, as all four corners of the CFSW remained undamaged during the 

test, the FE model was simplified by tying the end faces of each end stud to the 

webs of the top and bottom tracks to simulate hold-downs. Welds were also 

simulated using tie constraints, including those between beams and columns, 

cover plates and flanges, and stiffeners and connector angles. General contact 

was assigned between wallboard units, wallboard units and framings, and studs 

and tracks; “hard contact,” which transmits pressure while preventing 

contacting elements from penetrating each other, was applied in the normal 

direction, and a penalty function, which transmits shear between contacting 

surfaces, was adopted in the tangent direction using a friction coefficient of 0.4 

[28]. 

 

3.2.4. Self-drilling screw connection simulation 

As the lateral resistance of the CFSW depends on the shear performance of 

its self-drilling screw connections, accurate simulation of these connections is 

critical to the refined FE model. ABAQUS connector units were used to 

simulate the self-drilling screw connections based on the direction of shear 

relative to the plate edge. The parameters of these units were calibrated 

according to the relationship between load and displacement along the x and z 

directions, in the wallboard plane, and the relative rotation of the two points 

connected by a self-drilling screw was not limited. The self-drilling screw 

connection was assumed to be rigid in the out-of-plane direction. The in-plane 

relationship between load and displacement was defined using the simplified 

model with the characteristic points reported in Table 2. 

 

3.2.5. Boundary conditions and loading 

The refined FE model did not include auxiliary test devices such as the 

loading beam, ground beam, or lateral supports. Instead, reference points were 

established at the positions corresponding to the pins and were coupled with the 

top and bottom surfaces of the column. The refined FE model was located in the 

xoz plane. Three translational degrees of freedom and two rotational degrees of 

freedom were constrained at the coupling points at the bottoms of the columns 

such that they could only rotate around the y axis, simulating a hinge, i.e. Ux = 

Uy = Uz = URx = URz = 0. The out-of-plane translational and rotational degrees 

of freedom were constrained at the coupling points at the tops of the columns to 

simulate the presence of the lateral supports, i.e. Uy = URx = URz = 0. The load 

was applied to the coupling points at the column tops using the same loading 

protocol applied during the tests: first, a constant vertical load was applied, then 

the displacement-controlled cyclic lateral load was applied. 

Not only were material, boundary, and geometric nonlinearities considered 

in the refined FE model, but nonlinear connector units were also used to 

simulate the considerable quantity of self-drilling screw connections. The 

ABAQUS/Explicit module was accordingly applied to perform quasi-static 

analysis on the refined FE model considering complex contact and high 

nonlinearity. Although there was no convergence issue, the computed time 

increment must be smaller than the stable time increment to obtain stable and 

reliable results. The stable time increment is often quite small, indicating that 

the computational efficiency is low. Therefore, the method of defining a fixed 

time increment, taken as 3×10-6 s, was employed to improve computational 

efficiency. There are two main reasons for choosing a fixed time increment. 

Firstly, finding suitable time increments for each loading level required 

significant computational costs. Secondly, using different time increments for 

different loading levels did not result in a significant decrease in computational 

cost. The ratio of kinetic energy to internal energy of the model was less than 

5%, meeting the requirements for a quasi-static analysis. 

 

3.3. Verification 

 

3.3.1. Hysteretic and skeleton curves 

The load–inter-story drift hysteresis and skeleton curves obtained from the 

refined FE model are compared with the previously obtained test results in Fig. 

8. The shape of the numerically simulated hysteresis curve is basically 

consistent with that of the test curve, though the former appears plumper owing 

to the use of the simplified multilinear load–displacement curve for the 

connector units, which cannot accurately reflect self-drilling screw connection 

slip during unloading, eliminating the pinching phenomenon observed in the 

test results. The skeleton curves obtained from the numerical simulation and test 

agreed well, though the refined FE model did not accurately reflect the load 

degradation process. This occurred because the unloading and reloading paths 

for the self-drilling screw connections could not be defined using connector 

units. Indeed, the descending segment of the simplified load–displacement 

curve only decreased to 50% of the peak load, after which the load carrying 

capacity remained unchanged. However, note that the load-bearing and energy 

dissipation capacities of the MSS-CFSWs are respectively provided by the 

module units and energy dissipation devices. As a result, this study of single 

MSS-CFSW frames have focused on lateral performance, and the failure of the 

numerical simulation to accurately capture the energy dissipation capacity of 

the frame has little impact on this behavior. Therefore, subsequent analyses 

based on the refined FE model only evaluated the influence of the considered 

parameters on the skeleton curve, characteristic points, and stiffness degradation 

of the frame. 

A comparison of the peak points obtained from the test and refined 

numerical simulation is provided in Table 3. The maximum error of peak story 

drift (θ′m/θm) was relatively large at 13.7%, primarily owing to the occurrence 

of negative peak loads at different loading levels during the experiments and 

numerical simulations. The maximum error of peak load (P′m/Pm), which is of 

greater concern, was only 2.8%, indicating that the refined FE model accurately 

reflected the lateral bearing capacity of the MSS-CFSW. 
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(a) (b) 

Fig. 8 Comparisons of (a) hysteretic curves and (b) skeleton curves 

 

Table 3 

Peak points obtained by the test and simulation of MSS-CFSW-1 

Direction 
Test Refined FE model Comparison result 

θm Pm (kN) θ′m P′m (kN) θ′m/θm P′m/Pm 

Positive 0.0170 116.5 0.0180 115.1 1.058 0.988 

Negative -0.0169 -119.5 -0.0145 -116.1 0.863 0.972 

 

3.3.2. Failure characteristics and modes 

Fig. 9 compares the failure characteristics of the test specimen with those 

simulated by the refined FE model. The stress distribution of the refined FE 

model indicates that the stress in the wallboard unit was concentrated at its 

corners during the initial loading stage, which is consistent with the observation 

that the corner self-drilling screw connection was the first to exhibit damage and 

the wallboard units squeezed against each other during the test. As the load 
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increased, the numerical simulation and test both indicated that the horizontal 

joints opened owing to the failure of the self-drilling screw connections. Two 

completely different behaviors occurred at the horizontal strips during both the 

test and numerical simulation, as shown in Fig. 9 (c): the horizontal strip 

connected to the gypsum board exhibited almost no deformation, whereas that 

connected to the OSB exhibited serious out-of-plane deformation. 

Fig. 10 compares the specimen failure modes obtained from the test and 

refined FE model. At the beginning of loading, both the test and model exhibited 

damage to the self-drilling screw connections at corners of the wallboard units. 

As the load increased, the wallboard units underwent relative rotation owing to 

the large number of failed self-drilling screw connections. At the end of loading, 

the equivalent plastic strain in the refined FE model was primarily concentrated 

in the flanges at the end of the floor beam, which was consistent with the test-

observed local buckling in the floor beam flange. These comparisons confirm 

that the refined FE model can accurately reflect the specimen failure mode and 

deformation. 

In summary, the refined numerical simulation results agreed well with the 

test results in terms of the skeleton curve, lateral bearing capacity, failure mode, 

deformation, and stress distribution. Thus, the refined FE modeling method was 

confirmed to be effective and it was employed to conduct a parametric analysis 

on the cyclic behavior of a single MSS-CFSW frame accordingly. 

 

 

(a) 

 

(b) 

 

(c) 

Fig. 9 Comparison of local damage characteristics: (a) corner crushing; (b) 

horizontal joint opening; (c) strip deformation 

 

 

Fig. 10 Comparison of failure mode 

 
4.  Parametric analysis 

 

4.1. Model establishment 

 

The refined FE modeling method presented in Section 3.2 was used to 

establish FE models for parametric analysis. As the verification model was 

designed to consider a specific test situation, the “Base” parametric analysis 

model differed from the verification model in the following aspects: (1) The 

yield strength and tensile strength of the steel were based on the nominal values 

in GB 50017-2017 [29] and the hardening modulus was 0.01E, where E is the 

elastic modulus. (2) Given that the vertical inter-module connections in the 

prototype structure were 150 mm high, the reference points of the parametric 

analysis model were no longer located at the center point of the pin, but 150 mm 

away from the top and bottom surfaces of the column. (3) When applying lateral 

load, the yield displacement Δy was first determined by monotonic loading and 

a displacement-controlled cyclic load was applied accordingly. Before the 

parametric analysis model yielded, the displacement increment was 0.25Δy with 

one cycle at each loading step; after the parametric analysis model yielded, the 

displacement increment was 0.5Δy with three cycles at each loading step. The 

parametric analysis model was considered to have failed when the lateral load 

decreased to 85% of the peak load or the inter-story drift reached 1/30. (4) When 

investigating the influence of the vertical inter-module semi-rigid connections, 

the top and bottom surfaces of the each column were coupled to its center point, 

and the reference point was set 150 mm away from that center point outside the 

column surface and fixed. A connector unit was subsequently established 

between the center and reference points, as shown in Fig. 11. During structural 

design, the moment–rotation curve of each vertical inter-module connection 

was simplified to an ideal elastic–plastic model with a bias towards safety, as 

shown in Fig. 12, in which the elastic point of the curve was taken as the critical 

point between the elastic and plastic stages. The tangent stiffness of the critical 

point was considered the connection rotational stiffness, and the load 

corresponding to the critical point was considered the connection moment 

capacity. Thus, the connection rotational stiffness and moment capacity were 

defined for the connector unit used to establish the simplified FE model of the 

inter-module connection in this study; reference [17] verified the effectiveness 

of this modeling method using experimental data. 

 

  

Fig. 11 Diagram of connector unit 
Fig. 12 Simplified model of moment–

rotation curve for semi-rigid connections 

 

4.2. Parameter design 

 

4.2.1. Base model 

The verified specimen MSS-CFSW-1 model was used as the reference 

model for parametric analysis, denoted as the “Base” model. The relevant 

dimensions of each component in the Base model were consistent with those of 

MSS-CFSW-1, detailed in reference [7], and adjusted according to the 

requirements in Section 4.1. 

 

4.2.2. Vertical inter-module connection rotational stiffness 

The rotational stiffnesses of the vertical inter-module connections at the 

tops and bottoms of the columns will constrain the rotation of the beam–column 

joints inside the module unit, thereby affecting its deformation and lateral 

stiffness. The CRS model series was designed to investigate the influence of the 

vertical inter-module connection rotational stiffness on the cyclic behavior of a 

single MSS-CFSW frame with semi-rigid connections. Models CRS-1, CRS-2, 

and CRS-3 were defined with connection rotational stiffnesses of 0.01Rm, 

0.025Rm, and 0.05Rm, respectively, where Rm is the rotational stiffness of the 

module unit as determined according to reference [29]; the connection moment 

capacity for each model was Mp,cb, defined as the full-section plastic bending 

moment at the end of the ceiling beam, and the other parameters were the same 

as those of the Base model. The Base model connection rotation stiffness and 

moment capacity were set to 0. 

 

4.2.3. Vertical inter-module connection moment capacity 

The moment capacity also affects the mechanical performance of the 

vertical inter-module semi-rigid connection and to some extent reflects the 

constraint of the connections on the module unit. The CMC model series was 

designed to quantify the influence of the vertical inter-module connection 

moment capacity on the cyclic behavior of a single MSS-CFSW fame with 

semi-rigid connections. Models CMC-1, CMC-2, and CMC-3 were defined 

with connection moment capacities of 0.5Mp,cb, Mp,cb, and 2Mp,cb, respectively; 

the Base model connection rotational stiffness and moment capacity were set to 

0. The connection rotational stiffness for each model was 0.025Rm and the other 
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parameters were the same as those of the Base model. 

 

4.2.4. Ceiling beam stiffness 

In addition to transmitting lateral loads to the CFSW, module beams also 

constrain the deformation of the CFSW. Therefore, the stiffnesses of the module 

beams will affect their interaction with the CFSW. The CBS model series was 

designed to investigate the influence of ceiling beam stiffness on the cyclic 

behavior of a single MSS-CFSW frame with semi-rigid connections. Models 

CBS-1, CBS-2, and CBS-3 used ceiling beam sections of H140×70×5×7 mm, 

H220×110×5×7 mm, H240×120×5×8 mm, respectively, corresponding to 

moments of inertia of 5.171×106 mm4 (0.51I1), 2.112×107 mm4 (2.09I1), and 

3.053×107 mm4 (3.02I1), respectively, where I1 is the moment of inertia of the 

H150×100×6×9 ceiling beam in the Base model, 1.011×107 mm4. The 

remaining parameters were the same as those of the Base model. 

 

4.2.5. Floor beam stiffness 

The loads acting on the floor beam are often greater than those acting on 

the ceiling beam; therefore, the cross-section of the former is typically larger. 

The FBS model series was designed to quantify the influence of floor beam 

stiffness on the cyclic behavior of a single MSS-CFSW frame with semi-rigid 

connections. Models FBS-1, FBS-2, and FBS-3 used floor beam sections of 

H160×80×5×8 mm, H250×125×6×8 mm, and H280×140×6×8 mm, 

respectively, corresponding to moments of inertia of 8.644×106 mm4 (0.49I2), 

3.570×107 mm4 (2.02I2), and 5.064×107 mm4 (2.88I2), respectively, where I2 is 

the moment of inertia of the H200×100×5.5×8 floor beam in the Base model, 

1.761×107 mm4. The remaining parameters were the same as those of the Base 

model. 

 

4.2.6. Column stiffness 

As the module columns constrain the deformation of the CFSW, their 

stiffness will affect their interaction with the CFSW. The CS model series was 

designed to analyze the influence of column stiffness on the cyclic behavior of 

a single MSS-CFSW frame with semi-rigid connections. Models CS-1, CS-2, 

and CS-3 used column sections of 160×8 mm, 250×8 mm, and 280×8 mm, 

respectively, with moments of inertia of 1.878×107 mm4 (0.50Ic), 7.567×107 

mm4 (2.00Ic), and 1.074×108 mm4 (2.83Ic), respectively, where Ic is the moment 

of inertia of the column in the Base model, 3.781×107 mm4. The remaining 

parameters were the same as those of the Base model. 

 

4.3. Results and discussion 

 

4.3.1. Effects of connection rotational stiffness 

Fig. 13(a) shows the skeleton curves of the CRS model series and the 

characteristic points are listed in Table 4. Since the semi-rigid connections all 

had the same moment capacity, the peak loads of the three models were 

basically consistent with each other and significantly higher than that of the 

Base model. Compared with CRS-1, CRS-2 and CRS-3 both exhibited a 2.4% 

increase in positive lateral bearing capacity and a 3.9% increase in negative 

lateral bearing capacity, indicating that the connection rotational stiffness had a 

limited effect on the lateral bearing capacity. Furthermore, the yield and peak 

inter-story drifts of CRS-1–CRS-3 generally decreased with the connection 

rotational stiffness. 

Fig. 13(b) shows that the stiffness degradation curves for CRS-1–CRS-3 

were consistently above that of the Base model, indicating that semi-rigid 

connections can strengthen the lateral stiffness of the frame. The initial 

stiffnesses of the Base, CRS-1, CRS-2, and CRS-3 models were 5.20 kN/mm, 

5.59 kN/mm, 6.15 kN/mm, and 6.84 kN/mm, respectively, representing 

increases of 7.5%, 18.1%, and 31.5% as the connection rotational stiffness 

increased from 0 to 0.01Rm, 0.025Rm, and 0.05Rm, respectively. This implied 

that the connection rotational stiffness significantly affected the initial stiffness 

of the model. Since the connection moment capacities of the three CRS models 

were the same, the semi-rigid connections of these models successively reached 

their moment capacities according to connection stiffness. The connections of 

CRS-3 reached their moment capacities first, where they achieved the maximum 

constraint of the steel frame before their rotational stiffnesses decreased. Indeed, 

the stiffness degradation curve of CRS-3 decreased significantly faster than that 

of CRS-2 or CRS-3. When the connections of CRS-2 reached their moment 

capacities, the connection rotational stiffnesses of CRS-2 and CRS-3 were both 

0, both exhibited the same lateral stiffness (labelled as point A in Fig. 13(b)), 

and the stiffness degradation laws of the two models were similar, with their 

curves basically overlapping. When the inter-story drift reached point B in Fig. 

13(b), the connection rotational stiffnesses of all three CRS models decreased 

to 0 and their boundary conditions were the same. At this time, the curves of the 

three models basically overlapped, as shown in Fig. 13(a). 
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Fig. 13 CRS model series results: (a) skeleton curves; (b) stiffness degradation curves 

 

Table 4 

Characteristic values of CRS model series skeleton curves 

Model Direction 
Yield point Peak point Failure point 

θy Py (kN) θm Pm (kN) θu Pu (kN) 

Base 
Positive 0.0075 88.9 0.0147 105.3 0.0327 100.9 

Negative -0.0075 -90.9 -0.0148 -107.0 -0.0328 -100.5 

CRS-1 
Positive 0.0112 122.3 0.0258 145.0 0.0330 144.2 

Negative -0.0113 -124.7 -0.0259 -144.5 -0.0331 -143.9 

CRS-2 
Positive 0.0076 112.4 0.0150 148.5 0.0330 142.9 

Negative -0.0077 -114.6 -0.015 -150.1 -0.0331 -143.1 

CRS-3 
Positive 0.0077 124.5 0.0150 148.5 0.0330 142.9 

Negative -0.0077 -127.4 -0.015 -150.2 -0.0331 -143.1 

4.3.2. Effects of connection moment capacity 

The skeleton curves of the CMC model series are given in Fig. 14(a) and 

the corresponding characteristic points are listed in Table 5. The lateral bearing 

capacity significantly increased with increasing connection moment capacity, 

which can be attributed to the fact that the semi-rigid connections carried part 

of the lateral load. When the connection moment capacity increased from 0 to 

0.5Mp,c, Mp,c, and 2Mp,c, the positive lateral bearing capacities of CMC-1, CMC-

2, and CMC-3 increased by 20.2%, 42.0%, and 77.8%, respectively, and their 

negative lateral bearing capacities increased by 20.2%, 38.3%, and 75.5%, 

respectively. In addition, the presence of semi-rigid connections improved the 

ability of the model to resist lateral loads, with the yield load, yield drift, and 

peak drift generally increasing to varying degrees with the connection moment 

capacity. 

The stiffness degradation curves of the CMC model series are shown in Fig. 

14(b), indicating that the initial stiffnesses of the CMC-1–CMC-3 models were 

obviously larger than that of the Base model. This occurred because the tops 

and bottoms of the columns in the Base model were hinged with a connection 

rotational stiffness of 0, whereas the connection rotational stiffnesses of CMC-

1–CMC-3 were 0.025Rm. Thus, the higher constraint of the connections on the 

steel frame generally increased the initial stiffness. However, the initial 

stiffnesses of CMC-1, CMC-2, and CMC-3 were 6.14 kN/mm, 5.97 kN/mm, 

and 5.97 kN/mm, respectively, with the latter two stiffnesses both 2.8% smaller 

than that for CMC-1, indicating that the specific connection moment capacity 

had little effect on the initial stiffness. Given that the semi-rigid connections of 
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CMC-1–CMC-3 were all elastic during the initial loading stage, the constraint 

effect of the connections on the steel frame was the same. Furthermore, the 

stiffness degradation trends of the three models were consistent, with the 

corresponding curves basically overlapping. As the load increased, the semi-

rigid connections of CMC-1 reached their moment capacities first, their 

constraint on the steel frame achieved its limit, and the corresponding stiffness 

degradation curve decreased significantly faster than those for CMC-2 and 

CMC-3. The stiffness degradation curve of CMC-2 also rapidly decreased once 

its semi-rigid connections reached their moment capacities. Finally, the stiffness 

degradation laws of all three models were basically the same in the late stage of 

loading when the semi-rigid connections reached their moment capacities. 
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Fig. 14 CMC model series results: (a) skeleton curves; (b) stiffness degradation curves 

 

4.3.3. Effects of ceiling beam stiffness 

Fig. 15(a) shows the skeleton curves of the CBS model series and Table 6 

lists their characteristic points. The lateral bearing capacity of the model and 

initial slope of the skeleton curve increased with increasing ceiling beam 

stiffness; the former was caused by the corresponding increase in plastic 

bending moment. Compared to model CBS-1, the positive lateral bearing 

capacities of the Base, CBS-2, and CBS-3 models increased by 14.3%, 31.9%, 

and 41.0%, respectively, while their negative lateral bearing capacities 

increased by 14.0%, 31.0%, and 39.8%, respectively. Furthermore, the yield 

load, yield drift, and peak drift of the models generally increased with increasing 

ceiling beam stiffness. However, once the ceiling beam stiffness increased to a 

certain limit, the yield drift and peak drift no longer increased and the rate of 

increase in the yield load slowed significantly. 

Fig. 15(b) shows that the stiffness degradation curves of the CBS model 

series were similar, following the same stiffness degradation law. The stiffness 

degradation rates all changed slowly, then rapidly before remaining flat. The 

stiffness degradation curves increased from the CBS-1 to Base, CBS-2, and 

CBS-3 models, indicating that the lateral stiffness of the model increased with 

increasing ceiling beam stiffness. The initial stiffnesses of the CBS-1, Base, 

CBS-2, and CBS-3 models were 4.81 kN/mm, 5.20 kN/mm, 5.82 kN/mm, and 

6.05 kN/mm, respectively, representing increases of 8.1%, 21.0%, and 25.8% 

as the stiffness increased from 0.51I1 to I1, 2.09I1, and 3.02I1, respectively. The 

initial stiffness increase in CBS-3 was significantly smaller than that in CBS-2, 

indicating that the ceiling beam stiffness provided limited improvement to the 

initial stiffness of the model. 
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Fig. 15 CBS model series results: (a) skeleton curves; (b) stiffness degradation curves  

 
Table 5 

Characteristic values of CMC model series skeleton curves 

Model Direction 
Yield point Peak point Failure point 

θy Py (kN) θm Pm (kN) θu Pu (kN) 

Base 
Positive 0.0075 88.9 0.0147 105.3 0.0327 100.9 

Negative -0.0075 -90.9 -0.0148 -107.0 -0.0328 -100.5 

CMC-1 
Positive 0.0076 107.3 0.0148 126.6 0.0328 120.9 

Negative -0.0076 -109.7 -0.0149 -128.6 -0.0329 -120.8 

CMC-2 
Positive 0.0083 119.8 0.0163 149.5 0.0321 144.0 

Negative -0.0084 -123.0 -0.0164 -148.0 -0.0322 -143.1 

CMC-3 
Positive 0.0110 144.2 0.0271 187.2 0.0323 186.8 

Negative -0.0111 -146.4 -0.0272 -187.8 -0.0325 -186.6 

 

Table 6 

Characteristic values of CBS model series skeleton curves 

Model Direction 
Yield point Peak point Failure point 

θy Py (kN) θm Pm (kN) θu Pu (kN) 

CBS-1 
Positive 0.0066 72.6 0.0147 92.1 0.0327 86.3 

Negative -0.0056 -66.6 -0.0111 -93.9 -0.0328 -85.1 

Base 
Positive 0.0075 88.9 0.0147 105.3 0.0327 100.9 

Negative -0.0075 -90.9 -0.0148 -107.0 -0.0328 -100.5 

CBS-2 
Positive 0.0074 101.6 0.0180 121.5 0.0322 119.9 

Negative -0.0075 -103.9 -0.0146 -123.0 -0.0323 -118.5 

CBS-3 
Positive 0.0075 106.8 0.0179 129.9 0.0319 129.3 

Negative -0.0074 -108.1 -0.0145 -131.3 -0.0320 -127.5 

4.3.4. Effects of floor beam stiffness 

Fig. 16(a) shows the skeleton curves of the FBS model series and the 

corresponding characteristic points are listed in Table 7. The lateral bearing 

capacity of the model and initial slope of its skeleton curve increased as the floor 

beam stiffness increased. Indeed, compared with model FBS-1, the positive 

lateral bearing capacities of the Base, FBS-2, and FBS-3 models increased by 

16.4%, 42.4%, and 61.1% respectively, and their negative lateral bearing 

capacities increased by 15.8%, 38.0%, and 56.2% respectively, indicating that 

the increasing the floor beam stiffness significantly improved the lateral bearing 

capacity of the model. Indeed, the floor beam stiffness had a greater impact on 

lateral bearing capacity than the ceiling beam stiffness. In addition, the yield 

drift, yield load, and peak drift generally increased with the floor beam stiffness. 
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The stiffness degradation curves of the FBS model series are shown in Fig. 

16(b). Similar to the influence of ceiling beam stiffness on lateral stiffness, each 

model exhibited the same stiffness degradation law. The stiffness degradation 

curves increased from the FBS-1 to Base, FBS-2, and FBS-3 models. The initial 

stiffnesses of the FBS-1, Base, FBS-2, and FBS-3 models were 4.74 kN/mm, 

5.20 kN/mm, 5.49 kN/mm, and 5.74 kN/mm, respectively, representing 

increases of 9.7%, 15.8%, and 21.1% when the floor beam stiffness increased 

from 0.49I2 to I2, 2.02I2, and 2.88I2, respectively. Clearly, the initial stiffness 

gradually increased with the floor beam stiffness. 
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Fig. 16 FBS model series results: (a) skeleton curves; (b) stiffness degradation curves  

Table 7 

Characteristic values of CBS model series skeleton curves 

Model Direction 
Yield point Peak point Failure point 

θy Py (kN) θm Pm (kN) θu Pu (kN) 

FBS-1 
Positive 0.0074 77.5 0.0148 90.5 0.0330 83.2 

Negative -0.0074 -78.8 -0.0149 -92.4 -0.0331 -83.6 

Base 
Positive 0.0075 88.9 0.0147 105.3 0.0327 100.9 

Negative -0.0075 -90.9 -0.0148 -107.0 -0.0328 -100.5 

FBS-2 
Positive 0.0082 106.2 0.0161 128.9 0.0317 126.5 

Negative -0.0082 -108.7 -0.0161 -127.5 -0.0318 -125.9 

FBS-3 
Positive 0.0108 132.1 0.0315 145.8 0.0315 145.8 

Negative -0.0109 -136.1 -0.0317 -144.3 -0.0317 -144.3 

4.3.5. Effects of column stiffness 

Fig. 17(a) shows the skeleton curves of the CS model series and the 

corresponding characteristic points are listed in Table 8. All skeleton curves 

were relatively close to each other, and the lateral bearing capacities of the 

models remained basically unchanged as the column stiffness increased. 

Equations (28)–(31) in reference [7] indicate that the lateral bearing capacity of 

a steel frame primarily depends on the cross-sectional dimensions of its ceiling 

and floor beams, whereas increasing the cross-sectional areas of its columns 

cannot improve its lateral bearing capacity. Indeed, compared with model CS-

1, the positive lateral bearing capacities of the Base, CS-2, and CS-3 models 

increased by 2.3%, 5.1%, and 6.5%, respectively, and their negative lateral 

bearing capacities increased by 2.2%, 5.0%, and 6.5%, respectively. The yield 

drift and peak drift for each model were basically the same, but the yield load 

increased significantly with the column stiffness. 

Fig. 17(b) shows the stiffness degradation curves of the CS model series, 

indicating that the influence of the column stiffness on the lateral stiffness of 

the model can be divided into two stages. Before plastic hinges formed at the 

beam ends, the lateral stiffness of the model was positively correlated with the 

column stiffness: the initial stiffnesses of the CS-1, Base, CS-2, and CS-3 

models were 4.74 kN/mm, 5.20 kN/mm, 5.49 kN/mm, and 5.74 kN/mm, 

respectively, representing increases of 9.9%, 20.3%, and 25.4% as the column 

stiffness increased from 0.5Ic to Ic, 2.0Ic, and 2.83Ic, respectively. Thus, the rate 

of increase in the initial stiffness of the model gradually slowed with increasing 

column stiffness. The stiffness degradation curves for all models basically 

overlapped after plastic hinges were formed at the beam ends, indicating that 

the influence of the column stiffness on the lateral stiffness of the model was 

negligible because the beam end sections no longer had the ability to resist 

bending moments. At this point, the steel frame can be simplified as a hinged 

frame with a lateral stiffness of 0, and as the lateral stiffness of the model was 

entirely provided by the CFSW, the stiffness of the columns had little effect. 
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Fig. 17 CS model series results: (a) skeleton curves; (b) stiffness degradation curves 

 

Table 8 

Characteristic values of CS model series skeleton curves 

Model Direction 
Yield point Peak point Failure point 

θy Py (kN) θm Pm (kN) θu Pu (kN) 

CS-1 
Positive 0.0076 80.9 0.0149 102.9 0.0330 97.2 

Negative -0.0074 -82.7 -0.0150 -104.7 -0.0331 -98.1 

Base 
Positive 0.0075 88.9 0.0147 105.3 0.0327 100.9 

Negative -0.0075 -90.9 -0.0148 -107.0 -0.0328 -100.5 

CS-2 
Positive 0.0072 93.2 0.0145 108.1 0.0325 103.1 

Negative -0.0073 -95.5 -0.0146 -109.9 -0.0326 -102.2 

CS-3 
Positive 0.0073 96.2 0.0145 109.6 0.0325 105.4 

Negative -0.0072 -97.2 -0.0146 -111.6 -0.0326 -104.6 

 

5.  Calculating the shear capacity of a single MSS-CFSW frame with 

semi-rigid connections 

 

Wang et al. [7] analyzed the results of cyclic tests conducted on a single 

MSS-CFSW frame and observed no separation between the CFSW and steel 

frame. Thus, the connectors can provide a firm connection between the two 

components to effectively transmit forces. Based on the superposition method, 

the shear capacity P of a single frame with hinged boundary conditions can be 
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assumed to comprise two parts: the shear capacity Pf of the single steel frame 

with hinged boundary conditions and the shear capacity Pw of the CFSW. 

In modular steel structures, module units are connected using vertical inter-

module semi-rigid connections that constrain the steel frame and improve the 

unit shear capacity. The shear capacity of a single MSS-CFSW frame 

considering semi-rigid connections is defined as Psr. Similar to P, Psr includes 

the shear capacity of a single steel frame with vertical inter-module semi-rigid 

connections Pf,sr and the shear capacity of the CFSW Pw as follows:  

 

sr f,sr w=P P P+
 

(1) 

 

Note that Pf,sr considers the influence of the vertical inter-module semi-rigid 

connections, whereas because the CFSW is located inside the steel frame, Pw is 

unaffected by the vertical inter-module semi-rigid connections. 

Referring to the calculation method for the shear capacity of a single steel 

frame with hinged boundary conditions presented in reference [7], the 

relationship between the bending moment amplitude and shear in the column 

section and equilibrium condition of forces can be used to obtain Pf,sr. The 

calculation diagram for a single steel frame with vertical inter-module semi-

rigid connections is shown in Fig. 18, in which the semi-rigid connections at the 

tops and bottoms of the columns have been simplified as rotational springs [30]. 

When a lateral load F acts on the top of a column, the rotational springs rotate 

with the beam–column joints inside the module, inducing an interaction force 

between the two components. When conducting a force analysis, each rotational 

spring can be separated from the steel frame and a reaction moment Mr can be 

applied at the corresponding beam–column joint in its place. Therefore, the 

force state of a single steel frame with vertical inter-module semi-rigid 

connections under the action of F can be considered equivalent to the force state 

of a single steel frame with hinged boundary conditions under the simultaneous 

action of F and Mr, as shown in Fig. 18. Thus, the bending moment amplitudes 

of each section of a single steel frame with hinged boundary conditions must be 

obtained separately under the action of F and Mr, then superimposed. 

 

 

Fig. 18 Calculation diagram of a single steel frame with vertical inter-module semi-

rigid connections 

 

Under the action of F, the bending moment in each section reaches its 

maximum value when the single steel frame with hinged boundary conditions 

reaches its ultimate state. Strain data from the previous test were analyzed to 

determine that the single steel frame with hinged boundary conditions reached 

its ultimate state when part of the beam end section entered plasticity [7]. At 

this time, the lateral load applied to the single steel frame with hinged boundary 

conditions is Pf and the bending moments at the ends of the ceiling and floor 

beams are Mc and Mf, respectively, which can be calculated using Eqs. (28) and 

(29) in reference [7], respectively. The corresponding bending moment 

amplitude diagram can be obtained as shown in Fig. 19(a). 

 

  

(a) (b) 

Fig. 19 Bending moment diagram of a single steel frame with hinged boundary 

conditions: (a) under the action of Pf; (b) under the action of Msr 

 

The bending moment in each section reaches its maximum value when Mr 

is at its maximum. Thus, the maximum Mr represents the bending moment 

capacity Msr of the vertical inter-module semi-rigid connection. Fig. 20 shows 

the calculation diagram for a single steel frame with vertical inter-module semi-

rigid connections under the action of Mr, in which ic, ib1, and ib2 denote the linear 

stiffnesses of the column, ceiling beam, and floor beam, respectively. When the 

reaction bending moment Msr is applied at joints A, B, C, and D, they will 

experience rotations θA, θB, θC, and θD. Based on the slope–deflection equations, 

the bending moments at the column and beam ends at joints A, B, C, and D can 

be respectively obtained by 

 

AB b1 A b1 B4 2M i i = +
 

(2) 

  

AC c A c C4 2M i i = +
 

(3) 

  

BA b1 A b1 B2 4M i i = +
 

(4) 

  

BD c B c D4 2M i i = +
 

(5) 

  

CD b2 C b2 D4 2M i i = +
 

(6) 

  

CA c A c C2 4M i i = +
 

(7) 

  

DC b2 C b2 D2 4M i i = +
 

(8) 

  

DB c B c D2 4M i i = +
 

(9) 

 

where MAB and MAC are the bending moments at the end of ceiling beam AB 

and column AC at joint A, respectively; MBA and MBD are the bending moments 

at the end of ceiling beam AB and column BD at joint B, respectively; MCD and 

MCA are the bending moments at the end of floor beam CD and column AC at 

joint C, respectively; and MDC and MDB are the bending moments at the end of 

floor beam CD and column BD at joint D, respectively. 

 

 

Fig. 20 Calculation diagram for a single steel frame with hinged boundary 

conditions under the action of Msr 

 

Based on the moments at joints A, B, C, and D, the following moment 

equilibrium equations can be established: 

 

AB AC sr

BA BD sr

CA CD sr

DB DC sr

0

0

0

0

M M M

M M M

M M M

M M M

+ + =


+ + =


+ + =
 + + =  

(10) 

 

Substituting Eqs. (2)–(9) into Eq. (10), rotations θA, θB, θC, and θD can be 

obtained and subsequently introduced into Eqs. (3) and (7) to derive the 

maximum bending moment at the top and bottom ends of column AC, 

respectively, as follows: 

 

( )

( )
c b1 b2 c

AC sr
b1 b2 b1 b2 c c

2

3 2 2

i i i i
M M

i i i i i i

+ +
= −

+ + +
 

(11) 

  

( )

( )
c b1 b2 c

CA sr
b1 b2 b1 b2 c c

2

3 2 2

i i i i
M M

i i i i i i

+ +
= −

+ + +
 

(12) 

 

which can be regarded as products of moment distribution coefficients α1 and 

α2, respectively, and Msr, as follows: 

 

AC 1 srM M= −
 

(13) 
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CA 2 srM M= −
 

(14) 

 

Where 

 

( )

( )
c b1 b2 c

1
b1 b2 b1 b2 c c

2

3 2 2

i i i i

i i i i i i


+ +
=

+ + +
 

(15) 

  

( )

( )
c b1 b2 c

2
b1 b2 b1 b2 c c

2

3 2 2

i i i i

i i i i i i


+ +
=

+ + +
 

(16) 

 

From the symmetry of the structure and load, the maximum bending 

moment in column BD can be assumed equal to that in column AC. By 

combining the moment equilibrium conditions of the joints, the maximum 

bending moment diagram for a single steel frame with hinged boundary 

conditions under the action of Msr can be obtained as shown in Fig. 19(b). Based 

on Figs. 19(a) and (b), the maximum bending moment Mcol,t at the column top 

section and maximum bending moment Mcol,b at the column bottom section are 

respectively given by 

 

col,t c 1 srM M M= +  (17) 

  

col,b f 2 srM M M= +  (18) 

 

The modular steel frame can be divided into upper and lower parts along 

the column center; the upper part is analyzed to establish the lateral force 

equilibrium equation. Considering the relationship between the maximum 

bending moment and shear in the column, the expression for Pf,sr can be obtained 

as 

 

( ) ( )col,t col,b c 1 sr f 2 sr
f,sr

2
=2 =

M M M M M M
P

h h

 + + + +


 (19) 

 

in which α1 = α2 = 0 when calculating the shear capacity of a single steel frame 

with hinged boundary conditions owing to the absence of constraint by semi-

rigid connections. 

When calculating the shear capacity Pw of the CFSW used in this study, 

Wang et al. [7] proposed four revisions to the conventional global analysis 

method to provide the modified global analysis method detailed in Section 6.1 

of reference [7]. This method not only considers the presence of horizontal and 

vertical joints but also targets wallboard units that are more in line with the 

actual situation. The calculation of Pw is given as follows: 

 

 w 1 2 3 4 5 6=min ,P P P P P P P+ + + +  (20) 

 

where Pi is the shear capacity of wallboard unit i, as shown in reference [7]. 

Table 9 compares the theoretical and simulated shear capacities for each 

parametric analysis model, indicating that the ratios of the theoretical to 

simulated shear capacities were between 0.915 and 1.001 with an average value 

of 0.951 and a standard deviation of 0.023. Thus, the theoretical values agreed 

well with the simulated values, and the former were generally smaller. This 

confirms that the calculation method proposed in this paper can effectively 

determine the shear capacity of a single MSS-CFSW frame with hinged 

boundary conditions and semi-rigid connections. 

The following process can be applied to design the shear capacity of 

modular steel structures using the derived equation: (1) Determine the type of 

inter-module connection to be used based on the design requirements. (2) 

Calculate the horizontal design load to be borne by the single modular steel 

structure frame. (3) Calculate the inter-module connection rotational stiffness 

and moment capacity based on the equations provided in the design codes. (4) 

Based on the preliminarily determined cross-sectional dimensions of the module 

unit, use the derived equations to calculate the horizontal load that a single frame 

can resist. If the calculated value is larger than the horizontal design load, the 

designed cross-sectional dimensions are feasible; otherwise, the cross-sectional 

dimensions must be improved until the calculated value is greater than the 

design load. 

 

6.  Conclusions 

 

A refined FE model of a single MSS-CFSW frame was established using 

ABAQUS and the connector unit parameters were determined from the results 

of shear tests on self-drilling screw connections under shear perpendicular and 

parallel to the plate edge. The effectiveness of the refined FE modeling method 

was verified against previous test results, and the influences of the semi-rigid 

connection and steel frame component stiffnesses on the cyclic behavior of a 

single frame were investigated. Finally, the semi-rigid connection was 

considered equivalent to a rotational spring to derive an equation for the shear 

capacity of a single MSS-CFSW frame. The primary conclusions of this study 

are as follows: 

(1) When the distance from the screws to the plate edge was small, the 

failure mode and shear capacity of the self-drilling screw connection differed 

according to the direction of shear (perpendicular or parallel to the plate edge). 

However, there was no such difference when the distance from the screws to 

the plate edge was large. In the refined FE model, values were assigned to 

connector unit parameters in both directions in the CFSW plane according to 

these results. The numerical simulation results agreed well with the test results. 

(2) The connection rotational stiffness and moment capacity were 

positively correlated with the initial stiffness and shear capacity of the single 

MSS-CFSW frame, respectively. The maximum increase in initial stiffness was 

31.5% and the positive and negative shear capacities increased by 20.2–79.4%. 

The semi-rigid connections only constrained the steel frame before yielding, 

after which their influence should not be considered. 

(3) As the stiffnesses of the ceiling beam, floor beam, and column increased, 

the initial stiffness of the single MSS-CFSW frame increased by 8.1–25.8%, 

9.7–21.1%, and 9.9–25.4%, respectively, and its shear capacity increased by 

14.0–41.0%, 15.8–61.1%, and 2.2–6.5%, respectively. Thus, the influences of 

these three parameters on the initial stiffness were similar, whereas the floor 

beam stiffness had a more significant influence on the shear capacity than the 

other parameters. 

(4) The shear capacity of a single MSS-CFSW frame with semi-rigid 

connections comprises the shear capacities of the steel frame and CFSW. By 

equating the semi-rigid connections to rotational springs, an equation was 

derived for the shear capacity of the frame that quantified the contributions of 

the semi-rigid connections using moment distribution coefficients. The shear 

capacity of the CFSW was calculated using a previously proposed equation. A 

comparison of theoretical and simulated values indicated that by calculating the 

moment distribution coefficient values, the proposed method can effectively 

determine the shear capacity of a single MSS-CFSW frame with semi-rigid 

connections or hinged boundary conditions. 

 
Table 9 

Comparison between theoretical and simulated shear capacities of parametric analysis models 

Model Direction 
Theoretical value 

PFE (kN) Psr/PFE 

Pf,sr Pw Psr 

Base 
Positive 54.3 48.2 102.5 105.2 0.974 

Negative 54.3 48.2 102.5 107.0 0.958 

CRS-1 
Positive 91.9 48.2 140.1 145.0 0.966 

Negative 91.9 48.2 140.1 144.5 0.970 

CRS-2 
Positive 91.9 48.2 140.1 148.5 0.943 

Negative 91.9 48.2 140.1 150.1 0.933 

CRS-3 
Positive 91.9 48.2 140.1 148.5 0.943 

Negative 91.9 48.2 140.1 150.2 0.933 
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CMC-1 
Positive 73.1 48.2 121.3 126.6 0.958 

Negative 73.1 48.2 121.3 128.6 0.943 

CMC-2 
Positive 91.9 48.2 140.1 149.5 0.937 

Negative 91.9 48.2 140.1 148.0 0.947 

CMC-3 
Positive 129.4 48.2 177.6 187.2 0.949 

Negative 129.4 48.2 177.6 187.8 0.946 

CBS-1 
Positive 43.7 48.2 91.9 92.1 0.998 

Negative 43.7 48.2 91.9 93.9 0.979 

CBS-2 
Positive 64.3 48.2 112.5 121.5 0.926 

Negative 64.3 48.2 112.5 123 0.915 

CBS-3 
Positive 75.2 48.2 123.4 129.9 0.950 

Negative 75.2 48.2 123.4 131.1 0.941 

FBS-1 
Positive 42.4 48.2 90.6 90.5 1.001 

Negative 42.4 48.2 90.6 92.4 0.981 

FBS-2 
Positive 73.4 48.2 121.6 128.9 0.943 

Negative 73.4 48.2 121.6 127.5 0.954 

FBS-3 
Positive 86.7 48.2 134.9 145.8 0.925 

Negative 86.7 48.2 134.9 144.3 0.935 

CS-1 
Positive 54.3 48.2 102.5 102.9 0.996 

Negative 54.3 48.2 102.5 104.7 0.979 

CS-2 
Positive 54.3 48.2 102.5 108.1 0.948 

Negative 54.3 48.2 102.5 109.9 0.933 

CS-3 
Positive 54.3 48.2 102.5 109.6 0.935 

Negative 54.3 48.2 102.5 111.6 0.918 

Average      0.951 

Standard deviation      0.023 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

To improve the seismic performance of both low-rise and multi-story steel residential structures, and to address the ongoing 

issue of column protrusion, this paper introduces a cross-shaped end-plate connection joint. This joint is designed for 

narrow-flange H-beams and has been evaluated through quasi-static tests for failure modes, hysteresis curves, and load-

bearing capacity. Experimental findings indicate that this joint serves as a semi-rigid connection, offering exceptional 

ultimate rotational capacity, energy dissipation, and ductility. These features make it well-suited for use in mid- and low-

rise seismic steel frame structures. To deepen our understanding of the joint's seismic performance, a numerical model was 

established using ABAQUS software. The validity of this modeling approach was confirmed by comparing it with 

experimental results. Several variables were analyzed for their impact on the joint's seismic performance, including axial 

compression ratio, column web thickness, skin plate thickness, column-flange reinforcement plate thickness, and beam end-

plate thickness. Our analysis reveals that an increase in the axial compression ratio makes the negative slope of the joint's  

hysteresis curve more pronounced. This suggests that the axial compression ratio should not exceed 0.4. Additionally, the 

use of skin plates led to a 26.3% increase in joint yield displacement and a 14.9% increase in ultimate displacement. The 

incorporation of column-flange reinforcement plates boosted both the yield and peak strength by 15.5% and 14.2%, 

respectively. Consequently, we recommend using skin and reinforcement plate thicknesses that are 0.5 and 0.8 times the 

thickness of the end-plate, respectively. By carefully selecting the appropriate parameters for these components, this study 

offers valuable insights and guidelines for the practical implementation of beam-column joints in low-rise and multi-story 

steel residential structures. 
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1.  Introduction 

 

In the context of a strong push for green, low-carbon, and energy-efficient 

building structures, steel frame systems and light steel truss systems have gained 

widespread use in low-rise and multi-story steel residential structures [1]. 

However, these types of buildings often face challenges, including reduced 

lateral stiffness of frame columns and the awkward positioning of wide-flange 

columns that protrude from walls. These issues affect not only aesthetic appeal 

of the interior spaces but also the efficient use of architectural space [2]. In low 

and medium-rise steel frame structures, the vertical load-bearing members are 

subjected to relatively small loads. Utilizing wide-flange H-beam columns in 

such cases may lead to material wastage and encroachment on the wall, thereby 

negatively impacting its aesthetics. Therefore, this paper suggests employing 

narrow-flange load-bearing members in low and medium-rise steel frame 

structures. To mitigate the problem of protruding columns, narrow-flange 

columns can be effectively utilized in mid- and low-rise buildings. 

To date, the majority of academic research has focused on the seismic 

performance of wide- and medium-flange beam-column connections in the 

strong-axis direction. For instance, Wang [3] introduced a detachable end-plate 

connection with a cruciform structure, finding that factors such as end-plate 

thickness and the column's width-to-thickness ratio had a significant impact on 

connection performance. D'Aniello et al. [4] employed finite element analysis 

to discover that adding stiffening ribs to end plates could substantially improve 

their strength and stiffness. They also examined the performance of beam-

column connections under various conditions. Haghollahi et al. [5] performed 

experimental research to identify performance trends in connections both with 

and without stiffening ribs. Van-Long et al. [6] proposed an extended end-plate 

connection method for linking I-beams to externally wrapped composite 

columns, using the component method for simulation. 

Other scholars have focused on specialized areas. Chen [7] examined beam-

column end-plate connections in portal frames and found that thickening the 

web plates in the connection zone was more beneficial than adding diagonal 

stiffening ribs. Guo et al. [8] designed and conducted experiments on eight 

different beam-column end-plate connections, concluding that bolted end-plate 

connections showed excellent ductility and energy dissipation capacity. Li et al. 

[9] experimented with externally extended end-plate connections of varying 

configurations. They found that the relative strengths of bolts, end plates, and 

column walls directly affected the failure modes of the joints. Yan [10] 

introduced a linear model for calculating the initial stiffness of semi-rigid 

connection joints, while Tong [11] presented an enhanced end-plate stiffening 

technique and developed design formulas for externally extended end-plate 

stiffeners. 

In contrast to wide- and medium-flange beam-column connections, which 

have larger height-to-thickness ratios, narrow-flange connections display 

greater stiffness in the weak-axis direction. This leads to notable differences in 

seismic performance between narrow-flange beam-column connections and 

their wide- or medium-flange counterparts. While some research exists on 

narrow-flange connections, studies focusing on their seismic performance in the 

strong-axis direction are relatively limited. Zhong et al. [12] investigated a 

specific narrow-flange beam-column end-plate weak-axis connection joint and 

found that factors such as beam end-plate and skin plate thicknesses 

significantly affect the joint's seismic performance. 

Although numerous scholars have explored the performance of narrow-

flange beam-column connections, research specifically targeting their seismic 

performance in the strong-axis directions remains limited. To address the issue 

of flange exposure and further investigate the seismic performance of narrow-

flange H-section steel beam-column end-plate connections in the strong-axis 

direction, this paper introduces a cross-shaped joint configuration for narrow-

flange H-beam-column connections. We subjected full-scale beam-column 

connection specimens to quasi-static tests to evaluate their failure modes, 

hysteresis curves, and overall seismic performance. Utilizing finite element 

analysis and corroborating the results with experimental data, we ensured the 

validity of our modeling method. A comprehensive parametric analysis was 

conducted, focusing on factors such as the axial compression ratio, column web 

thickness, skin plate thickness, column-flange reinforcement plate thickness, 

and beam end-plate thickness. This analysis aimed to provide deeper insights 

into the key parameters affecting the seismic performance of the proposed joint. 

Based on our findings, we offer design recommendations that serve as a 

foundational guide for engineering applications. 

 

2.  Joint design 

 

2.1. The selection of substructures 

 

In compliance with the Chinese Steel Structure Design Standard GB 50017-

2017[13], we designed a two-story steel frame prototype structure featuring a 2 

× 2 span configuration. The structure has a floor height of 3 m, a span of 3.9 m, 

a permanent floor load of 3.1 kN/m2, and a live load of 2 kN/m2. We selected 

the bottom-level central column in the strong-axis direction (BP-5) of the 

prototype structure as the subject of our study, as illustrated in Fig. 1. The cross-
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shaped joint structure was arranged in a double-half-span configuration, 

comprising a failing column flanked by connected steel beams. Typically, the 

column's moment of flexural failure occurs at the midpoint of the inter-story 

height; thus, we chose a length of 2.4 m for the failing column. For the beams, 

the moment of flexural failure generally occurs around half the beam span, 

leading us to select a length of 1.6 m for one side of the beam.

 

 

Fig. 1 Prototype steel frame structure 

2.2. Experimental specimen design 

 

2.2.1. Joint structural design 

This paper proposes a novel structural concept for narrow-flange H-section 

steel beam-column connections, featuring an extended end-plate bolted joint. 

The specific configuration of this connection is depicted in Fig. 2. The external 

extended end-plate design allows for energy dissipation through end-plate 

deformation, resulting in excellent hysteresis behavior and energy dissipation 

capacity [14]. Furthermore, the inclusion of stiffening ribs on the beam end-

plate enhances both its strength and stiffness, facilitating a more uniform load 

distribution on the bolts and improving bolt tension distribution. 

 

 
1. Beam; 2. End-plate stiffening rib; 3. End-plate; 

 4. High-strength bolt; 5. Column-flange reinforcement plate; 6. Column;  

7. Column transverse stiffeners; 8. Column longitudinal stiffeners; 9. Skin plate;  

10. Beam stiffening rib 

Fig. 2 Narrow-flange extension end-plate bolted joint 

 

Adding transverse and longitudinal stiffeners in the joint region not only 

improves the joint's stiffness and strength but also effectively distributes its 

load-bearing capacity, markedly enhancing local buckling behavior. 

Additionally, the incorporation of skin plates in the weak-axis direction fortifies 

the beam-column joint region. This serves a dual purpose: it both safeguards the 

joint and preserves the aesthetic integrity of the building walls. The design 

accommodates connections in the weak-axis direction, with a skin plate 

thickness equal to that of the beam end-plate. 

 

 

2.2.2. End-plate and bolt design 

In the realm of end-plate connection joint design, Solhmirzaei et al. [15] 

constructed two bolted end-plate joints and compared their performance against 

the bolted stiffened end-plate with four bolts reinforcement (BSEEP-16ES) 

standard recommended by AISC 4-358 [16]. Their investigation showed that 

the custom-designed joints demonstrated superior seismic resistance 

capabilities. Tartaglia [17] compared the AISC 358-16 guidelines with 

European standards, demonstrating that stiffened end-plate joints can ensure the 

formation of plastic hinges in steel beams under cyclic loading conditions. This 

research also explored the use of four-row bolted connections for beams with 

and without stiffening ribs. Following a similar approach, our study employs a 

four-row bolt configuration for the connections. 

In compliance with the Chinese structural technical standard GB 51022-

2015 [18], we opted for Grade 10.9 M16 high-strength friction-type bolts with 

an 18 mm bolt hole diameter. Bolt dimensions were determined based on the 

tension transmitted through the beam's end flange, as calculated according to 

the Chinese steel structure design standard GB50017-2017 [13]. 

 

2.2.3. Dimension design of specimens 

Due to the advantages of ease in both fabrication and experimental loading, 

our test specimens were designed and constructed as full-scale models. The steel 

beam and column sections have specifications of HN250 × 125 × 6 × 9 (mm) 

and HN300 × 150 × 6.5 × 9 (mm) [H-overall depth (𝑑) × flange width (𝑏𝑓) × 

web thickness (𝑡𝑤) × flange thickness (𝑡𝑓)], and are made of Q235B-grade steel, 

as depicted in Fig. 3(a). 

 

2.2.4. Skin plate design 

Regarding the design of skin plates, Lu [19] proposed a technique involving 

the use of skin plates to connect steel beams to H-shaped columns in the weak-

axis direction. This allows the structural components to fail before the joints do. 

These skin plates were designed in accordance with the permissible bolt hole 

spacing values specified in the Chinese steel structure standard GB 50017-2017 

[13]. Positioned at the same horizontal level as the edge of the end plates in the 

column's height direction, the skin plates align flush with the flanges on either 

side of the column in the width direction. To prevent localized damage to the 

column's narrow flange, skin plates were introduced in the weak-axis direction 

to ensure a uniform load distribution and uniform stiffness. The thickness of the 

upper and lower skin plates is informed by the thickness of both column flanges 

and the web plate. The thickness of these plates typically falls between the 

thicknesses of the web plate and the column flanges. For this study, we selected 

a skin plate thickness of 16 mm, as shown in Fig. 3(b). 



Wei-Hui Zhong et al.  318 

 

 

 

(a) Detailed geometric dimensions of the specimen (b) End-plate size 

Fig. 3 Geometric dimension drawing of the specimen 

2.3. Joint verification 

 

In this work, we focus on BP-5, as illustrated in Fig. 1. Calculations reveal 

that the axial compression ratio of BP-5 is approximately 0.2. The following 

sections present a detailed seismic assessment of this joint: 

 

2.3.1. Seismic structural measures calculation 

Designed to withstand a predicted seismic intensity of 8 degrees, the steel 

frame is categorized as Level III for seismic performance according to the 

Chinese Building Seismic Design Code GB50011-2010 [20] . The aspect ratios 

of the frame's columns meet the design criteria, and the verification are shown 

in Eqs. (1) and (2): 

 

100/23510019.24124/3000/ y0 === fil x
                  (1) 

 

100/23510019.919.32/3000/ y0 === fil y
                  (2) 

 

In accordance with the Chinese Building Seismic Design Code GB50011-

2010 [20], we calculated and verified the width-to-thickness ratio limits for 

various components within the steel frame. The calculations confirm 

compliance with the code's requirements. 

 

2.3.2. Component verification 

To ensure that the beam fails before the column, we increased the column's 

stiffness and designed its moment capacity to enhance its resistance to failure 

and bending strength. The aim is to have the beam yield prior to the column, 

forming plastic hinges at the beam ends, as defined by Eq. (3). 

 

( ) ybpbcpycpc / fWANfW  −                                        (3) 

 

where 𝑤𝑃𝑐  and 𝑤𝑃𝑏  signifies the plastic section moduli of the column 

and beam at the joint, respectively; 𝑓𝑦𝑐 and 𝑓𝑦𝑏 denote the yield strengths of 

the steel used in the column and beam, respectively; 𝑁𝑃 represents the axial 

force in the column for the seismic combination; and 𝐴𝑐 is the column’s cross-

sectional area. Further, 𝜂 represents the strong column coefficient, with values 

of 1.15 for the first level, 1.10 for the second level, and 1.05 for the third level. 

According to Eq. (3), the computed plastic moment at the column-end 

exceeds that at the beam-end (189.88 kN·m > 164.34 kN·m), thereby ensuring 

that the beam fails before the column does. 

 

3.  Experimental synopsis 

 

3.1. Material property analysis 

 

Material property testing was carried out in accordance with the relevant 

Chinese standard GB/T2975-2018 [21], and the resulting steel material 

performance indicators are detailed in Table 1. 

 

Table 1  

Material properties of specimens 

Steel member 

Yield 

strength 

Tensile 

strength 

Elastic 

modulus 
Elongation 

percentage 

% fy/MPa fu/MPa E/GPa 

Beam web 430 562 207 32 

Column web 285 408 208 39 

Beam-end 

reinforcement plate 
295 435 185 40 

Beams, 

column flange 

242 390 239 43 

End-plate, 

skin plate 

298 462 204 53 

Beam-end web 

stiffener ribs 
472 585 219 28 

 

3.2. Experimental procedure 

 

3.2.1. Experimental apparatus setup 

The experimental loading setup, shown in Fig. 4(a), positioned the test 

specimen between two gantry frames. A servo actuator was horizontally affixed 

to the reaction wall. The bottom of the test specimen was connected to a ground 

beam via a hinge axis. This ground beam was longitudinally placed between the 

two gantry frames and anchored securely to both sides using anchor bolts. 

Additional stabilization was provided by four compression beams. A hydraulic 

jack on the reaction beam applied vertical pressure to the columns, maintaining 

a strictly downward direction. The column base was linked to the hinge axis to 

replicate the column's flexural point. At the beam-end, a connection was made 

through a bracket and linkage, with the opposite end of the linkage fastened to 

the ground beam, as shown in Fig. 4(b). Lateral supports were installed at the 

mid-section of both the joint and loading beam to prevent out-of-plane 

instability during loading, as illustrated in Fig. 4(c). 

 

3.2.2. Experimental loading procedure 

The experimental loading approach utilized a hybrid load–displacement 

method. Initially, a vertical load of 200 kN was applied to the column's top to 

account for second-order gravity effects. Next, horizontal reciprocating loads 

were applied to the top of the column. The horizontal cyclic loading had two 

stages: the first stage involved load-controlled conditions, with the yielding load 

incrementally distributed over three steps—16, 32, and 48 kN—each subjected 

to one complete cycle. The second stage was displacement-controlled; after 
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reaching the yield point, the loading increased in increments of 0.5 times the 

yield displacement (20 mm) for each level. Each level went through three 

complete cycles, and the loading continued until specimen failure, as outlined 

in Fig. 5.

 

 

 

(b) Front of the test device 

 

1. Reaction wall；2. MTS servo actuator；3 Pressed beam；4. Floor beams；5. Chain rod；6. Anchor bolts； 

7. Test piece；8. Side beams；9. Jack；10. Mastry 

(a) Test the loading device (c) Side of the test device 

Fig. 4 Experimental device 

 

Fig. 5 Experimental loading system 

 

3.3. Sensor placement 

 

The experimental measurement parameters mainly encompassed column-

end displacements, beam-column joint rotations, beam-column flange strains, 

beam-column web strains, and stiffener strains, among others. The arrangement 

of the displacement sensors is displayed in Fig. 6(a). Relative rotations between 

the columns and beams were measured and are labeled as W1–W4. 

Displacement sensors W5 and W7 were situated at the top and bottom of the 

column, respectively. Sensor W6 was designated to monitor any sliding 

between the hinge axis and the ground beam. 

Strain gauges were used to quantify the strains on the beam flanges, beam 

webs, column flanges, and beam webs, as illustrated in Fig. 6(b). Due to the 

specimen's symmetry, only one half is illustrated, with corresponding 

symmetric measurement points indicated in parentheses.

 

  
(a) Displacement meter layout drawing (b) Strain gauge arrangement in the beam and column nodal area 

Fig. 6 Measurement point arrangement of beam and column joint data 
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4.  Experimental results and analysis 

 

4.1. Experimental curves and failure modes 

 

The load–displacement hysteresis curve for specimen SJ-1 is depicted in 

Fig. 7. This curve shows basic symmetry in both the positive and negative 

directions and exhibits a pronounced pinched shape. A gradual decline in both 

load-bearing capacity and stiffness indicates that the specimen demonstrated 

strong plastic deformation and energy dissipation abilities. No evident signs 

were observed during the early stages of loading. However, at point A (75 mm, 

58 kN), significant shear deformation became visible in the nodal region, as 

captured in Fig. 8(a). At point B (-135 mm, -68 kN), localized buckling 

manifested in the stiffener at the east side of the beam's end-plate, as shown in 

Fig. 8(b). upon reaching point C (175 mm, 68 kN), the tension-side end-plate 

stiffener on the east side detached, illustrated in Fig. 8(c). At point D (-184 mm, 

-63 kN), a marked increase in end-plate deformation was evident, as shown in 

Fig. 8(d). Ultimately, when the load reached point E (196 mm, 45 kN), the load-

bearing capacity fell below 85% of the peak load, signaling the end of the 

loading process. 

 

 

Fig. 7 Load–displacement hysteresis curve 

 

  

(a) Joint domain shear deformation (b) End-plate stiffener is locally buckled 

  

(c) End-plate stiffener is disconnected 
(d) Deformation of the end-plate is signif-

icantly increased 

Fig. 8 Test phenomenon of specimens 

 

During the experiment, after the stiffener on the end-plate fractured, the 

end-plate displayed noticeable deformation and showed weld-seam fractures at 

its junction with the beam flange. This outcome suggests that the end-plate 

stiffeners effectively augment the stiffness of the end-plate, thereby delaying 

the occurrence of weld-seam fractures between the end-plate and the beam 

flange. The inter-story displacement angle at the specimen's point of failure was 

0.045 rad, substantially exceeding the 0.02 rad limit for elastic–plastic interlayer 

displacement angles in rare seismic events, as specified in the Chinese "Code 

for Seismic Design of Buildings" (GB50011-2010) [20]. This highlights the 

specimen's exceptional rotational capacity, signaling its superior seismic 

performance. 

 

4.2. Strain analysis of specimen components 

 

The strain of each member of the specimen joint is shown in Fig 9, the 

positive value is the tensile stress, the negative value is the compressive stress, 

and the measurement points are: the steel beam flange is 50mm away from the 

end plate (Q1), the steel column flange is 100mm away from the end plate (Q2), 

the skin plate (Q3), the column joint domain (Q4), and the end plate stiffener 

(Q5). 

 

Fig. 9 Displacement–strain curve of the specimen 

 

This study investigated the behavior of various specimen components under 

different loading conditions. The yielding sequence in the experimental joint 

unfolded as follows: initial yielding was evident in the end-plate stiffener, 

followed by shear yielding in the column joint area, and finally, yielding 

occurred in the beam flange situated 50 mm from the end-plate. Despite its small 

size, the end-plate stiffener initially exhibited subtle yielding with local 

buckling becoming conspicuous only after significant plastic deformation had 

occurred. Following the fracture of the stiffener on the end-plate, a considerable 

increase in strain was observed in the beam flange, culminating in its eventual 

yielding. These observations are consistent with the strain data obtained 

experimentally. 

 

4.3. Skeleton curve analysis 

 

The curve illustrating the bending moment–rotation relationship of the joint 

offers a comprehensive insight into the mechanical performance of the beam-

column joints. As depicted in Fig. 10, the experimental joints transition through 

distinct phases of elasticity, plasticity, and failure. In the initial stages of loading 

(phases A–D), the bending moment at the joint increased linearly with the 

rotation angle. Upon yielding (phases A–B and D–E), the rate of moment 

growth moderated, and the M–θ curve exhibited significant nonlinearity. During 

the joint's failure stages (phases B-C and E-F), the load-bearing capacity 

declined to 85% of the peak load. The ultimate rotation angle of the joint was 

0.045 rad, substantially exceeding the 0.03 rad rotational capacity specified by 

the American LRFD code for special moment-frame joints under cyclic testing 

[22]. With an initial rotational stiffness of 23,364.78 kN·m, the joint falls within 

the stiffness classification range of (0.5EIb/Lb, 25EIb/Lb) as defined in the code, 

classifying it as a semi-rigid joint. 

 

 

Fig. 10 Skeleton curve 
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4.4. Stiffness degradation 

 

The secant stiffness Ki serves as an indicator of stiffness degradation in 

specimens under cyclic loading. Its calculation formula, Eq. (4), is as follows: 

 

ii

ii

i
XX

FF
K

−++

−++
=

                              
(4)

 

 

where 𝐹𝑖 represents the load value at the first-cycle peak during the ith 

level of loading for the specimen, and 𝑋𝑖  corresponds to the displacement 

value at this peak point. 

As computed using Eq. (4), the stiffness degradation curve for the 

experimental component is presented in Fig. 11. Point A (18 mm, 1.37 kN·mm-

1) marks the initial secant stiffness of the joint. As loading progressed, the secant 

stiffness exhibited a gradual decline. Due to earlier yielding in both the end-

plate stiffener and the nodal region, a noticeable dip in stiffness occurred near 

point B (55 mm, 0.95 kN·mm⁻¹). The stiffness curve showed a consistent 

reduction, without abrupt changes. When it reached point C (55 mm, 0.95 

kN·mm-1), the secant stiffness at the ultimate displacement indicated that the 

joint maintains relatively stable stiffness characteristics. 

 

 

Fig. 11 Stiffness degradation curve of secant line of the specimen 

 

4.5. Energy dissipation capacity of joints 

 

This study also assessed the energy dissipation capacity of the specimens 

using the equivalent viscous damping coefficient (ℎ𝑒). The area under the 

curve is depicted in Fig. 12 and was determined using Eq. (5): 

 

 

Fig. 12 Calculation of equivalent viscous damping coefficient 
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where 𝑆(𝐴𝐵𝐶+𝐶𝐷𝐴)  represents the area enclosed by the hysteresis loop 

within one cycle, and 𝑆(𝐴𝐵𝐶+𝑂𝐷𝐹) denotes the triangular area corresponding to 

one cycle. 

As illustrated in Fig. 13, the behavior during the initial loading phase, fell 

within the elastic regime, with the initial equivalent viscous damping coefficient 

(ℎ𝑒) positioned at point A (18 mm, 0.09). As the load continued to increase, 

stress in certain components transitioned to the elastic–plastic range, leading to 

enhanced energy dissipation. Consequently, ℎ𝑒 increased in a stepwise manner. 

The maximum ℎ𝑒 for the final test specimen was at point B (198 mm, 0.43), 

demonstrating that the joint has excellent energy dissipation capacity. 

 

 

Fig. 13 Equivalent viscous damping coefficient 

 

 

 

(a) Steel stress–strain curve 

 

(b) Bolt stress–strain curve (c) Finite element model and its joint mesh 

Fig. 14 Finite element modeling 
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5.  Finite element model analysis 

 

5.1. Establishment of finite element models 

 

This study employed the ABAQUS/Standard static implicit method for 

finite element analysis on a narrow-flange H-shaped beam-column joint model. 

The finite element model mirrored the geometric dimensions and boundary 

conditions of the experimental specimens. To capture the true essence of the 

experimental data, the model incorporated the behavior of steel under cyclic 

loading conditions. A dynamic strengthening criterion was applied, and a 

bilinear constitutive model was chosen to replicate the steel's behavior [23], as 

shown in Fig. 14(a). In addition, a trilinear constitutive model was used to 

mimic the behavior of bolts [24], as detailed in Fig. 14(b). The material's 

Poisson's ratio was set at 0.3, and ductile metal failure criteria were 

implemented to simulate steel fractures [25]. Parameters such as fracture strain, 

triaxial stress, and strain rate were defined to simulate the steel fractures within 

the finite element software. General contact boundary conditions [26] were 

applied to the interfaces between various elements such as the bolt shaft and 

bolt hole wall, the nut and connecting end-plate, and column flange, as well as 

the end-plate and the column flange. In the normal direction, hard contact was 

defined, and a coefficient of friction of 0.3 was used. This model has not 

considered the impact of initial defects. Tangential direction contact was 

defined as Coulomb friction, with friction calculations conducted via the penalty 

method. Additionally, tie constraints were applied to simulate the welded 

connections. 

The finite element model, complete with boundary constraints, is depicted 

in Fig. 14(c). In order to more accurately replicate the experimental observations, 

C3D8R solid elements were used and mesh sensitivity analysis was performed 

to refine the regions with complex stress patterns. 

 

5.2. Validation of finite element models 

 

Comparison between numerical simulation results and experimental 

observations including failure modes, hysteresis curves, and skeleton curves are 

illustrated in Figs. 15 and 16. The model closely matched the experimental 

findings, particularly in the tearing of the weld joint between the column-flange 

stiffener plate and the column flange, accompanied by localized buckling at the 

beam-end. Overall, the finite element simulation results were in strong 

alignment with the experimental data, capturing the joint's yielding behavior 

with high accuracy. This discrepancy between the finite element and 

experimental hysteresis and skeleton curves was below 10%. This level of 

agreement between the finite element simulation results and the experimental 

outcomes validates the robustness and accuracy of our finite element modeling 

approach, confirming its aptness for parameter analysis.

 

  
 

 

(a) End-plate is bent and deformed (b) Beam flange is locally buckled 

Fig. 15 Comparison of finite element simulation and experimental failure patterns 

 

  

(a) Hysteresis curve (b) Skeleton curve 

Fig. 16 Comparison between finite element and test 

 

6.  Parameter analysis 

 

6.1. Selection of test specimen parameters 

 

Expanding on the finite element modeling approach detailed in Section 4.1, 

we conducted a comprehensive parameter analysis focusing on key variables. 

These variables included the axial compression ratio (ACR), thickness of the 

column web (TCW), thickness of the skin plate (TSP), thickness of the column-

flange stiffener plate (TFS), and the beam end-plate thickness (BEP). The aim 

was to investigate their impact on vital performance metrics such as load-

carrying capacity, deformability, energy dissipation capacity, and seismic 

performance. Table 2 presents these parameters, with “BASE” serving as the 

reference model for comparison. 

 

6.2. Influence of axial compression ratio 

 

The hysteresis curves, skeleton curves, and mechanical performance of the 

ACR series finite element models are presented in Fig. 17 and Table 3. The 

ACR series exhibited distinct spindle-shaped hysteresis loops, signaling 

excellent energy dissipation attributes. Starting with model ACR-2, a negative 

slope emerged in the hysteresis loop, signaling performance degradation in the 

frame. This is attributed to increased displacement, which amplifies the second-

order effect of P-Δ in the specimens. The negative slope of the joint hysteresis 

curve is an indication of frame performance degradation. 

Upon increasing the ACR, we observed a modest decline in the initial 

stiffness across the specimens. For instance, for those with an ACR of 0.7, the 

initial stiffness dipped by 9.7% when compared to the BASE specimen, which 

has an ACR of 0.2. Therefore, the ACR had a relatively minor influence on the 

structural stiffness under standard operating conditions. However, its impact on 

ductility was more conspicuous. Specifically, for the ACR-5 model, the ductility 

coefficient diminished by 33.5% compared to the BASE specimen. This 

suggests that the ACR considerably affects both load-bearing and deformation 

capacities. Accordingly, we recommend stringent control of the ACR during the 

design stage. For structures expected to experience lateral displacements, it 

would be prudent to cap the ACR at 0.4 when utilizing this type of joint. 
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Table 2  

Model parameters of each joint 

Model number Axial compression ratio 
Column web thickness 

/mm 

Skin plate thickness 

/mm 

Strengthen plate thickness 

/mm 

End-plate thickness 

/mm 

BASE 0.2 6.5 16 8 16 

ACR-1 0.3 

6.5 16 8 16 

ACR-2 0.4 

ACR-3 0.5 

ACR-4 0.6 

ACR-5 0.7 

TCW-1 
0.2 

8 
16 8 16 

TCW-2 10 

TSP-1 

0.2 6.5 

8 

8 16 
TSP-2 4 

TSP-3 2 

TSP-4 0 

TFS-1 

0.2 6.5 16 

0 

16 

TFS-2 4 

TFS-3 12 

TFS-4 16 

TFS-5 20 

BEP-1 

0.2 6.5 16 8 

12 

BEP-2 20 

BEP-3 24 

BEP-4 28 

BEP-5 32 

 

  

(a) Comparison of ACR series P–Δ hysteresis curves (b) Comparison of ACR series hysteresis skeletons 

Fig. 17 Comparison of ACR series hysteresis curve and skeleton 

 

Table 3  

Bearing capacity, displacement, and ductility of ACR series specimens 

Model number 
Initial stiffness 

kN/mm-1 

Yield load 

Py/kN 

Yield displacement 

Δy/mm 

Peak load 

Pmax/kN 

Limit displacement 

Δu/mm 

Ductile coefficient 

μ 

BASE 1.75 37.91 35.02 45.41 181.97 5.19 

ACR-1 1.73 35.56 32.56 42.44 158.55 4.87 

ACR-2 1.69 33.49 30.42 39.68 138.74 4.56 

ACR-3 1.67 31.58 28.48 37.33 121.89 4.28 

ACR-4 1.63 29.60 26.63 34.84 109.22 4.10 

ACR-5 1.58 27.26 24.40 31.77 81.20 3.32 

 

6.3. Impact of column web thickness 

 

The hysteresis curves, skeleton curves, and mechanical performance of the 

TCW series and the BASE model are displayed in Fig. 18 and Table 4. Our 

findings indicate that the BASE and TCW-1 specimens demonstrate strong 

energy dissipation, evident from their stable and well-defined spindle-shaped 

hysteresis curves. In contrast, the TCW-2 model, while exhibiting a higher 

initial load-bearing capacity, shows a quicker decline in that capacity. 

A closer look at the TCW series reveals that compared to the BASE model, 

TCW-1 and TCW-2 experienced yield load increases of 10.31% and 22.95%, 
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respectively. However, their ultimate displacements diverged by 6.2% and -25.6% 

from the BASE specimen. This data suggests that an increase in the thickness 

of TCW leads to compromised ductility at the joints. Consequently, we 

recommend a column web thickness of 8 mm to maintain adequate joint 

ductility.

 

  

(a) Comparison of TCW series P–Δ hysteresis curves (b) Comparison of TCW series hysteresis skeletons 

Fig. 18 Comparison of TCW series hysteresis curve and skeleton 

 

Table 4  

Bearing capacity, displacement, and ductility of TCW series specimens 

Model number 
Initial stiffness 

kN/mm-1 

Yield load 

Py/kN 

Yield displacement 

Δy/mm 

Peak load 

Pmax/kN 

Limit displacement 

Δu/mm 

Ductile coefficient 

μ 

BASE 1.75 37.91 35.03 45.41 181.97 5.19 

TCW-1 1.82 41.82 35.29 49.19 193.20 5.47 

TCW-2 1.89 46.61 35.96 53.32 144.90 4.03 

 

6.4. Influence of skin plate thickness 

 

Turning to the TSP series, Fig. 19 and Table 5 outline the hysteresis curves, 

skeleton curves, and mechanical properties of these finite element models. 

These curves progress through elastic, elastoplastic strengthening, and damage-

reduction phases. While the BASE and TSP-1 hysteresis curves with skin plates 

exhibit a well-defined skin effect and display a relatively stable post-peak 

performance, the TSP series from TSP-2 onward manifests a more rapid decline 

in load-bearing capacity. The inclusion of skin plates noticeably boosts the load-

bearing potential of the joints. 

Upon comparing the BASE and TSP series, we found that the yield loads 

for TSP-1, TSP-2, TSP-3, and TSP-4 declined by 2.8%, 6.0%, 10.02%, and 

22.3%, respectively, when compared to the BASE specimen. Additionally, 

TSP-4 experienced a drop in yield and ultimate displacement by 26.3% and 

14.9%, respectively, when compared with the BASE specimen. Therefore, to 

balance ductility and load-bearing capability at the joints, we recommend that 

the thickness of the skin plates should exceed half the thickness of the end-plate. 

 

  

(a) Comparison of TSP series P–Δ hysteresis curves (b) Comparison of TSP series hysteresis skeletons 

Fig. 19 Comparison of TSP series hysteresis curve and skeleton 

 

Table 5  

Bearing capacity, displacement, and ductility of TSP series specimens 

Model number 
Initial stiffness 

kN/mm-1 

Yield load 

Py/kN 

Yield displacement 

Δy/mm 

Peak load 

Pmax/kN 

Limit displacement 

Δu/mm 

Ductile coefficient 

μ 

BASE 1.75 37.91 35.03 45.41 181.97 5.19 

TSP-1 1.75 36.86 34.55 44.54 180.60 5.25 

TSP-2 1.74 35.65 33.38 43.20 180.13 5.40 

TSP-3 1.73 34.11 32.04 41.61 173.23 5.41 

TSP-4 1.70 29.47 25.80 35.237 154.90 6.00 
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6.5. Influence of column-flange stiffener plate thickness 

 

The hysteresis curves, skeleton curves, and mechanical properties of the 

TFS series are delineated in Fig. 20 and Table 6. The finite element analysis 

reveals that with the exception of TFS-5, hysteresis curves for the various joints 

approach fullness, indicating a drop in load-bearing capacity after reaching peak 

loads. Moreover, the rate of this decline remains fairly stable across joints, 

except for TFS-5. 

Through a comparative analysis between the BASE and TFS series, the data 

show that the yield loads for the TFS series vary by -15.5%, -8.0%, 8.8%, 17.4%, 

and 24.6% when compared to the BASE specimen. Similarly, peak load 

variations for the TFS series, in relation to the BASE specimen, are -14.2%, -

7.0%, 7.3%, 13.7%, and 18.8%. These numbers signify a boost in load-bearing 

capacity corresponding with increased thickness of the column-flange 

strengthening plates. 

As for yield displacements, the TFS series exhibits variations of -8.9%, -

5.0%, 5.1%, 8.7%, and 10.0% compared to the BASE specimen. The ultimate 

displacements of the TFS series show variations of -4.7%, -2.5%, 3.5%, 0.3%, 

and -20.6% relative to the BASE specimen. These findings reveal enhanced 

deformability with increasing thickness of the column-flange stiffener plates. 

To balance this improvement with other performance metrics, it is 

recommended that the thickness of the stiffener plates not exceed 0.8 times that 

of the end-plate.

 

  

(a) Comparison of TFS series P–Δ hysteresis curves (b) Comparison of TFS series hysteresis skeletons 

Fig. 20 Comparison of TFS series hysteresis curve and skeleton 

 

Table 6  

Bearing capacity, displacement, and ductility of TFS series specimens 

Model number 
Initial stiffness 

kN/mm-1 

Yield load 

Py/kN 

Yield displacement 

Δy/mm 

Peak load 

Pmax/kN 

Limit displacement 

Δu/mm 

Ductile coefficient 

μ 

TFS-1 1.62 32.04 31.91 38.94 173.37 5.43 

TFS-2 1.70 34.87 33.29 42.23 177.51 5.33 

BASE 1.75 37.91 35.03 45.41 181.97 5.19 

TFS-3 1.79 41.25 36.83 48.73 188.33 5.11 

TFS-4 1.83 44.50 38.08 51.66 182.49 4.79 

TFS-5 1.86 47.24 38.55 53.96 144.57 3.75 

 

6.6. Influence of beam end-plate thickness 

 

To investigate the seismic performance of the joint under different end 

plates, the variable parameter test is carried out under different end plate 

thicknesses, and the results are as follows: 

Turning to the BEP series, Fig. 21 and Table 7 outline their hysteresis 

curves, skeleton curves, and mechanical properties. Our findings reveal that as 

end-plate thickness increases, shear deformation in the joint region tends to 

diminish. For the BEP series, specimens 1–3 and the BASE specimen show 

complete hysteresis patterns, accompanied by a relatively stable decline in load-

bearing capacity. On the contrary, BEP-4 and BEP-5, while displaying 

enhanced load-bearing capacities, also exhibit pinching phenomena in their 

hysteresis curves. 

Comparing the BASE and BEP series reveals that yield loads in the BEP 

series specimens exhibit variations of -8.3%, 11.4%, 20.9%, 27.6%, and 28.4%. 

In terms of ultimate displacements, these variations range from -2.0%, 2.2%, 

6.1%, 2.3%, and -27.7%. The data suggest that increased BEP thickness 

enhances the structure's deformability. Consequently, we recommend an end-

plate thickness equal to twice the column-flange thickness.

 

  

(a) Comparison of BEP series P–Δ hysteresis curves (b) Comparison of BEP series hysteresis skeletons 

Fig. 21 Comparison of BEP series hysteresis curve and skeleton 
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Table 7  

Bearing capacity, displacement, and ductility of BEP series specimens 

Model number 
Initial stiffness 

kN/mm-1 

Yield load 

Py/kN 

Yield displacement 

Δy/mm 

Peak load 

Pmax/kN 

Limit displacement 

Δu/mm 

Ductile coefficient 

μ 

BEP-1 1.71 34.78 32.23 41.76 178.27 5.53 

BASE 1.75 37.91 35.03 45.41 181.97 5.19 

BEP-2 1.79 42.24 38.33 49.94 185.91 4.85 

BEP-3 1.81 45.84 40.48 53.45 193.07 4.77 

BEP-4 1.83 48.39 41.91 56.25 186.17 4.44 

BEP-5 1.85 48.66 39.20 54.86 131.58 3.35 

 

7.  Conclusion 

 

In summary, this study executed both experimental and numerical 

simulations to investigate the seismic behavior of a narrow-flange H-shaped 

beam-column structure equipped with endplates. Notably, the finite element 

models closely mirrored the experimental data, enabling in-depth parametric 

analyses of critical joint components. A refined resilience model was 

subsequently established, drawing from a wide array of finite element analyses. 

The conclusions are as follows: 

(1) Experimental data showed that the hysteresis curve of the studied joint 

takes on a predominantly full, spindle-shaped form. The maximum equivalent 

viscous damping coefficient reached 0.43, underlining excellent energy 

dissipation performance. With peak loads of 73 kN, ultimate displacements of 

198 mm, and a ductility coefficient exceeding 3.6, the joint demonstrates both 

strong load-bearing and ductile deformation capabilities. It is thus well-suited 

for use in mid-to-low-rise steel frame structures. 

(2) There exists a negative correlation between the load-bearing capacity of 

the joints and the ACR. Specifically, as the ACR rises, the hysteresis curve 

exhibits a steeper negative slope. Therefore, it is advised that the ACR not 

surpass 0.4. When TCW thickness remains at or below 8 mm, the hysteresis 

curve exhibits well-defined features, maintaining stable load-bearing capacity 

and effective energy dissipation. As such, a column web thickness of 8 mm in 

the joint region is recommended. 

(3) Increasing TSP thickness in the joint region benefits both the initial 

rotational stiffness and the energy dissipation capacity of the joint. Conversely, 

augmenting the thickness of the column-flange stiffener plate has the effect of 

diminishing the joint's initial rotational stiffness. To strike a balance between 

robust load-bearing capacity and optimized performance, we recommend a skin 

plate thickness that is 0.5 of the end-plate thickness. Additionally, the thickness 

of the strengthening plates should not exceed 0.8 times that of the end-plate. 

(4) As the thickness of the end-plate increases, so does the joint's load-

bearing capacity. However, there is a caveat: when the BEP thickness becomes 

overly substantial, the failure mechanisms transitions to BEP buckling. This 

change leads to only a marginal improvement in load-bearing capacity and a 

sharp decline in the structure's resilience to damage. To mitigate this, it is 

advisable to set the end-plate thickness at double the beam flange thickness. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

A new generation of concrete-filled steel tubular (CFST) columns with steel tubes manufactured from QN1803 high-

strength stainless steel (HSSS) was developed, which has the potential to be used extensively in demanding marine 

environments, and such newly developed material QN1803 offers notable advantages over traditional stainless steel 

including lower material cost and higher yield strength. However, no work or design rules were available for such concrete -

filled QN1803 stainless steel stub columns. This study reports the results of a comprehensive numerical analysis aimed at 

developing new calculation formulas for concrete-filled QN1803 stainless steel square stub columns under axial 

compression. A nonlinear finite element (FE) model was established and validated against the existing experimental data 

reported by many researchers. An extensive parametric analysis comprising 460 FE models was undertaken using the 

validated FE models to investigate the axial loading response of CFST stub columns with QN1803 stainless steel tubes. The 

variables examined in the parametric analysis include the different stainless steel, wall thicknesses of the steel tube and 

concrete strengths. The results suggested that the ultimate bearing strength of CFST QN1803 stub columns increased by 

25.3%, compared to corresponding S30408 members. The study further utilized the parametric analysis results to assess the 

accuracy of existing design criteria, including the Eurocode (EN 1994–1-1) (2004), American Specification (ANSI/AISC) 

(2022), and Australian/New Zealand standard (AS/NZS) (2017). The comparison results indicated that the existing design 

criteria tended to underestimate the ultimate strength of CFST stub columns with QN1803 tubes relative to the numerical 

results. Finally, new calculation formulas were proposed by modifying the current design standards, offering accurate and 

reliable predictions for these new CFST columns. 
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1.  Introduction 

 

The concrete-filled steel tubular (CFST) columns are extensively applied 

in demanding marine environments, including the monopile foundations of 

offshore wind turbines and submerged floating tunnels [1]. In environments 

marked by high salinity and humidity, these structures are particularly 

susceptible to corrosive conditions [2-4]. Therefore, enhancing the corrosion 

resistance of the exterior steel tubes is essential for ensuring the structural 

integrity and safety [5-8]. To address this, recent innovative progress in the field 

of composite structures is to replace carbon steel with stainless steel (SS) as the 

external column tubes [9,10]. Compared to carbon steel, stainless steel offers 

additional benefits such as aesthetics, sustainability, recyclability, and ease of 

maintenance [11-13]. However, their high cost and low strength have limited 

their applications. Recently, the introduction of a new generation of high-

strength stainless steel (HSSS), designated as QN1803, has expanded their 

application in the steel tubes of concrete-filled steel tubular (CFST) columns. 

This new material offers improved corrosion resistance in comparison with 

S30408 while reducing cost and providing significantly higher yield strength 

[14-19]. Despite these advantages, no design criteria are currently available for 

such CFST members with QN1803 HSSS tubes under axial loads. 

Many researchers [20-22] have conducted in-depth discussions and 

extensive studies on the performance and design of CFST members with carbon 

steel tubes. Examples of such research include Uy et al. [23,24], Han et al. [25-

27], Tao et al. [28], Bradford et al. [29] and Teng et al. [30]. They found that 

CFST members offer higher bearing capacity, improved ductility, enhanced 

long-term serviceability performance and greater energy absorption in 

comparison with traditional reinforced concrete and steel columns.  

In terms of concrete-filled steel stainless steel tubular (CFSST) structures, 
many studies have been reported in the literature [31-36]. In 2004, 

Roufegarinejad et al. [37] first introduced the concept of CFST members 

incorporating the SS tubes. In an early investigation, Young and Ellobody [38] 

conducted a comprehensive series of experiments to examine how variables 

such as tube shape, wall thickness of tube, and strength of concrete affect the 

axial loading response of CFSST columns. Their research led to the formulation 

of revised design recommendations. Lam and Gardner [39] conducted a 

comprehensive investigation into the axial loading response of CFSST stub 

columns with circular and square cross-sections under axial loads. Their 

findings revealed that existing design specifications for carbon steel tend to be 

highly conservative. He et al. [40] performed comprehensive experimental and 

FE analyses on CFSST columns constructed with EN 1.4420 SS tubes, 

thoroughly investigating their axial loading response. Building on these findings, 

they updated the current design standards and introduced new design criteria. 

Tao et al. [41] introduced a simplified model that employs numerical methods 

to determine the ultimate strength of short square CFSST stub columns. In a 

recent investigation, Azad et al. [42-44] carried out experiments to study the 

impact of compression, bending, and combined loading on the structural 

performance of CFSST members. It was found that the existing codes cannot 

provide precise predictions for such CFSST columns. However, all the 

aforementioned research only focused on CFST members with steel tubes 

manufactured from traditional SS.  

In parallel with these developments, recent advancements in stainless steel–

concrete composite structures have introduced novel fabrication and material 

integration strategies. For stainless steel components, additive manufacturing 

(AM, also referred to as 3D printing) has emerged as a promising technique, 

offering improved dimensional control, material efficiency, and the ability to 

fabricate complex geometries without welding [45-47]. In terms of hybrid 

structural systems, recent research has explored several advanced forms beyond 

conventional CFSST columns, such as hollow double-skin stainless steel 

composite sections and stiffened stainless steel tubular members [33]. Among 

them, concrete-filled double-skin steel tubular (CFDST) sections, consisting of 

an inner and outer steel tube with infilled concrete, have received growing 

attention. CFDST columns with stainless steel outer tubes offer notable 

advantages over their CFSST counterparts, including enhanced strength-to-

weight ratios and corrosion resistance, as well as a reduction in concrete core 

volume that facilitates more efficient use of materials [48]. 

While these studies have expanded the structural typologies of stainless 

steel–concrete composites, research concerning the application of newly 

developed high-strength QN1803 stainless steels in such systems remains 

limited. Recent studies [49,50] have shown that QN1803 high-strength stainless 

steel exhibits notable differences in material properties, including yield strength, 

strain hardening behavior, and ductility, compared to conventional structural 

steels. These differences may significantly influence the axial behavior of 

composite columns when QN1803 is used as the outer tube material. As a result, 

existing design provisions developed for mild steel composite members may not 

be directly applicable, and the accuracy of prevailing design codes [51-53] 

requires re-evaluation for such innovative CFSST systems. 
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This investigation presents a comprehensive numerical analysis aimed at 

developing new calculation formulas for concrete-filled QN1803 HSSS square 

stub columns under axial loads. This study seeks to build upon and extend the 

findings of previous research [54] by incorporating the QN1803 HSSS tubes 

into CFST members using numerical methods. The proposed FE modelling 

method was calibrated using existing test data of traditional CFSST columns. 

To further explore and provide design guidance for CFST stub columns under 

axial compression, incorporating QN1803 HSSS tubes, an extensive parametric 

analysis was therefore performed using the calibrated FE modelling method. 

The impacts of the wall thickness of the steel tubes and the infilled concrete 

strength on the axial loading response of such CFST members were evaluated. 

The parametric analysis results were compared against strength predictions 

provided by prevailing building standards, including the EN 1994-1-1 [51], 

AS/NZS 5100 [52] and ANSI/AISC 360-22 [53]. Finally, new calculation 

equations were subsequently recommended through modifying the existing 

design provisions based on the modelling results, which can provide accurate 

and reliable predictions for such new CFST members. 

 

2. Summary of experimental study [44,49] 

 

2.1. Stub column tests 

 

A total of 21 test data were collected and summarized in this section for 

validating the models. Among them, nine CFSST square stub columns were 

tested by Dai et al. [54] previously, and the remaining 12 test data were reported 

by He et al. [40], Young and Ellobody [38], Lam and Gardner [39]. Dai et al. 

[54] performed experiments on short columns utilizing a hydraulic axial testing 

machine. They precisely measured axial displacements with the aid of two 

LVDT devices, as depicted in Fig. 1. The columns were placed under a loading 

condition where they were supported at the top with a pinned connection and 

fixed support at the bottom. It is noteworthy that the sample tubes were 

constructed by welding four SS plates, either austenitic or duplex, into a box-

shaped section. Regarding the loading method, Young and Ellobody [38], He et 

al. [40], and Dai et al. [54] used displacement-controlled loading, while Lam 

and Gardner [39] employed load-controlled loading at 3kN/min. For a more 

comprehensive overview of the short column tests, refer to the study [54]. 

 

  
(a) Photo of experimental configuration (b) Schematic view 

Fig. 1 Stub column tests reported by Dai et al. [54] 

 

2.2. Tensile coupon tests 

 

A total of six tensile coupons were examined by Chen et al. [49] in a 

previous investigation, and the mechanical properties of QN1803 HSSS was 

obtained. The tensile test data, summarized in Table 1, are available for 

conducting parameter analysis. 

 

Table 1  

Material properties [44] 

  

 

 

(a) Setup of tensile cotest      (b) Stress-strain curves of QN1803 

Fig. 2 Tensile coupon tests reported by Chen et al. [49] 

                                         

A tensile test was performed using a 300 kilonewton machine, adhering to 

the ISO 6892-1 [55] standard. The experimental setup is presented in Fig. 2(a). 

Test specimens, extracted from the original, untested material, were aligned 

with the rolling direction of the material. For each thickness, three uniformly 

sized coupons were prepared. The stress-strain behavior of QN1803 is depicted 

in Fig. 2(b), demonstrating that its yield strength exceeds 400 MPa, confirming 

its classification as HSSS. The study revealed that the yield strength of QN1803 

surpasses 400 MPa, marking a significant increase in comparison with S30408. 

A composition investigation revealed that QN1803 HSSS had a nickel content 

ranging from 1.5% to 2.2%, while the regularly used S30408 and S22053 have 

nickel contents of 8% to 11% and 4.5% to 6.5%, respectively. The above 

comparisons highlight that QN1803 differ significantly from S30408 in both 

chemical composition and material properties. The work of Chen et al. [49] 

illustrates comprehensive details of the experimental plan. 

 

3.  Establishment and verification of numerical models 

 

3.1. General 

 

To replicate the axial loading response of CFST members, a nonlinear finite 

element model was constructed using the ABAQUS software [56], a widely 

used finite element analysis software. The experimental data reported by many 

researchers and additional studies [38-40,54] were used for validation. 

Comprehensive details on the model’s development and validation will be 

presented next. 

 

3.2. Modelling of material properties 

 

The stress-strain (𝜎−𝜀) behavior of SS is characterized in the numerical 

models using a two-stage Ramberg-Osgood equation, as expressed in Eq. (1). 

Previous research [42-44] has demonstrated the efficacy of this formulation in 

accurately representing the nonlinear response of SS in concrete-filled steel tube 
columns. 

 

𝜀 = {

𝜎

𝐸
+ 0.002(

𝜎

𝜎0.2
)𝑛                                      𝜎 ≤ 𝜎0.2

0.002 +
𝜎0.2

𝐸
+

𝜎−𝜎0.2

𝐸0.2
+ 𝜀𝑢(

𝜎−𝜎0.2

𝜎𝑢−𝜎0.2
)𝑚    𝜎 > 𝜎0.2

             (1) 

 

where εu is the strain corresponding to the ultimate stress σu, n and m are the 

material constants in the Ramberg–Osgood equation, representing the strain-

hardening characteristics of the material. 

The engineering stress (σ)-strain (ε) data were transformed into true stress 

(σtrue)-strain (εtrue) curves using Eqs. (2) and (3). This method addresses the 

nonlinear responses and geometric transformations of materials under 

deformation, thereby enhancing the precision of the numerical models utilized 

in this study. 

 

𝜎true = 𝜎(1 + 𝜀)  (2) 

 
𝜀true = 𝑙𝑛( 1 + 𝜀) − 𝜎true/𝐸                   (3) 

 

The performance of concrete is simulated adopting the concrete damage 

plasticity model in ABAQUS [56]. This model involves defining multiple 

parameters, including the dilation angle, flow potential eccentricity, uniaxial-

to-biaxial compressive strength ratio, tensile-to-compressive meridian stress 

deviator ratio, and the viscosity parameter. Based on guidelines provided in the 

literature [54], these values are specified as 30°, 0.1, 1.16, 0.667, and 0, 

respectively. The elastic modulus of the concrete (Ec) is calculated using Eq. (4) 

[54], and the Poisson's ratio is consistently assigned a value of 0.2. 

 

𝐸𝑐 = 4700√𝑓𝑐
′
             (4) 

Coupon ID 

Thick-

ness 

tw/mm 

Young's modulus 

E/GPa 

0.2% proof 

stress 

σ0.2/MPa 

Ultimate 

stress 

σu/MPa 

304D-T4-1 3.70 196.0 481.1  767.0  

304D-T4-2 3.67 198.5 480.4  777.4  

304D-T4-3 3.70 195.8 470.6  776.6  

304D-T12-

1 
11.75 198.0 411.0  736.1  

304D-T12-

2 
11.79 199.5 418.8  734.5  

304D-T12-

3 
11.73 199.8 429.1  739.7  
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where fc
′ is the cylinder compressive strength. 

For CFSST members under compression, the confinement effect of the SS 

tubes induces triaxial stress states in the concrete core, resulting in mechanical 

behavior comparable to that of carbon steel CFST members under equivalent 

loading conditions. The finite element analysis employed the concrete 

confinement model developed by Tao et al. [41], assuming linear tensile 

behavior in concrete up to its tensile strength, approximated as 0.1 fc
′. Beyond 

this threshold, the nonlinear tensile stress-strain relationship is characterized by 

the fracture energy (GF), calculated using Eq. (5). 

 

𝐺𝐹 = (0.0469𝑑𝑚𝑎𝑥
2 − 0.5𝑑𝑚𝑎𝑥+26) (

𝑓𝑐
′ 

10
)
0.7

                          (5) 

 

3.3. Finite element type and meshing 

 

In modeling the external steel tube and concrete core, the eight-node solid 

element (C3D8R) from the ABAQUS element library was utilized [57-60]. This 

element is well-suited for simulating the behavior of both materials due to its 

capability to accurately capture the interaction between them, as illustrated in 

Fig. 3. To ensure a balance between computational accuracy and efficiency, an 

investigation of mesh sensitivity was conducted. Three mesh densities were ex-

amined, corresponding to global seed sizes of 1/10, 1/15, and 1/20 of the section 

width. The results showed that the mesh with a seed size of 1/10 of the section 

width slightly overestimated the ultimate axial strength (by approximately 3%), 

whereas the results obtained with 1/15 and 1/20 of the section width were nearly 

identical. Therefore, a global seed size of 1/15 of the section width was adopted 

for all subsequent finite element models. 

 

3.4. Modelling of boundary and loading conditions 

 

The interaction and boundary conditions between the tube and the core con-

crete were modeled using face-to-face contact. To account for potential separa-

tion after initial engagement, a hard contact approach was adopted for the nor-

mal direction. In the tangential direction, a penalty friction model was imple-

mented to simulate sliding behavior at the steel-concrete interface. A small slid-

ing formulation was adopted, considering the limited slippage observed under 

axial compression. The friction coefficient was set to 0.25, consistent with val-

ues recommended in previous studies [54]. The robustness of this assumption 

was confirmed by additional simulations with higher friction coefficients (0.4 

and 0.6), which showed negligible influence on the axial load–displacement re-

sponse. As depicted in Fig. 4, two reference points, RP1 and RP2, were created 

and linked to the nodes located at each end of the cross-section. For RP1, bound-

ary conditions were set to restrict movement in all directions. Conversely, RP2 

was permitted to move freely along the z-direction but was restricted in all other 

directions. 

 

  

Fig. 3 Mesh configuration of FE models Fig. 4 Boundary conditions 

 

3.5. Initial geometric shapes and residual stress  

 

Initial geometric imperfections and residual stresses can significantly affect 

the local buckling behavior and ultimate strength of hollow steel sections. 

However, for concrete-filled steel tubular (CFST) stub columns, the presence of 

concrete core effectively restrains local out-of-plane deformations and reduces 

the influence of these initial imperfections. Tao et al. [41] demonstrated that this 

confinement not only suppresses local buckling but also plays a role analogous 

to that of initial geometric imperfections, thereby diminishing their influence on 

compressive behavior. This mitigation mechanism has also been validated in 

concrete-filled stainless steel tubular columns. Specifically, Han et al. [33] 

concluded that for short CFSST members, the effects of initial geometric 

imperfections and residual stresses are significantly reduced due to the 

stabilizing effect of the concrete infill. 

Based on these findings, and considering that the QN1803 stainless steel 

tubes used in this study were filled with concrete and tested as stub columns, 

the exclusion of initial geometric imperfections and residual stresses in the finite 

element modeling is deemed reasonable. 

Table 2  

Summarized test data of CFST stub columns from literature 

Source Specimen ID Tube material B × t (mm) 
L 

(mm) 
fy (MPa) 

fc
′ 

(MPa) 
Nu,test (kN) 

Dai et al. [54] 

A-t8C50 

304 

296×7.8 840 293 38.1 6290 

A-t10C50 300×9.9 840 287 38.1 7113 

A-t12C50 304×11.9 842 301 38.1 7924 

A-t8C70 296×7.8 840 293 56.6 6743 

A-t10C70 300×9.9 840 287 56.6 7947 

A-t12C70 304×11.9 840 301 56.6 8575 

A-t8C80 296×7.8 841 293 64.9 7436 

A-t10C80 300×9.9 839 287 64.9 8430 

A-t12C80 304×11.9 840 301 64.9 9257 

Young and Ellobody [38] 

SHS1C40 

EN 1.4462 

150×5.8 450 497 46.6 2768.1 

SHS1C60 150×5.8 450 497 61.9 2972.0 

SHS1C80 150×5.8 450 497 83.5 3019.9 

Lam and Gardner [39] 

SHS100×100×2-C30 

Not provided 

100×2.2 300 385 30 534 

SHS100×100×2-C60 100×2.0 300 385 53 687 

SHS100×100×2-C100 100×2.2 300 385 74 836 

He et al. [40] 

SHS100×100×3-C40 

High-chromium grade EN 1.4420  

99×3.0 299 365 49.1 830 

SHS100×100×3-C60 100×3.0 299 365 68.1 1004 

SHS100×100×3-C80 100×3.0 299 365 86.4 1162 

SHS120×120×5-C40 120×5.0 358 317 49.1 1373 

SHS120×120×5-C60 120×5.0 359 317 68.1 1566 

SHS120×120×5-C80 120×5.0 357 317 86.4 1840 
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3.6 Validation of numerical models 

 

Table 2 presents a comparison of 21 laboratory test findings for CFSST 

members, as reported by Dai et al. [54], He et al. [40], Young and Ellobody [38], 

and Lam and Gardner [39]. Table 3 compares the ultimate strength estimated 

by numerical analysis (Nu,FE) with laboratory testing (Nu,test) [38-40,54], reveal-

ing an average Nu,test/Nu,FE ratio of 0.95 with a coefficient of variation (COV) of 

0.034 . Fig. 5 plots the relationship between load and axial displacement, as 

obtained from both laboratory testing [38-40,54] and numerical analysis. The 

analysis reveals that all curves exhibit strong agreement regarding ultimate 

strength. Nonetheless, some finite element curves display slightly greater initial 

stiffness in comparison with the experimental curves. This discrepancy is likely 

attributable to localized slipping between the loading support and the sample 

during testing. Fig. 6 presents the deformed configurations captured during ex-

perimental testing and finite element (FE) modeling for specimen A-t10C80. 

The experimental observations identified local buckling failure predominantly 

in the midsection of the steel tube, a phenomenon closely mirrored by the nu-

merical simulation outcomes. 

Consequently, the FE models are capable of estimating the axial loading 

response of CFSST members for both their ultimate strength and failure char-

acteristics, which is supported by the negligible average difference [61-63]. 
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Fig. 5 Typical comparisons of test and FE load-axial displacement curves 

 

 
 

(a) Test (b) FEA 

Fig. 6 Comparisons of test and FE failure modes for specimen A-t10C80 [54] 

 

4.  Parametric analysis for CFST columns with QN1803 tube 

 

4.1. General 

 

Following comprehensive validation of the FE model, an extensive para-

metric study comprising 460 models was conducted to assess the axial loading 

response of CFST stub column constructed with QN1803. The crucial variables 

examined in this investigation included the different stainless steel, wall thick-

nesses of the tube and concrete strengths. Table 4 details the critical parameters 

employed in the parametric research. 

To assess how different types of stainless steel affect the load-bearing ca-

pacity of CFSST stub columns, both QN1803 and S30408 were considered as 

steel tubes. Noting that the mechanical properties for QN1803 and S30408 are 

derived from tensile tests performed by Chen et al. [49], with further details 

provided in Section 2.2. The steel tubes were designed to have a width (B) of 

200 mm and a length (L) of 600 mm to ensure the local buckling behaviour of 

composite stub columns. This slenderness ratio has been widely adopted in pre-

vious CFST and CFSST studies for investigating confined local failure mecha-

nisms [38-41]. Also, five different grades of concrete were examined in the par-

ametric research, and the cylinder compressive strengths (fc
′) were 23.7 MPa, 

31.6 MPa, 39.5 MPa, 47.4 MPa, and 55.3 MPa. The constitutive laws for these 

concrete grades are established using the concrete damage plasticity model, as 

outlined in Section 3.2. The thickness (t) varies between 1 mm and 10 mm. The 

selected values of section width (B) and wall thickness (t) were designed to 

cover a broad range of width-to-thickness ratios, thereby encompassing com-

pact, noncompact, and slender section profiles according to the classification of 

squarer hollow sections (SHS) in ANSI/AISC 360-22 [53]. The subsequent 

chapters will provide an in-depth analysis of how variations in SS types, wall 

thickness, and concrete strength influence the overall strength of CFSST mem-

bers. 

 

4.2. Impact of different stainless steel 

 

Fig. 7(a) demonstrates the impact of different stainless steels on the axial 

behavior of CFSST stub columns. The comparison findings suggested that the 

CFST stub columns with QN1803 HSSS tube exhibit higher strength by 25.3% 

in comparison with S30408 columns. Additionally, Fig. 7(b) illustrates the load-

displacement curves normalized for comparison, in which the normalized load 

value (Nnor) has been adopted in the form of N/(σ0.2As + Ac fc
′) and the normalized 

displacement value (Δnor) have been taken as Δ/H. The findings reveal that both 

specimens can exceed a normalized load of 1.0, achieving a similar peak load 

of approximately 1.07. However, after reaching peak load, the specimen fabri-

cated with QN1803 HSSS exhibits greater post-peak strength compared to 

S30408 columns. 

 

4.3. Impact of tube thicknesses  

 

Fig. 8 displays the N-Δ and Nnor-Δnor curves for typical short steel-concrete 

composite column with QN1803 HSSS tubes, where all columns have a con-

sistent steel tube width of 200 mm and a concrete compressive strength of 47.4 

MPa. The SS tubes come in various thicknesses, including 1 mm, 3 mm, 6 mm, 

8 mm, and 10 mm. As observed from Fig. 8(a), the ultimate bearing strength of 

these columns significantly improves as the thickness of the steel tubes in-

creases. The enhancement in load-bearing capacity primarily results from the 

increased thickness of the tubes, which enlarges the cross-sectional 
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Fig. 7 Impact of stainless steel type on square CFSST stub columns 
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Fig. 8 Impact of outer tube thicknesses on square CFSST stub columns 

 



Yao-Hui Chi et al.  331 

 

0 5 10 15 20
0

500

1000

1500

2000

2500

3000

3500

Axial displacement Δ (mm)

L
o
ad

 N
 (

k
N

)

fc
′ = 23.7 MPa

fc
′ = 31.6 MPa

fc
′ = 47.4 MPa

fc
′ = 39.5 MPa

fc
′ = 55.3 MPa

 
0.00 0.01 0.02 0.03

0.0

0.3

0.6

0.9

1.2

Normalized axial displacement Δnor

N
o
rm

al
iz

ed
 l

o
ad

 N
n

o
r

fc
′ = 47.4 MPa

fc
′ = 39.5 MPa

fc
′ = 23.7 MPa

fc
′ = 31.6 MPa

fc
′ = 55.3 MPa

 

(a) N-Δ curves (b) Nnor-Δnor curves 

Fig. 9 Impact of concrete strength on square CFSST stub columns 

 

area and consequently provides more substantial confinement for the internal 

concrete fill. The increase in the sectional area of the tube results in a rise in the 

confinement factor, ξ, defined as Asσ0.2/Acfck. A larger cross-sectional area As 

corresponds to a higher ξ value, thus strengthening the confinement imposed on 

the concrete. Noting that fck represents the characteristic strength of concrete, 

defined as 0.67fcu in accordance with EN 1992-1-1 [64]. 

 

4.4 Impact of concrete strengths 

 

Fig. 9 illustrates the impact of the axial loading response of the infilled con-

crete (fc′) on the load-bearing capacity of short steel-concrete composite col-

umns constructed with QN1803 HSSS tubes. The analysis also compares the N-

Δ and Nnor-Δnor curves. The specimens comprised steel tubes with a 200 mm 

diameter and 5 mm wall thickness, with concrete strengths varying from 23.7 

MPa to 55.3 MPa. As seen in Fig. 9(a), the ultimate bearing capacity of these 

CFST stub columns increases significantly as the concrete strength rises. How-

ever, maintaining a constant thickness for the SS tube while enhancing the con-

crete strength reduces the level of confinement provided to the concrete core. 

This reduction in confinement effectiveness lowers the confinement factor ξ and, 

consequently, decreases the normalized load capacity at higher strain levels, as 

illustrated in Fig. 9(b). 

 

5.  Evaluation of current design rules 

 

5.1. General 

 

As previously noted, there are currently no design codes specifically ad-

dressing steel-concrete composite columns with QN1803 tubes subjected to ax-

ial loads. The existing design criteria, including Eurocode EN 1994–1-1 [51], 

Australian Standard AS/NZS 5100 [52] and American Specification 

ANSI/AISC 360-22 [53], were summarised and evaluated in this section, alt-

hough they were recommended for conventional CFST members.  

Table 5 summarizes the slenderness limits and material strength parameters 

as specified by current design codes [46-48]. Despite the slenderness limits of 

studied CFSST stub columns generally exceeding the limits, the objective of 

this investigation is to evaluate the potential for extending the applicability of 

these design criteria [51-53]. 

 

5.2. Evaluation of design criteria outlined in EN 1994-1-1 [51] 

 

Eurocode EN 1994-1-1 [51] specifies a slenderness limit of 𝐵/𝑡 ≤ 52√
235

𝜎0.2
 

for the steel tube of CFST members. Exceeding this limit necessitates the con-

sideration of local buckling, which can be addressed using either the Effective 

Thickness Method (ETM) [65] or the Continuous Strength Method (CSM) [66]. 
Table 5 presents the adjusted local slenderness limits for the CFST cross-sec-

tion 𝐵/𝑡 ≤ 52√
235

𝜎0.2

𝐸

210000
 , which considered the distinct material properties of 

QN1803 and S30408 in comparison with carbon steel.  

The axial capacity (NEC4) of CFST square columns can be determined using 

Eq. (6). For those specimens that exceed the recommended slenderness limit, 

Eqs. (7) and (8) from EN 1993-1-4 [65] were employed to calculate the reduc-

tion factor (ρEC). This approach allows for the estimation of the ultimate bearing 

strength of CFST members featuring slender SS tubes. 

 

𝑁EC4 = 𝜌EC𝐴𝑠𝜎0.2 + 𝐴𝑐𝑓𝑐
′
            (6)                                  

 

𝜌EC =
0.772

𝜆̄𝑝
−

0.079

𝜆̄𝑝
2     but ≤ 1.0                                (7) 

 

𝜆̄𝑝 =
𝑏̄

𝑡
 

28.4𝜀EC√𝑘
             (8) 

 

Where 𝑏 is the flat element width for webs and flanges of SHS, which can 

be taken as B - 3t, k is the buckling factor, which was taken as 4. 

Fig. 10 contrasts the axial strength obtained from the finite element findings 

(Nu,FE) with the predicted strength from EN 1994-1-1 [64]. The ratio Nu,FE/NEC4 

is plotted against the modified slenderness ratio of the steel tube (B/t)/εEC4, 

where εEC4 is defined as √
235

𝜎0.2

𝐸

210000
. The mean values and COV of Nu,FE/NEC4 

for CFST stub columns with QN1803 steel tubes are 1.20 and 0.106, respec-
tively, as presented in Table 6. Both Table 6 and Fig. 10 illustrate that the EN 

1994-1-1 [51] design criteria for CFST members yield conservative predictions 

when applied to stubs incorporating QN1803 or S30408 steel tubes. 

 

5.3. Evaluation of design criteria outlined in AS/NZS 5100 [52] 

 

AS/NZS 5100 [52] utilizes a method for estimating the ultimate bearing 

strength of CFST members that closely resembles the approach outlined in EN 
1994-1-1 [51]. The only difference is the calculation method for estimating the 

specified slenderness limit. The slenderness limit for the steel tube of CFST 

members was calculated by 𝑏/𝑡 ≤ 45√
250

𝜎0.2

𝐸

200000
, which also considers the dif-

ference in material properties of QN1803 and S30408.  

The ultimate bearing strength of CFST stub column with SHS under axial 

loads (NAS) is calculated by Eq. (9). Similarly, for those specimens that exceed 

the recommended slenderness limit, the reduction coefficient (ρAS) was deter-

mined using the following Eqs. (10)-(11). 

 

𝑁AS = 𝜌AS𝐴𝑠𝜎0.2 + 𝐴𝑐𝑓𝑐
′
            (9) 

 

𝜌AS =
1−

0.22

𝜆AS

𝜆AS
    but ≤ 1.0                                        (10)  

 

                                          

𝜆AS =
1.052𝑏

𝑡
 

√𝑘
√
𝐹𝑛

𝐸
                                               (11) 
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Fig. 10 Evaluation of ultimate strengths obtained from parametric research with re-

sistance predictions by EN 1994–1-1 [51] 
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sistance predictions by AS/NZS 5100 [52] 
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Table 3 

Evaluation of the ultimate load from laboratory tests and FE studies 

Source Specimen ID Nu,test (kN) Nu,FE (kN) Nu,test /Nu,FE 

Dai et al. [54] 

A-t8C50 6290 6084 1.03 

A-t10C50 7113 6888 1.03 

A-t12C50 7924 8016 0.99 

A-t8C70 6743 7215 0.93 

A-t10C70 7947 8320 0.96 

A-t12C70 8575 8939 0.96 

A-t8C80 7436 7774 0.96 

A-t10C80 8430 8971 0.94 

A-t12C80 9257 10000 0.93 

Young and Ellobody [38] 

SHS1C40 2768.1 2842 0.97 

SHS1C60 2972.0 3112 0.96 

SHS1C80 3019.9 3226 0.94 

Lam and Gardner [39] 

SHS100×100×2-C30 534 572 0.93 

SHS100×100×2-C60 687 752 0.91 

SHS100×100×2-C100 836 920 0.91 

He et al. [40] 

SHS100×100×3-C40 830 886 0.94 

SHS100×100×3-C60 1004 1066 0.94 

SHS100×100×3-C80 1162 1244 0.93 

SHS120×120×5-C40 1373 1454 0.94 

SHS120×120×5-C60 1566 1681 0.93 

SHS120×120×5-C80 1840 1910 0.96 

Mean    0.95 

COV    0.034 

 

Table 4  

Summary of key parameters adopted in the parametric research 

Stainless steel type 
D 

(mm) 

L 

(mm) 

t 

(mm) 

fc
′ 

(MPa) 

QN1803, S30408 200 600 
t = 1 mm to 10 mm,  

step 0.2 mm 

23.7, 31.6, 39.5, 47.4, 

55.3 

 

Table 5  

Scope of application based on cross-sectional dimensions and material strength in current design standards 

Design codes 

Maximum cross-sectional slenderness 

fy (MPa) fc
′ (MPa) 

Original limit Normalized slenderness limit 

EN 1994-1-1 [51] 
𝐵

𝑡
≤ 52√

235

𝑓𝑦
  

𝐵

𝑡
≤ 52√

235

𝜎0.2

𝐸

210000
 235–460 20–50 

AS/NZS 5100 [52] 
𝑏

𝑡
≤ 45√

250

𝑓𝑦
 

𝑏

𝑡
≤ 45√

250

𝜎0.2

𝐸

200000
 230–400 25–65 

ANSI/AISC 360-22 [53] 𝑏/𝑡 ≤ 5√
𝐸

𝑓𝑦
 

𝑏

𝑡
≤ 5√

𝐸

𝜎0.2
 ≤525 21–70 

 

Table 6  

Comparisons of ultimate loads obtained from parametric research with predictions from current codes  

No. of data: 460 

EN 

1994-1-1 [51] 

AS/NZS 

5100 [52] 

ANSI/AISC 

360-22 [53] 

Nu,FE/NEC4 Nu,FE/NAS Nu,FE/NAISC 

QN1803 
Mean 1.20 1.18 1.26 

COV 0.106 0.085 0.184 

S30408 
Mean 1.14 1.13 1.23 

COV 0.072 0.056 0.138 
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Table 7 

Comparisons of ultimate loads obtained from parametric research with predictions from current codes (with k =10.46) 

No. of data: 460 

EN 

1994-1-1 [51] 

AS/NZS 

5100 [52] 

Proposed modification 

based on EN 

1994-1-1 [51] 

Proposed modification 

based on AS/NZS 

5100 [52] 

 

Nu,FE/NEC4
^ Nu,FE/NAS

^ Nu,FE/NEC4
* Nu,FE/NAS

*  

QN1803 
Mean 1.12 1.11 1.01 1.01  

COV 0.065 0.053 0.064 0.058  

S30408 
Mean 1.09 1.08 1.01 1.00  

COV 0.042 0.036 0.050 0.044  

 

Fig. 11 a comparative analysis between the ultimate load (Nu,FE) obtained 

from the parametric research and the ultimate load (NAS) calculated by AS/NZS 

5100 [52]. The ratio Nu,FE/NAS is plotted against the modified local slenderness 

ratio (b/t)/εAS. The mean values and COV of Nu,FE/NAS for CFST stub columns 

with QN1803 steel tubes are 1.18 and 0.085, respectively, as presented in Table 

6. This indicates that the design criteria, as specified in AS/NZS 5100 [52] tend 

to underestimate the axial capacity of CFST members with QN1803 HSSS tubes. 

 

5.4. Evaluation of design criteria outlined in ANSI/AISC 360-22 [53] 

 

This study employs the design approach outlined in ANSI/AISC 360-22 

[53] to assess the load-bearing capacity (NAISC) of CFST short columns utilizing 

QN1803 and S30408 SS tubes. The ANSI/AISC 360-22 [53] design guidelines 

suggest categorizing concrete-filled short columns with carbon steel tubes into 

three classifications according to the b/t ratio of the steel tubes. 

According to ANSI/AISC 360-22 [53], the cross-sectional strength (NAISC) 

of the CFST specimens is calculated by Eq. (12). When a compact steel tube is 

used ((i.e. b/t falls below the limiting width-to-thickness ratio (λp), the tube can 

achieve its yield-bearing capacity (Asfy), with the concrete reaching a compres-

sive strength of 0.85fc′. For non-compact steel tubes (i.e., b/t exceeds λp but does 

not exceed λr), the steel tube can still reach its yield-bearing capacity (Asfy), but 

the confinement induced on the concrete fill is diminished. In this scenario, the 

design utilized a compressive strength range for the confined concrete between 

0.7fc′ and 0.85fc′. For slender steel tubes, where the b/t exceeds the critical value 

(λr) but remains below the maximum allowable ratio (λper), the steel tubes do not 

achieve their yield strength (Asfy). This results in diminished confinement for 

the concrete infill. Consequently, the design adopts a confined concrete com-

pressive strength of 0.7fc′. 

 

𝑁AISC   =

{
 

 
𝐴𝑠𝑓𝑦 + 0.85𝐴𝑐𝑓𝑐

′
                   𝜆 ≤ 𝜆𝑝          

𝑃𝑝 −
𝑃𝑝−𝑃𝑦

(𝜆𝑟−𝜆𝑝)
2 (𝜆 − 𝜆𝑝)

2
       𝜆𝑝 < 𝜆 ≤ 𝜆𝑟   

𝐴𝑠𝑓cr + 0.7𝐴𝑐𝑓𝑐
′
                   𝜆𝑟 < 𝜆 ≤ 𝜆per

                (12) 

 

In Eq. (12), the values of Pp and Py are calculated using Eqs. (13) and (14) 

respectively. The critical buckling stress of the outer tube, denoted as fcr, is de-

rived using Eq. (15). 

 

𝑃𝑝 = 𝐴𝑠𝜎0.2 + 0.85𝐴𝑐𝑓𝑐
′
                                       (13) 

 

𝑃𝑦 = 𝐴𝑠𝜎0.2 + 0.7𝐴𝑐𝑓𝑐
′
                                        (14) 

 

𝑓cr =
9𝐸𝑠

𝜆2
                                                    (15) 

 

Fig. 12 compares the ultimate load (Nu,FE) obtained through the parametric 

analysis with the corresponding NAISC values predicted using ANSI/AISC 

360-22 [53]. The ratio Nu,FE/NAISC is plotted against the b/t of the steel tube. The 

mean values and coefficient of variation (COV) of Nu,FE/NAISC for the investi-

gated specimens with QN1803 steel tubes are 1.26 and 0.184, respectively, as 

presented in Table 6. The comparison findings indicate that ANSI/AISC 360-

22 [53] tends to underpredict the ultimate bearing strength of CFST members. 

The primary cause of this conservatism is the underestimation of the SS tube's 

strain-hardening effect. A similarly conservative trend is observed for stub col-

umns with local slenderness exceeding λr, indicating that the slenderness limits 

set by ANSI/AISC 360-22 [53] may be overly restrictive, which should be eval-

uated carefully. 

 

6.  Proposed new calculation formulas 

6.1. General 

 

New calculation formulas were recommended by modifying the EN 1994-

1-1 [51] and AS/NZS 5100 [52] in this section, and a correction factor η on the 

basis of k=10.67 was introduced, which considered the restraint effect of steel 

tubes on concrete and the strain hardening of SS. The formulas for the correction 

factor η were developed through regression analysis, utilizing data from 460 

parametric studies. It should be noted that the buckling coefficient k given in 

EN 1994-1-1 [51] and AS/NZS 5100 [52] should be adjusted from 4 to 10.67 

when determining the effective area of the steel tube. This adjustment is sup-

ported by a theoretical study by Bradford et al. [67], which indicated that k 

should be 10.67, approximately 2.67 times greater than the unfilled case, using 

the Rayleigh-Ritz method. This approach has also been adopted in previous 

studies on CFSST columns, such as Dai et al. [68,69], where k=10.67 was ap-

plied for calculating the local stability of stainless steel tubes. As presented in 

Figs. 13 and 14, the strength predictions (k = 10.67) calculated by EN 1994-1-1 

[51] and AS/NZS 5100 [52] are compared with the parametric research findings. 

It could be found that the average ratios of Nu,FE/NEC4 and Nu,FE/NAS are 1.12 and 

1.11, respectively, indicating that the revised calculation formulas could provide 

more precise estimates for determining the ultimate bearing strength of CFSST 

members, when k is assumed to be 10.67. 

The proposed correction factor η adopts a bilinear form, expressed as η = a 

+ b ρ ξo, where ρ  is the reduction factor accounting for local buckling and ξo is 

the confinement effect. For stainless steel tubes, the presence of strain harden-

ing allows the steel to maintain significant post-yield strength, which may result 

in an actual contribution exceeding ρ As fy, as assumed in conventional design 

formulations. This extended resistance not only increases the steel tube’s direct 

axial contribution but also enhances its ability to provide continuous lateral con-

finement to the concrete core. Therefore, the constant term a reflects the ampli-

fied confinement effect attributed to the sustained strength of stainless steel be-

yond yielding, while the term b ρ ξo captures the additional axial resistance aris-

ing from strain hardening and its interaction with local buckling. This formula-

tion provides a physically informed enhancement to existing design provisions, 

particularly for CFST members incorporating high-strength stainless steel tubes. 
The detailed expressions and validation of η-based design formulas for both EN 

1994-1-1 [51] and AS/NZS 5100 [52] are presented in the following sections. 
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Fig. 13 Evaluation of ultimate strengths obtained from parametric research with re-

sistance predictions by EN 1994–1-1 [51] (with k = 10.67) 

 

0 50 100 150 200 250 300 350
0.8

1.0

1.2

1.4

1.6
Numerical data

Limit = 45

N
u
,F

E
/N

A
S

b/tεAC
2  

0 50 100 150 200 250 300 350
0.8

1.0

1.2

1.4

1.6
Numerical data

Limit = 45

N
u
,F

E
/N

A
S

b/tεAC
2  

(a) QN1803 (b) S30408 

Fig. 14 Evaluation of ultimate strengths obtained from parametric research with re-

sistance predictions by AS/NZS 5100 [52] (with k = 10.67) 
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6.2. New calculation formulas based on modified EN 1994–1-1 [51] 

 

In this investigation, new calculation formulas were recommended using 

the correction factor ηEC on the basis of modified EN 1994- [51]. The ultimate 

bearing strength of CFST square stub columns under axial loads (NEC4
*) could 

be estimated by Eq. (16), and the correction factor (ηEC) could be calculated by 

Eqs. (17)-(18).  

Table. 7 presents a comparison between the axial strength acquired from 

the parametric research and the strength predicted by modified EN 1994-1-1[51]. 

The mean ratios of the Nu,FE to the predicted design strengths (NEC
*) are 1.01 for 

both QN1803 and S30408. The associated coefficients of variation (COVs) are 

0.064 for QN1803 and 0.050 for S30408. Fig.15 demonstrates that the newly 

recommended calculation formulas in this work offer more precise predictions 

for estimating the axial load-bearing capability of new CFSST members. 
 

𝑁EC4
∗ = 𝜂EC𝐴𝑐𝑓𝑐

′
                                             (16) 

 

𝜂EC = {
1.12 + 1.11𝜌EC𝜉𝑜    for QN1803 CFST stub columns

1.04 + 1.14𝜌EC𝜉𝑜    for S30408 CFST stub columns
           (17) 

 

𝜉𝑜 =
𝐴𝑠𝜎0.2

𝐴𝑐𝑓𝑐
′                    (18) 
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Fig. 15 Back calculated ηEC based on the ultimate load derived from parametric re-

search varying with the ρECξo and proposed algebraic characterizations 
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Fig. 16 Back calculated ηAC based on the ultimate load derived from parametric re-

search varying with the ρACξo and proposed algebraic characterizations 

 

6.3. New calculation formulas based on modified AS/NZS 5100 [52] 

 

New calculation formulas were also recommended by modifying AS/NZS 

5100 [52] in this investigation. Table 7 compares the axial strength from the 

parametric research (Nu,FE) with the strength predicted by the modified AS/NZS 

5100 (NAS
*), as indicated in Eqs. (19) and (20). The modified equations reveal 

average Nu,FE/NAS
* ratios of 1.01 and 1.00 for QN1803 and S30408, with asso-

ciated coefficients of variation of 0.058 and 0.044. This demonstrates that the 

new calculation formulas recommended in this investigation could significantly 

enhance the precision of predictions for assessing the load-bearing capacity of 

CFSST members, as indicated in Fig. 16. 

 

𝑁AS
∗ = 𝜂AS𝐴𝑐𝑓𝑐

′
                        (19) 

                                                                    

𝜂AS = {
1.07 + 1.12𝜌AS𝜉𝑜    for QN1803 CFST stub columns

1.02 + 1.15𝜌AS𝜉𝑜    for S30408 CFST stub columns
          (20) 

 

7.  Conclusions 

 

This study presents a thorough numerical analysis aimed at establishing 

new calculation formulas for CFST QN1803 SS square stub columns under 

axial loading. The key findings of this research are summarized as follows: 

(1) A nonlinear finite element model was developed and validated against 

experimental data from various researchers. The validation process confirmed 

good consistency between the FE predictions and the experimental findings. 

(2) Following the validation, an extensive parametric study involving 460 

FE models was performed to analyze the axial loading response of CFST stub 

columns with QN1803 SS tubes. Key parameters investigated included 

variations in SS grades, steel tube wall thicknesses, and concrete strengths. The 

findings indicated that the ultimate bearing strength of CFST QN1803 stub 

columns increased by an average of 25.3% in comparison with S30408 

members. Increasing the thickness of the steel tubes enhanced the ultimate 

bearing strength due to the larger cross-sectional area, which intensified the 

confinement on the internal concrete infill. Additionally, increasing the concrete 

strength boosted the ultimate bearing strength, although this reduced the 

confinement effect, leading to a drop in normalized load at higher strain levels. 

(3) The ultimate bearing strength derived from the parametric research was 

compared to the design strength predicted by EN 1994–1-1 [51], AS/NZS 5100 

[52] and ANSI/AISC 360-22 [53]. The comparison findings indicated that the 

existing design criteria tended to underestimate the ultimate strength of CFST 

stub columns with QN1803 tubes relative to the numerical results.  

(4) This study recommends new calculation formulas for the compressive 

resistance by modifying the design equations in EN 1994-1-1 [51] and AS/NZS 

5100 [53], and new parameters (ηEC and ηAS) were introduced in the new 

calculation methods for considering the strain hardening effects of steel tubes 

and the confinement effects of the SS tube on the infilled concrete. New 

calculation formulas recommended in this investigation demonstrated accurate 

and reliable predictions for the ultimate bearing strength of these new CFST 

members. The proposed axial strength formulations for CFSST stub columns 

also provide a theoretical basis for extending the design methodology to slender 

members or to CFST columns under combined loading conditions such as axial–

bending or axial–torsional actions. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This study examined the cyclic behavior of stainless steel through a combination of experimental tests and numerical 

simulations. The study began with a comprehensive analysis of material properties and experimental configurations, which 

provided a solid foundation for developing a robust finite element (FE) model.  

A new simplified material model inspired by Ramberg-Osgood was developed for easy use in practical tasks. For example, 

the ANSYS software only offers the original Ramberg-Osgood model for monotonic loading and Chaboche model is not 

as easy to calibrate as the Ramberg-Osgood model which is defined by parameters which can be easily retrieved from 

coupon tests. The combination of the validation against experimental data and material model parameters identification 

using sensitivity analysis and mathematical metamodel confirmed that the model accurately reflects the material's 

performance under cyclic loading conditions. 

Further comparisons with high strength steels (HSS) underscore the superior performance of stainless steel when subjected 

to cyclic loading. These findings underscore the advantages of stainless steel in structural applications requiring high 

ductility, strain hardening, and resistance to cyclic loading. 

In conclusion, this research validates the effectiveness of the simplified material model and underlines the increasing use 

of stainless steel in contemporary structural engineering. Its distinct properties make it a valuable material, especially in  

many times repeated loading, where performance under cyclic loading is critical.  
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1.  Introduction 

 

Carbon steel has been historically the most prevalent material used in civil 

engineering constructions. In recent decades, stainless steel has been 

increasingly employed in certain industries due to its much improved chemical 

and biological resistance, strength, and favorable mechanical features. Above 

all, stainless steel high ductility, strain hardening, and fire resistance all possess 

distinct benefits compared to common carbon steel. Consequently, stainless 

steel is becoming more and more a fitting construction material for such tasks 

as seismic engineering. [1], [2], [3]. In [4], Chen et al. performed a series of 

experiments and numerical simulations to verify the applicability of prEN 1993-

1-4(EC3) [5] code relations for dynamically loaded stainless steel H cross-

sections. As expected, the standard provides conservative values, while the 

methodology modified by the authors got on the dangerous side under certain 

circumstances. 

While the monotonic loading behavior of stainless steel is well-documented, 

the investigation into its response under cyclic loading conditions is relatively 

recent but rapidly expanding [3], [6]. Research efforts have been directed 

toward understanding the performance of stainless steel grades (e.g., austenitic, 

duplex) under both axial [7] and bending [8] cyclic loads. Numerous 

experimental studies have been conducted on both material coupons and full-

scale structural members to characterize their cyclic response. These 

experimental studies have been extensively complemented by numerical 

simulations utilizing the finite element (FE) method, which incorporates 

appropriate advanced material models (e.g., Chaboche, Armstrong-Frederick, 

two-surface plasticity models) to accurately predict behavior under complex 

cyclic loading conditions [9], [10].  

Luo et al. in [11] conducted a series of experiments at medium and high 

levels of plastic stress on elements including the weld and the heat-affected 

region. Based on the results, they calibrated the Chaboche model. The authors 

stated that its accuracy is strongly influenced by the correspondence of the 

loading and simulated levels of plastic strain. The authors [12] approach the 

problem in a similar way, extending the study to a wide range of steel grades. 

On the contrary, the study [13] is very closely devoted to a detailed description 

of the differences in the response to cyclic loading based on the change in the 

chemical composition of stainless steels. By reducing the nickel content, the 

new QN1803 stainless steel has greater strength at a lower cost than the widely 

used S30408 stainless steels. The study notes a significantly better response to 

the cyclic loading of both stainless steels than conventional steels of comparable 

strength classes. 

In [14], improved Voce-Chaboche constitutive relations are described. The 

added combination of isotropic and kinematic hardening schemes can better 

describe the transition to the first plastic cycle. 

The authors [15] also deal with the Chaboche model with a combined 

hardening surface. The authors describe a simplified procedure for calibrating 

the parameters. Using 171 response experimental curves, they designed a four-

stage statistically based prediction method that should be able to replace 

classical calibration. 

The thesis [16] deals with the revision of the Chaboche model. A viscous 

parameter is added, which is ignored in the classical model in order to better 

describe the variable plastic modulus in stress-controlled cycling and the 

continuously increasing strain in stress-controlled cycling. By adding 

parameters, it is possible to better describe the response, but at the cost of 

difficulty obtaining the supplied input parameters by means of non-standard 

tests. Parameters are also added in [17]. The described model does not consider 

some parameters, simplifies others – it introduces a linear relationship between 

the coefficient and the effective/equivalent stress. 

In [18], Kaleva et al. perform an extensive comparison of the Ottosen-

Stenström-Ristinmaa and Lemaitre-Chaboche models for application to the 

high-cycle fatigue model. They confirm that some parameters cannot be 

identified directly experimentally. Based on their observations, a high 

agreement in the response of both models was found. 

A lot of attention is paid to the effort to streamline the finding of input 

parameters of material models. In [19], the method of modification of the cyclic 

experimental loading is used. Authors [20] and [21] follow the path of 

optimization and subsequent training of genetic algorithms that should generate 

input parameters of the material models. 

Though these advancements have been achieved, uses of sophisticated 

material models in commercial FE softwares to continue to present difficulties 

for practical engineering use because they are too complex, expensive to 

calculate, and difficult to calibrate material model parameters. There is a 

fundamental need for material models that are sufficiently accurate but not too 

computationally expensive and simple to apply and used by engineers for design 

and analysis. 

This research complements this gap by examining the use of a newly 

developed simplified material model specifically for use in engineering, 

designed to accurately model the response of cyclic loading on stainless-steel 

members. A compromise between accuracy and simplicity, which is typically 

not available in any current commercial analysis packages for cyclic loading 

analysis, the model is derived from the popular Ramberg-Osgood formulation. 

The outcomes thus obtained via this reduced material model are then precisely 

compared with comparative experimental loading test, thus providing validation. 

The methodology begins with the creation of a numeric FE model, 

experimentally validated with the help of loading test [22]. For reliability 
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verification of the proposed material model, the numeric model is investigated 

through a serious sensitivity analysis. In the sensitivity analysis, the impact of 

the input parameters of the newly proposed material model on the overall 

numeric simulation response is investigated. These most sensitive parameters 

are then optimized to generate the best possible agreement between the 

experimental results and the model predictions. 

Finally, to also highlight the actual benefits of stainless steel in safety-

critical application, a comparison study is done. Numerical calculations with the 

simplified material model of stainless steel are compared with those of high 

strength steels (HSS), specifically in the case of cyclic loading cantilever beams. 

The distinguishing cyclic performance and structural response characteristics of 

these two materials are identified, noting the superior capacity of stainless steel 

to resist repeated loading. This contrast also indicates the increasing utility of 

stainless steel as a preferred material for structural applications involving high 

ductility, significant strain hardening, and improved resistance to cyclic loading 

and fatigue. 

 

2.  Experiment 

 

The experiment was conducted at the University of Studi. A study of nine 

cold-formed rectangular stainless-steel members subjected to cyclic loading 

was carried out [22]. For purposes of this article, one test configuration was 

selected. The Cantilever beam is made from EN 1.4301 austenitic stainless steel, 

cold formed cross-section 120×80×6 mm with a total length of 1730 mm and 

effective length of 1650 mm, see Fig. 2 (a). 

 

2.1. Material properties 

 

The mechanical properties of the material were further determined by 

experiments carried out at the Universitat Politècnica de Catalunya [23]. A 

series of tensile coupon tests were carried out on both the flat and the corner 

parts of the cross-sections to take into account the increased tensile strength of 

the corner parts due to the cold forming process. Obtained material parameters 

and stress-strain curves are shown in Table 1 and Fig. 1. E is the Young’s 

modulus, σ0.2 is the strength at the strain 0.2%, σu is the ultimate strength, εu is 

the strain at ultimate strentgh, n is strain hardening parameter, and m is second 

strain hardening parameter. 

 

Table 1  

Material parameters [23] 

Parameter Unit Flat part Corner part 

E MPa 185 778 185 360 

σ0.2 MPa 479 635 

σu MPa 679 840 

εu m/m 0.39 0.34 

n - 7.05 5.40 

m - 2.55 7.89 

 

 

Fig. 1 Stress-strain diagram for flat and corner cupons (solid lines) and for the material 

model (dash dot) 

 

2.2. Test configuration 

 

The test configuration is shown in Fig. 2 (a). The beam was subjected to 

cyclic loading for testing bending around the major axis. The bottom end of the 

beam was embedded to the floor and the top end was loaded by a hydraulic 

actuator. The actuator is hinged on both sides to prevent bending moments and 

vertical forces. The bottom end was made from flange and stiffeners, which 

were welded to the beam. The flange is fixed to the ground by four bolts. 

Loading protocol is shown in Fig. 2 (b). The record of the load test is shown in 

Fig. 2 (c), where u is the displacement of the top of the beam where the actuator 

is hinged, and the force reaction is the force in the actuator. 

 

 
Fig. 2 (a) Experiment (loading test) configuration, (b) Loading protocol [4] and  

(c) Record of the load test – Hysteresis curve 
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3.  Numerical model 

 

The Finite Element method was used for the numerical simulation of the 

loading test. To solve the static response, a 3D FE shell model was constructed 

with a nonlinear elastoplastic material model with kinematic hardening, which 

properly simulates the Bauschinger effect while cyclic loading [6], [7]. Detailed 

information about the material model and FE model is described in the 

subchapters below. 

 

3.1. Material model 

 

The nonlinear elastoplastic material model with kinematic hardening was 

used to describe the material behavior under cyclic loading. The material model 

is based on Nadai and Ramberg-Osgood theory [24]. This theory was many 

times modified e.g. [25]. For current work was used the material model defined 

by equations (1-5) with linear elastic branch and nonlinear plastic branch with 

linear unloading branch. Stress-strain diagram is shown in Fig. 3. 

 

𝜀 = 𝜀𝑒𝑙 + 𝜀𝑝𝑙 (1) 

 

𝜀𝑒𝑙 =
𝜎

𝐸
 (2) 

 

𝜀𝑝𝑙 =
𝜎−𝜎𝑦

𝐸𝑦
+ 𝜀𝑢 (

𝜎−𝜎𝑦

𝜎𝑢−𝜎𝑦
)
𝑚

, 𝜎 > 𝜎𝑦 (3) 

 

𝜀 = {

𝜎

𝐸
,  𝜎 ≤ 𝜎𝑦

𝜎

𝐸
+

𝜎−𝜎𝑦

𝐸𝑦
+ 𝜀𝑢 (

𝜎−𝜎𝑦

𝜎𝑢−𝜎𝑦
)
𝑚

,  𝜎 > 𝜎𝑦
 (4) 

 

𝐸𝑦 =
𝐸

1+0.002𝑛
𝐸

𝜎𝑦

 (5) 

 

Where ε is total strain, εel is elastic strain, εpl plastic strain, σ actual stress, 

σy yield strength, σu ultimate strength, n strain hardening parameter, m second 

strain hardening parameter and Ey is a tangent modulus of the stress strain curve 

at the yield strength. 

 

 

Fig. 3 Nonlinear elastoplastic stress-strain diagram of the simplified material model 

 

Input of the stress-strain relationship is carried out using the true stress. The 

relationships between the engineering stresses obtained from the experiment 

and the true stresses used in numerical simulations are shown in the equations 

(6-7). 

 

𝜎𝑇𝑅𝑈𝐸 = 𝜎𝐸𝑁𝐺(1 + 𝜀) (6) 

 

𝜀𝑇𝑅𝑈𝐸 = ln(1 + 𝜀) (7) 

 

The use of a linear elastic branch is a simplification in compared to [24] 

and the stress-strain relationship specified in EN 1993-1-4, which consider a 

nonlinear elastic branch and the plastic strains formation at stresses under proof 

stress. The stress-strain relationship according to Annex C of EN 1993-1-4 and 

prEN 1993-1-14 [26] is defined by equations (5, 8-11), this stress strain diagram 

was also used by [27] in case of stainless steel CHS members.  

 

𝜀 = {

𝜎

𝐸
+ 0.002 (

𝜎

𝑓𝑦
)
𝑛

,  𝜎 ≤ 𝑓𝑦

0.002 +
𝑓𝑦

𝐸
+

𝜎−𝑓𝑦

𝐸𝑦
+ 𝜀𝑢 (

𝜎−𝑓𝑦

𝑓𝑢−𝑓𝑦
)
𝑚

,  𝜎 > 𝑓𝑦

 (8) 

 

𝑛 =
ln(20)

ln(
𝑓𝑦

𝑅𝑝0.01
)
 (9) 

 

𝜀𝑢 = 1 −
𝑓𝑦

𝑓𝑢
 (10) 

 

𝑚 = 1 + 3.5
𝑓𝑦

𝑓𝑢
 (11) 

 

Where ε is total strain, σ actual stress, fy yield strength, fu ultimate strength, 

εu strain at ultimate strength, n strain hardening parameter, m second strain 

hardening and Rp0.01 is stress at plastic strain 0.01%. 

Simplification has been used for ease of use in practical problems, both in 

specifying the material model and in evaluating stresses and clearly identifying 

elastic and plastic deformations. 

 

3.2. Numerical FE model 

 

The FE model was modelling using linear shell elements with six degrees 

of freedom at each node. The SHELL181 element type is suitable for thin shell 

structures, large strain nonlinear applications, and change in shell thickness. 

Element formulation is based on logarithmic strain and true stress measures. [12] 

The finite element mesh is mostly composed of 4-node finite elements and 

combination of 4-node and 3-node elements in the regions of mesh refinement. 

The spatial regions are formed by a mapped mesh of 4-node elements. In the 

region of high stress gradient, the finite element mesh is condensed to a finite 

element size of 5 mm. Above this part, the transition region consists of a 

combination of 4-node and 3-node elements. The remainder of the beam is made 

up of a mapped mesh of element size 20 mm. The finite element mesh of the 

stiffeners and flanges is made up of a free mesh of sizes in the approximate 

range of 5-25 mm. 

The model was supported at nodes in the center of the holes in the flange. 

The bolts were replaced by boundary conditions that constrain the node 

displacement in all directions with free rotational degrees of freedom. These 

nodes were coupled to the holes edge by contact pair elements CONTA177 + 

TARGET170 using the MPC (Multi-point constraint) algorithm. [12] 

The displacement of the top of the beam is realized by a node at the end 

position of the actuator. This node is also coupled to the beam by the contact 

pair elements CONTA174 + TARGET170 using the MPC algorithm. The 

boundary condition of this node is only a constrained (prescribed) displacement 

in the loading direction (x direction – about the major axis of the cross-section), 

other degrees of freedom are free.
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Fig. 4 FE mesh, boundary conditions, material model assignment and cross-section with and without corner area extension 

 

The material model assignment to the finite elements is shown in Fig. 4. 

The material model for the corner part is assigned to the extended corner part of 

the section according to the cold forming process of the RHS section 

manufacture. The distance of the extension is chosen according to previous 

research. Values of the extension range from the thickness t up to 2t [25], for 

this work was used extension of 0.5πri [28], where ri is the inner radius. The 

extension of 10 mm is shown in Fig. 4. 

The initial material model input parameters were retrieved by fitting the 

stress-strain diagrams from coupon tests [23]. The initial material model input 

parameters are given in Table 1 and the fitted stress-strain diagrams are plotted 

and compared with measured stress-strain curves in Fig. 1. 

The numerical model was subjected to a sensitivity study of model to verify 

the model and check various influences on the results. In the study, the influence 

of support stiffness (rigid/deformable), finite element mesh size (2 times finer), 

corner extension (see Fig. 4), finite element integration method (full/reduced) 

and finite element type (linear/quadratic) were investigated. 

This verification was carried out for the monotonic loading test. An 

overview of the test study is given in Table 2. A comparison of the results is 

shown in Fig. 5. From the load-displacement curves it can be seen that the 

stiffness of the support, the mesh element size, the integration method and the 

element type have an insignificant effect. The effect of the corner extension will 

be investigated further in subsequent chapters by optimizing the material 

parameters. 

 

Table 2  

Optimized values of the material model parameters. 

Model Supports Mesh Corners FE integration Element type 

00 – Reference Rigid Ref. No extended Full Linear (SHELL181) 

01 – Support stiffness Deformable Ref. No extended Full Linear (SHELL181) 

02 – Mesh size Rigid Finer Ne extended Full Linear (SHELL181) 

03 – Corner extension Rigid Ref. Extended Full Linear (SHELL181) 

04 – Integration method Rigid Ref. No extended Reduced Linear (SHELL181) 

05 – Element type Rigid Ref. No extended Full Quadratic (SHELL281) 
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Fig. 5 Load-displacement curves of the influence study 

 

3.3. Numerical simulation and results 

 

The numerical simulations were controlled by the prescribed displacement 

of the node replacing the actuator, see Fig. 2 (a) and Fig. 4. 

The beam was cyclically loaded according to ANSI/AISC 341 [14] in 

relation to the experimental load test [4], where the prescribed displacements 

weren't exactly achieved. The record of the experimental loading test is shown 

in Fig. 6 with a comparison of the load stepping according to ANSI/AISC 341. 

In the simulation test, the beam was loaded for a total of 96 cycles. 

 

Fig. 6 Comparison of the load steps 

 

The calculation was carried out for two variants. One variant without 

extended corners and one variant with extended corners, see Fig. 4. The input 

material model parameters were used as described in Table 1. The results of 

these two numerical simulations are shown using load-displacement hysteresis 

curves in Fig. 7 (a, b). The hysteresis curve is the record of the displacement 

and force at the node, which replaces the actuator in the numerical simulation. 

For a clearer view, the results are also shown using the peak values where the 

load changes the direction, see Fig. 7 (c, d). From the result can be seen, that 

a better response is obtained using the FE model with an extended corner part. 

This model was further used for sensitivity analysis and optimization of material 

model input parameters to achieve a more accurate response to cyclic loading.   

 

Fig. 7 Load-displacement hysteresis curves with original material model parameters (a), (c) for model without cross-section corner extension and (b),  

(d) for model with cross-section corner extension 

 

4.  Sensitivity analysis and optimization of the material model parameters 

 

Optimization was carried out to achieve a more accurate response from the 

numerical model. The optimization was performed for the input parameters of 

the material model. 

To save computational time, the optimization was performed using a 

surrogate mathematical metamodel – MOP (Metamodel of Optimal Prognosis) 

that was constructed using approximations of the responses of the set of 

numerical simulations [29]. The mathematical model approximates and replaces 

the numerical model for pre-selected responses that it can be predicted based on 
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the input parameters. 

 

4.1. Mathematical metamodel and sensitivity analysis 

 

The mathematical metamodel was created by combining several 

approximation models for individual responses. Possible approximation models 

were Linear Regression, Moving Least Squares, and Isotropic Kriging [30]. The 

choice of the approximation model depended on the value of the CoP 

(Coefficient of optimal prognosis), which quantifies the quality of the 

approximation by the equation (12) as follow: 

 

𝐶𝑜𝑃 = 1 −
𝑆𝑆𝐸
𝑃𝑟𝑒𝑑𝑖𝑐𝑡𝑖𝑜𝑛

𝑆𝑆𝑇
 (12) 

 

where SSEPrediction is the sum of the squared prediction errors and SST is 

equivalent to the total variation. The value of this coefficient ranges from 0 to 

1.0, with 1.0 representing a perfect approximation. A further description can be 

found in [30]. 

The metamodel contains 12 input parameters, which are the input 

parameters of the material model for the flat and corner parts of the cross-section. 

The input parameters are given in Table 3 with the initial values and upper and 

lower bounds. The responses of the metamodel were the load forces at the end 

of the selected load steps during the numerical simulation of the load test.  

To create the metamodel, 150 numerical simulations of the load test were 

performed at first step. The input parameters of these simulations were 

generated using Advanced Latin Hypercube Sampling. At the second step, the 

AMOP (Adaptive Metamodel of Optimal Prognosis) was performed to achieve 

higher values of the CoP. There were made 650 simulations at all to create the 

MOP. 

An overview of the MOP is provided by the CoP matrix shown in Fig. 9 (a, 

b), where the CoP values of each response approximation are shown in the right 

column. The remaining columns show the sensitivities of the input parameters 

to each response. A clearer representation of some selected responses and 

sensitivities is shown in Fig. 9 (c–h). The CoP matrix clearly shows the high 

sensitivity (high importance) of the elastic modulus in the early stages of the 

loading. At later stages, the sensitivity of the elastic modulus decreases, and the 

sensitivity of the yield and ultimate stresses increases. The parameters of the 

corner parts are more sensitive than those of the flat part. The sensitivities of the 

parameters n_1 and n_2 are small, and the sensitivities of the eps_u_1 and 

eps_u_2 are unimportant within the given sensitivity analysis boundaries (see 

Table 2). To validate the unimportant parameters, two further analyses were 

performed, and the results confirmed their unimportance, see load displacement 

diagram in Fig. 8. With increasing plastic strains, minor differences occur at 

later stages, but these are negligible for current analysis. If loading were to 

continue to later stages, the influence of the eps_u parameters would be greater. 
 

 

Fig. 8 Load-displacement diagram of eps_u influence study 

 

 

Fig. 9 (a) Full CoP Matrix, (b) Filtered CoP Matrix, (c–h) CoP of the selected responses and sensitivity of its input parameters 
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4.2. Optimization 

 

The optimization was performed by minimizing the objective function. The 

objective function was the sum of the differences in the measured forces at the 

selected load levels between the experiment and the mathematical metamodel 

prediction. See equation (13). 

 

𝑓𝑜𝑏𝑗 = ∑ ∆𝑘
𝑛
𝑘=1 = ∑ |𝐹𝑘,𝑒𝑥𝑝 − 𝐹𝑘,𝑝𝑟𝑒𝑑|

𝑛
𝑘=1 , (13) 

 

where Fk,exp are the measured forces from the experiment and Fk,pred are the 

predicted forces by the mathematical metamodel. 

The advantage of using the mathematical metamodel is low computational 

cost and therefore the possibility of using more optimization methods. At this 

work, optimization was performed using the Non-Linear Programming by 

Quadratic Lagrangian (NLPQL), the Adaptive Response Surface Method 

(ARSM), and the Evolutionary Algorithms (EA) which are suitable for 

optimization with one objective function [30]. 

Optimization was performed with all input parameters except the eps_u_1 

and eps_u_2, which were determined as unimportant by the sensitivity analysis, 

see Fig. 9 (a). The upper and lower bounds of the parameters value range remain 

the same as for the mathematical metamodel, see Table 3. 

Optimized values of the material model input parameters converge to 

similar values. Optimized values from optimization using ARSM are listed in 

Table 3 and the stress-strain diagrams of the material model is plotted in Fig. 

10. 

 

Table 3  

Optimized values of the material model parameters. 

Input parameters Unit Lower bound Upper bound Ref. value Optimized 

E E_1 GPa 180 200 185.8 180 

σ0.2 fy_1 MPa 400 560 479 440 

σu fu_1 MPa 650 800 679 750 

εu eps_u_1 m/m 0.3 0.5 0.39 - 

n n_1 - 1 16 7.05 7.2 

m m_1 - 1 16 2.55 10.6 

E E_2 GPa 180 200 185.4 180 

σ0.2 fy_2 MPa 520 750 635 550 

σu fu_2 MPa 750 950 840 900 

εu eps_u_2 m/m 0.25 0.45 0.34 - 

n n_2 - 1 16 5.4 3.0 

m m_2 - 1 16 7.89 12.1 

 

Fig. 10 Stress-strain diagram of the material with the optimized values 

 

4.3. Verification of the metamodel 

 

The verification was performed to check the quality of the mathematical 

metamodel. The numerical simulation results were compared with the 

prediction of the mathematical metamodel. The calculations and predictions 

were performed with the optimal input parameters of the material model listed 

in Table 3 . The comparison of the numerical simulation and the experimental 

measurements is shown in Fig. 11 (a). The comparison with the mathematical 

metamodel is shown in Fig. 11 (b). 

 

 

Fig. 11 (a) Numerical simulation with optimized input parameters of the material model 

(b) Comparison of the experiment, metamodel prediction, and numerical simulation 
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5.  Comparison with HSS steels 

 

To compare the response under cyclic loading between carbon and stainless 

steels, a series of numerical simulations were carried out using high strength 

constructional steel, see Table 4 for material parameters and Fig. 12 with plotted 

stress-strain diagrams in true stress. The ultimate strain is determined by 

the equation (14). 

 

Table 4  

Nominal values of yield and tensile strengths and minimum percentage 

elongation after fracture of High strength steels according to EN 10025-6 [31]. 

Type fy 

N/mm2 

fu 

N/mm2 

A 

% 

S460 460 550 17 

S500 500 590 17 

S550 550 640 16 

S620 620 700 15 

S690 690 770 14 

S890 890 940 11 

 

𝜀𝑢 = (1 −
𝑓𝑦

𝑓𝑢
, 𝐴) (14) 

 

 

Fig. 12 Stress-strain diagram (true stress) according to EN 10025-6 and prEN 1993-1-14 

 

The comparison is made using several methods. Load-displacement curves 

are shown in Fig. 13 (a). The results with HSS are directly compared with 

stainless steel represented by load test results and numerical simulation with 

optimized material model parameters. The comparison in the Fig. 13 (b) is made 

by directly normalizing the load-displacement curve by yield strength. Both 

comparisons show a non-decreasing curve of stainless steels compared to high 

strength steels. In addition, stainless steel shows a much higher F/fy ratio 

 

 

Fig. 13 Simulations results with the HSS in compare with the numerical simulation with optimized material model parameters. (a) Load-displacement curve, (b) Load displacement curve 

normalized by the yield strength, (c) Normal stresses at critical section (at embedment) calculated using equation (15), (d) Normalized normal stresses at critical section (at embedment) 

calculated using equation (16) 

 

In Fig. 13 (c), the comparison is made using the normal stress in the critical 

section above the embedment. The stress is determined by an approximate 

method by considering a linear elastic-perfect plastic stress distribution in the 

plane of the section. The stress calculation is given by the equation (15). Next 

comparison (Fig. 13 (d)) is made using normalized values of previously 

calculated normal stresses which are normalized by yield strength and ultimate 

strength. The calculation of the normalized values is shown in the equation (16). 

However, the plotted stresses are not real stresses, but a quantifier/indicator of 

section utilization. At the same time, there is no real stress drop, which can be 

seen in Fig. 13 (b), it is the loss of section bearing capacity due to local buckling 

of the cross-section above the embedment shown in Fig. 14. 
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   𝜎   =

{
  
 

  
 

𝑀

𝑊𝑒𝑙
,  

𝑀

𝑊𝑒𝑙
≤ 𝑓𝑦

𝑓𝑦,  
𝑀

𝑊𝑝𝑙
≤ 𝑓𝑦

𝑀

𝑊𝑝𝑙
,  

𝑀

𝑊𝑝𝑙
≤ 𝑓𝑢

𝑀

𝑊𝑝𝑙
,  

𝑀

𝑊𝑝𝑙
> 𝑓𝑢

 (15) 
   𝜎/𝑓𝑦 =

{
  
 

  
 

𝑀

𝑊𝑒𝑙
/𝑓𝑦,  

𝑀

𝑊𝑒𝑙
≤ 𝑓𝑦

𝑓𝑦

𝑓𝑦
= 1,  

𝑀

𝑊𝑝𝑙
≤ 𝑓𝑦

𝑀

𝑊𝑝𝑙
/𝑓𝑢 ,  

𝑀

𝑊𝑝𝑙
≤ 𝑓𝑢

𝑀

𝑊𝑝𝑙
/𝑓𝑢 ,  

𝑀

𝑊𝑝𝑙
> 𝑓𝑢

 (16) 

 

 

Fig. 14 (a) Transverse deformation of the cross-section. Equivalent stress above embedment. Step 169 at top displacement 175 mm. (b) 1.4301 – Opt., (c) S460, and (d) S980 

 

The final comparison is the transverse deformation of the section above the 

embedment during loading, see Fig. 14 (a). Stainless steel exhibits lower 

transverse deformations at higher loads, while at lower loads the transverse 

deformations are comparable. The transverse deformation and local buckling 

above the embedment are shown in Fig. 14 (b–d). 

 

6.  Discussion 

 

The superior performance of stainless steel compared to high strength steels 

(HSS) under cyclic loading conditions has notable implications for structural 

design, particularly under many times repeated loading. The ability of stainless 

steel to maintain its strength and ductility under repeated loading makes it a 

viable option for structures where resilience and durability are critical. This 

study supports the use of stainless steel in applications where materials are 

subjected to high cyclic loads, such as in bridges, high-rise buildings, and 

infrastructure in earthquake-prone areas. 

 

7.  Conclusion 

 

This study systematically investigated the cyclic behavior of stainless steel 

through both experimental and numerical approaches, offering insights into the 

material's performance under cyclic loading conditions. The research began 

with a detailed examination of the material properties and experimental setup, 

laying the groundwork for developing a robust numerical FE model. 

The simplified material model was developed, and its material model 

parameters were optimized using sensitivity analysis and MOP. The material 

model was validated against experimental data and was found to be effective in 

predicting the response of stainless steel under cyclic loading. The numerical 

model with the simplified material model qualitatively simulated the experiment 

and proved to be an appropriate choice for modelling the cyclic behavior of 

stainless steel, whereas ANSYS only offers the Ramberg-Osgood model for 

monotonic loading.  

Moreover, the simplified model appears to be a very good alternative to the 

Chaboche model because it is defined by fewer input parameters that can be 

more intuitively determined and identified from laboratory tests. The yield 

strength, ultimate strength and ultimate strain are clearly given and then it is 

practically sufficient to identify the strain hardening parameters m and n. 

Therefore, this simplified model is very suitable for practical use in nonlinear 

calculations of the steel structures under cyclic or repetitive loading. 

Additionally, the study extended the comparison to high strength steels 

(HSS), demonstrating that stainless steel exhibits superior effectiveness in 

scenarios involving cyclic loading. The findings underscore the potential of 

stainless steel as a preferred material in structural applications where ductility, 

strain hardening, and resistance to cyclic loading are required. 

In conclusion, this research not only validates the effectiveness of the 

simplified material model but also reinforces the growing importance of 

stainless steel in modern structural engineering, particularly in dynamic and 

seismic environments. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

This paper presents an experimental and numerical study on the axial compression behavior of laser -arc hybrid welded 

tube-in-tube steel columns made of S355. Three different cross-sectional configurations, i.e. square-in-square (SS), circular-

in-square (SC) and conventional square hollow section (S), were investigated through monotonic tension tests and axial 

compression tests. Digital Image Correlation (DIC) was employed to analyze deformation patterns.  Results demonstrate 

that the ductility of composite SS and SC columns has been significantly improved compared to single hollow-section 

columns, effectively delaying local buckling and mitigating strength degradation. Moreover, numerical simulations using 

finite element method (FEM) were conducted and validated against experimental results. Parametric studies were conducted 

to evaluate the influence of column slenderness on axial load-bearing capacity, highlighting that current design codes (EN 

1993-1-1:2022 and GB 50017-2017) provide conservative predictions. Findings suggest adopting the class a0 curve from 

EN 1993-1-1:2022 or the class a curve from GB 50017-2017 for the design of such composite columns. This study provides 

essential data and practical guidance for the structural application of laser-arc welded tube-in-tube composite columns. 
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1.  Introduction 

 

Modular construction has gained increasing attention and application both 

domestically and internationally due to its advantages of fast construction speed, 

high engineering quality, low labor consumption, energy efficiency, and 

environmental protection[1, 2]. However, due to spatial constraints, the cross-

sectional dimensions of modular construction members are limited. To 

overcome these limitations, this study proposes two new types of steel column 

cross-sections: square hollow section column nested within square hollow 

section column and circular hollow section column nested within square hollow 

section column, both formed through laser-arc hybrid welding. 

Currently, scholars have conducted relatively limited research on hollow 

section columns. Wang et al. [3] conducted material tensile tests and local 

buckling tests on RHS/SHS stub column specimens of varying strengths and 

evaluated existing design provisions in the Eurocode 3 for such structural 

columns. Ma et al. [4] provided a comprehensive review on high-strength steel 

hollow sections, highlighting gaps in design rules. Yang et al. [5] proposed a 

new equation for deriving the cross-sectional slenderness of SHS and RHS 

considering the influence of corner radius. Li et al. [6] studied flexural and 

interactive buckling of 7A04-T6 high-strength aluminium RHS columns, 

offering improved design methods based on test and FE results. Zhu et al. [7] 

studied the behavior and design of hot-rolled carbon steel circular hollow 

sections (CHS) under the effect of moment gradients. Lin et al. [8] conducted a 

numerical study on high-strength steel welded box columns and proposed new 

column curves incorporating yield strength and width-to-thickness ratio to 

improve design accuracy beyond existing codes. Yan et al. [9] conducted low-

temperature compression tests and simulations on stainless-steel tubular stub 

columns, revealing enhanced strength but reduced ductility with decreasing 

temperature. Meng et al. [10] investigated the buckling behavior of axial 

compressive hollow sections members, encompassing CHS, SHS, and RHS 

sections. Wang et al. [11, 12] conducted experimental and numerical studies on 

S890 and S960 CHS members under combined and eccentric loading, and 

evaluated the applicability of existing design codes, highlighting their varying 

accuracy for different section classes. Yin et al. [13] conducted tests and 

simulations on cold-formed HSS SHS columns, and proposed modified 

buckling curves for design.  

Some studies have been conducted by researchers on the axial compressive 

performance and design methods of composite cross-sections. Li et al. [14] 

conducted experimental and numerical investigations on the local buckling 

behavior of cold-formed steel built-up box-section columns and revealed the 

built-up interaction mechanism between C- and U-section components. Zhao et 

al. [15] proposed a new type of cold-formed stainless-steel spliced rectangular 

tubular column and demonstrated through tests and FE analysis that V-shaped 

stiffeners significantly enhance its axial and compression-bending capacities. 

However, systematic research on structural members with square-circular 

composite cross-sections remains relatively limited. 

Traditional arc welding techniques, while widely used in structural 

fabrication, suffer from several well-recognized limitations, including high heat 

input, significant welding deformation, large heat-affected zones (HAZ), and 

low welding efficiency [16–21]. These drawbacks are particularly detrimental 

when applied to thick-section or high-performance steels, where dimensional 

control and material integrity are critical. For example, Sokolov et al. [22, 23] 

observed that conventional welding methods tend to induce excessive thermal 

distortion and broad HAZs in thick S355 structural steel, adversely affecting 

dimensional precision and mechanical performance. Similarly, Zhong et al. [24] 

emphasized that traditional fusion welding introduces considerable membrane 

residual stresses and geometric imperfections in stainless steel T-sections, 

which may compromise structural stability. 

In contrast, laser welding presents a high-precision, high-efficiency 

alternative, offering numerous advantages such as lower total heat input, 

narrower HAZ, reduced residual stresses, minimized distortion, and higher 

welding speeds [25–28]. These benefits stem from its concentrated energy 

delivery and non-contact nature. In addition, laser welding enables deep 

penetration and excellent process control, which is especially advantageous in 

joining thick or high-strength steel sections. For instance, Zhang et al. [17] 

demonstrated that with a 10 kW fiber laser, full penetration welding of thick 

stainless steel was achievable at high speeds, while also identifying the keyhole 

dynamics responsible for surface underfill defects, a challenge that is otherwise 

exacerbated in conventional methods. 

Moreover, laser welding is readily integrable with robotic platforms, 

promoting automation and manufacturing repeatability. Sokolov and Salminen 

[29] conducted comparative trials and confirmed that laser welding maintains 

superior weld quality even under variable edge preparation conditions, 

underscoring its industrial robustness. 

Building upon the merits of individual welding methods, laser-arc hybrid 

welding (LAHW) has emerged as a promising technique that combines the high 

precision and penetration of laser welding with the good gap-bridging ability 

and process stability of arc welding. Several researchers have explored the 

synergistic mechanisms of LAHW. Zhang et al. [26] quantified the “synergy 

effect” in LAHW of aluminum alloys using plasma spectroscopy, confirming 

that laser energy enhances arc stability and increases the material’s laser 

absorptivity, while the arc assists with broadening the fusion zone and 

improving melt flow. Likewise, Yin et al. [16] demonstrated that in LAHW of 

low-strength high-toughness steel, the increased cooling rate due to the 

combined heat source promoted the formation of bainite and fine acicular ferrite 

in the weld metal, thereby enhancing both hardness and low-temperature 
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toughness. 

In light of the limited research in the existing literature on the application 

of LAHW to square and circular hollow section (SHS/CHS) members, as well 

as composite steel members, this study aims to investigate the axial compressive 

performance of ultra-high-power LAHW composite section steel columns, with 

the goal of providing experimental data and theoretical support for the practical 

engineering application of such novel structural systems. 

In this research, axial compression tests were first conducted on laser-

welded composite section columns to obtain their structural response under 

axial loads, including load–displacement curves, deformation and failure modes, 

as well as global buckling behavior. The comparison between the influences of 

different internal tube configurations on load-bearing capacity and failure 

mechanisms was performed. Subsequently, a finite element model was 

developed in ABAQUS and validated against the experimental results. A 

parametric study was then performed to investigate the influence of slenderness 

ratio on the axial capacity of columns with the two composite section types. 

Finally, by comparing the simulation results with predictions from Chinese 

specification (GB 50017-2017 [30]) and European specification (EN 1993-1-

1:2022 [31]), the applicability of each code to these composite sections was 

evaluated, and corresponding design recommendations were proposed. 

 

2.  Experimental study 

 

2.1. Specimen preparation and experimental procedure 

 

This experimental investigation comprises tensile coupon tests and axial 

compression tests on steel columns with various cross-sectional configurations. 

The columns, fabricated using ultra-high-power LAHW, were made of grade 

S355J0 steel. 

 

2.1.1. Monotonic tension test 

To investigate the material properties of the steel used in this study, 

monotonic tension tests were conducted. Given that the tested hollow section 

columns tested had a wall thickness of 10 mm, the tensile specimens were also 

prepared with the same thickness. As illustrated in Fig. 2(c), the specimens were 

designed and fabricated in accordance with ISO 6892-1:2019 [32], and were cut 

from the same batch of steel using a wire cutting process. All specimens 

complied with the specified dimensional and quality requirements. The 

experimental procedure followed the guidelines of ISO 15609-1:2019 [33], and 

the tests were carried out using an electro-hydraulic servo fatigue testing 

machine, as shown in Fig. 2(a). 

 

2.1.2. Column specimens and test setup 

The axial compression tests included three types of steel column cross-

sections, two of which were composite sections. The composite cross-sections 

consisted of one square hollow section nested within another square hollow 

section (SS), and one circular hollow section nested within a square hollow 

section (SC). The third type was a conventional square hollow section (S). For 

each section type, four identical specimens were fabricated using LAHW, 

resulting in a total of 12 test specimens. The section dimensions — including 

outer column diameter (d₁), outer column thickness (t1), inner column diameter 

(d2), inner column thickness (t2), cross-sectional area (A), specimen length (L), 

and effective buckling length (Lcr) — are summarized in Table 1. Cross-

sectional configurations and weld locations are illustrated in Fig. 1. The 

specimen labeling follows a consistent format, e.g., ‘SS-1’ denotes the first 

specimen of the SS column group. 

 

Table 1 

Geometric dimensions of the test specimens 

Type 
d1 

(mm) 

d2 

(mm) 

t1 

(mm) 

t2 

(mm) 

A 

(mm2) 
L (mm) Lcr (mm) 

SS 200 143 10 10 120.5 1200 1840 

SC 200 178 10 10 124.4 1200 1840 

S 200 / 10 / 76 1200 1840 

Note : Lcr = L + 640mm 

 

The loading setup is shown in Fig. 3(a). An electro-hydraulic 1500-ton 

testing machine was used to apply axial compressive loading, with a loading 

rate of 1 mm/min. Once the applied load dropped to 80% of the peak load, the 

test was terminated and the load was removed. A knife hinge as shown in Fig. 

3(c) is arranged at each end of the test specimen, which allowed the in-plane 

rotation about only one axis, with 320mm hinge offset per end.  

Fig. 4 shows strain gauges positioned at three column heights (3L/8, L/2, 

5L/8) and both ends. Composite-section columns required dual gauges 

straddling the mid-length weld seam, while square hollow sections used single 

gauges. LVDTs monitored deformations: DT1–DT2 (in-plane lateral), DT3 

(out-of-plane), DT4–DT5 (axial), and DT6–DT9 (end rotations via knife 

hinges). 

The deformation of the steel columns was monitored using 2D-DIC 

technology during the experiment as shown in Fig. 3(b). The surface of the steel 

column specimens without attached strain gauges was designated as the 2D-

DIC measurement area. This surface received a uniform coat of matte white 

paint followed by the application of a black speckle pattern using hydro transfer 

printing to enable digital image correlation analysis. 

 

  

(a) Type SS 

  

(b) Type SS 

 

(c) Type S  

Fig. 1 Cross-sections of Steel Columns: Types SS, SC and S 

 

2.1.3. Measurement of initial geometric imperfections 

The initial geometric imperfections on both sides of the member along the 

weak axis direction were measured using a combination of vernier calipers, a 

spirit level, a plumb line, and the string-line method, following the approach 

proposed by Li[6], as illustrated in Fig. 5. A plumb line was first suspended 

from the end plate. The distances from the column surface to the plumb line 

were then measured at the top, bottom positions to define the virtual reference 

plane, as indicated by the blue dashed line in Fig. 5. The initial geometric 

imperfections were measured at the mid-height, 1/4, and 3/4 height positions 

along the column. At each location, measurement points were placed on two 

opposing faces of the column, spaced at 140 mm intervals. The deviations 

between the measured values and the ideal (imperfection-free) positions were 

calculated based on geometric relationships, yielding values denoted as Δvai, 

Δvbi, Δvci and Δvdi, as shown in Fig. 5. The maximum value among Δv1, Δv2, and 

Δv3 was taken as the initial geometric imperfection of the specimen, denoted as 

v0. The calculation formulas for Δv1, Δv2, and Δv3 are show in Eq. (1), and the 

results are summarized in the accompanying table. 

 

𝛥𝑣𝑖 = (𝛥𝑣𝑎𝑖 + 𝛥𝑣𝑏𝑖 + 𝛥𝑣𝑐𝑖 + 𝛥𝑣𝑑𝑖)/4 (1) 

where i =1, 2, 3. 
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Fig. 2 Experimental setup of monotonic tension tests: (a) Test device; (b) The extensometer set up; (c) Stress-strain curve of monotonic tension tests;

 

 

Fig. 3 Experimental setup of compressive test: (a) 1500 ton. loading machine; (b) 2D-DIC monitor; (c) Knife hinge 
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(a) Type SS and SC (b) Type S 

Fig. 4 Layout of measurement points for compressive members 

 

 

Fig. 5 Measurement procedure of initial geometric imperfections 

 

 

The initial eccentricities at the top (e0t) and bottom (e0b) of the specimens 

were calculated retrospectively based on the strain gauge readings at the column 

ends and the applied axial load, following Eq. (2). To ensure that all specimens 

were subjected to elastic and stable axial compression, the readings 

corresponding to a vertical load of 0.15 Nu were used in the calculations, where 

Nu denotes the axial compressive strength of the specimen. The specific 

formulas for calculating the end eccentricities are provided below, and the 

results are summarized in Table 3. 

 

𝑒0 =
𝜀1+𝜀2−𝜀3−𝜀4

4
⋅

𝐸𝑊

0.15𝑁𝑢
 (2) 

 

In Eq. (2), e0 denotes the end eccentricity of the column; ε1 to ε4 represent 

the absolute values of the strains measured by the four strain gauges installed at 

the column end; E is the experimentally measured Young’s modulus; W is the 

measured section modulus of the specimen; and Nu is the axial compressive 

strength of the specimen. 

In summary, the equivalent initial geometric imperfection can be calculated 

using 𝑒 = 𝑣0 + (𝑒0𝑏 + 𝑒0𝑡)/2, and the results are presented in Table 3. 

 

2.2. Experimental results and discussion 

 

2.2.1. Results of Monotonic tension test 

Through monotonic tension tests on three standard material specimens, the 

stress–strain curves shown in Fig. 2(c) were obtained. The Young’s modulus 

(E), yield strength (σy), ultimate tensile strength (σu), and elongation after 

fracture (δ) of the steel are summarized in Table 2. The results indicate that the 

yield strength (σy) of the S355J0-grade steel used in this study was measured to 

be 367.8 MPa, the ultimate tensile strength (σu) was measured to be 510.04 MPa, 

and the average elongation after fracture is 38.4%. These material properties 

were subsequently used in the numerical simulations and parameter analysis. 

 

Table 2 

Results of monotonic tension tests 

Specimens E (N/mm2) σy (MPa) σu (MPa) δ (%) 

Sp-1 200399.06 369.04 506.28 36.4 

Sp-2 204331.7 366.27 512.32 38.3 

Sp-3 195757.38 368.07 511.53 40.2 

Average 200162.71 367.8 510.04 38.4 
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Table 3 

Initial geometric imperfections of test specimens 

Specimen 

Global geometric imperfections Initial eccentricity 

e/L(‰) 

Δv1 (mm) Δv2 (mm) Δv3 (mm) v0 (mm) e0b (mm) e0t (mm) 

SS-1 0.114 0.18 0.1625 0.180 1.32 x10-5 -4.2 x10-6 0.150 

SS-2 0.271 0.355 0.326 0.355 -1.1 x10-6 1.09 x10-6 0.296 

SS -3 0.315 0.333 0.130 0.334 5.05 x10-8 3.41 x10-6 0.277 

SS -4 0.294 0.248 0.260 0.294 -5.2 x10-6 -4.7 x10-6 0.294 

SC-1 0.179 0.194 0.185 0.194 -2.2 x10-5 -7.2 x10-6 0.162 

SC -2 0.245 0.189 0.326 0.326 -7.4 x10-6 -1.1 x10-6 0.272 

SC -3 0.496 0.491 0.328 0.496 -4.6 x10-6 -4.2 x10-6 0.414 

SC -4 0.180 0.166 0.21 0.210 -3.9 x10-7 -1.0 x10-5 0.175 

S-1 0.341 0.331 0.261 0.341 -5.7 x10-6 / 0.2845 

S-2 0.155 0.066 0.186 0.186 -6.6 x10-7 -2.8 x10-6 0.155 

S-3 0.231 0.152 0.240 0.240 -1.7 x10-6 6.8 x10-7 0.200 

S-4 0.131 0.228 0.224 0.228 -3.2 x10-6 -4.3 x10-6 0.190 

 

 

Fig. 6 Typical failure mode of SS/SC specimens and DIC results:(a) Failure mode of type SS; (b) DIC result of type SS; (c) Failure mode of type SC; (d) DIC result of type SC 
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Fig. 7 Typical failure mode of type-S specimens 

 

 

(a) Type-SS (b) Type-SC (c) Type-S 

Fig. 8 Load-axial displacement curves from experimental tests 

 

 

(a) Type-SS (b) Type-SC 

Fig. 9 Load-lateral displacement curves from experimental tests 
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Fig. 10 Comparison of failure modes of type-SS column: experiment vs. FE simulation: (a) Experimental failure mode; (b) FE simulation – side view of displacement contour; (c) FE 

simulation – section view of displacement contour; (d) Cross-sectional deformation after test. 

 

 

 

Fig. 11 Comparison of failure modes of type-SC column: experiment vs. FE simulation: (a) Experimental failure mode; (b) FE simulation – side view of displacement contour; (c) FE 

simulation – section view of displacement contour; (d) Cross-sectional deformation after test. 

 

 

2.2.2. Results of axially compressive tests 

The typical failure modes and in-plane deformation contours obtained via 

2D-DIC are shown in Fig. 6, while the load–displacement curves for the type-

SS and SC specimens are presented in Fig. 8. Specimens consistently exhibited 

three-phase responses: elastic stage, strain hardening, progressive softening, 

confirming material strength-dominated failure behavior. 

At the initial stage of loading, all specimens exhibited an elastic load–

displacement response, characterized by predominant axial compression and 

negligible cross-sectional deformation. As the load increased, lateral bending 

gradually developed in the type-SS/SC columns, accompanied by rotation at the 

rotational hinges. In contrast, local buckling at both loaded ends was observed 

in the type-S columns, as shown in Fig. 7. Moreover, the unloading slope Kun 

of the type-S columns was noticeably steeper than that of the type-SS/SC 

columns as shown in Table 4, indicating a more abrupt loss of strength. The 

failure modes are summarized in Table 4. It can be observed that all composite-

section specimens exhibited global buckling as the primary failure mode, 

whereas the specimen without an inner tube experienced local buckling failure. 

These observations suggest that the composite SS/SC columns effectively 

prevent premature local buckling and exhibit a slower strength degradation after 

peak load, maintaining a certain load-bearing capacity even under large 

deformations. 

Fig. 9 presents the load–lateral displacement curves for the type-SS and 

type-SC columns. The lateral displacement initially exhibited a linear increase 

of approximately 5 mm before reaching the peak load. As global deformation 

developed, the lateral displacement abruptly increased in different directions, 

due to initial imperfections and variations in column placement orientation. At 

the point of unloading, the average lateral displacement reached 57.7 mm for 

the type-SS columns and 47.6 mm for the type-SC columns, indicating that both 

types of composite columns experienced significant global bending deformation 

during the failure process. 

In addition, the post-failure cross-sectional deformation characteristics 

observed through wire-cutting are also presented. Fig. 10 and Fig. 11 compare 

the cross-sectional deformation patterns of type-SS and type-SC columns. It can 

be seen that the inner circular tube in the SC configuration experiences more 

significant deformation than that in the SS configuration. This observation is 

consistent with the load–displacement curves shown in Fig. 8, where the type-

SS columns exhibit a longer ascending branch and an average ultimate load 

approximately 3% higher than that of the type-SC columns (6027.50 kN vs. 

5847.86 kN). These results indicate that the square inner tube in the SS 

configuration provides more effective confinement and strengthening compared 

to the circular inner tube in the SC configuration. 

Since the 2D-DIC system is limited to capture in-plane deformations, only 
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the DIC results for the type-SS and type-SC columns are reported, as shown in 

Fig. 6(b) and Fig. 6(d). These figures display the lateral displacement contour 

plots of two representative specimens, SS-2 and SC-1. It can be observed that 

the deformation patterns are generally consistent with the load–lateral 

displacement curves presented in Fig. 9. 

 

Table 4 

Comparison of load-bearing capacities among experiment, FE Analysis and code-based calculations 

Specimens Ny,EXP/kN Nu,EXP/kN NEU NGB Nu,t,a/kN Nu,FEA/kN 
Nu,t,a / 

Nu,fea 

Nu,EXP / 

NEU 

Nu,EXP / 

NGB 
Kun Failure mode 

SS-1 4930.0 5817.37 

4326.79 4210.6 6027.50 5780.75 

1.01 1.34 1.38 25.19 G 

SS-2 4954.1 6463.92 1.12 1.49 1.54 20.88 G 

SS-3 4760.0 5734.40 0.99 1.33 1.36 23.59 G 

SS-4 4870.8 6094.31 1.05 1.41 1.45 19.56 G 

SC-1 4995.0 6095.84 

4439.20 4329.8 5847.86 5891.14 

1.03 1.37 1.41 28.43 G 

SC-2 4866.9 5411.79 0.92 1.22 1.25 29.64 G 

SC-3 4967.4 5816.91 0.99 1.31 1.34 29.02 G 

SC-4 5061.0 6066.92 1.03 1.37 1.40 23.40 G 

S-1 3311.0 3796.3 

2725.40 2682.88 3823.98 / / 

1.39 1.42 38.29 L 

S-2 3501.0 3894.59 1.43 1.45 31.36 L 

S-3 3435.8 3814.65 1.40 1.42 36.46 L 

S-4 3418.0 3790.39 1.39 1.41 37.09 L 

Average       1.02 1.37 1.40   

Variance       0.003 0.004 0.004   

Note: “G” denotes global buckling and “L” denotes local buckling 

 

2.2.3. Comparison of load-bearing capacity against design codes 

A comparison between the experimental results and the resistances 

calculated according to EN 1993-1-1:2022 and GB 50017-2017 is presented in 

Table 4.  

The axial load capacities in both design codes can be expressed using a 

reduction factor, with the calculation methods detailed as follows: First, the 

normalized slenderness ratio was calculated using Eq. (3) and (4), where Lcr is 

the effective length, i is the radius of gyration about the relevant axis, 

determined based on the properties of the gross cross-section; E is the elastic 

modulus, and fy is the yield strength of the steel. 

For EN 1993-1-1:2022, the reduction factor χ was computed using Eq. (5) 

and (6), where the imperfection factor α depends on the cross-section class. 

 

𝜆𝑛 =
𝐿cr

𝑖

1

𝜆1
 (3) 

 

𝜆1 = 𝜋√
𝐸

𝑓𝑦
 (4) 

 

𝜒 =
1

Φ+√Φ2−𝜆𝑛
2

         but𝜒 ≤ 1.0 (5) 

 

Φ = 0,5[1 + 𝛼(𝜆𝑛 − 0,2) + 𝜆𝑛
2 ] (6) 

 

For GB 50017-2017, when the normalized slenderness 𝜆𝑛 ≤ 0.215, the 

reduction factor χ is calculated using Equation (7); when 𝜆𝑛 > 0.215, χ is 

determined by Eq. (8). The coefficients α₁, α₂, and α₃ depend on the cross-

section type. 

 

𝜒 = 1 − 𝛼1𝜆𝑛
2  (7) 

 

𝜒 =
1

2𝜆n
2 [(𝛼2 + 𝛼3𝜆n + 𝜆n

2 ) − √(𝛼2 + 𝛼3𝜆n + 𝜆n
2 )2 − 4𝜆n

2 ] (8) 

 

According to the EN 1993-1-1 classification, type-SS and type-SC columns 

were compared with cross-section class a₀, while type-S columns were 

classified as class a. Accordingly, in Eq. (6), the imperfection factor α was taken 

as 0.13 for curve a₀ and 0.21 for curve a. In contrast, under the GB 50017-2017 

specification, all column types were compared with cross-section class a. Based 

on the Chinese code, the coefficients α₁, α₂, and α₃ used in Eq. (7) and (8) were 

taken as 0.41, 0.986, and 0.152, respectively. 

It can be observed that the design resistances specified by both the 

Eurocode and the Chinese code are significantly lower than the experimental 

results.  

This discrepancy can be primarily attributed to the higher manufacturing 

precision achieved through laser welding. As shown in Table 3, the maximum 

measured initial geometric imperfection is 0.41‰, whereas GB 50017-2017 

recommends a geometric imperfection of 1/1000, and EN 1993-1-1:2022 

suggests an equivalent imperfection in the range of 1/150 to 1/100. The lower 

initial geometric imperfection allows the member to reach the yield stress before 

significant instability occurs, enabling the material to enter the strain hardening 

stage. As a result, the stress continues to increase beyond yielding, leading to 

an ultimate strength higher than the nominal yield capacity. 

 

3.  Numerical study 

 

To further investigate the axial compression behavior of the laser-welded 

composite columns (type-SS and type-SC), numerical simulations and 

parametric analysis were conducted. A finite element (FE) model was 

developed using the commercial software ABAQUS. The model was calibrated 

and validated against the experimental results described earlier. 

The FE model incorporates the measured initial geometric imperfections 

reported in Section 2.1.3, and adopts the same boundary conditions and loading 

scheme as used in the experiment study. 

After validating the FE model, a series of parametric analyses were 

performed to study the influence of slenderness on axial load capacity by 

varying the effective length of the columns. For each case, both a first-order 

linear elastic buckling analysis and a nonlinear static analysis with initial 

imperfections were carried out. 

Initial geometric imperfections were introduced into the model by 

modifying the ABAQUS input keywords. 

 

3.1. Material properties, element type and boundary conditions 

 

In the finite element model, the steel was modeled using the classical metal 

plasticity model with isotropic hardening, and the material parameters were 

derived from the aforementioned tensile test results. Eight-node linear brick 

elements with reduced integration (C3D8R) were employed for the mesh 

discretization. To accurately capture the local buckling and bending behavior of 

the plate elements under axial compression, the global mesh size was refined to 

3 mm, corresponding to three elements through the plate thickness. 

Since the column ends were welded to end plates in the experiments, and 

the end plates were fitted to the knife-edge supports, the same boundary 

condition was replicated in the FE model. All nodes on the end cross-sections 

were coupled to reference points located 0.32 m away from the end face 
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centroids, representing the distance between the knife hinge rotation center and 

the support plane. All degrees of freedom at the reference points were 

constrained except for the rotation about a single axis and the axial translation 

(Z-direction) at one of the reference points. The finite element models of both 

type-SS and type-SC columns are shown in Fig. 12. 

The axial load was applied via displacement-controlled loading, enabling 

precise determination of both the peak load and post-peak behavior. The load–

displacement curves were obtained by extracting the reaction force and 

displacement at the reference points. 

 

  

(a) Type SS (b) Type SC 

Fig. 12 Finite element model of columns 

 

3.2. Initial geometric imperfections 

 

During the application of initial geometric imperfections in the validation 

of the finite element model, the imperfection amplitude was set equal to the 

maximum measured value for each specimen group, as reported in Section 2.1.3. 

The imperfection shape was taken as the lowest-order global buckling mode 

obtained from linear elastic buckling analysis. Specifically, the buckling mode 

shape was imported into the nonlinear axial compression model via the 

ABAQUS input file, and the imperfection amplitude was scaled according to 

the effective length of each column. For the type-SS columns, the applied 

imperfection amplitude was 0.30‰, while for the type-SC columns, it was 

0.41‰. 

In the subsequent parametric analysis, in order to evaluate and compare the 

performance of laser-welded composite columns with existing design codes, the 

imperfection amplitude was uniformly set to L/1000, where L is the effective 

length of the column., as recommended by GB 50017-2017. The imperfection 

shape followed the first global buckling mode derived from linear buckling 

analysis.  

 

3.3. Validation of finite element model 

 

Table 4 presents the results of the finite element (FE) analysis in terms of 

axial resistance, showing a maximum error of 12% for the type-SS columns and 

8% for the type-SC columns. The average error across all specimens is 

approximately 2%, indicating good agreement in predicting the bearing capacity. 

Fig. 10 and Fig. 11 compare the deformation patterns of typical type-SS 

and type-SC columns observed in the experiments and those predicted by the 

finite element (FE) model.  

The results demonstrate that the FE model successfully reproduces the 

global deformation behavior of the columns, as well as the local buckling of the 

outer wall plates (Fig. 10a, b), and the deformation of the inner steel tube (Fig. 

10c, d). These findings confirm that the FE model is capable of accurately 

capturing the key deformation and failure mechanisms under axial loading of 

laser-welded composite columns. 

 

3.4. Parametric study 

 

To assist engineers in selecting appropriate design curves for the effective 

use of laser-welded composite columns, a series of axial compression 

simulations were conducted using the validated finite element (FE) model to 

investigate the performance of composite columns with varying slenderness 

ratios. 

The actual column lengths ranged from 1200 mm to 6600 mm, at intervals 

of 600 mm. For each length, a finite element (FE) analysis was conducted to 

determine the ultimate axial load capacity, with the initial imperfection 

amplitude set to L/1000. Based on the results, the reduction factor (defined as 

the ratio of the ultimate load to the yield load) was calculated. The 

corresponding normalized slenderness ratios were determined using the section 

moment of inertia, radius of gyration, and effective length.  

The results were compared with the design curves specified in EN 1993-1-

1:2022 and GB 50017-2017, as shown in Fig. 13 and Fig. 14. It is observed that, 

under EN 1993-1-1:2022, the ultimate axial capacities of type-SS columns 

closely align with the resistance curve for cross-section class a₀, while those of 

type-SC columns slightly exceed this curve. In contrast, under GB 50017-2017, 

the ultimate strengths of both type-SS and type-SC columns are consistently 

higher than the class a design curve. 

Table 5 summarizes the selected column lengths, the calculated normalized 

slenderness ratios, and the corresponding reduction factors. It also presents the 

detailed results of the parametric analysis, including a comparison between the 

reduction factors obtained from finite element simulations and those predicted 

by the design codes. It is evident that both design codes provide conservative 

estimates compared to the FE results, with EN 1993-1-1:2022 showing closer 

agreement than GB 50017-2017.  

Table 5 

Parametric analysis results for type SS and SC with different slenderness 

Section type L/mm 𝜆̅ Nu,FEA/kN γFEA γEU,a0 γGB,a γFEA/γEU,a0 γFEA/γGB,a 

SS 

1200 0.39 4326.79 0.976 0.972 0.950 1.00 1.03 

1800 0.51 4211.96 0.951 0.948 0.922 1.00 1.03 

2400 0.64  4109.63 0.927 0.916 0.884 1.01 1.05 

3000 0.77 3901.69 0.880 0.869 0.833 1.01 1.06 

3600 0.89  3530.78 0.797 0.801 0.763 1.00 1.04 

4200 1.02 3062.11 0.691 0.711 0.678 0.97 1.02 

4800 1.15  2495.64 0.563 0.613 0.588 0.92 0.96 

5400 1.27 2259.88 0.510 0.523 0.505 0.97 1.01 

6000 1.40  1997.22 0.451 0.447 0.433 1.01 1.04 

6600 1.52 1726.60 0.390 0.384 0.374 1.02 1.04 

SC 

1200 0.38 4495.90 0.989 0.974 0.952 1.02 1.04 

1800 0.50 4357.25 0.958 0.951 0.925 1.01 1.04 

2400 0.62 4243.88 0.933 0.921 0.891 1.01 1.05 

3000 0.75 4050.00 0.891 0.879 0.843 1.01 1.06 

3600 0.87 3898.51 0.857 0.816 0.778 1.05 1.10 

4200 0.99 3426.81 0.754 0.732 0.697 1.03 1.08 

4800 1.11 3037.17 0.668 0.637 0.610 1.05 1.10 

5400 1.24 2486.05 0.547 0.547 0.527 1.00 1.04 

6000 1.36 2207.07 0.485 0.469 0.455 1.03 1.07 

6600 1.48 1881.46 0.414 0.404 0.393 1.02 1.05 

Average       1.01 1.04 



Ming-Yang Li et al.  355 

 

 

 

Fig. 13 Comparison of reduction factor between FE results and EN 1993-1-1:2022 

 

 

Fig. 14 Comparison of reduction factor between FE results and GB 50017-2017 

 

 

                   (a) Type-SS  (b) Type-SC  

Fig. 15 Load–displacement curves with different lengths 

 

As both design codes exhibit varying degrees of conservatism in predicting 

the bearing capacities of the two composite cross-sections, a regression analysis 

was conducted to minimize the error (in terms of R-squared) with respect to the 

parametric FE results. Based on this analysis, the following optimized 

parameters were obtained: 

For the calculation method proposed in EN 1993-1-1:2022 (Eq. 5-6), the 
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recommended imperfection factor α is 0.142 for type-SS columns and 0.102 for 

type-SC columns. For the calculation method specified in GB 50017-2017 

(Eq. 7-8), the recommended values of α₁, α₂, and α₃ for type-SS columns are 

0.38, 0.968, and 0.146, respectively; for type-SC columns, the corresponding 

values are 0.38, 0.977, and 0.106. The curves of regression fitting results are 

also illustrated in Fig. 13 and Fig. 14. 

Fig. 15 presents the load–displacement curves obtained from FE analysis 

for type-SS and type-SC columns with various lengths. As the column length 

increases, the ultimate load capacity gradually decreases, while the 

displacement corresponding to the peak load increases. 

Notably, under the assumption of an initial imperfection amplitude of 

Lcr/1000, the type-SC columns exhibit higher ultimate strengths than the type-

SS columns at the same length. This trend is in contrast to the results obtained 

from simulations using the measured imperfections, as well as from the 

experimental tests. This discrepancy may indicate that the square-in-square 

(type-SS) composite configuration is more sensitive to global imperfections. 

Further investigation into this behavior is therefore recommended. 

 

4.  Conclusions 

 

This study conducted experimental investigations and numerical 

simulations to evaluate the compressive behavior of LAHW tube-in-tube 

composite steel columns made from S355J0 steel. Key conclusions from this 

research are summarized as follows: 

(1) Both composite column types (square-in-square and circular-in-

square) demonstrated superior post-peak behavior compared to the 

traditional single square hollow section columns, effectively 

preventing premature local buckling and exhibiting gradual strength 

degradation after peak load. 

(2) Composite columns fabricated by LAHW exhibited minimal initial 

imperfections, significantly lower than the values recommended by 

current design standards, thereby achieving higher precision and 

improved axial load performance. 

(3) Finite element models validated by the experiments accurately 

predicted the ultimate loads and failure modes, including global and 

local deformation behavior, confirming their suitability for structural 

analysis and design applications. 

(4) The parametric analysis showed that the normalized slenderness 

significantly affects the ultimate strength of composite columns. Both 

the EN 1993-1-1:2022 and GB 50017-2017 standards provided 

conservative predictions compared to experimental and numerical 

results, with EN 1993-1-1:2022 offering slightly better agreement. 

(5) Under a uniform initial imperfection amplitude assumption (L/1000), 

numerical simulations indicated that circular-in-square (SC) columns 

exhibited marginally higher ultimate strengths than square-in-square 

(SS) columns for identical lengths. This finding contrasts with the 

experimental outcomes and highlights the potential sensitivity of SS 

configurations to global imperfections, warranting further 

investigation. 

In summary, this study suggests that the class a0 curve from EN 1993-1-

1:2022 or the class a curve from GB 50017-2017 can serve as suitable design 

curves, balancing safety and structural economy for LAHW composite steel 

columns. 
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A B S T R A C T  A R T I C L E  H I S T O R Y 

 

Offshore wind technology has emerged as a promising solution for harnessing wind resources in both shallow and deep 

waters. For floating offshore wind turbines, mooring systems play a critical role in maintaining station -keeping functions. 

Effective monitoring of mooring loads is essential to ensure safe and cost-efficient operation and maintenance. However, 

direct measurement of dynamic mooring line tensions is often costly and impractical. To address this challenge, this paper 

focuses on predicting mooring tensions using accessible motion data from the floating platform. We propose the use of deep 

learning algorithms, including deep neural networks and deep operator networks, to predict the mooring tension of floating 

offshore wind turbines based on six-degree-of-freedom (6-DOF) platform motions from OpenFAST or OrcaFlex under 

extreme sea conditions as input. We compare the prediction accuracy and generalization performance of various models, 

with the Transformer model under a local attention mechanism (LA-Transformer) and the multi-input deep operator network 

with an attention mechanism (MIONet-ATT) standing out as the top performers. Specifically, LA-Transformer inherits the 

precise and efficient foundational architecture of Transformer while pruning timing-independent components, achieving an 

optimal balance between computational complexity and accuracy. It is a novel model with outstanding precision and a 

moderate parameter size. MIONet-ATT, designed based on the concept of operator networks, offers better interpretability 

and generalization. Additionally, it demonstrates promising potential in non-extreme sea state applications. 
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1.  Introduction 

 

As the effects of global climate change and environmental degradation 

intensify, the development of renewable energy has emerged as a key priority 

for governments and research institutions worldwide. Wind energy, as a clean 

and inexhaustible resource, is particularly significant in supporting global 

sustainability initiatives [1, 2]. Offshore wind power presents unique benefits 

compared to onshore wind farms, including richer wind reserves, reduced noise 

disturbances, and no competition for land resources. 

Offshore wind turbines are typically categorized into three groups 

depending on water depth: shallow (0–30m), intermediate (30–60m), and deep-

water installations (beyond 60m). In deeper marine areas, floating offshore wind 

turbines (FOWTs) are deployed to maximize energy extraction. However, 

predicting the dynamic behavior of FOWTs remains a complex challenge due 

to their intricate coupling with oceanic conditions. Reliable response predictions 

are crucial for operational supervision, maintenance planning, and adaptive 

control strategies, all of which are vital for ensuring safe and efficient 

performance [3]. 

For example, anticipating mooring line tension with high accuracy allows 

for preemptive actions to mitigate risks such as structural damage or system 

failure, while also improving cost-effectiveness. Precise tension forecasting not 

only enhances the operational reliability of FOWTs but also extends their 

service life and optimizes energy production [4]. 

To assess the structural integrity of mooring systems and reduce the 

likelihood of degradation—including corrosion, wear, and fatigue—routine 

inspections are essential. At present, in-service physical examinations remain 

the most trusted method [5, 6]. However, this inspection-based approach for 

evaluating mooring system health is both expensive and time-consuming, 

similar as other topics like local scour of the monopile based on CFD-DEM [7, 

8], dynamic analysis and fatigue analysis for TLP in time domain [9, 10]. As a 

result, researchers and industry professionals are increasingly shifting their 

attention toward digital real-time monitoring solutions. 

Previous approaches to calculating the dynamic response of mooring lines 

have largely relied on numerical simulation techniques, exemplified by the 

contributions of Hall et al. [1], Chen et al. [2], and Zhang et al. [3], which 

encompass methods such as finite elements [11-14], finite difference, and 

lumped mass models. However, a significant challenge for these numerical 

methods remains achieving a balance between computational accuracy and 

efficiency, rendering them inadequate for the task of providing high-precision, 

real-time predictions of mooring tension. In their work, Sidarta et al. [4] 

leveraged an Artificial Neural Network (ANN) to forecast mooring line tension, 

utilizing vessel motion data as input parameters. Upon training, this ANN model 

demonstrated the capability to predict mooring line tensions across diverse sea 

conditions. Qiao et al. [5] observed that identical vessel motions could result in 

differing mooring line tensions, attributed to the vessel's reciprocating 

movements. This realization underscored the importance of capturing the 

temporal sequence dynamics between vessel motion and mooring line tension. 

To address this, they employed a Long Short-Term Memory (LSTM) network, 

a potent deep learning architecture, to develop a real-time predictor for mooring 

line responses. Recognizing that mooring line tension often exhibits both low-

frequency and wave-frequency components, Wang et al. [6] adopted a 

preprocessing step involving a low-pass filter to segregate the cable tension and 

platform motion into their respective wave-frequency and low-frequency 

constituents within the training dataset. Subsequently, they utilized two separate 

LSTM models to train and predict the low-frequency and wave-frequency 

components of the cable tension, ultimately combining these predictions. Huang, 

Huang and Tang [15] have applied the LSTM method to predict the mooring 

tensions of the spread catenary and taut mooring system considering the 

dynamic stiffness of the polyester ropes, Tang et al. predicted the mooring 

tension of the FOWT combined the CNN-LSTM-ATT method and Chebyshev 

polynomials [16].  

In a comparative analysis, Payenda et al. [17] evaluated three recurrent 

neural network models for predicting mooring cable tension in semi-

submersible floating wind turbines, concluding that the Bidirectional LSTM 

model exhibited superior performance. In mostly previous studies, the input 

data for ANNs in the field of mooring line tension prediction were the six-

degree-of-freedom (6-DOF) responses of the floater. The responses of floating 

platform motions can be readily obtained in practice through a global 

positioning system (GPS), which offers high accuracy and stability, or by 

utilizing sensors such as gyroscopes, accelerometers, magnetometers, or other 

direct and convenient measurement devices [18]. 

We believe that the task of predicting mooring line tension based on 

platform motion falls into the category of short-term dependent time series 

prediction. Although the platform's reciprocating motion may lead to different 

mooring line tensions at the same position, the current mooring line tension is 

predominantly influenced by recent motions rather than those from the distant 

past. As a result, LSTM is undoubtedly the benchmark model for this prediction 

task and remains the mainstream approach in existing literature. In addition to 

LSTM, other models such as one-dimensional convolutional neural networks 

(CNNs), GRU, BiLSTM and modified Transformers are also suitable for short-

term dependencies. It is worth noting that while native Transformers are 

primarily designed for handling long-term dependencies[9], they can be adapted 

to short-term tasks by limiting attention windows or adjusting network 

architectures. Furthermore, hybrid models combining these techniques may 
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offer additional benefits [19]. Besides these deep neural network models, we 

also explore the use of neural operators like DeepONet for this prediction task. 

Neural operators are designed to learn mappings between functional spaces and 

offer strong generalization capabilities. Compared to the criticized "black box 

property" of traditional deep neural network models, deep operator networks are 

considered to have better interpretability [20]. In recent years, this method has 

gained increasing application in the field of ocean engineering. Cao et al. [21] 

conducted a comprehensive evaluation of three neural operators - the Deep 

Operator Network (DeepONet), Fourier Neural Operator (FNO), and Wavelet 

Neural Operator (WNO) - for predicting floating structures' dynamic responses. 

Their findings demonstrated that these neural operators outperform GRU 

models in terms of prediction accuracy. 

Subsequent research has further advanced this field. Zhao et al. [22] 

developed a fully adaptive time-frequency coupling forecasting model (FTD) 

by integrating deep operator networks with a self-attention mechanism. This 

innovative approach exhibited superior prediction accuracy and generalization 

capability compared to the original DeepONet model. In another study, Zhang 

et al. [23] proposed a Multiple-Input Operator Network (MIONet), which 

demonstrated enhanced accuracy and broader applicability when benchmarked 

against both LSTM and DeepONet models. Similarly, Zhao et al. [22] 

confirmed that the Multi-Branch DeepONet Model achieves higher precision in 

ship motion prediction, reinforcing the effectiveness of neural operator-based 

approaches in marine engineering applications. 

In recent years, the prediction of mooring line tension has been extensively 

studied in ocean engineering, with various deep learning models being 

employed for this purpose. Long Short-Term Memory (LSTM) networks have 

emerged as the most prevalent approach, alongside Gated Recurrent Units 

(GRU) and Transformer architectures. Earlier research also utilized 

Backpropagation (BP) neural networks for this task. While newer approaches 

like Deep Operator Networks (DeepONet) have begun gaining attention in 

ocean engineering applications, their specific application to mooring line 

tension prediction remains unexplored in the literature. 

This study begins by examining the fundamental paradigms of deep neural 

networks before delving into the methodology of deep operator networks. 

Building on this foundation, the paper proposes a novel operator network 

architecture that incorporates dual branches for displacement and velocity 

inputs. The research systematically compares the predictive accuracy and 

generalization capabilities of traditional deep learning models with those of 

neural operator approaches, providing valuable insights into their respective 

strengths and limitations. 

The novelty of this paper lies in three key aspects. First, this study addresses 

the mooring line tension prediction problem for floating wind turbines from a 

dual perspective of ocean engineering and artificial intelligence. It conducts a 

comprehensive comparative analysis of time-series prediction neural network 

models designed for short-term dependencies. Second, it formulates the 

mooring line tension as a functional relationship dependent on the position and 

velocity of the fairlead. This relationship is derived by applying position and 

velocity operators to time-series data of mooring tension and 6-DOF platform 

motions, with DeepONet utilized to execute these operator-based computations. 

Third, the paper contrasts mature, well-established, and validated neural 

network models with neural operators, which are particularly suitable for 

modeling physical fields. These three aspects have not been thoroughly 

explored in existing literature, making this study an innovative contribution to 

the field.  

 

2.  Methodology 

 

2.1. Numerical modeling of floating offshore wind turbine 

 

A numerical model of the OC4-DeepCWind semi-submersible platform 

supporting the NREL 5-MW wind turbine was simulated using OrcaFlex and 

OpenFAST. OrcaFlex is designed for analyzing the dynamic behavior of 

offshore structures in marine and subsea applications. It models the response of 

floating and fixed structures to environmental forces, including waves, wind, 

and currents [24]. The software calculates hydrodynamic loads using the 

Morison equation for slender structures and potential flow theory for 

surrounding fluids. Aerodynamic loads on the wind turbine are computed using 

the blade element momentum (BEM) theory. For mooring systems, OrcaFlex 

employs the lumped mass method, solving mooring chain tensions through 

numerical techniques like the Runge-Kutta method and General alpha method. 

By providing time-domain simulations, OrcaFlex enables the evaluation of 

motion responses of floating offshore wind turbines (FOWTs), including 

mooring tensions, displacements, and dynamic stability under varying 

environmental conditions. In contrast, OpenFAST is an open-source, integrated 

simulation tool developed by the National Renewable Energy Laboratory 

(NREL) for modeling the dynamic behavior of wind turbines. It simulates wind 

turbine responses under various loading conditions, incorporating aeroelasticity, 

hydrodynamics, and control systems. This research focuses on the OC4-

DeepCWind semi-submersible platform, which features three side columns 

arranged around a central column supporting the wind turbine. The angle 

between any two adjacent side columns is 120 degrees, as illustrated in Fig. 1. 

The mooring system of the floating wind turbine consists of three catenary lines, 

with a platform draft of 20m and a mooring anchor depth of 200m. The mooring 

tension predicted in this article refers to the fairlead tension of the mooring line 

aligned with the wind direction, such as Line 1 in Fig. 1, which has the 

maximum tension and deformation. 

 

 

Fig. 1 The wind turbine semi-submersible platform diagram 

 

2.2. Recurrent neural networks 

 

Recurrent Neural Networks (RNNs) are a class of artificial neural networks 

designed for sequential data, where the temporal dependency among data points 

is crucial. By leveraging internal memory, RNNs can retain information about 

previous inputs, enabling them to process sequences of arbitrary length. 

However, standard RNNs face challenges when dealing with long-term 

dependencies due to the vanishing or exploding gradient problem during 

backpropagation through time (BPTT) [25]. 

LSTM networks were introduced as an extension to RNNs to address the 

issue of long-term dependency. LSTMs use a unique architecture incorporating 

three gates—input, forget, and output gates—along with a cell state to regulate 

the flow of information, as shown in Fig. 2. The forget gate allows LSTMs to 

selectively retain or discard information, while the input and output gates 

control the addition of new information and its propagation to the next time step. 

This gating mechanism makes LSTMs highly effective for capturing both short-

term and long-term temporal patterns, particularly in tasks such as time-series 

prediction, language modeling, and speech recognition. It is worth mentioning 

that while LSTM is designed as an improved version of RNN specifically to 

address long-term dependencies, it also excels in handling short-term 

dependencies. This capability is attributed to the gate mechanisms of LSTM, 

which provide the flexibility to dynamically balance and process both short-

term and long-term dependencies simultaneously [26]. 

The output of LSTM is denoted as 𝑦𝑡, and the output of LSTM cell ℎ𝑡 at 

the time 𝑡 can be calculated as follows: 

 

𝑖𝑡 = σ(𝑊𝑖𝑥𝑡 + 𝑈𝑖ℎ𝑡−1 + 𝑏𝑖) (1) 

  

𝑓𝑡 = σ(𝑊𝑓𝑥𝑡 + 𝑈𝑓ℎ𝑡−1 + 𝑏𝑓) (2) 

  

𝑜𝑡 = σ(𝑊𝑜𝑥𝑡 + 𝑈𝑜ℎ𝑡−1 + 𝑏𝑜) (3) 

  

𝐶𝑡̃ = tanh(𝑊𝑐𝑥𝑡 + 𝑈𝑐ℎ𝑡−1 + 𝑏𝑐) (4) 

  

𝐶𝑡 = 𝑓𝑡 ⊙ 𝐶𝑡−1 + 𝑖𝑡 ⊙ 𝐶𝑡̃ (5) 
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ℎ𝑡 = 𝑜𝑡 ⊙ 𝑡anh(𝐶𝑡) (6) 

  

𝑦𝑡 = σ(𝑊𝑦ℎ𝑡 + 𝑏𝑦) (7) 

 

where 𝜎 and  𝑡𝑎𝑛ℎ are the sigmoid activation function and hyperbolic tangent 

activation function, respectively; 𝑖𝑡 denotes input gate, 𝑓𝑡 denotes forget gate, 

𝑜𝑡 denotes output gate, ⊙ denotes the product of vector elements; 𝑊∗, 𝑈∗ and 

𝑏∗ are the corresponding weight matrices to be learned, ∗∈ {i, f, o, c, y}, and 𝐶𝑡̃ 

is the temporary state of the input at time 𝑡.

 

 

Fig. 2 The neural network structure based on the LSTM model 

 

Bidirectional LSTM (BiLSTM) networks extend LSTMs by processing 

input sequences in both forward and backward directions, as shown in Fig. 3. 

This dual processing allows BiLSTMs to capture contextual information from 

both past and future time steps, making them particularly suitable for tasks 

where understanding the entire sequence is important, such as natural language 

processing (NLP) and video analysis. While BiLSTMs increase computational 

complexity and memory requirements, their ability to leverage bidirectional 

context often results in improved performance compared to unidirectional 

LSTMs. The output of the BiLSTM cell ℎ𝑡 at the time 𝑡 can be calculated as 

follows:  

 

ℎ𝑡
⃑⃑  ⃑ = LSTMforward(𝑥𝑡, ℎ𝑡+1) (8) 

  

ℎ𝑡
⃖⃑ ⃑⃑ = LSTMbackward(𝑥𝑡, ℎ𝑡+1) (9) 

  

ℎ𝑡 = [ℎ𝑡
⃑⃑  ⃑; ℎ𝑡

⃖⃑ ⃑⃑ ] (10) 

  

𝑦𝑡 = 𝜎(𝑊𝑦ℎ𝑡 + 𝑏𝑦) (11) 

 

 

Fig. 3 BiLSTM architecture 

 

The Gated Recurrent Unit (GRU) is another variant of RNNs, designed as 

a simpler alternative to LSTMs. GRUs merge the forget and input gates into a 

single update gate, and the cell state is directly combined with the hidden state, 

reducing the number of parameters, as shown in Fig. 4. Despite its simpler 

structure, GRUs often achieve comparable performance to LSTMs while being 

computationally more efficient. GRUs are particularly advantageous in 

scenarios with limited computational resources or datasets, where model 

simplicity is critical. 

 

 

Fig. 4 GRU architecture 

 

2.3. Convolutional neural networks 

 

The primary goal of a Convolutional Neural Network (CNN) is to extract 

salient features from input data. A typical CNN architecture includes 

convolutional, pooling, dropout, and fully connected layers. Convolutional and 

pooling layers act as preprocessing layers, filtering input data and extracting 

valuable information for subsequent fully connected layers. Convolutional 

layers perform convolution operations between input data and kernels to 

generate feature values. These layers require structured matrix inputs, as they 

were initially designed for image datasets [27]. The convolution kernel, a small 

matrix of coefficients, slides across the input matrix, computing feature values 

for each subregion. Multiple kernels produce various feature maps, capturing 

more meaningful information than raw inputs, enhancing the model's learning 

and generalization capabilities. Convolutional layers are followed by nonlinear 

activation functions (e.g., ReLU) and pooling layers. Pooling reduces feature 

map dimensions, lowering computational complexity and preventing overfitting. 

Common methods include max pooling (selecting the maximum value) and 

average pooling (calculating the average value). Pooling preserves key features 

by summarizing local information, ensuring translation invariance. Although 

pooling layers lack learnable parameters, they simplify data representation and 

enable deeper networks. For mooring tension prediction, CNNs extract features 

from one-dimensional data using PyTorch's "Conv1d" and "MaxPool1d" 

functions. This process effectively captures patterns in time series data, 

supporting accurate tension prediction. 

 



Lang-Wei Zhong et al.  360 

 

 

Fig. 5 Convolution layers and CNN architecture 

 

2.4. Transformer and attention mechanism 

 

The Attention Mechanism is a general computational framework that 

dynamically assigns weights to different parts of an input sequence based on 

their relevance to a given query. By computing a weighted sum of values, where 

the weights are determined by the compatibility between the query and a set of 

keys, it enables models to focus on the most relevant information. Self-Attention, 

a specialized form of the Attention Mechanism, derives queries, keys, and 

values from the same input sequence, allowing it to capture dependencies within 

the sequence by computing relationships between all positions. Building on this, 

the Transformer, a neural network architecture introduced by Vaswani et al. [28], 

replaces traditional recurrent or convolutional layers entirely with self-attention 

mechanisms. This design enables the Transformer to process sequences in 

parallel, efficiently capturing both local and global dependencies, and has 

revolutionized tasks in natural language processing and beyond. It is worth 

noting that the computational complexity of the self-attention mechanism in the 

original Transformer model is 𝑂(𝑇2) , where 𝑇   represents the sequence 

length. However, for predicting mooring line tension, focusing on motion data 

from the distant past is often irrelevant to the current tension. To address this, 

we optimized the model by introducing a local attention mechanism, reducing 

the computational complexity to 𝑂(𝑛𝑇), where n denotes the local range size 

of the attention mechanism. It is worth noting that this simplification does not 

come at the cost of accuracy. In other words, by applying local attention 

mechanisms to focus on platform motion near the current time step, the model 

can effectively predict tension while achieving significantly better 

computational efficiency—a critical advantage for edge-side deployment. 

Specifically, the Transformer model with local attention used in this study 

has a parameter count comparable to traditional LSTMs or GRUs. Depending 

on operational conditions, the model size ranges between 100,000 and 

1,000,000 parameters, with the original PyTorch model file typically occupying 

around 0.4 MB to 4 MB.  

Furthermore, by applying model compression techniques such as 

quantization, pruning, and knowledge distillation, the model can be further 

reduced in size. Even low-end edge AI chips with as little as 0.5 TOPS (Tera 

Operations Per Second) can easily handle the deployment of such optimized 

models.  
This design ensures high performance in real-world edge applications 

without sacrificing computational feasibility. 

 

2.5. Deep operator network 

 

DeepONet (Deep Operator Network) is a deep neural network architecture 

designed for learning nonlinear operators, as introduced in [29]. The DeepONet 

model facilitates mappings between two infinite-dimensional spaces by training 

on finite input-output pairs. At its core, DeepONet approximates nonlinear 

operators using neural networks, enabling efficient handling of high-

dimensional input and output spaces. The architecture comprises two primary 

subnetworks: the Branch Net and the Trunk Net. The Branch Net processes 

information from input functions, which are typically represented in discrete 

form (e.g., function values at specific points), and encodes this information into 

a feature vector. The Trunk Net, on the other hand, processes the location 

information of output points, mapping their coordinates into another feature 

vector. Together, these subnetworks enable DeepONet to effectively model 

complex nonlinear relationships in high-dimensional spaces, as shown in Fig. 6. 

Ultimately, the output of DeepONet is the dot product of the outputs of branch 

networks and trunk networks: 

 

G(𝑢)(𝑦) = ∑𝑏𝑖(𝑢)

𝑝

𝑖=1

⋅ 𝑡𝑖(𝑦) (12) 

 

𝐺(𝑢) is the output function corresponding to the input function u, where 𝑦 

represents the position of the output point, 𝑏𝑖(𝑢) is the output of the branch 

network, 𝑡𝑖(𝑦) is the output of the trunk network, and 𝑝 is the dimension of 

the feature vector. 

 

 

Fig. 6 Architecture of Deep operator network 

 

The functional of mooring line tension can be expressed as a nonlinear 

operator mapping of fairlead position and velocity: 

 

𝑇𝑚𝑜𝑜𝑟(𝑡) = 𝐺𝑇(𝑡; 𝑥̇(𝑡), 𝑥(𝑡)) (13) 

 

3.  Implemetation process 

 

3.1. Neural network method technical route 

 

Firstly, simulation data was obtained from OpenFAST and OrcaFlex. 

Secondly, the data underwent pre-processing steps, including normalization, 

data splitting, and sliding window processing, to prepare it for neural network 

training. Thirdly, the hyperparameters of the neural network were optimized to 

enhance model performance. Subsequently, the neural network model was 

trained and saved. Finally, the trained model was utilized to predict the mooring 

tension of the FOWT, as shown in Fig. 7. 

 

 

Fig. 7 Neural network method technical route 
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3.2. Deep operator network method technical route 

 

For the DeepONet model, the first step involves transforming the six 

degrees of freedom (6-DOF) motion of the platform into the position of the 

cable hole using the Euler rotation matrix. The Euler rotation matrix R is defined 

as follows: 

 

𝑅 = 𝑅𝑧(𝜓) ⋅ 𝑅𝑦(𝜃) ⋅ 𝑅𝑥(𝜙) (14) 

 

where  𝜓 ,  𝜃 , and  𝜙  represent the yaw, pitch, and roll angles, respectively. 

Subsequently, the corresponding velocity is calculated through differential 

computation using the finite difference method: 

 

𝑣(𝑡) =
𝑝(𝑡 + ∆t) − 𝑝(𝑡)

∆t
 (15) 

 

where 𝑝(𝑡) denotes the position at time  𝑡 , and  ∆𝑡  is the time step. 

In addition, the DeepONet model can be enhanced by integrating an 

attention mechanism. In this approach, the position and velocity data are 

processed by two separate branch networks, respectively. The position branch 

network 𝒩𝓅  and the velocity branch network 𝒩𝓋  are designed as fully 

connected neural networks. The outputs of these two branches are then 

combined using a self-attention mechanism 𝒜, which computes the weighted 

sum of the features based on their importance. We refer to this method as 

𝑀𝐼𝑂𝑁𝑒𝑡 − 𝐴𝑇𝑇 , a multi-input DeepONet framework that incorporates an 

attention mechanism. The overall architecture can be expressed as: 

 

𝑦 = 𝒜 (𝒩𝓅(𝑝),𝒩𝓋(𝑣)) (16) 

 

where 𝑝 and 𝑣 denote the position and velocity inputs, respectively. The key 

distinction between MIONet-ATT and DeepONet lies in their feature weighting 

strategies. MIONet-ATT employs an attention mechanism to dynamically and 

intelligently weight velocity and displacement vectors, enabling more precise 

characterization of their varying influences on tension prediction across 

different temporal stages. This adaptive weighting approach captures the 

temporal dependencies leading to superior output accuracy in modeling physical 

systems. 

Attention mechanisms have demonstrated transformative potential across 

multiple AI domains through their ability to learn context-aware feature 

relevance. In computer vision, the evolution from YOLOv11 [30] to YOLOv12 

[31] exemplifies this paradigm shift, where the traditional CNN backbone was 

replaced by a Transformer architecture enhanced with region attention modules, 

yielding significant improvements in object detection performance. The natural 

language processing domain has witnessed similar advancements, with models 

like Kimi-K2 achieving state-of-the-art results through optimized attention head 

configurations and innovative sparsity patterns. 

The widespread adoption of attention mechanisms stems from their unique 

advantages, including dynamic feature relevance scoring, interpretable weight 

distributions, and flexible integration with various neural architectures. These 

characteristics make attention mechanisms particularly valuable for scientific 

machine learning tasks that require modeling complex physical relationships. In 

this work, we extend their utility by integrating attention mechanisms with 

DeepONet's operator learning framework, creating a hybrid approach that 

combines the strengths of both methodologies for enhanced physical system 

modeling. The resulting architecture not only improves prediction accuracy but 

also provides insights into the relative importance of different physical variables 

across temporal and spatial domains.  

 

3.3. Model evaluation criteria 

 

Models' performance was evaluated using three common metrics: mean 

absolute error (MAE), root mean square error (RMSE), and mean absolute 

percentage error (MAPE). These metrics quantify the difference between 

predicted and actual values, with lower values indicating better forecasting 

accuracy. Additionally, the coefficient of determination (R²) was considered, 

with values closer to 1 indicating higher prediction quality. The detailed 

mathematical expressions for the above evaluation indicators are shown below 

[24]. 

 

R2 = 1 −
∑ (yi − yî)

2n
i=1

∑ (yi − yi̅)
2n

i−1

 (17) 

MAE=
1

n
∑|yi-yî|

n

i=1

 (18) 

  

RMSE=√
∑ (yi-yî)

2n
i=1

n
 (19) 

  

MAPE=
1

n
∑|

yi-yî

yi

|

n

i=1

×100% (20) 

 

where the 𝑦𝑖  and 𝑦𝑖̂ symbolize the measured and predicted values, respectively, 

and 𝑦̅ represents the mean of all the true values. 

 

Table 1 

Environmental conditions and load cases 

No. 𝑉𝑤 (m/s) 𝐻𝑠 (m) 𝑇𝑝 (s) 𝑉𝑐  (m/s) 𝜃𝑤𝑎𝑣𝑒 (°) 

Case 1 11.4 7.5 14.8 0 0 

Case 2 25.0 13.1 14.9 1.20 30 

Case 3 25.0 12.6 13.7 1.27 0 

 

In our experimental setup, we employed a systematic grid search approach 

to optimize the hyperparameters across all models. Given the diverse range of 

architectures involved in this study and potential variations in computational 

environments, we provide both a concise description of our hyperparameter 

optimization strategy and a comprehensive reference table detailing the 

parameter ranges (Table 2). 

The model architectures in this work typically contain between 100,000 to 

500,000 trainable parameters. To illustrate, our baseline LSTM implementation 

consists of three stacked LSTM layers with 192 units each, combined with fully-

connected input and output layers, resulting in approximately 450,000 

parameters. This parameter scale has proven sufficient for capturing the 

complex temporal dependencies in our regression tasks while maintaining 

computational efficiency. 

For training configuration, we established 100 epochs as the upper limit 

while implementing an early stopping criterion that terminates training when 

the validation loss fails to improve for 10 consecutive epochs. In practice, most 

models converged within 40-60 epochs, demonstrating stable learning 

dynamics. This balanced approach ensures thorough optimization without 

unnecessary computational overhead. 

The complete hyperparameter search space, including learning rates, batch 

sizes, and regularization coefficients, is systematically documented in the 

supplementary materials to facilitate reproducibility and future benchmarking 

efforts.  

 

Table 2  

Hyperparameters and model configurations 

Hyperparameters Reference range 

Number of layers 2-4 layers 

Number of units (hidden_size) 96-256 units 

Initial learning rate  4×10-3 

Batch size 32 

Activation function ReLU 

Optimizer Adam (β₁=0.9, β₂=0.999) 

 

4.  Case study 

 

This paper refers to the extreme sea conditions in the South China Sea and 

sets four cases to explore the predictive performance of different models. The 

wind conditions are characterized by turbulence, adhering to a Kaimal wind 

spectrum and blowing in a positive x-axis direction. The waves follow a 

Jonswap spectrum, while the flow is maintained as constant. Specific 

parameters are listed in Table. 1, where the abbreviation "w" stands for "wind", 

and "c" stands for "current". 

 

4.1. Performance evaluation of neural/operator network models 

 

We will divide the models into three groups: Group A (GRU, LTSM, 
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BiLSTM), Group B (LSTM, CNN-LSTM-ATT, LA-Transformer (Local 

Attention Transformer)), and Group C (LSTM, DeepONet, MIONet-ATT), 

using the LSTM model as the benchmark model to evaluate these models' 

performance. 

 

 

Fig. 8 Comparison of the performance metrics of different models (Case 1, Group 1)   

 

 

Fig. 9 Comparison of the performance metrics of different models (Case 1, Group 2)   

 

 

Fig. 10 Comparison of the performance metrics of different models (Case 1, Group 3)   

 

Table 3 

Comparison of Performance Metrics for Different Models: Case 1 

Model RMSE (kN) MAE (kN) MAPE 𝑅2 

GRU 41.80 30.62 2.02% 0.953 

LSTM 52.60 37.90 2.51% 0.913 

BiLSTM 52.14 34.52 2.38% 0.919 

CNN-LSTM-ATT 42.25 31.24 2.07% 0.951 

LA-Transformer 28.52 21.71 1.42% 0.969 

DeepONet 37.75 29.27 1.93% 0.945 

MIONet-ATT 31.65 23.39 1.53% 0.961 

 

 

Fig. 11 Comparison of the performance metrics of different models (Case 2, Group 1)  

 

 

Fig. 12 Comparison of the performance metrics of different models (Case 2, Group 2) 

 

 

Fig. 13 Comparison of the performance metrics of different models (Case 2, Group 3)   

 

Table 4 

Comparison of Performance Metrics for Different Models: Case 2 

Model RMSE (kN) MAE (kN) MAPE 𝑅2 

GRU 95.39 70.22 2.30% 0.995 

LSTM 114.87 91.32 3.18% 0.992 

BiLSTM 117.70 88.36 3.08% 0.992 

CNN-LSTM-ATT 128.87 97.62 3.40% 0.990 

LA-Transformer 80.29 59.56 1.83% 0.996 

DeepONet 231.23 177.96 5.67% 0.968 

MIONet-ATT 213.34 163.90 5.02% 0.972 
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Fig. 14 Comparison of the performance metrics of different models (Case 3, Group 1) 

 

 

Fig. 15 Comparison of the performance metrics of different models(Case 3, Group 2) 

  

 

Fig. 16 Comparison of the performance metrics of different models(Case 3, Group 3) 

 

Table 5 

Comparison of Performance Metrics for Different Models: Case 3 

Model RMSE (kN) MAE (kN) MAPE 𝑅2 

GRU 123.76 96.09 2.39% 0.993 

LSTM 180.31 126.75 2.92% 0.985 

BiLSTM 189.94 132.39 3.05% 0.983 

CNN-LSTM-ATT 92.67 70.47 1.75% 0.996 

LA-Transformer 128.94 88.89 2.33% 0.992 

DeepONet 312.01 229.54 6.18% 0.955 

MIONet-ATT 264.67 198.74 5.21% 0.968 

 

In order to ensure a fair comparison between different neural network 

architectures, we adjust the number of layers and the number of neurons in each 

layer of the models. This adjustment aims to keep the parameter counts of the 

models on the same order of magnitude. For example, the number of layers in 

the LSTM model is set to be twice that of the BiLSTM model. Neural networks 

demonstrate strong predictive performance, with the Transformer model 

achieving the highest accuracy. This validates our approach to predicting 

mooring line tension based on short-term dependency time series data. However, 

the neural operator exhibits slightly reduced accuracy under once-in-a-century 

sea conditions, particularly at peak and trough regions, as shown in Fig. 17. 

These regions coincide with significant velocity changes, where errors in 

velocity—derived from position differences—are more pronounced. 

Additionally, the input velocity data itself contains inherent uncertainties, which 

may contribute to these inaccuracies. 

 

 

(a) DeepONet, Case 2 

 

(b) MIONet-ATT, Case 2 

 

(c) DeepONet, Case 3 

 

(d) MIONet-ATT, Case 3  

Fig. 17 Performance evaluation of DeepONet and MIONet-ATT in Case 2 and Case 3  
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4.2. Generalization performance comparison of operator networks and neural 

networks 

 

The concept of generalization refers to a model’s ability to perform well on 

unseen data, a critical metric for real-world applicability. In this study, we 

compare the generalization performance of operator networks (e.g., DeepONet, 

MIONet) with traditional neural networks (e.g., LSTM, Transformer). Operator 

networks learn mappings between function spaces, making them effective for 

modeling physical fields [32, 33], while traditional networks excel at capturing 

discrete temporal dependencies. 

To empirically evaluate generalization, we design Case 4—a loading 

condition intermediate between Cases 2 and 3 (Table 6.). Models are trained on 

50% of time-series segments from Cases 2-3 and 20% from Case 4, then tested 

on unseen segments of Case 4. This validates their ability to extrapolate under 

novel sea conditions.  

The fundamental distinction between generalization testing and accuracy 

testing lies in the relationship between the training and testing datasets. In 

accuracy testing, where both training and testing data are drawn from different 

temporal segments of the same sea state, we evaluate a model's ability to make 

predictions within a specific, known environmental condition. In contrast, 

generalization testing employs training and testing sets from different sea states 

altogether, assessing whether a model trained on one set of conditions can be 

effectively applied to similar or even substantially different environmental 

scenarios. This capability for cross-condition prediction is particularly valuable 

for practical deployment, as it enables the use of fewer models across varying 

operational conditions, thereby conserving computational resources and 

simplifying implementation. 

Notably, inputs differ between architectures: platform 6-DOF motions for 

neural networks versus fairlead position/velocity for neural operators.  

 

Table 6 

Environmental condition and load case for generalization validation 

No. 𝑉𝑤 (m/s) 𝐻𝑠 (m) 𝑇𝑝 (s) 𝑉𝑐  (m/s) 𝜃𝑤𝑎𝑣𝑒 (deg) 

Case 4 25.0 12.8 14.3 1.24 0 

 

The generalization test results are as follows: 

 

 

(a) LSTM 

 

(b) LA-Transformer 

 

(c) DeepONet 

 

(d) MIONet-ATT 

Fig. 18 Generalization validation of neural network models and neural operator 

models  

 

Table 7 

Comparison of generalization performance for different models: Case 4 

Model RMSE (kN) MAE (kN) MAPE 𝑅2 

LSTM 265.88 193.64 5.40% 0.965 

LA-Transformer 104.67 76.26 2.04% 0.995 

DeepONet 328.45 257.55 7.07% 0.946 

MIONet-ATT 279.98 199.38 5.56% 0.962 

 

From the generalization test results, the LA-Transformer demonstrates 

superior performance, while the LSTM closely follows the MIONet-ATT, and 

the DeepONet lags slightly behind. Although the accuracy of neural operators 

is not outstanding, they still hold promising application prospects. As previously 

mentioned, in neural operators, the velocity vector is derived by differentiating 

the position vectors. During the reciprocating motion of floating platforms, the 

velocity undergoes significant fluctuations, which can adversely affect the 

accuracy of neural operators. Under other sea conditions, however, the accuracy 

is expected to improve. Additionally, the data sampling interval in this study is 

0.05 seconds, simulating a 20Hz GPS or sensor signal. If the sampling 

frequency is increased, the differential velocity obtained would be more 

accurate. Finally, the MIONet-ATT model exhibits a notable improvement in 

accuracy compared to the DeepONet model, and there remains ample room for 

further exploration of optimization methods for neural operators. At the end of 

this section, we provide a proof that extreme sea conditions amplify the 

approximation error of first-order differences. The truncation error of first-order 

difference is approximately 𝑂(∆𝑡 ∙ 𝑎), where 𝑎 is the acceleration and ∆𝑡 is 

the time step. The truncation error of 𝑂(∆𝑡 ∙ 𝑎)  in first-order difference 

schemes originates from Taylor series expansion analysis. The formal 

derivation proceeds as follows: 

a. Taylor Expansion of Displacement 

Consider the displacement function 𝑠(𝑡). Its Taylor expansion around time 

𝑡 is: 

𝑠(𝑡  +  𝛥 𝑡)  =  𝑠(𝑡)  +  𝑣(𝑡) 𝛥 𝑡  +  
1

2
(𝛥 𝑡)2  +  𝑂((𝛥 𝑡)3) (21) 

 

where, 𝑣(𝑡)  is the instantaneous velocity, 𝑎(𝑡)  is the instantaneous 

acceleration, 𝑂((𝛥 𝑡)3) is the higher-order infinitesimals. 

b. First-Order Difference Definition 

The first-order difference approximation of velocity is: 
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vdiff(t)≈ 
s( t +Δt) - s(t)

Δt
 (22) 

 

c. Substitution of Taylor Expansion 

𝑣diff(𝑡) = 𝑣(𝑡) +
𝑎(𝑡)

2
𝛥𝑡 + 𝑂((𝛥𝑡)2) (23) 

 

d. Truncation Error Expression 

The error between true velocity v(t) and approximated velocity vdiff(t) is 

Error = 𝑣diff(𝑡) − 𝑣(𝑡)  =  
𝑎(𝑡)

2
𝛥𝑡 + 𝑂((𝛥𝑡)2) (24) 

 

Neglecting higher-order terms 𝑂((𝛥𝑡)2), the dominant error term is: 

 

Error ≈ 
𝑎(𝑡)

2
𝛥𝑡 (25) 

 

The truncation error 𝑂(∆𝑡 ∙ 𝑎) of the first-order difference is essentially a 

linear approximation defect of Taylor expansion, which is significantly enlarged 

when the acceleration is large or the time step is coarse. The acceleration surge 

under extreme sea conditions is the fundamental reason for the aggravation of 

the error.  

We have added three non extreme sea conditions, in which the operator 

network has higher accuracy. The sea conditions are as follows: 

 

Table 8 

Environmental conditions in moderate sea states 

No. 𝑉𝑤 (m/s) 𝐻𝑠 (m) 𝑇𝑝 (s) 𝑉𝑐  (m/s) θ𝑤𝑎𝑣𝑒 (°) 

Case 5 11.4 2 3.5 0.3 0 

Case 6 11.4 5 4.5 0 0 

Case 7 11.4 6 4.7 0.1 0 

 

The operator networks demonstrates superior prediction accuracy in mod-

erate sea states, as shown in Fig. 19. 

 

 

(a) DeepONet, Case 5 

 

(b) MIONet-ATT, Case 5 

 

(c) DeepONet, Case 6 

 

(d) MIONet-ATT, Case 6 

 

(e) DeepONet, Case 7 

 

(f) MIONet-ATT, Case 7 

Fig. 19 Prediction accuracy/performance of operator networks in moderate sea states 

 
5.  Conclusions 

 

In this study, we developed several neural networks and operator networks 

to predict the dynamic mooring tension behavior of a semi-submersible floating 

wind turbine. The training and testing datasets are obtained from coupled 

numerical simulations in Orcaflex and OpenFAST. The neural network method 

utilizes the six-degree-of-freedom (6-DoF) time series of the platform as input 

and selects a neural network model suitable for short-term dependency time 

series prediction to forecast the mooring line tension of floating wind turbines. 

On the other hand, the operator network method first transforms the 6-DoF 

motion of the platform into the position of the fairlead through Euler rotation. 

The velocity is then obtained by differentiating the position, and the mooring 

tension is assumed to depend solely on the position and velocity of the fairlead, 

without considering changes in hydrodynamic forces. Consequently, time, 

position, and velocity operators are employed to represent variations in mooring 
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cable tension. The main conclusions of this study are as follows: 

⚫ In neural network models, the selected architectures demonstrate strong 

performance in predicting mooring line tension, with the Transformer 

model under a local attention mechanism (LA-Transformer) achieving 

the highest accuracy. 

⚫ In operator networks, the DeepONet combined with an attention 

mechanism (MIONet-ATT) shows significant improvement in prediction 

accuracy compared to the traditional DeepONet, along with better 

generalization capabilities. 

⚫ The accuracy of the operator network is closely related to the precision 

of the velocity in the input data. The drastic velocity changes during 

extreme sea conditions pose a challenge to the accuracy of operator 

networks. Nevertheless, the MIONet-ATT model still achieves 

reasonably high accuracy, indicating that operator networks hold great 

potential in the field of mooring line tension prediction. 

⚫ In summary, while relatively mature neural network models undoubtedly 

excel in purely data-driven applications, emerging operator networks are 

beginning to show promise, particularly due to their potential for 

integrating physical principles, which is highly encouraging. 
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