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PREDICTION OF CYCLIC MOMENT-ROTATION
BEHAVIOUR FOR TOP AND SEAT & WEB ANGLE
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ABSTRACT: In this paper, a simplified mechanical model of the joint with relative moment-rotation characteristics
for use in analytical modelling of MRSF systems is presented. The experimental moment-rotation behaviour of full-
scale connections is first considered followed by the development of a finite element model for them. The inelastic
moment-rotation predictions of the finite element model are compared with available experimental data.
Experimental results of full-scale connections are also compared with the mechanical model proposed by the
Eurocode 3. Based on the results of this comparison, a simplified mechanical model of the connection is developed.
This proposed simplified mechanical model still adopts the same "component method" approach of the Eurocode 3,
but introduces a more refined criteria for the modelling of the unilateral contact between the cleat and the column
flange, and a different expression for the evaluation of the joint capacity. An extensive parametric analysis is then
conducted to assess the inelastic moment-rotation behaviour and the results are compared with finite element
analyses and with available experimental data. The moment-rotation predictions of the simplified mechanical model
are in good agreement with experimental tests and with finite element analyses. The simplified mechanical model
also gives more consistent initial stiffness and nonlinear relative moment-rotation estimates if compared to the model
proposed by the Eurocode 3. The results of the conducted analyses show that the simplified mechanical model gives
results that are in reasonable agreement with experimental data and are more accurate than the results of the
Eurocode 3-Annex J model.

Keywords: Semi-rigid joints, steel structures, bolted connections, mechanical model, Eurocode 3, Annex J, finite
element model, partial strength

1. INTRODUCTION

Conventional analysis of frames is usually performed under the assumption that a connection joining
beam to column is either infinitely rigid or perfectly pinned. However, experimental test results on
full scale joint sub-assemblages (Bernuzzi et al. [1], Calado and Pucinotti [2]) clearly show that the
actual response of joints is far from the above idealisation. All connections transmit some moments
and exhibit certain degree of flexibility. The unintended modelling error introduces flexibility in the
frames and may considerably influence their static and dynamic responses. The concept of semi-rigid
connections has been acknowledged by researches several years already. Nowadays, it is well known
that all connections are semi-rigid. The concept of semi-rigid or flexible connections is recognized by
the Eurocode 3 as well by several national codes for steel structures (for example the U.S.A. codes).
But the theoretical knowledge did not actually have an immediate impact on practice. In this paper,
the prediction of the cyclic moment-rotation behaviour of top and seat & web angle connections
through a simplified mechanical model is presented. Many mechanical models were proposed in the
past by the researchers to simulate both monotonic and cyclic behaviour (Kishi and Chen [3], De
Stefano et al. [4], Pucinotti [5], Pucinotti [6], Ballio et al. [7] - De Stefano, A. and De Luca [8], De
Stefano et al. [4], Bernuzzi et al. [1], Bernuzzi [9], Bernuzzi et al. [10]).

The proposed simplified mechanical model is based on the same “component approach” introduced
by the Eurocode 3 with an introduction of a more refined modelling of the cleat-to-column interface
and a different expression for the evaluation of the moment capacity of the joint, which takes into
account for the effect of the d/#, (“d” is the diameter of the bolt connecting the angle to the column
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flange, “¢,” is the angle thickness) and r,/t, (“r,” is the groove fillet radius). Finally, the comparison
among the experimental curves (Exp.), the Mechanical model (MecMod), the Eurocode 3 Annex J
and the “modified” Eurocode 3 Annex J is considered to put in evidence based on their degree of
accuracy.

2. THE EUROCODE 3-ANNEX J MODEL

The moment-rotation relationships of the connection are non-linear over the entire range of loading
for almost all types of joints (Pucinotti, [ 11]). Different mathematical models have been proposed for
the analysis of the inelastic connections behaviour under monotonic loading and under fully reversed
cyclic loading (De Stefano and De Luca [8], De Stefano et al. [12], Bernuzzi [13], Bernuzzi et al. [1],
Pucinotti [5]).

The Annex J of the Eurocode 3 addresses the issue of the analysis and design of beam-to-column
joints in building frames subjected to predominantly static loading by the introduction of a
mechanical model that simulates the connection behaviour by a series of different components. Each
component is being modelled as an elastic spring with a specific stiffness and strength (De Luca et al.
[14]). The appropriate coupling of these springs in a parallel-series fashion gives the global stiffness
and strength of the connection. Figure 1 shows an example of Annex J model for Top and Seat angle
connections. For each type of joint, the component model requires the preliminary identification of
the basic components of the joint. Components stiffness coefficients, K;, and resistant design forces
(Frq;) are then evaluated. Finally, the joint initial rotational stiffness (Sj;,;) and its design moment
capacity (M;rqs) can be computed. In the case of top and seat angle connections, the EC3 model
considers the following components (figure 1b): the stiffness coefficients of the column web panel
in: shear (k;), compression (k;) and tension (ks); the column flange flexural stiffness (ks) and the
flange cleat flexural stiffness (ks); The bolts tensile stiffness (kjo), and, for non-preloaded bolts, their
shear stiffness (ki) and their bearing stiffness (ki»).

K3 K(7 Kll

Il
[ u K4 KIO K12
u‘JP‘u

o

ﬁjﬁ
-
=

a) b)
Figure 1. Example of Annex J model for Top and Seat Angle Connections

The initial stiffness of the connection is given by the formula:

2
Ez
Joini T

S UK,
i=1

S (D
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where:

E is the Young’s modules,

K; 1is the stiffness coefficient of the i-th component;

n 1s the number of basic joint components;

z is the distance from the mid-thickness of the leg of the angle cleat on the compression flange and

the bolt-row in tension (figure 1b).

In the EC3 model, the joint resistance coincides with the resistance of the most weakest component;
the flexural joint resistance, M, g is computed as:

v r (2
where:
Foq =min[Fyyp, Fryp ey Fry, ] v

In EC3-Annex J, the moment-rotation response is described by a linear elastic relationship, Eqn. 4,
if the moment M, s, is lower than the elastic one, M, (M.=2/3M; rq), followed by a non linear part,
Eqn. 5, up to the attainment of M; g4, which provides the plateau of the M-F curve up to the ultimate
rotation ¢4 (figure 2).

Mj sd .
o=—L% it M, <2/3M (4)
Jini
_ (l'SMj,Sd /M_/,Rd)lp
S

p it 2/3M 5y <M 5y <M, (5)

Jini

where:

M;rqs  1s the design moment resistance of the connection;
M;sq  1s that applied;

¥ is the shape factor;

Sj ini 1s the initial stiffens of the connection.

The parameter y depends on the joint type (it assumes the value of 3.1 in the case of bolted angle
cleats).

The Annex J does not include a mechanical model for top-and-seat with web angle connections.

An extension of Annex J at this type of connections was presented in ([Pucinotti [5]) (see the curve
indicate with EC3 —web in figure 3), where the limitation on the resistance moment was neglected
and the validity of Eqn. 5 was extended also to the cases of M>M; p, (indicate with EC3-web+Hr in
figure 3):

Mj,Sd .
p=—1"if Mg, <2/3M 4, (6)
J.ini
_(L5M g,/ M, )"
N

¢ it M5, >2/3M (7)

Jini
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]‘lj
f /
//ﬁ S ini Sy=0
. =
M; ra /
M;sq //
M,
Dey Dxa Dcqg @
Figure 2. EC3-Annex J Model: Curve M-®
M EC3 (web+Hr)
....... LN "
o ,.-.-~-~""":':‘;1.' :gh
T I e (web
¥ EC3 (no web)
.\'\.ng,lm'
¢
Figure 3. Extension of EC3-Annex J Model: Curves M-O®
3. THE FINITE ELEMENT MODEL

To understand the actual behaviour of the available experimental results of this type of connections
under monotonic and cyclic loading (Bernuzzi et al. [1]), a finite element model of the test setup has
been developed (figure 4). The most relevant parameters influencing the nonlinear response of the
joint have been considered in the finite element model. The unilateral contact between the column
flange and the angular cleat was modelled with a set of discrete gap elements whose initial stiffness,
K:, was estimated by the following expression (Wales & Rossow [15]) :

=—bf_p ®)
In(1+H,)
where
twe 1S column flange thickness;
E  is Young modulus;
H: is column height;
Ba  is angle base size.
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e "
7
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LY,

Figure 4. Finite Element Model

In figure 5, the finite element model and the Eurocode 3 Annex J model results have been compared
with the experimental curves. The same figure 5 shows this comparison with reference to
experimental “Bernuzzi” data (Bernuzzi [13]).

The results of this comparison (figure 5) show that the finite element moment-rotational predictions
are in good agreement with experimental data.

The Eurocode 3 model, instead, gives a reasonable estimate of the initial stiffness, but largely
underestimates the joint capacity (even including the strain hardening effect).

Afterwards, a parametric analysis was developed to understand the influence of most important
parameters, in which moment-rotation curves were derived for various values of the varying
parameter “d/t,” (where “d” is the diameter of the bolt connecting the angle to the column flange and
“t;” 1s the angle thickness).

In figure 6, the results of the finite element model were compared with the inelastic moment-rotation
predictions obtained by applying the Eurocode 3-Annex J model.

The results of this comparison confirm that the Eurocode 3 underestimates the joint capacity
predicted by the finite element model over the entire range of variation of the investigated parameter
d/t,. It is possible to see that the EC3, which does not take into account for the effect of the d/t, ratio
on the joint capacity, gives inaccurate and conservative results.

They confirm that the EC3 model is not accurate enough to assess the inelastic rotation demand of
actual connections.
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TSC-C t=12 d/t=1.7

TSC-D t=12 d/t=1.7
100 -
M [kNm]

--------

-100 -

Figure 5. Comparison among EC3-Annex J model, F.E.M. Model and
Experimental “Bernuzzi” Data
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Figure 6. Parametric Analysis and Comparison Among F.E.M. Model
and EC3-Annex J Model



R. Pucinotti 536

4. THE PROPOSED MECHANICAL MODEL

A modified model is proposed in order to improve the inelastic relative moment-rotation predictions
of the Eurocode 3. It is still based on the same “component” approach adopted by the Eurocode 3.

Using the experimental data and the results of the previous parametric analyses, the model was
modified with the introduction of a different expression for the evaluation of the lever arm that
modifies the joint capacity. This model is an extension of a previously model (Pucinotti [5]) where
the effect of the unilateral contact between the angle cleat and the column flange was already
included. The joint is modelled by two rigid bars connected by two non-linear springs (figures 7, 8)
that represent the axial response of the angles. The rigid bars AB and CD (figure 7), respectively

represent the column and the beam.

B
Ll Llal d ’_6‘1_‘
Ly [[[ L2 D
Va / //

F
<]7

aini

% A
ANAN
- <!
i C

|
|
J

8

A

Figure 7. Top and Seat Angle Connections: Mechanical Model

The AC beam, as shown in figure 8, simulates the flexural response of the outstanding leg of angle
and the spring BE (figure 8) is introduced to model the bolt behaviour. The AB part of the beam is
modelled as an elastic beam supported by a discrete set of independent springs representing the
stiffness, K: , of the column web, Eqn. 8. The segment BC of the beam is modelled as an inelastic
beam with linear strain hardening, while the BE segment is modelled as an elastic-perfectly-plastic

spring.

The end C of the outstanding leg is free to translate vertically, but its rotation is constrained to the
value: ¢ = o c/ H, , were 6 c is the vertical translation and H}, is the height of the connected beam.

To obtain 6., it is possible to apply the principle of virtual forces (figure 9), considering a virtual unit
load condition applied in C and orthogonal to the beam, which gives the moment distribution M’(z):

L
2a , , N , M
Sc = [M (D) (2)dz+ N, M 9)
0 b )

where:
y, = curvature of the part BC of the beam;

N’Be=axial load;
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Enmd’® /4
t,+1,

K» = axial stiffhess of the bolts =

t, = thickness of the angle;
tr. = thickness of the flange column.

o2
a

:Ll le“
”L2 JLM

:\:E T
SO o

H

Figure 8. Top and Seat Angle Connections: Mechanical Model

A modified expression for the evaluation of “L=L,,” is hereby proposed (figure 8) in order to take
into account for the effect of the investigated d/z, ratio and r,/¢, ratio (v,=root fillet radius) on the joint
capacity:

L,=L-d/2 (10)
L,=L,—t,—ar,—pBd (11)

where: L,, t, r, and d, are shown in figure 7,

3 2
a=—2.019(41ﬂj +9.574[”at+taJ —10.837(%} (12)
and
p=0 it d/t, <1
B=y-(d/t)}+3d/t,)-8/4  if 1<d/1, <15 (13)
B=1/2 if d/t,>21.5

The solution of the following fourth order differential equation applied at the part AB of the
outstanding leg (figure 8) agrees with the valuation of the rotational stiffness K¢ 20f the spring B:

K, = 2EIa*[E,(AC — 4,5) ~ E,(4,C — 4,5) (14)
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where:
K (1/4)
I=Bt /12, a=( tj , E, =exp(al,,),
4EI
E, =exp(-al,,), C=cos(al,,). S =sin(al,,),

in which, 41, 42, A3 and 44, have been carried out by means the boundary conditions:

- bending moment,M)=0;
- shear, Vi9)=0;

- horizontal displacement of B, V= —V(B)/K Y

- rotation of B, ¢ @ 1
still:

A1:A3:;, A,=24+A4,, A, =—-Aalb,
(c—albd)
where:
a=ES+2EC+E,S b=EC+E,C
¢=3aE (C-8)+2aE,(C-S) d=aE (C-S)-2aE,(C+S)

In figure 10, the monotonic non-linear F-dc¢ relationship is reported.

538

(15)

(16)

(17)

(18)
(19)

On the basis of previous experimental study (Bernuzzi [1,9,10,13]), the response of the outstanding

leg in the cyclic case could be defined by the following phases (figure 11):

¢ unloading phase
BC: linear elastic relationship of breadth 2F, and stiffness S;;
CD: post-elastic behaviour with stiffness Sj;
DE: contact between the outstanding leg and the column flange;
e reloading phase

ED: reloading with contact between the outstanding leg and the column flange;

DG: elastic linear relationship of breadth 2F, and stiffness S;;
GH: post-elastic behaviour with stiffness Sj;

The mechanical model in the case of top and seat with web angle connections, presents a number of

additional components equal to bolt-rows of the web cleat (figure 12).

The stiffness K,,; of the column web (Wales and Rossow [16]) in correspondence of the i-th bolt row

is given by the formula:

twi = LB awi
In(1+ H.,)

21
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in which:
t. = thickness of the web column;

E =Young’s modulus;
H. = height of the beam;
B,yi= width of the portion of outstanding leg of web angles (figure 12).
D.S. Ly 8¢ LS
| | |
‘ A i | | |
M
3 | L » N K¢ N K¢
E%@% 5L EXp—q B, ||[E¥—Q B
\’_ﬂ \\\\ Lza \\\\ F:I
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Figure 9. Application of the Principle of Virtual Forces

In this case, the extreme C of portion of the outstanding leg of web angle is free to translate

horizontally but its rotation ¢ .= 0.
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Figure 10. Elasto-plastic Relationship with Linear Strain Hardening
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2F,

Figure 11. Extension at the Cyclic Case

ocwi 1s obtained by the application of the principle of virtual forces:

2L

™ . N .M
S = | M (2)1(2)dz+ Ny 25+ M, -—* (22)
0 wai dwi
where:
x = curvature of the part BC of the beam,;
N’se = axial load;
2
Kowi = axial stiffness of the bolts = Emd /4
t,,t l‘fc
taw = thickness of the web angle;
tr= = thickness of the flange
column. Kyy; = rotational stiffness
and:
Llawi = Llwi _dW/2 (23)
LZai = L2wi - taw - awraw - ﬂwdw (24)

where: Liwiand L2wi are depicted in figure 12, while raw is the root fillet radius of web angle and dw is
the diameter of web bolts.

3 2
a, = —2.019[—rw' ”awj +9.574(—raw ”an —10.837[—raw ”awj (25)
£, =0 if d,/t, <1
B, :J—(a’w/tw)z +3(d, /1, )-8/4 if 1<d_ /t, <15 (26)

B,=1/2 it d, /t, =215
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Figure 12. Mechanical Model with the Addition of the Web Angles

S. COMPARISON

Figures 13 and 14 show the moment-rotation curves obtained by the application of the proposed
model, the finite element model and the EC3 model (with and without hardening).

The results show that the inelastic rotational predictions of the proposed model are really close to the
finite element model.

The predictions of the proposed model are more consistent, over the entire range of variation of the
investigated parameter “d/f’(0.8+4), while the results of the Eurocode 3, which do not take into
account the effect of the d/f« and r/t. ratios in the evaluation of the lever arm, represent an error. Here,
the proposed model is applied to the experimental curves content in the Sericon data bank (Weynand
[16]) and to the Bernuzzi experimental tests (Bernuzzi et al. [1]). Figure 15 shows the schemes of
the different types of top and seat connections being considered (type A, B and C).

Joint type A does not include web angles while joint type B and type C include single web angle
connection.

The geometric characteristics and the mechanical property of the studied connections are shown in
the tables 1, 2 and 3.

Table 1. Bernuzzi: Geometrical and Mechanical Characteristics of the Joints

TEST Type of joint Beam Column | Flange Angle Type of | f,[MPa] | fy[MPa] | fn[MPa]
Web Angle Bolt fi[MPa] | fye[MPa] | fup[MPa]
TSC-A Type A HE600B | IPE300 | L120X120X12 M20 313.20 / /
/ 8.8 459.20 / /
TSC-B Type A HE600B | IPE300 | L120X120X12 M20 313.20 / /
/ 8.8 459.20 / /
TSC-C Type A HE600B | IPE300 | L120X120X12 M20 313.20 / /
/ 8.8 459.20 / /
TSC-B Type A HE600B | IPE300 | L120X120X12 M20 313.20 / /
/ 8.8 459.20 / /
fy. = Yield stress of flange Cleats fyr. = Yield stress of Column flange fyn = Yield stress of Beam flange

f,. = Ultimate stress of flange Cleats f,¢ = Ultimate stress of Column flange  f,5 = Ultimate stress of Beam flange
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Table 2. “Sericon” Data Bank: Geometrical and Mechanical Characteristics of the Joints

TEST Type of joint Beam Column | Flange Angle Type of | fj.[MPa] | fy[MPa] | f[MPa]
Web Angle Bolt f.[MPa] | fu[MPa] | f.n[MPa]
101003 Type A IPE 200 | HE160B [ L150x90x15 Mlé6 / 280.0 351.0
/ - / 422.3 456.0
101006 Type A IPE 200 | HE160B | L150x90x15 Mlé6 / 280.0 351.0
/ 10.9 / 422.3 456.0
101012 Type A IPE 300 | HE160B [ L150x90x15 M1lé6 / 280.0 303.0
/ 10.9 / 422.3 447.0

Table 3. “Sericon” Data Bank: Geometrical and Mechanical Characteristics of the Joints

TEST Type of Beam Column | Flange Angle Type of fy[MPa] [ fyx[MPa] | fyn[MPa]
joint Web Angle Bolt fu[MPa] | fu[MPa] | fu[MPa]
103001 Type B HE200B | IPE 240 | L150x90x10 Ml16 298.0 274.0 291.0
L150x90x10 8.8 478.5 419.0 420.0
103002 Type B HE200B | IPE 240 | L150x90x10 Ml16 240.5 274.0 291.0
L150x90x10 8.8 392.0 419.0 420.0
103003 Type B HE200B | IPE 300 | L150x90x10 M20 298.0 274.0 279.0
L150x90x10 8.8 478.5 419.0 419.0
103004 Type B HE200B | IPE 300 | L150x90x13 M20 240.5 274.0 279.0
L150x90x13 8.8 392.0 419.0 419.0
103005 Type B HE200B | IPE 360 | L150x90x10 M24 298.0 274.0 279.5
L150x90x10 8.8 478.5 419.0 418.0
103006 Type B HE200B | IPE 360 | L150x90x13 M24 240.5 274.0 279.5
L150x90x13 8.8 392.0 419.0 418.0
103045 Type C HE200B | IPE 240 | L150x90x10 M16 298.0 274.0 291.0
L150x90x10 8.8 478.5 419.0 420.0
103046 Type C HE200B | IPE 240 | L150x90x13 Ml16 240.5 274.0 291.0
L150x90x13 8.8 392.0 419.0 420.0
103047 Type C HE200B | IPE 300 | L150x90x10 M20 298.0 274.0 279.0
L150x90x10 8.8 478.5 419.0 419.5
103048 Type C HE200B | IPE 300 | L150x90x13 M20 240.5 274.0 279.0
L150x90x13 8.8 392.0 419.0 419.5
103049 Type C HE200B | IPE 360 | L150x90x10 M24 298.0 274.0 279.5
L150x90x10 8.8 478.5 419.0 418.0
103050 Type C HE200B | IPE 360 | L150x90x13 M24 240.0 274.0 279.5
L150x90x13 8.8 392.0 419.0 418.0
dit.=4 d/t.=2
30 FEM. 70 F.EM
o5 | ———EC3 60 1. — —— EC3 -
-.—.— MecMod _ - . —.— MecMod e s
-€20~—“—EC3(HQ ,,,,,,,,,,,, .§.50 P —ECB(HN) =S
vl o S0l
= s> 7
Y- ——————————— —— —— — — -
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0 10 rot [mrad] 20 30 0 10 rot [mrad] 20 30

Figure 13. Comparison among F.E.M. Model, EC3-Annex J Model,
Modified EC3- Annex J Model and Mechanical Model
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Figure 14. Comparison among F.E.M. Model, EC3-Annex J Model,
Modified EC3- Annex J model and Mechanical Model

Figures from 16 to 20 show the comparisons among;:

- the experimental curves (Exp.);

- the Mechanical model (MecMod);

- the Eurocode 3 Annex J (EC3(no web));

- the “modified” Eurocode 3 Annex J (EC3(web) that take in account of the contribution
for web angles;

- the “modified” EC3(web+Hr) for top and seat & web angles plus hardening.

Type 4 Type B Type C
1T o4 4 i+ %
) L . L ki
é]g o6 ]g S - ; b6

Figurel5. Type of Investigated Connections
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Figure 16. Comparison among Annex J, M.S.M. and Experimental “Sericon” Data
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Figure 17. Comparison among Annex J, M.S.M. and Experimental “Sericon” Data
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Figure 18. Comparison among Annex J, M.S.M. and Experimental “Sericon” Data
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Figure 19. Comparison among Annex J, M.S.M. and Experimental “Sericon” Data
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Figure 20. Comparison among Annex J, M.S.M. and Experimental “Sericon” Data
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The “modified” Eurocode 3 application (top and seat & web cleats, top and seat & web cleats plus
hardening) has shown a better accuracy, but it underestimates the resistance and sometimes it
overestimates the stiffness. The web cleat’s contribution, in the EC3, produces an increment of the
strength about of 10 to 20%. The application of the Eurocode 3, by considering the web cleat plus
hardening, shows a better assessment of the actual behaviour of the connections. The mechanical
model (MecMod) shows a better evaluation of actual behaviour of the connections, especially on
what concerns the prediction of the design moment resistance. The MecMod is able to predict the
actual behaviour of different type of connections. The comparison between the moment-rotation
curves of mechanical model and the Bernuzzi experimental curves (figures 21, 22, 23 and 24) show a
good capability of MecMod on simulating the actual cyclic behaviour of this type of connection. The
MecMod, in this first stage, does not take into account the phenomena of stiffness and resistance
degradation.

Test TSC-A
100 4

M [kNm]

¢ [mrad]

-30 A W ’ 30

/135450 -

-100 -

Test TSC-A

100 -
M [kNm]

¢ [mrad]

-30 30

-100
Figure 21. Comparison among Annex J, MecMod. and Experimental “Bernuzzi” Curve
In the same figures, a cycle of mechanical model is compared with an experimental one. It is possible

to see the capacity of the model predicting the actual design moment resistance of the investigated
connections.
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Figure 22. Comparison among Annex J, MecMod. and Experimental “Bernuzzi” Curve
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Figure 23. Comparison among Annex J, MecMod. and Experimental “Bernuzzi” Curve
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Figure 24. Comparison among Annex J, MecMod. and Experimental “Bernuzzi” Curve

6. CONCLUSIONS

The mechanical model for the inelastic analysis of semi-rigid and partial-strength top and seat angle
bolted connections presented was based on the same “component approach” introduced by the
Eurocode 3. The Eurocode 3 approach is still maintained, but has been introduced a more refined
modelling of the cleat-to-column interface and a different expression for the evaluation of the
moment capacity of the joint. It takes into account the effect of d/f« and d/t« ratios. The proposed
mechanical model can be included into existing code for the analysis of MRSF, which includes joint
types. These conducted analyses yield results in agreement to the experimental data and they are
more accurate than the results obtained by the Eurocode 3-Annex J model.
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ABSTRACT: Basic requirements about reliability, security and safety conditions of the overhead electrical lines are
presented in accordance with European Code EN 50341-1:2001. Actions on overhead lines and load cases on
supports have been classified. Basic design assumptions used in analysis of lattice steel towers are announced and
limit state method has been consistently introduced to structural design of overhead electrical lines.
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1. INTRODUCTION AND ESSENTIAL DEFINITIONS

The new European standard EN 50341-1 [1] provides a basis and general principles for the
structural, geotechnical and mechanical design of overhead electrical lines in conjunction, in the
case of steel structures, with Eurocode 3: EN 1993-1-1 [2] and EN 1993-3-1 [3]. The general
principles of structural design are based on the limit state concept used jointly with the partial
factor method. The values of the partial factors for actions and material properties depend on the
type of structures and the type of limit state. Partial factors also depend on the coordination of
strength envisaged for the lines.

In principle, there are two approaches used to determine the numerical values for actions, material
properties and partial factors of safety. The first one, General approach, is based on the statistical
evaluation of meteorological and experimental data and field observations. The second one,
Empirical approach, is based on the calibration by a long and successful history of overhead lines
construction. In practice, the two above approaches are used in combination.

In Poland, according to the National Normative Aspect: EN 50341-3-XX [4], the statistical
approach is considered as giving additional, accessible numerical values for actions and material
properties to the Empirical approach.

In order to achieve a better understanding of the definition of certain terms (by mechanical and
electrical engineers), some essential definitions, according to International Electrical Vocabulary —
Chapter 466 — Overhead lines: IEC 60050, are presented, as follows:

e Electrical system — all items of equipment, which are used in combination for the generation,
transmission and distribution of electricity;

e Mechanical system — set of components connected together to form an overhead electrical
line, e.g. conductors, supports, foundations, insulator strings and hardware;

e Electrical reliability — ability of a system to meet its supply function under stated conditions
for a given time interval;
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2.

Bases of Design of Overhead Electrical Lines According to General Requirements of European Standard EN 50341-1: 2001

Structural reliability — probability that a system performs a given purpose under a set of
conditions over a reference period. Reliability is thus a measure of the success of a system
in accomplishing its purpose;

Design working life — assumed period for which a structure is to be used for its intended
purpose with anticipated maintenance but without substantial repair being necessary;

Action — force (load) applied to the mechanical system (direct action) or an imposed
deformation caused by temperature changes, uneven settlement, etc. (indirect action);

Load cases — compatible load arrangements, sets of deformations and imperfections
considered simultaneously with defined variable actions and permanent actions for a
particular verification;

Reference period — period taking into account the design working life of the system or of
one of its elements and/or of the characteristic value of an action;

Return period — mean interval between successive recurrences of a climatic action of at
least defined magnitude. The inverse of the return period gives the probability of exceeding
the action in one year;

Safety — ability of a system not to cause human injuries or loss of lives during its
construction, operation and maintenance;

Security — ability of a system to be protected from a major collapse (cascading effect) if a
failure is triggered in a given component. This may be caused by electrical or structural
factors;

Design situation - set of physical conditions representing a reference period for which the
design will demonstrate that the relevant limit states are not exceeded;

Clearances — distance between two conductive parts along a string stretched the shortest
way between these conductive parts; internal clearances — are between phase conductors
and earthed parts such as steel structural elements and earth wires and also those between
phase conductors; external clearances — are between phase conductors to ground plane,
roads, buildings and installations;

Support — general term for different types of structure that support the conductors of the
overhead electrical lines;

Suspension support — support equipped with suspension insulator sets;

Tension support — support equipped with tension insulator sets;

Tangent support — suspension or tension support used in straight line;

Angle support — suspension or tension support used at angle point of a line;

Section (anchorage) support — tension support with or without a line angle serving
additionally as rigid point in a line to limit cascading;

Terminal (dead-end) support — tension support capable of carrying the total conductor
tensile forces in one direction;

Span length — the horizontal distance between two adjacent supports;

Wind span (of a support) — the arithmetic mean value of the lengths of adjacent spans;
Weight span (of a support) — the horizontal distance between lowest points of conductors on
either side of a support.

BASIC REQUIREMENTS

An overhead electrical line should be designed and constructed in such a way that during its
intended life, it shall perform reliability, security and safety requirements. Moreover, the conditions
of the public safety, durability, robustness, maintainability, environmental requirements and
appearance of the structure should be considered and found satisfactory.
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Reliability requirements are achieved by design according to: EN 50341-1 [1], EN 1990 [6], EN
1991 [7] and EN 1993 [2]. In accordance with the Polish National Aspects EN 50341-3-XX [4], it
is decided to apply the reliability level 1 for overhead lines, i.e., the return period T of climatic
actions is 50 years.

Security requirements correspond to special loads and measures intended to prevent uncontrollable
progressive or cascading failures. It is essential that the failure is contained within or very close to
the section where overloads occur. In order to prevent cascading failures, some simulated actions
and loading conditions are provided.

Safety requirements are intended to ensure that construction and maintenance operations do not
pose safety hazards to people. The safety requirements consist of all special construction and
maintenance loads, taking into consideration the working procedures, temporary guying, lifting
arrangement, etc.

When designing an overhead line using statistical approach, three different reliability levels may
generally be considered, each corresponding to a given return period T of the characteristic value of
the variable (climatic) actions:

e level 1 - T =50years,
e level 2 - T =150 years,
e level 3 - T =500 years.

Deviations from these levels may be made in accordance with the specific requirements for the
project in question. However, the level selected shall at least correspond to a reliability of level 1 (T
= 50 years), except for temporary constructions and for components installed temporarily (for
example T = 3 or 10 years).

The yearly reliability of an overhead line (a structure) is roughly related to the return period T of
the climatic actions and is between (1 — 1/T) and (1 — 1/2T), that for reliability level 1 is of 0.98 to
0.99, which can be considered as a minimum value.

An absolute reliability of an overhead line (as of each structure) will generally be difficult to
determine. Therefore, reliability level 1 can be regarded as the reference reliability whereas the
higher reliability levels are to be understood as relative to the reference one. Besides, the reliability
of a structure depends on determination of resistance level of the structure.

In order to provide an overhead line corresponding to the requirements and to the assumptions
made in the design, appropriate quality assurance measures during design and construction should
be adopted. Quality assurance is described in EN 1SO 9001.

The general principles of structural design of overhead line are based on the limit state concept
used in conjunction with the partial factor method.

Limit state design shall be carried out by:

e setting up structural and load models relevant to ultimate or serviceability limit states,
which are to be considered in various situations and load cases,

e verifying that the limit states are not exceeded when design values for actions, material
properties and geometrical data are used in the model.



556 Bases of Design of Overhead Electrical Lines According to General Requirements of European Standard EN 50341-1: 2001

Design values are generally obtained by using characteristic or combination values in conjunction
with partial factors, as defined in EN 50341-1 [1], EN-50341-3-XX [4] and in Eurocodes: 0, 1 and
3, i.e. in: EN-1990 [8], EN-1991 [7] and EN-1993-1-1 [2].

Ultimate limit states are those associated with collapse or with other similar forms of structural
failure due to loss of stability, overturning, rupture, buckling, etc. Ultimate limit states concern the
reliability and security of supports, foundations, conductors and equipment, as well as the public
safety.

Serviceability limit states correspond to certain defined conditions, beyond which specified service
requirements for an overhead line are no longer met. The serviceability requirements concern the
mechanical functioning of supports, foundations, conductors and equipment, as well as the
electrical clearances. Serviceability limit states include deformations and displacements that affect
the appearance of effective use of the support including a reduction of electrical clearances,
vibrations which cause damage to conductors, supports or equipment or which limit their functional
effectiveness, and the damage which is likely to affect the durability of overhead line.

3. ACTIONS ON OVERHEAD LINES
3.1 Classification of Actions

An action, (F), is a direct action, i.e. force (load) applied to the conductors, insulators, supports and
foundations or an indirect action, i.e. an imposed or constrained deformation caused, for example,
by temperature changes, ground water, variation or uneven settlement, if applicable. Actions may
have static or dynamic nature. Usually, with the exception of seismic area, actions on overhead
lines are considered as static or quasi-static action, such as wind load, etc. In the design of overhead
line supports and foundations, special attention should be paid to the extraordinary span length and
slender supports.

In view of variation in time, actions on support of overhead lines are classified, as follows:

e permanent actions (G), i.e. self-weight of conductors and the effects of the applicable conductor
tension at the reference temperature, self-weight of support foundations, fittings and fixed
equipment, as well as uneven settlements of support;

e variable actions (Q), i.e. wind loads, ice loads, conductor tension effects due to wind and ice

and temperature and other imposed loads; wind and ice loads as well as applicable temperatures
are climatic conditions, which can be assessed by probabilistic methods (general approach) or
on a deterministic basis (empirical approach); the vertical reaction from self-weight of the
conductor at the support (the weight span) is affected by deviations from the reference state of
the conductor tension due to conductor creep and temperature variations and is a variable
action.
Construction and maintenance loads including working procedures, temporary guying, lifting
arrangement, etc., are variable actions with reduced reference period of these actions. Imposed
loads arising from conductor stringing, climbing on the towers, etc., are assessed on a
deterministic basis and refer to the safety aspect;

e accidental actions,(A), i.e. failure containment loads (at rupture of a conductor); avalanches,
exceptional ice loads including unbalanced ice loads, etc. These relate to the security aspect.
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Characteristic value of an action, Fy, it is main representative value wused for limit state
verifications.

The characteristic value of permanent action is its mean value, Gx = Gnean - FOr variable actions, the
characteristic value, Q, corresponds to: either a nominal value used for deterministic based actions
and in empirical approach, or an upper value with an intended probability of not being exceeded,
e.g. wind and ice loads, during a reference period of one year. In the standard EN 50341-1 (2001), a
value of probability 0.02 per year is assumed, i.e. the return period of climatic actions is 50 years
for structures of probability level 1 . For accidental actions, representative value is generally a
characteristic value, Ak, corresponding to a specified value.

Design value of an action, Fq , is expressed in general terms as: F¢= Fx y=, where y¢ is the
partial factor for actions.

Combination value of a variable action Q is generally represented as a product of a combination
factor and a characteristic value, (¥ Qx), or directly by an action with a reduced return period. This
combination value is considered to be the design value, to take account of a reduced probability of
simultaneous occurrence of the most unfavorable values of several independent actions. Where the
occurrence of actions is correlated with each other, this is reflected in the combination factor. In the
standard EN 50341-1 [1], the combination factor for a variable action, ¥q , is principally derived on
the basis of a reduced return period and, therefore, includes the partial factor used in the Eurocode
format as well as any other reduction factors.

Basic design condition of the ultimate limit state is:
Eq/ Ry < 1 or Eqg < Rq, (1)

where:
Eq — the total design value of the effect of actions, such as internal force or moment or a
representative vector of several internal forces or moments,
Rq — the corresponding structural design resistance associating all structural properties with
the respective of structural design values.

3.2 Load Cases
The standard load cases are presented in Table 1.

For the design of conductors, equipment and supports including foundations in the ultimate limit
state load case giving the maximum loading effect in structure and each individual member (and
connection) should be considered. Conductor tensions should be determined according to the loads
acting on the conductor in the defined load case. The components of the conductor tension at
attachment points of the support, including the effects of vertical and horizontal angles, should be
taken into account. If, initially, the circuits on a multi circuit support or the sub-conductors of
bundles will only be partially installed, this condition shall be considered in the design.

Calculations shall be based on the real components of the vertical, transverse and longitudinal loads
in various load cases. Weight of towers, conductors and accessories shall be taken into account in
all load cases.
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Table 1. Standard Load Cases

Design . . Temp.
situation No. | Description of a load case (conditions) °C] Apply to
Permanent actions of conductors, insulators and | +10
supports and foundations -5 all
0
-25 elements
normal +40
1 Extreme wind load normal to the line and at all | +10 all
other angles which may be critical to design -5 elements
2a Uniform ice load on all spans -5 all elements
Ice loads unbalanced transversely (transverse
bending): ice load equal to the characteristic value
2b multiplied by the reduction factor o = 0.5 on all the
conductors on all cross-arms on one side only of
the support but from other side without a reduction
Ice loads unbalanced longitudinally (longitudinal
bending): ice load equal to the characteristic value
on all the conductor in one direction only from all
. 2c g~
exceptional cross-arms of the support multiplied by the 5 all supports
(accidental) reduction factor ; = 0.35 and in the other direction
by the reduction factor a, = 0.7
Ice loads wunbalanced torsionally (torsional
bending): ice load equal to the characteristic value
on all the conductors on all cross-arms on one side
2d only on the support and in one direction of the line
multiplied by the reduction factor a; = 0.35 but for
all remaining conductors multiplied by the
reduction factor a4 = 0.7
Combined ice and wind loads, where joined effect
Ey should to be determined in two main
L all supports
normal 3 combinations: -5 (elements)
. Eq = Eq(1,0Qu, 0,4Qw),
1. Ed = Ed(0,35Qlk, O|7QWk)
Actions equal of 2/3 value of one side release of tension
4a tension in the conductors with uniform ice loads on (anchorage)
all spans supports
cross-arms and
normal Action of full one-sided release of tension in the otherelements_ of
(construction | 4b conductors with uniform ice load (at the attachment 5 lsupport on which
and points) - ess than three
maintenance) con(_juctors are
tension supported
Construction and maintenance loads appropriately
4c to the method of erection and concentrated loads all supports
related to the weight of linesmen, working
platform, etc.
. Action equals of full one-sided release of tension in tension
exceptional .
! 5 any one earth wires or phase conductors at the | -5 (anchorage)
(accidental) . .
attachment point (torsional load) supports

Note: In each load case, it should take into account the permanent actions (No.0), e.g., self-weight of the tower,
conductors, insulators, fittings as well as the effect of the applicable conductor tension at the reference temperature.
Moreover, in suitable load cases, the conductor tension effect due to wind and ice and temperature deviations from the
reference temperature should be taken into consideration.
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The main variable actions on conductors, insulators and supports are: wind or icing applied in
adequate temperature, as well as combination of wind and ice loads. Wind and ice actions directly
on supports (towers) shall also be considered.

The following types of supports are distinguished in accordance with their function:

e suspension supports and angle suspension supports, ( S and SA),
e tension ( anchorage) supports and angle tension(anchorage) supports, ( T and TA),
e dead-end (terminal) supports and angle dead-end (terminal) supports, ( D and DA).

Security loads are specified to give minimum requirements on the longitudinal and torque
resistance of the supports by defining failure containment loads. The loads considered are one-sided
release of tension in a conductor and conventional unbalanced overloads (icing), respectively.

For control of adequate reliability and functions under service conditions of the overhead line, load
cases ought to be defined in the National Normative Aspects (NNA for each European country) to
reflect national practices (special national conditions and national complements).

In Poland, the NNA: EN 50341-3-XX [4] introduces in formal Empirical approach to define actions
on overhead electrical lines, but with the use of statistical data of self-weight of structure
components, wind speed and ice loads and limit state format for the design of structures. In practice,
the two above approaches are used, i.e. Empirical and General approaches in combination.

3.3 Partial Factors for Actions y- and for Resistance (Material) ym

Partial factors for actions, yr and for resistance, yv according to EN 50341 -3-XX (2006) are
presented in Table 2 and Table 3, respectively.

Table 2. Partial Factors (yg) and Combination Factors (wg) for Actions

Design situation Symbol Factors
Normal, construction and
maintenance load cases:
e Permanent loads G 1.1; (0.9 when favorable)
e Variable actions (climatic
loads) YQs Yws i 1.3
e Combination of wind and ice
actions yi and ww, properly |1.0and0.40r0.35and0.7
Exceptional load cases:
e Permanent loads e 1.0
e Variable actions 7Q 1.0
e Accidental action YA 1.0
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Table 3. Partial Factors for Resistance (ym)

Part of R_ef_erence Kind of resistance of an element Symbol Factor
structure limit M
fy Resistance of cross-section YMO 1.0
Steel f,, E Resistance of members to buckling M1 1.10
supports f,, f, Resistance of net-section at bolt holes M2 1.25
f, Resistance of bolted or welded connections | ywj 1.25
Resistance with full icing YMCI 1'25*
Characterist 1.40
Metal . . Resistance with 50% of icing YMC2 1.90
ic resistance - - - -
conductors R Resistance in case of 111 tightening degree yMc3 1.80
K Resistance with 50% of icing and in case of 280
111 tightening degree, simultaneously ymea !
Insulators Gugrantee Resistance of insulator PMins 2.00
resistance
Fittings Characterist Resistance of fittings VMt 1.60

iC resistance
Note: (*) if conductor included optical fibres

4, STEEL SUPPORTS (TOWERS)
4.1 Basic Design Assumptions

Supports of overhead electrical lines exceeding AC 45 kV are usually designed as lattice steel
towers. Exemplary silhouettes of steel towers for high-voltage overhead lines are shown in Figure 1
and pictures of suspension, tension angle and tension transposition supports are shown in Figures 2,
3 and 4, suitably.
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| | | |
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Figure 1. Exemplary Silhouettes of Steel Towers for One or
Multi-circuit towers of High- and Extra-high Voltage Lines
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Main assumptions used in global analysis of lattice steel towers are, as follows:

e The internal forces and moments in a statically indeterminate structure shall be determined
using elastic global analysis. Lattice steel towers are normally considered as pin jointed truss
structures. If the continuity of a member is considered (in a joint point), the consequent
secondary bending stresses may generally be neglected. Approximate calculation of member
loads by considering tower panels as two-dimensional trusses is acceptable, providing the
equilibrium conditions are satisfied. It shall be verified that bracing systems have adequate
stiffness to prevent local instability of any parts.

e The internal forces and moments may generally be determined using either first order theory
(initial geometry of a structure) or second order theory (actual geometry with the influence of
the deformation of the structure). Normally, first order theory is used for the global analysis of
self-supporting lattice towers.

e Elastic global analysis shall be based on the assumption that the stress-strain behaviour of the
material is linear, whatever the stress level. The assumption may be maintained for both
first-order and second-order elastic analyses.

e Three types of lattice steel tower members are considered: main legs and chords, bracings and
secondary members (often referred to as redundant members). The secondary members are
considered not to be loaded directly by external actions, and the local stability of members
carrying loads should be ensured. In the global analysis network, the redundant members can
normally be neglected.

¢ Bending moments due to normal eccentricities are treated in the selection of buckling cases.
Bending moments caused by wind loads on individual member are generally negligible, but
they need to be considered in the design of slender bracings or horizontal edge members of
towers.
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Figure 4. View of Transposition Support with Tension Insulator Sets
4.2 Design Resistance of Lattice Tower Members

Most of lattice tower members are designed by checking their buckling resistance and the proper
confession of their effective length (buckling length) and their slenderness is a key question.

Until the process of harmonization of the National and European standards is completed, it is
possible to use either Polish standard PN-B-03205 [12] with NNA for Poland, EN 50341-3-XX [4],
or Annex J of EN 50341-1 [1] for the design of overhead line steel structures in Poland.

There are several different configurations of tower members, which are commonly used in lattice
towers, and each requires separate consideration about their carrying capacities (resistance). The
buckling length, le, and hence the capacity of compression member depends on the type of bracing
used to stabilize the member.

Generally, according to Eurocode 3 and EN 50341-1-1 [1], checking of buckling resistance of a
member is shown below:

A=1/i, or  A=l/i, -slenderness of the member, 2

where: le=1y or l¢ = lnin — distance between points of the lattice net,

- f
Ai =i E"i’; - relative slenderness (slenderness ratio) for flexural buckling;
T

for angle profiles with equal legs, the relative slenderness for flexural torsional buckling may be
calculated approximately using the formula:



Z. K. Mendera 563

— 5b [f, Ag
Ap=——,|2L—,
T7tVE A

At — effective cross-section of the member taking into account the local instability of cross-
section.

For members in axial compression, the design value of the compression force, Nqy  divided by
design value of the buckling resistance, Nrp, shall satisfy the condition:

Ng/Nrp < 1, (3)
where:
f
NR,b = P —, (4)
71
1

y =——F——= - reduction factor (buckling factor) but y <1,
P -0t

¢ =051+ a(Zi - 0,2)+ Ziz] - parameter of buckling curve,
o — imperfection factor depends on accepted buckling curve: a, b, ¢ or d, equal
approximately: 0.21; 0.34; 0.49 and 0.76.

Design of the support should be done by calculation only or by calculation validated by a full-scale
loading test. If the design is done by calculation only, the appropriate buckling curve to be used
shall be the curve c, that is o = 0.49; if design is done by calculation and validated by documented
full-scale test , the appropriate buckling curve to be used should be the curve b, that is a = 0.34.

Connections should be capable of resisting their applied loads. The resistance of a connection shall
be determined on the basis of the resistances of the individual fasteners or welds. Connections are
generally considered as nominally pinned.

4.3 Required Electrical Clearances

The height of tower, its silhouette and overall dimensions depend on required electrical clearances
in detail presented in electrical part of the EN 50341-1 [1]. Guiding information in this range, for
the use of steel structures designers, is presented in Table 4.

Table 4. Minimum Air Clearances

Highest D D Clearance Clearance to

system voltage [n?]'] [n’;’i to ground trees [m] Clearance to buildings [m]
[kV] [m]

45/52 0,60 |0,70

110/123 1,00 | 1,15 Depending on kind of building
220/245 1,70 | 2,00 >+ Da 2,5+ Da 25+Dg + 10+ Dy
400/420 2,80 | 3,20

Remarks:

D¢ — minimum air clearance required to prevent a disruptive discharge between phase conductors and objects at
earth potential,
Dyp — minimum air clearance required to prevent a disruptive discharge between phase conductors.

It is not permitted to cross over the apartment buildings, factory buildings, office buildings, etc. by overhead
lines exceeding AC 110 kV.
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5. CONCLUSIONS

The new European standard (EN 50341-1 [1]) consistently introduced the limit state concept to
structural design (mechanical aspect) of overhead electrical line elements, i.e. conductors,
insulators, supports and foundations. The electrical aspect is also taken into consideration, first of
all in serviceability limit state, through the requirements of minimum electrical clearances within
the span, at the support and to the ground, which have fundamental influence on tower height and
cross-arms dimensions. The possibility of combined wind and ice load are considered respective of
load cases, as well as unbalanced ice loads on conductors: longitudinally, transversely and
torsionally in relation to the tower. These complex requirements based on probabilistic approach
(characteristic and design values of the actions and resistances of structures) and empirical
approach (realistic load cases and failure cases) increase the reliability of overhead electrical lines.
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ABSTRACT: In traditional design, transmission towers are assumed to be trusses in the calculation of member axial
forces, and secondary braces are usually neglected. However, this assumption does not accurately reflect the
structural characteristics of transmission towers. This paper proposes a finite element model (FEM) in which member
continuity, the asymmetrical sectional properties of members, the eccentricity of connections, and geometrical and
material nonlinearities are considered. The proposed FEM is first verified using experimental results, and is then
employed in the analysis of several lattice towers to investigate some of their practical aspects. Recommendations on
the design of transmission tower systems are made according to the results of the analysis and given in the
conclusion.

Keywords: Transmission towers, secondary bracing, nonlinear analysis, buckling, eccentric connections

1. INTRODUCTION

In conventional design, transmission towers are assumed to be trusses [1], and secondary braces are
omitted from the analysis. The effects of secondary bracing, eccentric connections, member
continuity, and asymmetric member section properties are indirectly considered by modifying a
member’s slenderness ratio. With the calculated axial force of the truss model, the member capacity
is checked against the relevant column curves that are recommended in the design code, such as the
BS standard [2] and the ASCE manual [3]. However, this practice makes the results of the analysis
very uncertain. Cannon [4] invited a number of power companies and tower designers to predict the
member axial forces and capacities for a typical transmission tower. The coefficients of variation
(COVs) in the predicted axial forces of the braces and the main members by different participants
were 18.0% and 9.3%, respectively. Even for engineers, who followed the ASCE manual [3], the
COV of the predicted capacities was 17.4%. Cannon’s statistics indicate that the predicted
capacities of a given transmission tower by the traditional analysis and design method can vary
significantly.

Many researchers have studied the factors that affect the accuracy of the truss model in the analysis
[5-12]. In 1984, Roy et al. [7] investigated the effects of the secondary stresses that arise from joint
rigidity and member continuity in the results of analysis. In 1986, Korol et al. [8] reviewed the
importance of secondary stresses on the strength of trusses through experiments and parametric
analysis. With the full-scale quadrant of a transmission tower panel, Knight and Santhakumar [10]
found in 1993 that the effect of joints on the behavior of transmission towers is very great and that
the secondary stresses are so significant that they may cause the failure of the leg members. This
clearly indicates that the pin-connected truss model is inadequate to represent the real behavior of
transmission towers. Robert et al. [12] showed in 2002 that the predicted ultimate strength of a
transmission tower is more precise with the continuous beam model than it is with a truss model
that was calibrated with full-scale test results.
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To design the load sequence of the full-scale transmission tower test and to find an alternative to the
costly full-scale test, Kitipornchai et al. [5] and Albermani and Kitipornchai [6] developed a
compact and practical nonlinear method to simulate the global structural response of transmission
towers. The program that was developed, the AK-Tower [5, 6], has been employed to predict the
behavior of many transmission towers, and its predicted results are in good agreement with the
full-scale test results [6].

There is a strong need in the industry to study the behavior of lattice towers intensively. However,
research has been directed toward the independent study of structural characteristics. This paper
focuses on the development of a finite element model (FEM) that incorporates all of the structural
characteristics of lattice towers, such as member continuity, asymmetric section properties,
geometric and material nonlinearity, and eccentric connections. Experimental results from the work
of Kitipornchai et al. [5] are employed to verify the proposed FEM, which is used with a typical
transmission tower panel to study comprehensively the effects of several practical aspects of
transmission towers. Design recommendations for these aspects are provided in the conclusion.

2. THE FEM AND ITS VERIFICATION

ANSYS, one of the most popular finite element analysis programs, was employed in the study that
is reported herein. The BEAM189 element [13] was used to model the angle section. The
BEAM189 element automatically provides section-relevant quantities at a number of sections along
the structural member. To capture the nonlinearity of the section material, each section is assumed
to be an assembly of a predetermined number of nine-node cells. Every angle member is divided
into many elements along the longitudinal direction to capture precisely the deformation and to
simulate the member’s geometrical nonlinearity. The material nonlinearity of the steel angle section
is simulated by the bi-linear model. The nodal degrees of freedom of the connecting members were
coupled in specified directions to simulate the connection situations [13]. Furthermore, the
connection eccentricity was modeled through the section offset command of ANSYS [13]. Note
that the initial geometric imperfection was not included in the FEM.

To verify the proposed FEM, the experimentally measured ultimate loads of two angle trusses with
different dimensions and member sections (trusses 1 and 2) in Kitipornchai et al. [5], as shown in
Figure 1, were employed. Four configurations, which are denoted as 1-OS, 2-OS, 1-SS, and 2-SS,
were considered, where 1 and 2 are the truss numbers, and OS (SS) indicates that the free edges of
the angle web members are connected on the opposite (same) sides. The dimension L for trusses 1
and 2 is 1000 mm and 750 mm, respectively. As all of the joints are fully welded, all of the
connections are assumed to be rigid. Figure 1 shows the FEM of the original and failed trusses. As
predicted by the FEM, the failure mode of these trusses was induced by the excessive bending of
member 2, primarily in the plane that is perpendicular to the plane of the truss (as in Figure 2(b)),
which agrees well with the experimental results in reference 5. TABLE 1 summarizes the calculated
results of the proposed FEM and the experimental results [5]. The ultimate load results that were
obtained with the proposed FEM were in reasonable agreement with the experimental results. The
load-displacement curves of truss 2-OS are shown in Figure 3. The results in TABLE 1 and Figure
3 verify the capability of the proposed FEM. Because the practical yield stress is generally higher
than the value that is prescribed by the steel grade, the ultimate load of the practical experiments is
consistently higher than that which is predicted by the proposed FEM. The difference is relatively
larger for the SS configuration, for which the ultimate loads are larger, than it is for the OS
configuration. The small difference between the test and the FEM-predicted results, as shown in
Figure 3, may also have been caused by such factors as material strength variance, residual stress,
and imperfections, which were not considered in the proposed model.
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Figure 1. The Truss Experiment in Kitipornchai et al. [5]

a) Original FEM

b) Failure Mode of the Truss (Predicted by the FEM)
Figure 2. Failure Mode of the Truss in the 2-OS Configuration, as Predicted by the FEM
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Table 1. Comparison of Test Results: Former and Current Analysis Results

Truss No. 1-0S 2-0S 1-SS 2-SS

Ultimate Tests [5] 84.4 1341 | 1395 | 167.2

loads, P (kN) | Proposed 71.2 1235 96.4 152.1
opes . . . .
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Figure 3. Comparison of Experimental and Theoretical Load-deflection Curves

3. ANALYSIS RESULTS, COMPARISON AND DISCUSSION

Figure 4 shows a typical transmission tower, which is employed as an example for analysis in this
study. A typical leg of transmission towers is joined by a heavy splice to another large angle section
(stub) that is embedded in the concrete foundation. As a result, the main leg can be modeled as a
rigid support in the analysis. Figure 5 shows the physical and analytical models of a typical tower

leg.
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In general, each plane of a transmission tower is mainly employed to resist in-plane forces and
moments. To make the comparison clear without sacrificing its representativeness, the current study
focuses on the panel of a transmission tower, as shown in Figure 6. Furthermore, it is assumed that
all of the structural members of the transmission tower are formed by angle sections. In the present
model, L150 x 150 x 16 mm, L130 x 130 x 10 mm, and L100 x 100 x 6 mm sections are employed
for the leg, horizontal, and diagonal members, respectively, and an L70 x 70 x 5 mm section is used
for the secondary braces.
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Figure 6. A Panel Model of the Body and Leg for Analysis
3.1 Connection Details

To incorporate the eccentric connection details in the model, all of the section properties of the
connected angles are transformed to the connection axes. The connection axes for sections 1 and 2
are shown in Figures 7(a) and 7(c). The external loads are assumed to be applied along the
corresponding contacting surfaces, as shown in Figure 7(b). Figure 7(d) shows the 3D view of the
connection in the proposed FEM.
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]

d) 3D View of a Typical Connection in the Proposed FEM

Figure 7. Modeling of Connections

3.2 Effects of Connection Rigidity

Three models are employed in this study to investigate the effects of the rigidity of brace end
connections on the behavior of a transmission tower. In Model A, all of the main braces are
assumed to be rigidly connected to the horizontals and the legs. In Model B, the connections of the
main braces are assumed to be in-plane pin-connected and out-of-plane rigid-connected. In Model
C, the connections of the main braces are assumed to be pinned in both in-plane and out-of-plane.
In all three of the models, the secondary members are assumed to be pin-connected. The ultimate
load and the load-displacement curves of the three cases are shown in Figures 8 and 9.

70 -

.~ T Fully rigidly connected model

60/ — In-plane pin-connected model
f ~ Fully pin-connected model

30

Horizontal load, H (kN)

20

104

T T T T T T T T T 1
0 100 200 300 400 500
Out-of-plane displacement of Node 1 (mm)
Figure 8. Load-deflection Curves of the Three Models under Horizontal Load
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Figure 9. Load-deflection Curves of the Three Models under Vertical Load

Figure 8 shows that the connection rigidity has a considerable effect on the ultimate horizontal load
capacity. Under the horizontal load, the ultimate load capacities of Models A, B, and C are 65.03
kN, 54.67 kN, and 40.67 kN, respectively. The ultimate load capacity of Model A (in which all of
the main braces are rigidly connected) is 19% higher than that of Model B (which is in-plane
pin-connected). Furthermore, the ultimate load capacity of Model A is 59.9% higher than that of
Model C (which is all pin connected). A similar trend can be observed in the vertical load case, as
shown in

Figure 9.

The failure mode of Model A under horizontal load is shown in Figure 10. Model A fails due to the
excessive bending of the main bracing member in the leg, primarily in the plane that is
perpendicular to the plane of the truss. Model C also fails for the same reason, but at a much lower
ultimate load. Model B has the intermediate ultimate load with a similar failure mode.

The failure modes of the three models under vertical load are similar, and one example is shown in
Figure 11. Due to the difference in connection rigidity, the displacement curves and ultimate loads
are different.
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Figure 10. Failure Mode of Model A under Horizontal Load

Figure 11. Failure Mode of Model A under Vertical Load

The above comparison shows that a rigid connection increases the buckling capacity, as was
expected. In practice, the assumption of connection rigidity must be realistic; otherwise, we may
either overestimate or underestimate the buckling capacity of the structure.

The effect of simultaneously applied horizontal and vertical load is also investigated. In the
combined load case, the horizontal load (H) and the vertical load (V) are 30kN and 100kN,
respectively. The load factor versus the displacement curves is given in Figure 12. The failure mode
of the tower under the combined load is illustrated in Figure 13. Under the combined load, the
failure modes of the three models vary. However, the effect of the connection rigidity, which can be
illustrated by a comparison of the corresponding ultimate loads in Figure 12, is the same as that
which is indicated in Figure 8 and Figure 9, and therefore, only the vertical and horizontal load
cases are considered in the following sub-sections.
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Figure 12. Load-deflection Curves of the Three Models under the Combined Load

a) Failure Mode of Model A under the Combined Load
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b) Failure Mode of Model C under the Combined Load

c) Failure Mode of Model B under the Combined Load
Figure 13. Failure Modes of the Three Models under the Combined Load
3.3 Effect of Secondary Bracing and its Stress
To study the effect of secondary braces, the two models that are shown in Figure 14 are employed.
Secondary braces are considered in one model, but are neglected in the other. It turns out that the

failure mode for the two models is the same. The load-displacement curves for the two models
under horizontal and vertical loads are shown in Figures 15 and 16, respectively.
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P
|

a) Model with Secondary Bracing b) Model without Secondary Bracing
Figure 14. Analysis Models with and without Secondary Bracing
Figure 15 shows that the ultimate horizontal load capacity of the tower panel with secondary
bracing is 65.03 kN, which is much larger than that of the tower panel without secondary bracing

(37.32 kN). A similar trend is observed in the vertical load case, which is shown in
Figure 16, with an almost 50% increase in ultimate load capacity.
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Figure 15. Load-deflection Curves of Rigid-connected Models under Horizontal Load
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Figure 16. Load-deflection Curves of Rigid-connected Models under Vertical Load

The normalized stress (a/ay ) in the secondary braces at the buckling capacity ranges from -0.017

to +0.019 in the horizontal load case and from -0.055 to +0.082 in the vertical load case. It can be
seen that the axial stresses for the secondary braces are small. These results indicate that secondary
braces prevent large displacements by reducing the effective length of the main members and thus
enhance the buckling capacity. As a result, secondary braces should not be neglected in the
calculation of ultimate load even though the axial stress on them is small.

3.4 Effect of the Free Edge Direction of Angle Braces
In an analysis of the angle truss model of reference 5, the SS configuration (free edge on the same
side) has a greater ultimate load capacity than that of the OS configuration (free edges on opposite

sides). Here, the effect of the free edge direction of the main braces is studied. The tower panel with
secondary braces is studied with different free edge directions of the main braces, as shown in

Figure 17. ~ \ﬂ —
<
/V

N\ E—

\ Free edge out of paper

\
/ \ \ I
\ Free edge into paper
\\
z z
Y Y
¢ L

a) Opposite Side Model b) Same Side Mode/iw

Figure 17. Analysis Models with Different Free Edge Directions of the Main Braces
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Due to the difference in angle directions, the failure mode is caused by the excessive bending of the
leg member, as shown in Figure 18. When this failure mode is compared to the one in Figure 10
(for SS configuration), the bending directions of the failed member in the two models are different.

The calculated out-of-plane displacement of node 2 (as indicated in Figure 6) for both the OS and
SS configurations under horizontal and vertical loads are shown in Figures 19 and 20, respectively.
As shown in the two figures, the leg free edge direction has significant effects under horizontal load,
but has a very small effect under vertical load. Furthermore, the SS configuration performs better
than the OS configuration, which happens to be very popular in transmission tower construction.

Figure 18. Failure Mode of Rigid Model with OS Configuration under Horizontal Load

70
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T T T T T T T T T T T 1
0 50 100 150 200 250 300
Out-of-plane displacement of Node 1 (mm)

Figure 19. Load-deflection Curves of Node 2 with Secondary Bracing under Horizontal Load
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Figure 20. Load-deflection Curves of Node 2 with Secondary Bracing under Vertical Load

3.5 Effects of Secondary Bracing Configurations
Here, the effects of various secondary bracing configurations on buckling capacity are studied. Five

secondary bracing configurations, as shown in Figure 21, are considered in this study. The SS
configuration with rigid connections is employed in all of the models in Figure 21.

Figure 21. Secondary Bracing Configurations
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Figure 23. Load-deflection Curves of Models under Vertical Load

The failure modes of the five models are the same as those that are given in Figure 10 (under
horizontal load) and Figure 11 (under vertical load). Figure 22 shows that the load-deflection
curves for the models under horizontal load are very sensitive to the secondary bracing
configurations. Models B, C, and D have relatively higher ultimate load capacities than do Models
A and E. This can be attributed to cross bracing in Models B, C, and D, because cross bracing can
help to enhance rigidity. Furthermore, the ultimate load capacities of Models B, C, and D are very
close to each other. Hence, it can be concluded that all of the forms of cross bracing have similar
effects on the ultimate load capacity. Figure 23 shows that the load-deflection curves for different
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models under vertical load are almost the same. This is because buckling under vertical load is
induced by the horizontal members, whereas buckling under horizontal load is induced by the leg
members, for which the secondary braces make a significant contribution to the behavior of the
system.

4. CONCLUDING REMARKS

A finite element model (FEM), which considers member continuity, asymmetrical sectional
properties, the eccentricity of connections, and geometrical and material nonlinearities, is proposed
and was verified by experimental data from the literature [5]. A series of comprehensive parametric
studies were then carried out with the proposed FEM. Referring to the results of the analysis, the
following conclusions are made.

1. The connection rigidity of the main braces should be considered when calculating the
ultimate load capacity of a tower, as it has significant effects on the buckling capacity of the
overall structural system. Inappropriate modeling of the connection rigidity may
overestimate or underestimate buckling capacity.

2. Although secondary braces are usually subjected to very small axial loads, the results show
that their existence greatly enhances the buckling capacity of the structure by reducing the
effective length of the leg members. Nonlinear analysis without consideration of secondary
braces may lead to an unreliable prediction of the ultimate load capacity of the system.

3. The free edge direction of the main braces has significant effects on the buckling capacity of
transmission towers in certain cases. The SS configuration performed better than the OS
configuration did in the example that was used in this paper. In a calculation of the ultimate
load capacity of transmission towers, a consideration of the effect of free edge directions in
the FEM is strongly recommended.

4. The results of the analysis also show that cross bracing in the secondary bracing
configuration can enhance the ultimate load capacity of the structure. Furthermore, the case
study also shows that different types of cross bracing configurations provide a similar
enhancement of buckling capacity.
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ABSTRACT: Silos are the tall containers used to store bulk solids. The circular and rectangular shapes of silo
containers are common in use. The vrattayata shape for silo containers resembles like an elongated circle. It is
formed by connecting two semicircular walls of same radius with straight walls. The length of straight walls is kept
as less as possible to minimize the effect of bending stresses. The behaviour of vertical walls of three such vrattayata
silo models and that of one circular silo model are experimentally investigated. The volume enclosed within vertical
walls of all silo models is kept unchanged to have the same capacity. The inferred static horizontal pressures from
measured strains are compared with predictions by Reimbert’s theory and by the method recommended in Euro Code
1 Part 4. The results obtained are discussed and conclusions are drawn.

Keywords: Silo; circular; vrattayata; reimbert’s theory; stress; strain

1. INTRODUCTION

Many investigators all around the globe have conducted experiments to measure silo pressures and
frictional wall loads to examine the validity of generally accepted design assumptions as
incorporated into silo-design codes and procedures. These experiments have been carried out on
circular and rectangular shapes of model silos as well as full size silos.

Lenczner [1] conducted experiments on model silo and found that the ratio of lateral pressure to
vertical pressure instead of being constant as assumed in Janssen’s theory, varied almost linearly
with depth. Garg and Gopalkrishnan [2] in their experimentation on square silo model found that
the lateral and frictional wall loads during filling and during emptying were higher than those
predicted by IS4995-1968. Blight [3] found that horizontal pressures due to stored coarse material
were not necessarily radially uniform as assumed in theory. Blight [3] reported about the
interpretation of strain measurements on steel silos for computing inferred horizontal pressures and
inferred frictional wall loads.

Reimbert’s theory for silo loads is a result of mathematical interpretation of the law of hyperbolic
distribution of pressures that is closely possible to the reality and includes various parameters
appertaining both to the ensiled material and to the dimensional characteristics of silos. Janssen’s
theory accepts the hypothesis of constant value of ratio of horizontal thrust to vertical pressure in
the interior of silos. Variation of this ratio is taken into account by Reimbert’s Theory.
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2. DEVELOPMENT OF CONCEPT
2.1 Vrattayata Shape

The wall of circular silo is subjected to hoop tension due to lateral pressure exerted by the stored
material in silo leading to the development of uniform axial tensile stresses in wall cross-section at
a particular depth. The walls of square or rectangular silos are subjected to horizontal bending
stresses predominantly due to lateral pressure exerted by stored material in silo at a particular depth
requiring more wall thickness.

Vrattayata shape, resembling like an elongated circle, is a combination of semicircular walls and
straight walls. Due to the lateral pressure exerted by stored material, semicircular walls are
predominantly subjected to hoop tension and straight walls are subjected to bending moments.
When the length of straight wall is reduced to a feasible level, the bending moments will also
reduce. L.

CIRCULAR VRAYATTAYATA

Figure 1. Circular and Vrayattayata Shapes
2.2 Geometrical Properties
The Geometrical properties of storage container used in the silo theory are the cross-sectional area,
the perimeter, the hydraulic radius, the height of wall, the volume of storage. The expressions for

these properties are shown in Table 1 for circular and Vrattayata shapes.

Table 1. Expressions for Geometrical Properties of Circular and Vrattayata Shapes

S. Shapes
No. Property Circular erattayata
1 Straight wall length (L) - XTIy
Cross sectional Area (A) A, =nr’ A, =1 (n+2x)
3 Perimeter (U) U =2nr. Uy, =21y (T+X)
4 Hydraulic Radius (R) R.=0.5r R,=05r,x M
y e ' " (n+x)
5 | Height of wall (H) H, = Tc\r/f H, = ﬁ




3.

3.1

The internal volume enclosed within vertical walls of all models is kept unchanged. The height to
diameter ratio of basic circular silo model ‘C’ is Two. The dimensions of vrattayata silo models are
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Models — Dimensions and Geometrical Properties

calculated for x = 0.2 and based upon the approaches as shown in Table 2.

24 Gauge B.P. sheets having average thickness of 0.6 mm are used in fabrication of all models.

Table 2. Vrattayata Silo Models Selected for Experimental Study

Sl. No. | Model Referred Approach Property
1 V12 I U, =U,
2 V22 II Av=A;
3 V32 I Ry =R

Table 3 shows dimensions of all models.

Table 3. Dimensions of Models

S1. No. | Model r.(mm) | ry(mm) | L (mm) | H.(mm) | H,(mm)
1 C 250.0 - - 1000 -
2 VIi2 - 235.0 47.0 - 1004
3 V22 - 235.4 47.0 - 1000
4 V32 - 236.0 47.2 - 997
3.2 Properties

The modulus of elasticity of wall material is found to be 1.1 x 10® kN/m* while the Poisson’s Ratio
is 0.38. The river bed dry sand passing through 4.75 mm IS sieve and retained on 1.18 mm IS sieve
is used as stored material in all the models for the present experimental work. This sand has bulk
density of 17 kN/m’, mean angle of internal friction as 42.72° and mean angle of friction against
wall plates as 28.28°,

3.3 Instrumentation

The instrumentation consists of electrical resistance strain-gauges, dummy strain gauge, digital
strain meter and 20 channel box. A pair of strain-gauge consisting of one horizontal and one
vertical strain-gauge is pasted in all model walls at pre-determined locations. These locations of
strain-gauges measured from top are the same for all models. On vrattayata silo models, the
strain-gauges are pasted on curved and straight surfaces of walls. The strain gauges used are of
Type BKCT 20 with gauge length 20 mm and have resistance 119.2 + 0.2 ohms.

34 Recording of Strains

The strains in all models are recorded when the sand is fully filled in the models. Tables 4 to 7

show the strains observed on curved and straight surfaces of walls of all models. Experimental set
up is shown from Figures 2 to 4.
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Y Strains (micro strains)
SLNo- |y e T vz | vz | v
1 0.20 4 3 3 4
2 0.35 8 5 6 6
3 0.50 10 6 8 8
4 0.65 11 8 9 9
5 0.80 8 7 7 8

Y Strains (micro strains)
SLNo- iy e T viz [v2] v
1 0.20 1 1 1 1
2 0.35 2 1 2 2
3 0.50 0 2 3 2
4 0.65 3 3 4 3
5 0.80 4 5 4 4

Y Strains (micro strains)
Sl. No. (m) V12 V22 V32
1 0.20 0 2 4
2 0.35 * * 7
3 0.50 4 7 8
4 0.65 7 9 *
5 0.80 8 8 8

Table 7. Strains Observed on Straight Surface in Vertical Direction

Y Strains (micro strains)
S1. No. (m) vi2 | v22 V32
1 0.20 0 2 3
2 0.35 1 2 2
3 0.50 6 2 *
4 0.65 3 4 4
5 0.80 4 5 4

* indicates failure of strain gauges

Table 4. Strains Observed on Curved Surface in Horizontal Direction (CX)

Table 5. Strains Observed on Curved Surface in Vertical Direction (CY)

Table 6. Strains Observed on Straight Surface in Horizontal Direction (SX)

SY)
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Figure 3. Silo Model Filled with Sand
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Figure 4. Digital Strain Indicator

3.5 Inferred Pressures

The static horizontal pressures developed in the walls of silo models as computed from observed
strains are termed as inferred pressures. They are computed using following relationships.

E
S, = .7 (£X+vgy) (1)
St 2)
"™

Where D = Mean diameter of circular model silo
and D = Mean diameter of inscribed circle in cross-section of Vrattayata model silos.

3.6 Pressures by Reimbert’s Theory

The following equations according to Reimbert’s theory are used to compute the static horizontal
pressures developed on walls of all silo models.

For circular model

-2
p = VR [ X 3)
H C.
Where C, = R,

puK
For Vrattayata Models

po R [1_(Ci+lj‘ ] @

Where C, = (2,
2K
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3.7 Euro Code

The expressions for computing the horizontal pressure exerted on vertical walls of silo under fully
filled condition as per Euro Code 1 part 4 are as follows :

p= %{1—} 5)

The code also suggests that for computing p, @ = 0.9 p, and k = 1.15 K;,,. The value of K, is
considered as 1.1 ( 1 - sind ).

4. RESULTS

The strains recorded during conduction of experiments on all Silo models are used to determine
inferred horizontal pressures on walls at predetermined positions of strain-gauges.

The horizontal pressures at strain-gauge positions are computed using Reimbert’s theory and by
applying Euro code method.

The comparison is shown in Table 8 and 9 for models C, V12, V22, V32.

Table 8. Comparison of p for Model ‘C’ & ‘V12’
FOR C FOR V12
SL. | Y p (KN/m?) p (KN/m?)
No. | (m) | EURO | Reim | MC | EURO | Reim | MC | MS

1 1020 | 1.305 | 1.071 | 1.35 | 1.304 | 1.066 1.1 0

0.35 | 2.047 | 1.615 | 2.7 2.044 | 1.608 | 1.76 *

2
3 1050 | 2632 | 202 | 3.08 | 2682 | 2.011 | 2.21 | 2.06
4 | 065 | 3.094 | 233 | 3.74 | 3.089 232 | 299 | 2.67

5 1080 | 3459 | 257 | 2.93 3.45 2562 | 292 | 3.12

MC indicates inferred pressures on curved wall and MS indicates inferred pressures on straight
wall.
Table 9. Comparison of p for Model ‘V22’ & ‘V32’
FOR V22 FOR V32

SL |y () p (KN/m°) p (KN/m°)

EURO | Reim | MC | MS | EURO | Reim | MC MS
1 0.20 1.304 | 1.066 | 1.107 | 0.9 | 1.305 | 1.066 | 1.43 | 1.68
2 0.35 2.045 | 1.608 | 2.214 | * 2.047 | 1.609 | 2.206 | 2.53
3 0.50 2.683 | 2.013 2995|254 | 2.632 | 2.014 | 2.86 *
4
5

0.65 3.091 | 2322 | 3.44 [ 3.44 | 3.094 | 2324 | 3.31 *
0.80 3.455 | 2.564 | 2.79 [3.24 | 3.459 | 2.566 3.1 3.1

Figures 5 to 8 show variation of static horizontal pressures along depth of vertical wall of model C,
V12, V22, V32 respectively.
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DISCUSSION

The ratio of length of straight portion to radius of semicircular portion in Vrattayata shape

models is selected as 0.2 so that some feasible dimension from fabrication point of view is

possible.

The internal volume enclosed within vertical walls of all silo models is kept unchanged so

that the same quantity of material in all models can be filled.

Moisture free dry sand is used as stored material as dampness in sand affects its

characteristics.

The thickness of sheet used in model silos being very small, it is susceptible for melting in arc

welding. Hence, spot welding is used with specific current rating.

The principal characteristics (W, ¢, 0) of stored material are determined in the laboratory to

have their appropriate values rather than selecting them from standard books or codes.

The static horizontal pressures on walls of model silos are computed using two dimensional

stress—strain relationship in which measured horizontal and vertical strains are assumed to be

principal strains.

The static horizontal pressures computed from measured strains on wall of Model C and

curved walls of Model V12, V22, V32 show similar trend as obtained by Euro Code Method

and Reimbert’s theory. But the curve is closer to curve as obtained by Euro Code Method than

Reimbert’s theory. Generally, these pressures on curved surfaces are more than those

predicted by Reimbert’s theory predictions at corresponding depths.

The assumption that the inferred pressures at a particular depth would be the same at curved

wall and at straight wall of Vrattayata models does not appear to be correct as differences are

seen between the inferred pressures at a particular depth on curved wall and on straight wall.

In the models V22, V32, the trend observed for inferred pressures on straight wall is the same

as that for curved wall. But in the Model V12, such trend is seen only in lower half of the wall.

This may be due to disturbances in stresses caused at the joints between the straight wall and

curved wall and the development of small magnitude bending stresses. The trend of increase

in inferred pressures along the depth of straight wall is seen generally in most of the models.

These curves are closer to curves predicted by Euro Code Method than by Reimbert’s theory.

The main reasons for observed differences at many points are as follows.

o Material used for wall does not possess the same properties everywhere.

o Creation of imperfections in model walls during process of fabrication.

o The stiffener plates provided at top and bottom of model walls affect the strains. Such plates
are not envisaged from the predictions by Euro Code Method and Reimbert’s theory.

o The bulk density of sand, which is used as stored material, varies along the depth.

The ratio of lateral pressure to vertical pressure actually varies along the depth of silo wall.

This variation of pressure ratio is appropriately considered in Reimbert’s theory by

considering suitably the characteristic abscissa in its formulation.

When static horizontal pressures are calculated following guidelines of Euro code 1 part 4

(1996) for all four models at 0.5 m depth, it is observed that the variation between these

pressures and corresponding inferred pressures is not more than 27%.
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6. CONCLUSIONS
1. For Vrattayata shape, three dimensions, its radius of semi-circular portion, its length of straight
portion and its height can decide its volume content, but in circular shape only two dimensions,
its radius and height can decide its volume content.
2. Reimbert’s theory for silo takes into account the effect of shape by considering the
characteristic abscissa in predicting the wall pressures.
3. Slight imperfection in silo geometry causes increase in pressure.
4. The measured strains in a particular vrattayata silo model at the same depth are not the same on
curved walls and straight walls.
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NOTATIONS

Area of horizontal cross—section through silo (m?)

Area of horizontal cross — section through circular and Vrattayata silos respectively. (m?)
Reimbert’s characteristic abscissa for circular and Vrattayata silos respectively
Modulus of Elasticity (kN/m?)

Height of vertical wall of silo (m)

Height of vertical wall for circular and Vrattayata silos respectively (m)

Length of Straight portion of the wall of Vrattayata silo (m)

Hydraulic Radius (A /U ) (m)

The hydraulic radius for circular and Vrattayata shape silos respectively (m)

Stress in X direction (kN/m?)

Perimeter of horizontal cross — section (m)

Perimeter of horizontal cross — section of circular and Vrattayata silos respectively (m)
Internal volume of container enclosed by vertical wall of silo (m’)

Bulk Density of stored material (kN/m")

Depth of stored material above the point in question (m)

Ratio of horizontal to vertical pressure by stored material

Mean value of ratio of horizontal to vertical pressure by stored material

Static horizontal pressure on silo walls due to stored material (kN/m?)

Internal radius of circular silo (m)

Internal radius of semi - circular portion of Vrattayata silo (m)

Thickness of wall (mm)

The ratio of length of straight portion to radius of semi — circular portion of Vrattayata silo
(L/ry)

The coefficient of wall friction ( tan & )

Mean coefficient of wall friction

The angle of internal friction of stored material

The angle of wall friction

Poisson's ratio for wall material

Measured strains in X and Y directions respectively
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ABSTRACT: The design of multi-storey buildings in the UK, in the past, considered steel and concrete structures in
isolation. Today, designers utilize the combined properties of steel and concrete in the form of composite or hybrid
structures as a more attractive efficient alternative. Designers of steel structures acknowledge that the presence of
concrete slabs may be designed compositely with steel beams in order to increase both flexural strength and stiffness
at virtually no extra cost, except for the headed shear studs. The use of composite construction with precast
hollowcore slabs has become one of the most popular construction methods in the UK. Currently, design of
composite construction is covered by BS5950, Part 3, but will soon be replaced by the new European Standard,
Eurocode 4. However, design of composite construction with precast hollowcore slabs is currently outside the
provisions of this new code. In this paper, an overview of the Eurocode 4 structure and its contents are first presented
and some of the particular issues that affect this new form of construction will be given. Design guidance using the
Eurocode methodology will also be presented.

Keywords: Eurocode 4; composite design; precast; hollowcore; steel; connection design; moment capacity; effective
length

1 INTRODUCTION

The environmental impacts of human activities have risen to the forefront of international concern
in recent years. A mixture of legislation, public opinion and social responsibility has driven
construction industries throughout the world to reduce pollution and waste. Among all sectors of
economic activity, the buildings and construction sector has by far the greatest environmental
impact in terms of resource consumption and offers enormous scope for improvement. As the
construction industry demands for rapid construction with reduction in cost and environmental
impacts, composite construction, especially those without major onsite concreting, has become very
popular among the designers and engineers in the UK.

Use of composite elements in the form of beams, and slabs are already common in the UK. The
application is currently supported by the British Standard, BS5950, Part 3 [1] but will soon be
replaced by a new standard harmonized across Europe, EN1994 — Eurocode 4 [2]. This code
formed part of a complete set of design codes developed in the Eurocode programme by the
European Standards Organization (CEN) initiated by the Commission of the European
Communities. The programme aims to harmonize all the code of practices across the whole
European communities, it also aims to harmonize between different construction materials, e.g.
steel, concrete, masonry etc, and construction methods to achieve full consistency and
compatibility in terms of loading, safety factors so that a comparable safety levels can be obtained.

In 1975, the Commission of the European Community decided on an action programme in the field
of construction, based on article 95 of the Treaty. The objective of the programme was the
elimination of technical obstacles to trade and the harmonization of technical specifications. Within
the programme, the Commission took the initiative to establish a set of harmonized technical rules
for the design of construction works which, in a first stage, would serve as an alternative to the
national rules in force in the Member States and, ultimately, would replace them.
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The National Standards implementing Eurocodes will comprise the full text of the Eurocode
(including any annexes), as published by CEN, which may be preceded by a National title page and
National foreword, and may be followed by a National annex. The National annex may only
contain information on those parameters, which are left open in the Eurocode for national choice,
known as Nationally Determined Parameters, to be used for the design of buildings and civil
engineering works to be constructed in the country concerned, i.e.:

- values and/or classes where alternatives are given in the Eurocode,

- values to be used where a symbol only is given in the Eurocode,

- country specific data (geographical, climatic, etc.), e.g. snow map,

- the procedure to be used where alternative procedures are given in the Eurocode.

It may also contain

- decisions on the use of informative annexes, and

- references to non-contradictory complementary information to assist the user to apply the
Eurocode.

1.1 Eurocode 4 — EN1994

Eurocode 4 was first drafted in 1985 and published in 1992 as ENV1994 and accompanied by the
National Application Documents (NAD?’s). It is intended that the Eurocode together with its NAD
may be used optional to the National Standard. The difficulty associated with the Eurocode 4
document is that the code must be consistent on one hand with the material independent parts of
EN1990 [3] & EN1991 [4] and on the other hand, consistent with the Eurocode 2 [5] for concrete
structures and Eurocode 3 [6] for the steel structures. For this consistency, CEN insisted that
information is not repeated in each code but referring across the codes. Therefore, EN1994 must be
used in conjunction with all the related Eurocodes. For this reason, it is difficult to design using the
Eurocode 4 until all the other Eurocodes are ready. Figure 1 shows the relationship of the EN1994
with the other Eurocodes.

EN1991
Actions
Dead Imposed Wind

|

EN1990
Basis of Design

!

EN1992
Concrete
Structures

EN1993
Steel
Structures

EN1994
Composite Structures

Figure 1. Designing Composite Structures Using the Eurocodes
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As shown in Figure 1, for the design of the composite structures, material properties related to
concrete part of the structures must be referred to the EN1992, i.e. grade, modulus of elasticity and
strength of the concrete, while the material properties related to the steel part of the composite
structures must be referred to the EN1993, for example, steel grade, yield strength and modulus of
elasticity. In addition, design rules such as effective width, classification of cross sections, etc. will
need to be consistent across all the related codes.

Part 1-1 of Eurocode 4 gives a general basis for the design of composite structures together with
specific rules for buildings. The following subjects are dealt with in Part 1-1:
Section 1: General

Section 2: Basis of design

Section 3: Materials

Section 4: Durability

Section 5: Structural analysis

Section 6: Ultimate limit states

Section 7: Serviceability limit states

Section 8: Composite joints in frames for buildings

Section 9: Composite slabs with profiled steel sheeting for buildings

Annex A: Stiffness of joint components in buildings.

Annex B: Standard tests.

Annex C: Shrinkage of concrete for composite structures for buildings.

As discussed earlier on, composite construction with precast hollowcore slabs is currently outside
the provisions of the current EN1994. This paper discusses some of the particular issues that affect
this form of construction, and presents a design guidance using the Eurocode methodology.

2. COMPOSITE CONSTRUCTION WITH PRECAST HOLLOWCORE SLABS

In composite construction, the most important piece of information relevant to composite beam
design is the shear connectors load — slip capacity. This load-slip characteristic of the shear
connectors have mainly been obtained from the push off tests. Although the push off test cannot
exactly simulate the actual conditions occurring in a composite beam, it does enable the behaviour
of different types and sizes of shear connectors to be compared provided the test is standardized.
The standard push off test for shear connectors is currently covered by Annex B in the
EN1994-1-1and as shown in Figure 2.

2.1 A. Basis of Design for the Shear Connectors

The basis principles for the design of shear connector are as follow:

(1) Shear connectors and transverse reinforcement shall be provided to transmit the longitudinal
shear force between the concrete and the structural steel element, ignoring the effect of natural
bond between the two.

(2) Shear connectors shall have sufficient deformation capacity to justify any inelastic
redistribution of shear assumed in design.

(3) Ductile connectors are those with sufficient deformation capacity to justify the assumption of
ideal plastic behaviour of the shear connection in the structure considered.

(4) A connector may be taken as ductile if the characteristic slip capacity oy is at least 6mm. An
evaluation of 8 is given in Annex B of the EN1994-1-1.

(5) Shear connectors shall be capable of preventing separation of the concrete element from the
steel element, except where separation is prevented by other means.
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(6) To prevent separation of the slab, shear connectors should be designed to resist a nominal
ultimate tensile force, perpendicular to the plane of the steel flange, of at least 0.1 times the
design ultimate shear resistance of the connectors. If found necessary, they should be
supplemented by anchoring devices.

(7) Headed stud shear connectors may be assumed to provide sufficient resistance to uplift, unless
the shear connection is subjected to direct tension.

(8) Longitudinal shear failure and splitting of the concrete slab due to concentrated forces applied
by the connectors shall be prevented.

As the current standard push off test is not suitable for composite precast hollowcore construction,
a new standardize push off test is needed to fill the gap in the Eurocode 4.
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Key

1 Cover 15 mm

2 Bedded in mortar or gypsum

3 Recess optional

4  Reinforcement: ribbed bars $10 mm resulting in a high bond with 450 < fg < 550 N/mm?

Steel section: HE 260B or 254 x 254 x 89 kg/m UC
Figure 2. Test Specimen for Standard Push Off Test
2.1.1  New push off test for hollowcore slabs
A new horizontal push off test arrangement is proposed by Lam [7] as shown in Figure 3. The test
specimens each consisted of four 600mm wide x 800mm long prestressed hollowcore units

connected to a 254 x 254 x 73 UC with a single row of 6 pre-welded headed studs at 150mm
centres. Cores of 500mm long were left open to allow placement of the transverse reinforcement.
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The 600mm slab width was chosen instead of the common 1200mm width so that the effect of the
transverse joint could be observed. The in-situ concrete infill was cast horizontally and tested when
the required design strength is reached. Horizontal load was applied to the specimen by two
hydraulic jacks bracketed in parallel on to the steel beam and working against the slab via spreader

beams.
600 mm 600 mm
£ il il il N 300x250x 500x300x
o E 25mm plate 25mm plate
S o
© o
) (| 1 (e | Fp----- - e T iSOmm
o \ : - 90mm
-1tk - IGREEEEE C——— NI I50mm
. 12 @ 26mm dia. ho §5mm thic
£ stiffeners
S il il il il Reinforcement:
© Ribbed bar s ¢$16mm, 1000mm
long, resulting bond stresses
450 <y <500 N/mm?
>15mm > 15mm

If base height, h, > height of

1 $ L0l | shearstud, h, then squared
- end condition is assumed.

Tapered end

Squared end

6-studs@150mm c/c 5@75 mm 100 mm

. Load
Spreader Hydraulic cell

beam jacks q
: N 250 mm

00D §UOP G0 =r W
HE 260 B or 254x254x73 kg/m UC, Grade S275, 3m long W

Figure 3. General Arrangement for Horizontal Push Off Test



599 D. Lam

Longitudinal slip is measured by LVDTs at the end of the slabs until the load has dropped to 20%
below the maximum load reached. This enables the load and slip capacity to be determined.
Because the slab is cast and loaded in the horizontal position as it would be in practice, the
construction difficulties using this standard push off test for hollowcore slabs (HCS) and the
inherent possibility in the standard vertical push off test where the weaker concrete slab failing first
are eliminated.

Over 100 full-scale push off tests were carried out with different parameters (i.e. studs sizes,
hollowcore slabs thickness, end profile, in-situ infill concrete strength and transverse reinforcement)
in accordance to the new push off test procedure to determine the shear capacity of the headed stud.
Based on the push off test results, equations for determining the shear capacity of the headed studs
in precast hollowcore slabs showed in Figure 4 together with the new push off test procedures have
been submitted to the EC4 committee for consideration.

6.6.3.3 Headed Stud connectors used with precast hollowcore slabs
The design shear resistance of an automatically welded headed stud with a normal weld collar,

should be determined from

Pep = 0.8, (7d?/14) 1y, (6.18a)
or
Pro = 0.29a86d % \JafcoEen | 7, (6.19h)
whichever is smaller,
where d= is the diameter of the shank of the stud,;
fu= is the specified ultimate tensile strength of the material of the stud but

not greater than 500 N/mm?;

o= a factor which takes into account the gap width g (mm) and is given as
0.5(g/70 +1) <1.0, and g >30 mm;

p= a factor which takes into account the diameter ¢ of transverse high

tensile tie steel (grade 460) and is given by 0.5 (¢/20 + 1) <1.0, and ¢ >

8 mm;
= transverse joint factor = 0.5(w/600 +1), w = width of hcu
f_=  average concrete cylinder strength = 0.8 x average cube strength of the

in-situ and precast concrete;

E., = average value of elastic modulus of the in-situ and precast concrete.

The partial safety factor y, should be taken as| 1.25 | for the ultimate limit state.

Figure 4. Proposed Equations for the Headed Shear Connection with Precast Hollowcore Slabs
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2.1.2  Effective width of flanges for shear lag

In composite design, allowance need to be made for the flexibility of the concrete flanges affected
by in-plane shear (shear lag), it can be done either by means of rigorous analysis, or by using an
effective width of the concrete flange. In EC4, the effective width of concrete flanges is determined
in accordance with Figure 5. When elastic global analysis is used, a constant effective width may be
assumed over the whole of each span. This value may be taken as the value bes 1 at mid-span for a
span supported at both ends, or the value bes » at the support for a cantilever.

At mid-span or an internal support, the total effective width bes, see Figure 5, may be determined
as:

Dett = Do + Y Dei (1)
where:

bo is the distance between the centres of the outstand shear connectors;

Dei is the value of the effective width of the concrete flange on each side of the web and taken

as Le/8 but not greater than the geometric width b; . The value bi should be taken as the
distance from the outstand shear connector to a point mid-way between adjacent webs,
measured at mid-depth of the concrete flange, except that at a free edge bi is the distance to
the free edge.

The effective width at an end support may be determined as:

beff = bO + Z,B| bei (2)
with

where:

Dei is the effective width of the end span at mid-span and Le is the equivalent span of the end

span according to Figure 5.
2.1.3  Effective width of hollowcore slabs

The calculation for the effective width of the hollowcore slabs is more complicated than the
Eurocode method due to the presence of the hollow cores (voids) within the concrete slabs. Figure
6 shows the section of the composite beam with precast hollowcore slabs. From the results of the
experimental work and FE analyses carried out by Lam et al. [8, 9] and Murad & Lam [10], it
showed that the effective width for this form of construction is affected by the in-situ concrete infill,
the precast hollowcore slabs and the transverse reinforcement. Based on the research work, an
empirical equation for calculating effective width for the hollowcore slabs is proposed:

/£ .
by = LSt 32 Lo 1000+ 259 (4)
35 500 460
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where

fei 1S the in-situ infill concrete strength in N/mm?.

¢ is the diameter of the transverse reinforcement in mm.

fi is the characteristic strength of the transverse reinforcement in N/mm?.
g isthe gap between the precast units

bef‘f
< >
Insitu Concrete Shear Stud Hollow Core Slab
| | =
| B |
| * | ' | ! *
| 1 I J B
Steel Beam =~ Transverse

Reinforcement

1

Figure 6. Effective Width of Hollowcore Slabs
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2.2 Moment Resistance of the Composite Beams

The bending resistance of the composite beams can be determined by rigid-plastic theory only
where the effective composite cross-section is in Class 1 or Class 2. Otherwise, elastic analysis and
non-linear theory for bending resistance may be applied to cross-sections of any class. It is assumed
that the composite cross-section remains plane if the shear connection and the transverse
reinforcement are designed in accordance with CI.6.6, to distribute the design longitudinal shear
force. The tensile strength of concrete shall be neglected.

The following assumptions should be made in the calculation of My rg :

a) there is full interaction between structural steel, reinforcement, and concrete;

b) the effective area of the structural steel member is stressed to its design yield strength fyq in
tension or compression;

c) the effective areas of longitudinal reinforcement in tension and in compression are stressed to
their design vyield strength fy in tension or compression. Alternatively, reinforcement in
compression in a concrete slab may be neglected;

d) the effective area of concrete in compression resists a stress of 0.85f.4 constant over the whole
depth between the plastic neutral axis and the most compressed fibre of the concrete, where f.4 is
the design cylinder compressive strength of concrete.

Typical plastic stress distributions are shown in Figure 7.
b
ff

e

e

0857,
7 7 B ER N
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Figure 7. Plastic Stress Distributions under Sagging Bending for Partial Shear Connection

2.2.1  Moment resistance of composite beams with precast hollowcore slabs

For composite beams with precast hollowcore slabs, similar rigid plastic theory is applied. The only
limitation applied for this form of construction is that the plastic neutral axis is below the steel —
concrete interface. Figure 8 shows the plastic stress distributions under sagging bending with full
shear connection.
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Figure 8. Plastic Stress Distributions under Sagging Bending for Full Shear Connection

The moment resistance of the composite sections where neutral axis is within the web is given

below:
(D+Dy,) D[N
MpI,Rdszl,a_'_Nc,fTsa_z N, ®)
where
Mpia IS the moment resistance of the steel section
D is the steel section depth
Dsiab IS the concrete slab depth
Ne is the compressive resistance of the concrete flange

Naw is the resistance of the web of the steel section
2.3 D. Composite Joints

In steel braced frame structures, the most economical solution is to use nominal pinned joints.
However, since longitudinal reinforcement is required over the supports; in order to limit cracking
in providing additional tying against disproportional collapse, it will be technically and
economically advantages to design the joints as composite joints in which the longitudinal
reinforcement will contribute to the resistance and the stiffness of the joint. Composite joints in
building are covered in section 8 of Eurocode 4 and the section is consistent with the EN1993-1-8
[11]. The design of moment capacity of these joints are based on the so-called ‘component method’.
Figure 9 shows the example of the composite joints. With regard to the rotation capacity of these
joints, the influence of cracking of concrete, tension stiffening and deformation of the shear
connection should be considered in determining the rotation capacity. The rotation capacity of a
composite joint may be demonstrated by experimental evidence. Alternatively, calculation methods
may be used, provided that they are supported by tests. In general, composite joints with rotation
capacity in excess of 30 mRad are acceptable for design purposes.
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Figure 9. Composite Joint
2.3.1  Composite joints with precast hollowcore slabs

Figure 10 shows the force diagram and component of the composite joints. Equation (6) based on
the component method are proposed to predict the rotation capacity, ¢, for this form of composite
joints. From the strain profile of the longitudinal reinforcing bar taken from the tests data by Lam &
Fu [12], it shows that the steel bar yielded only in the region between the column centre line and
the second shear stud, the strain in the other part of the steel bar is small and remained elastic.
Therefore, the elongation zone of the longitudinal reinforcement, 4L can be taken as between the
centre line of the column and the position of the second stud. Hence, it can assumed that the length
for calculating the elongation to be p;+p,+D/2, where p; is the distance between the column face
and the centre line of the first stud; p, is the distance between the centre line of the first stud and the
second stud and D is the depth of the column.

Figure 10. Force Diagram and the Components of the Composite Joint
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AL +Slip
D,+D, D,

P, (6)

where AL=¢,(p,+ P, +%)

For full shear connection, reinforcement strain, &, is taken as the ultimate strain developed in the
longitudinal reinforcement. It is because that for full shear connection, the longitudinal reinforcing
bars can be developed into the strain hardening whereas for the partial shear connection, &g, is
taken as the maximum strain developed in the longitudinal bar. For simplicity, it can be taken as the
yield strain of the steel bars if enough shear studs are provided to enable yielding of the
longitudinal bars.

The moment resistance of the composite joint, Mgg

ForN,; 2F  +F

a,f =—

where,

Na = compressive resistance of the bottom flange of the steel beam,
Fr:= tensile strength of the longitudinal reinforcement,

Fp = effective tensile resistance of the bolt group.

Mgy = Fr,t(Db +D, —0.5t;)+ Fb,t(Db - —0.5t) ()

where,

Dy, = the depth of the beam,

r. = the distance of the first row of bolts below the top of the beam,
D, = the distance of the reinforcement above the top of the beam,

tr = the flange thickness of the steel beam.

For N, <F,+F.,,
(Fr,t + Fb,t - Na,f)
t f

w " yd

The neutral axis, y, =

where,
tw = the web thickness and
fya = the design strength of steel section.

The moment resistance of the composite connection, Mgrp

Mo = Fri(D, +D, =05t )+ Fy (D, =1, ~05t,) — F, 2 ®

where R, =vy.t,f

w ' yd

3. CONCLUSIONS

In this paper, an overview of the Eurocode structures and the contents of the Eurocode for
composite construction, EN1994 are presented. In particular, technical details especially related to
the design of the composite beams are discussed and compared with the treatment to the composite
construction with precast hollowcore slabs. Design guidance for this form of construction using the
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Eurocode methodology is discussed and new equations and design method are proposed.
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ABSTRACT: Steel storage pallet racks are three-dimensional framed structures, similar to multi-storey building
structures. They are widely used for the storage of different types of materials. To provide the easy accessibility to
stored products, pallet racks are not braced in down-aisle direction. The only source of the stiffness required for
down-aisle stability is the stiffness of the connections between columns and beams, and the stiffness of the column
bases. Connections between columns and beams are realized by means of different types of mechanical devices (tabs,
hooks etc) without the need of using bolts and welds. Such joints have non-linear M — ¢ characteristic. Most of
the recent design codes and papers recommend experimental tests of beam-to-column connections to obtain
semi-rigid joint characteristics that can be applied in the global analysis. The aim of this paper is to present
application of the component method to assess main joint properties, i.e. the moment resistance and initial stiffness of
storage rack joints. Results obtained using developed model are compared with the test results.

Keywords: Storage pallet racks, component method, semi-rigid connection, experimental tests

1. INTRODUCTION

Steel pallet racks are regular, 3D multi-storey, multi-bay structures, used in industry and
warehouses for the storage of palletised goods (Fig. 1). They are realized by using cold-formed
steel profiles. Design analysis of such structures is carried out on 2D sub-assemblies, separately in
the cross- and down-aisle directions. Stability in the cross-aisle direction is provided by bracings.
To provide the easy accessibility to stored products, pallet racks are not braced in down-aisle
direction. Because of lack of bracings in the down-aisle direction, structural analysis is carried out
by adopting a semi-continuous sway frame model, i.e. unbraced frame with semi-rigid joints.
Analysis of such structures were described in a few papers (Abdel-Jaber et al [1], Beale and Godley
[2], Bernuzzi and Castiglioni [3], Freitas et al [4], Godley et al. [5], Pekdz and Rao [6], The et al.

[71)

Connections between columns and beams are realized in such structures by means of different
types of mechanical devices such tabs, hooks etc, without the need of using bolts and welds. These
joints have non-linear M —¢ characteristic (Baldassino and Zandonini [8], Baldassino and
Bernuzzi [9], Markazi et al. [10], Markazi et al. [11]. Most of the recent design codes and papers,
recommend an experimental-theoretical design approach and require experimental tests of
beam-to-column connections to obtain semi-rigid joint characteristics that can be applied in the
global analysis. Such experimental tests were conducted for one of the commercially available steel
racks system in Poland. Observation of joint behaviour during tests suggests the possibility of using
the component method to evaluate the main joint properties i.e. moment resistance and initial
stiffness. The aims of the paper are to present model of the component method for the investigated
rack joints and compare results between the tests and the component modelling.
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Fiure 1. Typical Pallet Racs Coﬁfigﬁration

2. EXPERIMENTAL PROCEDURE AND THE TEST RESULTS

A sketch of tested beam-to-column connection with its dimensions is shown in Figure 2. The joint
consists of a beam-end connector with tabs, made of a 4-mm thick cold-formed angle, welded to
each end of the beam. The leg of the angle with tabs is in contact with column web after assembly,
while there is a 2-mm gap between the second leg, perpendicular to the column web.
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Figure 2. Dimensions of Tested Joint
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Recommendations (Institute of Logistics and Warehousing [12]) suggest two possible ways of
testing to evaluate the joint behaviour. One is bending test on isolated beam-column connection,
second is portal test, where the frame, composed of two columns and one beam, is loaded by
vertical and horizontal forces. Bending tests on isolated connections were conducted for analysed
connections. Research program is summarized in Table 1. The main aim of experimental tests was
to obtain moment-rotation characteristics of tested joints and also the observation of behaviour of
joint components under loading and finally failure modes. Figure 3 shows the general layout of the
tests. Tests were carried out on five full-scale joint groups. Two groups (“D” and “F”) consisted of
single-sided joints of external columns. Other three groups (group “B”, “C” and “E”) were double-
sided connections of beams to internal columns. Every tested group had the same connector and
column section, while the size of the beam was different in each group. To prevent lateral
movements whilst loading, both column and beams elements were doubled and connected to each
other. Distance e; =e, was established so, as the force F equal to25% of shear capacity of

connection could produce ultimate bending moment value with tolerance +30% (Institute of
Logistics and Warehousing [12]). In order to assess end rotations of the beams, two dial gauges
were used at each beam. End rotations of beam were obtained as the relative gauges displacements
divided by the separation between them. Because of large stiffness of beam, no correction factor
was used for the calculation of the joint rotation (with regard to deflection of the cantilevered
beam). In one sided-tests, rotations of the connection was obtained by subtracting the rotation of
the column from the rotation of the beam. Testing procedures, instrumentation and detailed test
results of analysed joints can be found in (Koztowski and Sleczka [13]).

Table 1. Research Program

Number of Type of
Symbol specimens Type of tests beam (RHS)
Group “B” 6 Bending tests, internal column 100x50x3
Group “C” 6 Bending tests, internal column 80x40x3
Group “D” 5 Bending tests, external column 100x50x3
Group “E” 6 Bending tests, internal column 120x60x3
Group “F” 6 Bending tests, external column 120x60x3
Column Column
—% / Support o
i e1 e | e1 ‘b
F 6 N Beam-end ‘ F Beam-end F
* connector * + —>| | connector *
e B L —— L 3 s00mm |l $ ””””””” I 5
% i CIA> @100 mm TS CIA>100 mm
Dial gauges
155 mm 40 mm
Beam Beam

Figure 3. General Layout of Double-sided (Internal Column) and
One-sided (External Column) Tests

The main test results are summarized in Table 2 and Table 3. Every tested group has consisted of
six specimens. Values presented in Tables 2 and 3 are arithmetic mean values. The plastic flexural

resistance M, o, Was obtained as a point of intersection of a straight line representing initial
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stiffness S jni, with the line of slope 0,1S; ;i , which is tangent to the non-linear part of the curve

obtained in test (Fig. 4).

Ex perimental and Theoretical Investigations of Pallet Racks Connections

Table 2. Material Properties

Part of the joint Yield stress, [MPa] | Ultimate stress, [MPa] Elongation, [%]
Column 384.2 431.4 30.7
Connector 346.6 403.3 37.2
Beam 404.7 433.3 36.9

Table 3. Main Test Results of Joints
Initial rotational Plastic flexural Ultimate flexural
stiffness S i resistance M p) exp resistance M exp
[KNm/rad] [KNm] [KNm]
Group “B” 139,40 3,19 3,90
Group “C” 116,70 2,36 3,27
Group “D” 71,35 3,10 3,58
Group “E” 123,06 3,20 3,73
Group “F” 96,15 3,37 3,86
M [kNm]
4.0 /Asjn L‘: 0.1Sn;
Mpl,ex 1 / ‘ ‘
30 ' J// Mu,exp
2.0 //
/ experimental
1.0
¢ [rad]
0.0 .
0 0.02 0.04 0.06 0.08 0.1
Figure 4. Experimental M —¢ Curve, Specimen B5
3. APPLICATION OF COMPONENT METHOD TO MODELLING OF PALLET

RACK CONNECTIONS

The component method is now one of the most effective methods to analyze and predict the
rotational behaviour of different types and different configurations of connections. It is mainly used
in case of steel joints made from hot rolled sections (EN 1993-1-8 [14]) and composite joints (EN
1994-1-1 [15]), but recently has also found other applications (Fink et al. [16]).

The application of the component method is usually performed in three stages. The first stage is the
identification of components in the analyzed joint, where the complex joint is subdivided into parts.
The second stage is the prediction, for each identified component, of its individual initial stiffness,
strength and often deformation capacity. The behaviour of each component is described by a
bilinear relationship between displacement and force. Components that do not affect the stiffness of
the joint are modelled as rigid-plastic, while other components are modelled as elasto-plastic
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elements. The third stage is the evaluation of flexural strength and rotational stiffness of the whole
joint. In this stage, the lever arms should also be predicted for every group of components.
Behaviour of connection is then predicted by analysing group of springs with axial stiffness, joined
in series or in parallel.

3.1 Identification of Components
In the case of analyzed storage rack joint, the following components can be identified:
3.1.1 Column web in tearing

A part of the column web situated between the slot and the flange of the column is subjected to a
distributed load transmitted by the tabs in the connector. Fixed-ended beam of a span equal to the
height of the slot, loaded by contact stresses can be used to model the behaviour of this component
(Fig. 5). The resistance of the component depends mainly on shear stresses. This component is
active only in a tensioned part of the joint.

- TR -
.-P:,—! 7] : I V w

- — ! %
S T N Y
a0 |g i zone _A {19 A4 = ©
o | ol = ! éi N _ _—
At R S I | 7 "
M ! | —+—
000 g ..}_; R L. \F Tooar
0 : o] I LCompression

; Qi
i zone ]
oo AA 2.0

Figure 5. Model to Determine the Resistance and Stiffness of Column Web in Tearing

According to Figure 5, the resistance Fg, o Can be obtained considering the relationship:

1
0.94 ch,tear = Av E fu.cw (1)

where Few, ear - resistance of column web in tearing; A, - shear area of part of column web, as
indicated in Figure 5 and F, v - ultimate tensile stress of column web. From Equation 1 the
resistance of column web in tearing can be calculated as Fey, ear = 6,36-10°N.

The initial stiffness of spring element modelling column web in tearing K, qr IS given by
general rule:

F
I(cw, tear = g (2)

where ¢ - deflection of the beam caused by bending and shear deformation under load F . Using

deflection equations for beam shown in Figure 5, it can be found that Ky s = 5599102 l.
' mm

The effect of tearing of the column web observed during the tests is shown in Figure 6.
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3.1.2  Column web in bearing

This component is active both in the tension and compression zones of the joint (Fig. 7). The
resistance of the column web in bearing F.,, » can be evaluated using analogy to bolted connections,
according to (EN 1993-1-8 [14]):

ch,b =2.3a fu,(:w dtew (3)

where t., - thickness of column web; d - bolt diameter (here replaced by the thickness of the tab
d =tg, =4,0mm); f, - ultimate tensile stress of column web; and « - reduction factor. In the
case of joint with tabs, a = f, ./ f,cy =0.935. Finally, the resistance of the column web in

bearing can be predicted as F,, = 8,07 103N

e % Tab
| a zone H
uib |
0 | p—
(S I P ) ! 19
0D 0k 'a i4
o Compression & B
ugu ] zone i
0 ~— L |
In tension zone
In compression zone

Figure 7. Local Stresses due to the Pressure Acting on the Hole Walls

The stiffness of the component k., , can be also estimated, as suggested by (EN 1993-1-8 [14]),
for snug tightened bolts:

I(cw,b =12 kb I(t d fu,cw (4)
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where d - bolt diameter (here replaced by the thickness of the tab d =t;,, =4,0mm); f, - as
above; ky,k; - coefficients (k, =1,25; k; =1,5t,,/dp1e <2,5). In Eq. (4) coefficient “12” was
used instead of “24”, according to one row of the “bolts”. Using the above equation, it can be found

N . . . . .
that kg, =48,5-102 — . The effect of local bearing stresses in compression zone is shown in
' mm

Figure 8.

P

-

Figure 8. Effect of Bearing in Column Web Observed during the Tests
3.1.3  Column web in tension (compression)

A part of the column web is subjected to tension or compression (Fig. 9). The buckling resistance
of the column web in compression can be computed according to (Chen and Newlin [17]) as:

3
Fewe :10766.1;°Wm =42.2-10°N ()
wc

where te, = thickness of column web, duc = clear depth of column web, f, ¢ = yield stress of
column web.

The resistance of the tensioned part of the column web F_,, can be determined according to (EN
1993-1-8 [14]) as:
Fewt = @Bt tew fy,cw (6)

where o - factor accounting for the interaction with shear, b - effective width of the web, tew, fy, cw
- as above.

Assuming the tangent of the spreading angle 1:2.5 (Fig. 9), by = 25 + 7.5 = 32.5 mm and

Fowg =25-10°N .

The axial stiffness of the column web in tension and compression k., can be evaluated by the
relationship:
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kcw = Ebeff tcw /dwc (7)
where E - the elastic modulus, t.,, dwc - as above.

The effective width befr of the column web for stiffness calculation in the compression zone is
equal to the length of the zone where distributed load from bearing is acting (5.0 mm). The

effective width in the tension zone is predicted by considering an 45° angle for the load spreading

(Fig. 9). So, the axial stiffness in the compression zone is K, . = 525102 n:\rln and in the tension

zone is Keyt = 488102 l. The local buckling of column web, in compression, observed during
’ mm

the tests is shown in Figure 10.
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Figure 10. Local Buckling of Column Web in Compression Zone
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3.1.4  Column web in shear

Shear deformation of panel zone occurs only in case of external joints, when one-sided bending
moment is acting from the beam. Shear force in panel zone is not uniformly distributed. Its values
change in the levels of connector’s tabs (or levels of perforations in columns), see Figure 11. The
highest value of shear force is reached at the center of the panel zone, while a small reductions
occurs at its ends. For the sake of simplicity, it can be assumed that the shear force is uniformly
distributed in the entire panel zone. Transformation parameter £ accounting distribution of shear

force at column length can in this case be calculated as (Faella et al. [18]):

=1 hp 8
B= T, (8)

where hp, is the height of panel zone and h; is column height.
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Figure 11. Panel Zone in Shear

The resistance of panel zone in shear including the effect of the distribution of shear force is given
by:

VCW S

where V,, s - resistance of column web in shear:

fow A
Vcw,s = % (10)

Ascnet s the shear area of column web, with accounting perforations of web. So the resistance of
panel zone can be calculated as:

fy.ow A
Fows =20 = 11
cw,s ,Bﬁ ( )
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The height of panel zone is equal to h, =200mm, the column height in tested connections is

equal to h, =570mm and A . =106mm?,so 5 =0.649 and Fg, =36,3-10°N.

The stiffness of panel zone is affected by the presence of perforations at regular intervals at column
height. The axial stiffness of spring modeling behavior of this component has to be predicted from
general rule, (Fig. 11):

F
kcw,s = g (12)

Deflection of panel zone under shear deformation & can be predicted as the sum of deformation
of areas with net shear area Ay et and with gross shear area A :

_ thl +th2

= 13
GAcnet GAc ()

where Zhl and th are the total height of net shear area and gross shear area respectively.

Taking into account that G =0.38E and transformation parameter /£ accounting distribution of
shear force at column length, equation (12) can be written as follow:

0.38E

kcw,s =
ﬂ[ zhl + thJ
Avc,net A

(14)

which gives value of axial stiffness k., 5 = 829,8-10% N /mm .
Deformation of panel zone observed during the tests is shown in Figure 12.

Figure 12. Deformation of Panel Zone
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3.1.5 Tabsin shear

Another component affecting the rotational behaviour of the rack joint is the tab of the connector,
subjected to bending and shear from local bearing stresses. To predict the resistance and stiffness of
this component, the model of a cantilever beam subjected to a concentrated load can be used (Fig.

13). The distance between the load and fixed end of beam, measured by the developed length of
tabs isequal 1 =7,0mm. The resistance of the tab F; ¢ can be evaluated as shear resistance:

Fi s :Av(fu,co/\g) (15)
where A, - effective shear area of tab; f, ., - ultimate tensile stress of connector.

Area of bearing

Figure 13. Tab in Shear and Bending

Because of the existence of undercuts in tabs, made during punching in time of production,
effective thickness of tabs is equal ty, . =3,0mm, instead the nominal value ty, nom =4,0mm.

The resistance is based on the ultimate tensile strength of the connector f, ., rather than the yield

stress, so resistance of the component can be calculated as F; ¢ = 91-10°N.

The initial stiffness of this component k; o can be calculated using equation (2), where & is the

deflection of the beam (at the point where the concentrated load F is acting) from bending and
shear:

3
o= I—+£ F (16)
3ElI GA/
Both moment of inertia | and shear area A, should be calculated taking into account the

effective thickness of the tabs. Using above equations, it can be predicted that k; ; = 2714 1102 r::n

This component is active both in the tension and compression zones of the joint.
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Deformations of tabs, due to shear and bending, observed during the tests are depicted in Figure 14.

b

Figure 14. Deformation of Tabs due to Shear and Bending
3.1.6  Connector in bending and shear

Behaviour of the connector can be modelled taking into account a cantilevered part of the
connector, protruding over the flange surface of the beam, as shown in Figure 15.
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Figure 15. Connector in Bending and Shear
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Resistance of the component can be found as plastic resistance of an element subjected to bending
and shear:

VCO,S = A/ fy,co /\/g =19,2 '103 N (17)
Meo =Wpi fyco =42,22:10°N mm. (18)

where A, - effective shear area of connector; f, ., - yield stress of connector; W, - plastic
section modulus of connector.

The initial stiffness k., of this component is calculated as the ratio of the force to the deflection of

the component under this force, equation (2). Because of the openings (slots) in connector, the
deflection of the component was evaluated as for shear-wall structures containing openings under
lateral loads according to (Benjamin [19]), including the effects of bending and shear. Every tested
group of joints has different beam heights, so the initial stiffness of the component is different for
each group. In every group, two values of initial stiffness have been calculated: for external slot
(force is acting in tab more distant to the beam), and for internal slot (force is acting in tab closer to
the beam). Predicted values of the initial stiffness for each group are listed below.

(13 . N N .
Group “B”: kco,ext=540~102ﬁ, kco,im=5664~102ﬁ,

[13 . N N .
Group “C” kco,ext=368-102m, kco,im=2689-102ﬁ,

13 7. N
Group “E”: kco,ext=662-102ﬁ, Keo.int = © -

For group “D” the values of initial stiffness of connector in bending and shear are the same as in
group “B”, and for group “F” as in group “E”.

This component is active both in the tension and compression zones of the joint. Observed
deformations of connector during the test are shown in Figure 16.

Figure 16. Deformation of Connector Obered during the Tests
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3.1.7  Connector web in tension (compression)

Regarding the tension and compression zones of the connector web, the resistance F,, can be
estimated according to (EN 1993-1-8 [14]) as:

Feow = @bett teo fy,co (19)

where @ - factor accounting for the interaction with shear; t., - thickness of the connector’s web,
fy cw- Yield stress of connector. The effective width of the connector web b accounts for the

spreading of the stresses transmitted by the beam flange (Figure 17). Assuming the tangent of the
spreading angle 1:2.5, b,y =27 mm can be adopted and the resistance in compression and tension

zones can be calculated as
Feowt = Feowc =37,4-10°N..
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Figure 17. Connector Web in Tension or in Compression

The axial stiffness of the connector web in tension and compression can be evaluated from the
relationship:

I(cow =E btleff teo /dwc (20)

Assuming an angle of 45° for the load spreading, the value of the initial stiffness

Keow,t = Keow,c = 5760102 n:\lm can be calculated.

3.1.8 Beam flange in tension (compression)

The last component, beam flange in tension and compression, has to be considered only in the
evaluation of the joint resistance. Its resistance can be computed as:

Fot ¢ = For t =DPesr tor Ty pr (21)
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where ty - thickness of the beam flange, f, ¢ - yield stress of beam flange. The spreading of
stresses to calculate the effective width of the beam by is depicted in Figure 18. The value of

resistance in tension and compression zone can be predicted as Fy . = Ry ¢ = 29,9-10°N .
|
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Figure 18. Stress Distribution in the Beam Flange
3.2 Evaluation of the Rotational Stiffness

The mechanical model adopted to predict the initial rotational stiffness is shown in Figure 19a. The
springs representing the behaviour of the components are located at the level of the tabs of
connector and at the level of beams flange. Only the lever arm of spring representing behaviour of
panel zone is different. According to (EN 1993-1-8 [14]), it can conservatively be taken as the
distance from centre of compression to a point midway between two rows of tabs in tension zone.
In the calculation, it is also assumed that the contribution of the springs situated in the centre part of
the joint is small and so their influence has been neglected.

a

~

Kew.s Kow tear Kew.t Kis Kco,ext b)

kco int

50(50,5050
50(50,5050

Figure 19. Mechanical Model and Procedure for Evaluating the Rotational Stiffness



622 Ex perimental and Theoretical Investigations of Pallet Racks Connections

The procedure to evaluate the rotational stiffness is depicted in Figures 19b - 19e. The first step is
the computation of effective stiffness of each row (Fig. 19b), followed by the prediction of the
equivalent overall stiffness in the compression and tension zones and of the lever arms (Fig. 19c).
Third step is the change of two springs with axial stiffness into one spring with rotational stiffness
(Fig. 19d); and finally the prediction of the initial stiffness of the whole model, (Fig. 19e).
Adequate relationships to make conversion of mechanical model from Figure 19a to model
depicted in Figure 19e can be found in mechanics handbooks or in (Faella et al. [18]). Presented
model is general, spring representing panel behaviour is only active in external connections. In
internal connections, panel zone is not affected by shear force and kg, s =oo.

The most influencing component on the rotational stiffness in tested connections is the column web
in bearing.

3.3. Evaluation of the Flexural Resistance

Behaviour of such joints can be considered in two stages: before direct contact of connector with
column flange (elastic stage) and after this contact occurred (plastic stage).

Mechanical model adopted to predict the elastic flexural resistance and lever arms for each group
of components are presented in Figure 20a. Because the weakest component governs the resistance
of each row, model depicted in Figure 20a can be easily simplified into model presented in Figure
20b.

a) ch,s ch,tear ch,t Ft,s

O
~

FCW,S "4” “1 ”

| 50 |‘501|‘50 |50 |

| 5050 [50 |50 |

Figure 20. Mechanical Models for the Elastic and Plastic Flexural Resistance Evaluation

The resistance of components marked “1” in Figure 20b is equal to F =F, tqr ~6,36-10°N

when component is in tension (column web in tearing), or F=F,,, =807 103N when
component is in compression (column web in bearing). The resistance of components marked “2”
(beam flange) is equal F =Fy o = Fys ¢ =29,9-103N and the resistance of the connector in
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bending (modelled as rotational spring “3”) isequalto M, p, = 42,22-10* N mm . The resistance of

column web in shear (“4”) is equal to F, =36,3-10N , but this component should be

considered only in case of external connections. In internal connections, panel zone is not affected
by shear force and F,, ; =o. Model presented in Figure 20b represents only the initial behaviour

of joint when the gap between the column flange and connector (Fig. 2) still exists.

To describe ultimate behaviour of connection, it can be assumed that the rotation of the connector
increases, the gap disappears and contact stresses start acting between column flange and connector
directly, (Fig. 20c), what change the lever arm. Also, it is assumed that plastic distribution of
internal forces can be obtained — the tests (Koztowski and Sleczka [13]) showed that all
components have proper ductility. All forces acting in each row of components “1” in tension zone
reach plastic capacity: minimum value between the resistance of their basic components -

F = Fow tear = 6,36 -10® N (column web in tearing). From condition of equilibrium, the reaction in

compression zone Z is equal to the sum of forces in each tension rows. When the gap has
disappeared, bearing stresses between connector and column are non-uniformly distributed.
Because the flexural resistance of connector protruding over the flange surface of the beam cannot
be exceeded, the centre of compression can be determined from equation:

Mco,b
= (22)
YA
where Z = reaction force in compression zone, M, = flexural resistance of connector and z;

= distance of centre of compression from bottom flange of beam, see Figure 20c. When the centre
of compression is found, plastic flexural resistance can be predicted using equation:

3
M pi = Few,tear 2N + Mo b (23)

i=1

where h; = the distance of i—th component from the centre of compression, Fy tear
minimum value of the resistance in each row (in this case column web in tearing) and Mg, =

flexural resistance of connector. In addition, the flexural resistance of upper part of connector
should be checked. When the bending moment generated by two forces acting in upper rows is
greater than the value of force acting in upper row, then the flexural resistance of connector M,

should be reduced to a value of wF, o in order to satisfy moment equilibrium. In case of

external connections, plastic flexural resistance of connection could not be greater than the
resistance of column web in shear: M, <Fy, ¢z Figure 20c shows configurations of

components only in internal connections.

p-

Component method shows that plastic flexural resistance of most joints (group “B”, “D”, “E” and
“F”) is governed by the resistance of column web in tearing F,, o in tension zone and connector

in bending and shear M, in compression zone (Figure 21). Only in case of group “C”, the
moment resistance is influenced by flexural resistance of connector M, ,, in tension zone, giving
reduction of the force acting in the first row to w F, ear (Figure 21).
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Group HE!J and uFH Group HB!! and “D” Group ucn

ch,tear \ ch,tear

g,

4_
4_

ch,tear

@ Plastic hinge

Figure 21. Plastic Resistance Model of Each Tested Joint Group

4. COMPARISON OF RESULTS

Deformations of internal connectors observed during the tests are depicted in Figure 22 to compare
with these from the proposed models, as shown in Figure 21.

Collection of the resistances and stiffness of basic components, obtained using component method,
is presented in Table 4. It can be seen that the weakest component in tension zone is column web in

tearing, which the resistance is only Fg tar = 6,36-103 N . In compression zone, the weakest is

column web in bearing: F, =8,07-103N . The biggest influence on the joint global stiffness is

the bearing of the tab to column web. These findings were confirmed during experimental tests and
by the failure modes of joints, see Figures 6 and 8.

Figure 22. Typical Deformation of Internal Joints Observed in Each Joint Group



Lucjan Sleczka and Aleksander Koztowski

Table 4. Stiffness and Resistance of Analysed Joint Components

625

Component Axial stiffness {N} Resistance [N],[Nmm]
mm
Column web in tearing | Ky tear = 5599-10° Fewtear = 6,36-10°
Column web in bearing | Kk, p =485 102 Fewp = 8,07 103
Column web in tension | gy = 488-10° Foug = 25-10°

Column web in
compression

Kowc = 525-10°

Fowc = 42,2-10°

Column web in shear

cws =829,8-10°

Fow,s = 36,3-10°

Tabs in shear

— 2714.1072

Fis =91-10°

2
coext =9240-10

cojint = 5664-10°

coiint = 2689-10°

Group “B”
and “DH
Connector
in (13 7
bending | CGroup“C
and shear
Group “E”
and “F”

Cco Int_

Veos =19,2-10°

Mop = 42,22:10*

Connector web in
tension (compression)

k
Ky s
k
k
Keoext = 368-10°
k
k
k
k

cowt = Keowc = 576010

3
I:cow,t = I:cow,c =37,4-10

Beam flange in tension
(compression)

Fof ¢ = For ¢ =29,9-10°

Comparison of predicted by component method values of initial rotational stiffness with values
from tests is shown in Table 5. Analytical values of plastic flexural resistance M for all

analysed groups and their comparison to values obtained during experimental tests are presented in
Table 6.

Table 5. Prediction of the Initial Stiffness and Comparison with Experimental Data

Test results Component method (comgg;fs:ﬂg;) ftest
[kNm/rad] [kNm/rad] %]

Group “B” 139,40 98,2 -29,6

Group “C” 116,70 93,6 -19,8

Group “D” 71,35 93,3 30,7

Group “E” 123,06 100,4 -18,4

Group “F” 96,15 95,3 -0,8
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Table 6. Prediction of the Plastic Flexural Resistance and Comparison with Experimental Data

Test results Component method (Comgcl)ﬁg:liggg'é) ftest
[KNm] [KNm] [%]
Group “B” 3,19 2,95 -7,5
Group “C” 2,36 2,49 55
Group “D” 3,10 2,95 -4.8
Group “E” 3,20 3,13 -2,2
Group “F” 3,37 3,13 -7,1

Comparisons of predicted by means of the component method results with those obtained from
tests shows the high level of accuracy, both for the stiffness and for the flexural resistance, in case
of analysed joints.

5. CONCLUSIONS

Behaviour of pallet rack joints is governed by a few components. Some of them are very similar to
the components in structural connections of hot rolled I and H sections: column web in shear,
column web in tension or in compression, beam flange in tension or in compression. Others are the
result of using cold-formed perforated columns, special connectors and tabs in beam-column
connection: tabs in shear, connector in bending and shear and column web in tearing. Analysis of
behaviour of particular basic parts of the joints, like in component method, enable designers to
understand joint performance and safety design.

Next advantage of the component method is the possibility to predict mechanical characteristics of
joints without expensive experimental work. Traditionally, the behaviour of such complex joints as
steel pallet rack joints is predicted by testing. The component approach presented in the paper can
be used as complementary method.

Next important advantage of the component method is the possibility to provide clear and precise
specification of the influence of each component on the resistance and stiffness of the joint. The
weakest component can be easily identified and improved. It makes easier to conduct the
optimisation of joints, especially in the systems, which are produced in long series, as steel storage
pallet racks.

Level of accuracy attained from component method shows the possibility of using this method in
practical application.
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